03
ISSN 0386-5878
Technical Memorandum
of PWRI No.3035

RECENT SELECTED PUBLICATIONS AT
EARTHQUAKE ENGINEERING
DIVISION, PUBLIC WORKS
RESEARCH INSTITUTE

October, 1991

Earthquake Engineering Division
Public Works Research Institute
Ministry of Construction
Tsukuba Science City, Ibaraki-ken, 305, Japan



[Copyright © (1991) by P.W.R.1
All rights reserved. No part of this book may be reproduced by any means, nor transmitted,
nor translated into a machine language without the written permission of the Director General of P. W.R.1.
ZOWEER, FAHRMEOAZLHBTHITLLLOTHS, LI T, AHEHDLEXB—HOIKK,
Bisd, LAHAMEOZLECE s RELYTLTIIOLTo TRV,




Technical Memorandum
of PWRI No0.3035

RECENT SELECTED PUBLICATIONS AT EARTHQUAKE
ENGINEERING DIVISION, PUBLIC WORKS
RESEARCH INSTITUTE

by

Kazuhiko Kawashima, Head
Earthquake Engineering Division

Synopsis:

At the Earthquake Engineering Division of the Public Works Research Institute, various
rescarches for aiming to develop rational seismic design methods, seismic inspection and
strengthening methods, seismic damage information systems and evaluation methods of
loss estimation caused by an earthquake are being made.

This reports presents some of the selected publications on the research on seismic design,
seismic inspection and strengthening of highway bridges, dynamic strength and ductility of
structural components such as steel bridge piers and shield tunnel segments, structural
response of menshin bridges (base isolated bridges), seismic response of embedded pipes,
soil amplification, damping characteristics of cable stayed bridges, seismic damage infor-
mation systems, and evaluation of indirect economical loss caused by an earthquake. They
were presented at international conferences and workshops held in the last one years.
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Seismic Behavior of Buried Pipelines
through Field Observation

Kazuhiko Kawashima',Kinji Hasegawa® and Hiroyuki Nagashima®
Abstract

This paper presents seismic response characteristics of embedded
pipes based on field measurements. Strains induced in steel pipe and
ductile pipes with expansion joints are studied. Special attention is
placed for effect of bends on pipe response. Soil springs which are
important in seismic design by means of the seismic deformation
method is also studied based on the measured data.

Introduction

Seismic design of embedded pipes is generally made by the seismic
deformation method® in which embedded pipes are assumed to respond
in accordance with strain induced in ground during earthquakes.
Pipes are considered to be beams elastically supported by soils when
the stiffness of the soil is modelled by springs. Although the seismic
deformation method has been adopted for seismic design of embedded
lifeline facilities, measured data available for evaluating pipe
response during earthquakes is very limited. Strong motion
observation was initiated for measuring pipe response, because
precise evaluation of pipe response in ground is essential for
improving seismlc design method. Special attention was paid to obtain
response data for pipe with bends and expansion Joints

'l‘his paper presents an analysis of the measured data of pipe
response, and soil spring stiffness to be used in the seismic
deformation method is also presented.

.'Head, Earthquake Engineering Division. Public Works Research
Institute, Ministry of Construction, Tsukuba Science City,
Ibaraki-ken, Japan 305

2genior Research Engineer,ditto

3azssistant Research Engineer, ditto



Observation Systems

Fig.1 shows observation systems placed at Sodegaura city, about
50 km east of Tokyo, for measuring seismic behavior of embedded
pipes. Continuous steel pipe with a diameter of 15 cm and ductile
pipes with diameters of 15 cm and 30 cm are embedded 1 m below the
ground surface. The length of the continuous steel pipe is 120 m and
there is a bend at 20 m from the right end. The length of one element
of the ductile pipe is 5 m in the 15 cm diameter pipe and 6 m in the 30
cm diameter pipe. They were jointed together by expansion joints
which are capable of absorbing a relative deformation of +10 % of
pipe length in the axial direction and a rotation. of 6 degrees.
Stoppers for preventing excessive pulling-out are provided at the
expansion joints.
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Figure 1. Observation Systems

" Dense’ ms'trumentat'lon is made to measure the pipe response' The
strain induced - in the steel and’ ductile ‘pipes as well as relative
‘displacements developed between two ‘adjacent ductile pipe ‘'sections
were measured. Strain gauges with coating against water are placed
on the both sides of the pipes so that the flexural strain as well as
t:he axlal strain could be detected ' -

The ground acceleration and ground strain were measured.
Three-components down-hole accelerometers were installed at six
points to measure ground acceleration. The measured data was used to
compute the: averaged ground strain: induced at the site. Special
devices were installed 1 m below ‘th ground surface to directly
measure ground strain. The devices consist of two 80 cm diameter
circular plates and a 6 cm diameter double tubed steel rod. The
circular plates were connected to the double ‘tubed steel rod.




Movement of the circular steel plates in accordance with solils.
vibration during earthquakes would develop small relative
displacements between the two circular plates. Ground strain may be
evaluated by dividing the relative displacement by the length of the
double tubed steel rod. This device has been successfully used for
measuring ground strain at several observation sites®,

All the measured signals are digitized with an interval of 1/100
second and recorded with a digital acquisition systems. Pre-event

memory of about 10 seconds are provided to get full records from
their start.

Measured Data

Observation was initiated in January 1989, and many records
have been already obtained. Record which are large enough for
analysis were measured by eight earthquakes as shown in Table 1.

Table 1. Major Earthquakes Triggered

HO.OFEQ)  DATE  IeorrnTRaL Reclg:lcf:rarcgﬁuce LATITUDE MAG{&:UDE DEF;)TCF? (Lxm)
€0-1 |1989.2.19 | SOUTH-HEST OF ] 139°55" | 36%00° 56 54
£Q-2 |1989.2.28 | NORTHOF CHIBA-KEN| 140°12" | 35°46 4.6 74
£Q-3 |1989.3. 6 | NORTHOF CHIBA-KEN] 140* 44 | 35°42 5.9 61
ge-4 |1989.3.11 | SOUTH OF  ven| 140°35 | 35°58° 49 42
EQ-5 [1989.3.14 | EAST OFF CHBA-KEN | 140° 25" | 35°28 38 59
£Q-6 |1989.3.18 | KORTHOF CHIBA-KEN] 140°43" | 35°43 52 58
£Q-7 |[1989.3.26 | HORTHOF CHIBA-KEN] 140°06 | 35°45 43 80
£Q-8 {1989.4.26 | NORTHOF CHIBA-KEN| 140°* 29 | 35°54 5.3 65

Fig. 2 shows the measured axial strain induced in the steel pipe
and ground accelerations developed by an earthquake with epicentral
distance of 61 km and an earthquake magnitude of 3.9. This earthquake
is designated hereinafter as EQ 3 earthquake. The peak ground
acceleration was about 14 to 22 cm/sec® and the peak pipe strain was
about 4.8 to 6.5 . It is interesting to note in Fig. 2 that although
there are many similarities of the pipe strains between the three
locations, the pipe strain are considerably different each other. This
clearly shows that the pipe response in axial direction depends
considerably on the response of nearby soil.
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Because the ground motion was small, the devices for measuring
ground strain did not directly detect ground strain. Fig. 3 shows
ground stralns computed for the EQ 3 earthquake from measured
ground accelerations. The measured ground accelerations were double
integrated to obtain the ground displacements™. Assuming triangular
elements such as A ABC and A BCD, the ground strain along pipe axis
was computed with use of the standard finite element method®. Linear
interpolation function for displacements was assumed in each finite
element. If the ground strain computed for A ABC, which is the
averaged ground strain between points A and C, is compared with the

axial pipe strain at point SST1, in Fig. 2, it is found that the strains
obtained are quite similar.

Fig. 4 shows axial strain induced during the EQ 3 earthquake in
the ductile pipes. Almost no relative displacement was developed at
the joints. It is interesting to note that the strain of the ductile
pipe at the point DST-1 is quite similar with the strain of the steel
pipe at the point SST-1. The strain of the ductile pipe is not
necessarily smaller than the strain of the steel pipe. This implies
that reduction of axial force induced in the ductile pipe due to the
expansion joints was quite small during the EQ 3. The forces
developed at the expansion joints during the EQ 3 were so small that
friction at the expansion joints prevented slippage to occur between
the adjacent pipe sections. ’
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Figure 4. Measured Axial Strain of Ductile Pipe during EQ 3

Fig. 5 shows a distribution of peak strain along the steel pipe
for the EQ 3 earthquake. Both axial and flexural strains are
presented. It should be noted that although axial strain is
predominant in the straight section, flexural strain becomes larger
than the axial strain at the bends. Flexural strain has to be
therefore taken into account In seismic design of pipes at bend
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- Fig. -6 shows the axial strain of steel pipe vs.
acceleration relation for the data obtained by the eight earthquakes
presented in Table 1. Although number of the data obtained is still
small, -clear correlation between the pipe strain and the peak ground
acceleration is observed. By increasing the number of data, this is
expected to provide a practical estimation for the pipe strain
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Evaluation of Soil Spring Stiffness

An analytical model presented in Fig. 7 is often adopted to
estimate dynamic response analysis of embedded pipes®. The pipe is
idealized by a beam elastically supported by springs which represent
pipe -soil interaction. Soil response is computed by prescribing the
input ground motion at the base rock.

N . i
g " f.‘\ .w{"}j“v‘&\(i)‘w}: \{}
" *"'{“TWT\V}: T SOIL SPRING
}{ W{V{\T MASS REPRESENTING

— BASE ROCK SOILS RESPONSE

Figure 7. Analytical Model for Dynamic Response Analysis
of Embedded Pipes

In the analytical model presented in Fig. 7, it is essential to
determine the stiffness of the soil springs which elastically support
correctly the pipe. Various methods have been proposed from
analytical and experimental studies to estimate the soil springs.
However due to limitation of measured data available for estimating
soil springs based on measured seismic response data of pipes, few
studies have been made for soil springs. Therefore, with use of the
analytical model presented in Fig. 7, the soil springs stiffness were
studied.

The response displacements of soils which were estimated from the
measured accelerations were used for computing the pipe responses.
The steel pipe was idealized by a discrete analytical model with 24
beam elements as shown in Fig. 8. Because the displacements which
were computed from the measured accelerations were available at only
six points, -the displacements at each nodal point of the analytical
model were computed from either linear interpolation or
extrapolation of the displacements from the six points.

In the Design Specifications of Petroleum Pipelines®, the soil
spring stiffness is stipulated to be estimated as

K=c¢ - Gs (1)
where K : stiffness of soil spring per unit length, c : a coefficient,
and G< : shear moduli of soils. The shear moduli of soils are estimated



as

Ga = 7 Vszlg (2)
where 7 . : unit weight of soils, Vs : shear wave velocity of soils, and
g : acceleration of gravity. In the specifications the coefficient c is
stipulated to be determined by appropriate tests, and a value of 3.0
is recommended when such test data is not available.
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Figure 8. Analytical Model Used for Pipe Response

Therefore, as a first estimation, the stiffness K of soil spring
was evaluated by Eq. (1). Shear wave velocity which was measured at
three points in the observation site was about 150 m/sec at the
depth between the ground surface and 15 meters below the ground
surface. Because there was some scatter of the measured shear wave
velocity depending on the site and depth, shear wave velocities of
100 m/sec, 200 m/sec and 300 m/sec were assumed in the analysis.
Analyses were also made assuming that the shear wave velocity was
infinitively large. According to this assumption, the pipe deforms in
exactly the same manner as the ground strain.

Fig. 9 shows axial and flexural strain of the steel pipe computed
for the EQ 3 earthquake. It is seen in Fig. 9 that the pipe strains
computed are considerably larger than the measured pipe strain. The
computed strains assuming shear wave velocities of 100 m/sec~ 300
m/sec are almost the same, and they are also close with the computed
pipe strain assuming the infinitively large shear wave velocity. This
implies that Eq.(1) assuming the shear wave velocities from 100 m/sec
to 300 m/sec gives an excessively large estimation of the soil spring.
This was also seen from the fact that the increasing rate of the
computed pipe strain from the ends is larger than that of the
measured pipe strain.

The soil spring which gives realistic estimation for the
measured pipe strain was therefore studied. Fig. 10 shows the
approximation of the computed pipe strain assuming a soil spring
stiffness of 2.94 x 10° N/m. The computed axial and flexural strain
approximates quite well the measured pipe strain. The soil spring




stiffness of 2.94% 10° N/m is predicted by assuming a coefficient "c”
of about 3/40 when the averaged shear wave velocity of 150 m/sec is
assumed in Eq.(1). From such evidence it may be said that the
recommended value of 3 for the coefficient "c" in Eq.(1) is excessively
conservative. It is important to precisely study the coefficient "c"

which gives a realistic soil spring stiffness.
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Conclusions

For accumulating actual seismic behavior of embedded pipes
during earthquakes, seismic observation of two types of pipes was
initiated. Based on the analyses of the measured data on the strain of
embedded pipes, the following conclusions may be deduced :

o

1) Although axial strain was predominant in the straight section,
flexural strain is more predominant than axial strain at the bend
section of the pipe. Flexural strain should be considered in seismic
design at bend sections.

2) Considerably good correlation was observed between the measured
axial strain of the pipe and the peak ground acceleration.
Accumulation of measured. data is expected to provide a realistic

estimation method for the pipe strain based on the peak ground
acceleration.

3) The computed pipe strain assuming Eqgs.(1) and (2) was excessively
larger than the measured pipe strain. It is thought that the spring
stiffness predicted by Eq.(1) assuming the coefficient "c¢" of 3.0 is too
conservative. Coefficient "¢” has to be precisely studied by
analyzing more measured data.
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AMPLIFICATION OF GROUND ACCELERATION BASED ON MEASURED RECORDS

KAWASHIMA Kazuhiko" and TAMURA Keiichi?

ABSTRACT

Presented arec underground acceleration records measured at three sites
around the Tokyo Bay. Measurements were made at as deep as 127 m below the
ground surface. Decreasing rate of peak accelerations and acceleration response
spectra with depth is presented based on the measured data.

UNDERGROUND STRONG MOTION OBSERVATION

Strong motion observation at underground has been made at three sites
around the Tokyo Bay since 1970. Three-components feed-back servo-type
down-hole accelerometers were placed at surface, 27 m, 67 m and 127 m below the
surface at Ukishima Park site, at surface, 70 m and 110 m below the surface at
Futtu Cape site, and at surface, 80 m and 120 m below the surface at Kannozaki
site.

Figure 1 shows the soil boring data at the three sites. The ground condition
is significantly different between the sites. There are extremely soft alluvial
clayey deposits at Ukishima Park site from the surface to 45 m below the surface.
Shear wave velocity measured is only from 120 m/sec to 170 m/sec at the deposits.
. Alternation of sand and silty sand exists at Futtu Cape site from the surface to
42 m below the surface. Shear wave velocity at the deposits is from 240 m/sec to
300 m/sec. Kannonzakl site Is of silty and sandy rocks. Although shear wave
velocity was not measured, it may be 600 m/sec to 1000 m/sec. Because the rock is
weathered near the surface, the accelerations recorded at the surface should not
be considered as outcrop rock motions.

AMPLIFICATIOR OF PEAK ACCELERATION

Distribution of Pcak Acceleration with Depth

Figure 2 shows an example of underground accelerations measured at Ukishima
site. It was recorded by an earthquake which occurred on August 4, 1974 with
magnitude 5.8 at the epicentral distance of 50 Km. Figure 3 shows distribution of

1)Head, Earthquake Engineering Division, Earthquake Disaster Prevention
Department, Public Works Research Institute, Ministry of Construction, Tsukuba
Science City, Japan, 304

2) Seniou Research Engineer, Ground Vibration Division, ditto

*Presenting Author Underlined
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FIGURE 1 Soil conditions

peak ground acceleration with depth. Although peak accelerations generally
increase as the depth becomes small, it is noteworthy that decrease of
accelerations with decreasing the depth also occurred.

Because the amplification of peak ground acceleration depends on
earthquakes, a ratio defined as the peak ground acceleration at underground
divided by that at the surface was computed. Average and standard deviation of
the ratio over the measured data ( 28, 54, 124 records at Ukishima Park site,
Futtsu Cape site and Knnonzaki site, respectively ) were computed as shown in
Figure 4. It is interesting to note that the deviation from the average is smaller
at the soft soil site. To show the decreasing rate of peak acceleration with
depth, decreasing rate 7 defined as

7i=(ri"rl+l)/LIX100 (1)
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FIGURE 3 Distribution of peak accelerations with depth
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FIGURE 4 Averaged distribution of peak acceleration

was introduced, in which r; = the averaged ratio of acceleration at i-th measuring
point (acceleration at underground / acceleration at surface ) and L: = depth
between i-th and (i+1)th measuring points. Figure 5 shows the averaged decreasing
rate for the three sites. It is obvious that the averaged decreasing rate depends
on the soil condition and the depth. For example, at Ukishima Park site, it is 0.9
%/m between the surface and 27 m below the surface, 0.89 %/m between 27 m and 0.09
%/m between 67 m and 127 m below the surface. At Kannonzaki site, it is 0.05 %/m
between 80 m and 110 m below the surface, while it is 0.55 %/m between the surface
and 80 m below the surface. The decreasing rate between the surface and 80 m
below the surface is unexpectedly large, and it may be attributed to the
amplification of the accelerations near the surface.
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FIGURE 5 Averaged decreasing rate 7 ; with depth



Attenuation of Peak Acceleration

Empirical attenuation of peak acceleration was estimated at each measuring
point assuming the following equation
amax = a X 10°™ x A° (2)
in which ams.» = peak acceleration in gal (cm/sec®), M = earthquake magnitude, A =

epicentral distance In km, and a, b and ¢ = coefficients to be determined by
multiple regression analysis.

Assuming Equation (1), the attenuation between the three sites was compared
as shown in Figure 6, In which comparison is given between the surface and the
deepest measuring points (127 m at Ukishima Park, 110 m at Futtsu Cape site and
120 m at Kannonzakl site). Scatter of the predicted peak acceleration for given
earthquake magnitudes and epicentral distances seems to be smaller at the
deepest measuring point than that at the ground surface. It gives the explanation
to assume base rock to compute soil response using the acceleration records
measured at different points. However, it should be noted that the scatter
between the three sites Is still very large even at 110 ~ 127 m below the surface.
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FIGURE 6 Comparison of attenuation of peak accelerations

AMPLIFICATION OF RESPONSE ACCELERATION

Soil amplification was also studied In terms of acceleration response spectra.
Because direct average of the response acceleration spectra does not give




meaningful results, coefficlent of response spectra R(T) was defined as

in which Sa(T)

R(T)

SA(T) / 8mas:

(3)

ratio of 0.05, and ama» = peak ground acceleration. Figure 7 shows
and standard deviation of the coefficient R(T) at Ukishima Park site.
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To show the soil amplification, a ratio of the coefficient R(T) was defined as

(M = R(M' /R’

(4)



in which R(T)' represents the coefficient R(T) at the i-th measuring point. Figure
8 shown the average and standard deviation of the ratio 8 (T)"? at Ukishima Park

site.
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CONCLUDING REMARKS

Because measured records were from small to moderate earthquakes, further
observation is inevitable for studying soil amplification developed during large

earthquakes.

1. K. Kawashima,
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NEW SEISMIC DESIGN SPECIFICATIONS OF IIGHWAY BRIDGES IN JAPAN

Toshlo I¥ASAKI"’, Kazuhiko KAWASHIMA® and Kinj{ HASEGAWA™

ABSTRACT

Introduced are the new Seilsmic Design
Specifications of Highway Bridges In Japan is-
sued on February 1998. Maln ltems of the revi-
sion including the seismic lateral force, e-
valuation of inertia force considering struc-
tural response, check of bearing capacity for
lateral load for reinforced concrete pier and
dynamic response analysis are presented.

KEY WORDS
Selsmic Design, Design Method, Highway
Bridge

1. INTRODUCTION

First requirement on lateral force for
design of road bridge in Japan was Included In
"Draft Details of Road Structure” issued in
1926 with considerations of the damage caused
by the Kanto Earthquake in 1923. It was
stipulated in the draft detalls that the
maximum lateral force expected to develop at
the site shall be consldered In seismic design.
After experiencing significant damages during
strong earthquakes selsmic regulations were
reviewed and amended several times as shown
in Table 1. "Design Specifications of Steel
Road Bridges (Draft)” were issued in 1914, and
"Design Specifications of Steel Road Bridges”
and their revised version were issued in
1934 and 1939, respectively. Although a
requirement for lateral force was stipulated
Iin these specifications, first comprchensive
seismic design stipulations were Issued in 1971
in a separate volume exclusively for selsmic
design as "Selsmic Design Speclifications of
Road Brldges™. It was descrlbed In the
specifications that lateral force shall be
determined depending on zone, importance and
ground condltion in selsmlc coefficlient method
and structural response shall be further
considered in the modified selsmic coefficient
method. Evaluation on soil liquefactlon was
firstly Incorporated in view of the damages
caused by the Nilgata Earthquake in 1964. The
1971 specifications were revised in a form of
"Part v Selsmic Design” of  "Deslgn
Specifications of Road Brldges” in 1980. A
rational evaluation method for sofl
lquefaction as well as practical
countermeasures against the liquefaction was
included in the specifications.

Since 1985 extensive efforts have becen
undertaken to establish more rational seismic
deslgn criterla for road bridges, with
conslderation of recent advantages of
earthquake engineering and lessons gained
from recent earthquakes. New specifications
were were completed in 1990,

This paper outlines the new specifications
(JRA, 1990) for seismic design of road bridges
with emphasis on the stipulations revised.

2. BASIC PRINCIPLES FOR DEVELOPING NEW
SPECIFICATIONS

Road bridge Is a vital component of road,
and it has to be safe enough against an
earthquake so that function of road be
maintained. It can be used without loosing any
structural functions against small to
moderate earthquakes with high to moderate
possibility to occur at the site. Critical
failure causing total collapse of the bridge
has to be avoided even during a significant
earthquake such as the Kanto Earthquake in
1923. Seismic design method has been gradually
Improved with consideration on damage
experiences and advantage of earthquake
engineering. Based on such improvement of
seismic design method as well as various
countermeasures agalnst an earthquake, it is
considered that seismlc damages of road
bridge have been decreasing as a total in
recent years as shown in Table 2. However it is
also lmportant to note that new damages which
have not been Identified In the past
earthquakes have been seen In recent
earthquakes, due to improvement of selsmic
design method. This obvlously shows that the
countermeasures alming only to minimlze the
damages developed in the past earthquake do
not glve a credit to avold new type of
damage in the future earthquake. In
revising the deslign speclfications, It Is
required to take account of such new type of
1) Director General, Public Works Research
Institute

2) lead, Earthquake Engineering Divison of
Earthquake Disaster Prevention Department,
Public works Research Institute

3) Research Englneer,ditto



damage patierns.

In view of the understanding on the damage
patterns of road bridges in recent
earthquakes and advances of earthquake
englneering, the followlng revislons were
included in the New Seismic Design
Specifications.

1) modification on classificatlon of ground
condition

2). unificatilon of selsmic coefficlent
method and modified selsmlc coefflclent
method Including the revision of the
selsmic coefflclent

3) evaluation method of inertia force for
continuous bridges

4) improvement on strenglh of sandy solls
against liquefaction

5) evaluation of bearing capacity of rein-
forced concrete plers for lateral force
(ductility check)

6) design ground motlon for dynamlc
response analysis as well as an
analytical model

Table of content of the new specificatlons
is the following :

Chapter 1 General
Chapter 2 Basle Principle of Selsmic
Design
Chapter 3 Load and Deslgn Conditlon in
Selsmic Deslgn
Chapter 4 Selsmic Coefficlent
Chapter 5 Bearing Capaclty for Lateral
Force of Reinforced Concrete
Piers
Chapter 6 Dynamic Response Analysls
Chapter 7 Structural Detalls In Selsmic
Design
Chapter 8 Device to Expect Reductlion of
Lateral Force

{Appendix)
I.References on Liquefaction
Il . Examples of Classification of Ground
Condltion
Ii. References on Deslgn Ground Motion
‘Iv. Example of Calculation of Natural
Perlod and Inertia Force
Vv.Reference on Bearing Capacity of
Relnforced concrete Plers for Lateral
Force
vi. Practices of Structural Detalls

Table 3 shows the revised part or newly
introduced parts In the new specifications,

and Flg. 1 shows the flow-chart of seismie de-
slgn.

3. CLASSIFICATION OFF GROUND CONDITION

Classification of ground condition was
changed from four groups to three groups as
shown In Table 4 by combining the group 2 and
group 3 Into same group. The classification of
the ground condition Is made base on the
characterlstics value at the site specified as

11,
Te = 4 E""‘v-n‘l‘ (”
where

Te : characteristic value (sec)

Il; : thickness of i-Lh subsoil layer (m)

V.; : shear wave velocity of i-th sublayer
(m/sec)

i : sublayer's number counted from

ground surface

.

The change was made because most of the
selsmic damage of road bridge In the past
carthquake was likely to be developed on the
group 4 with the difference between the
ground group 2 and 3 being practically very
small, and because difference of ground
motion characteristics in terms of response
acceleration spectra Is few between the
ground group 2 and 3. 1t was also Laken into
account that the classification of the ground
condition based on the difference of
characteristic value of only 0.2 second is
practically quite hard in view of the fact that
shear wave. velocity Is generally estimated
from an empirical formulae based on N-value of
standard penetration test.

4, SEISMIC COEFFICIENT

In the previous specifications, the seismic
coefficient method was used for the bridges
with pler helght less oi equal to 15 m and the
modified selsmic coefficient method was used
for the bridges with pier height larger than
15 m. The modified seismic coefficient method
was originally intended to apply to bridges
with the natural period longer than 0.5
second. llowever, as varlous foundations
becomes to be adopted on wide range of soil
conditions, even brildges with pler helght less
than 15 m Is likely to have the natural period
longer than 0.5 second. Thils always caused
confusion In selecting the seismic design
method.

Therefore, the selsmic coefficient method




and the modified selsmic coefficlent method
was unified, and this Is referred to as selsmic
coefficlent method.

In the selsmlc coefficlent method, the
design selsmic coefficient shall be determined
by Eq.(2), but no less than 0.1.

Kn=¢Cz*Cs*Ci*cr+ Kno (2)
where
kn : deslgn horlzontal selsmlc coefficlent,
Kno : standard design horlzontal secismic
coefficlent (=0.2),
c= : modificatlion factor for zone (refer

to Fig. 2),
cg : modiffcation factor for ground
condition (refer to Table 5),
: modiffcation factor for Importance
(refer to Table 6),and
cr : modiIfication factor for structural
response (refer to Table 7). For
computing Inertia force assoclatled
with the welght of solls and dynanic
carth pressure, cr has to be 1.0.

e

In Eq.(2) the modification factors c= and ¢,
are the same with the value specified In the
previous specifications. The mnodification
factor ce was changed assoclated with the
change of ground conditlon classification. The
modification factor c+, which represents the
difference of lateral force due to structural
response, corresponds to the modificatlion
factor B8 Iin the previous specifications. The
modification factor 8 was formulated based on
an analysis of 44 components of strong motlon
records obtalned in Japan. The new
modification factor ¢+ was determlned from an
analysis of earthquake response spectra base
on 394 components of strong motion records
obtained In Japan. Conslderations that the
seismlc damage was llkely to occur in brldges
with short natural perlod were also included.

Fig. 3 shows an comparison of the selsmlc
coefficlent between the previous and new
specificatlons assuning that cz = ¢+ = 1.0.

5. EVALUATION METIIOD OF INERTIA FORCE

In the previous specification, for
computing an Inertia force assoclated with
dead welght of superstructure, which Is to be
used in selsmic design of substructure, the
bridge Is divided Into several structural
segments consisting of a substructure and the
part of superstructure which Is vertically
supported by the substructure considered.
Then, the inertia force (lateral force) used

for the selsmlc deslgn of substructure of the
{-th structural segment Is assumed to be
determined as

Far = kthl (3)
where

Fat': Inertla force assoclated with dead
welght of superstructure for design
of 1-th substructure

Knt @ selsmlc coefflclent considered for
i-th structural segnent

Ry : reaction force developed at I-th
substructure due to dead welght of
the part of superstructure
supported by the i-th substructure.

However as varlous type of bridge
structures become to be constructed, It
became apparent that the Inertia force
determined by Eq.(3) assuming that the bridge
can be divided Into several sLructural
scgments Is Inadequate, because Lhe Inertia
force at each substructure significantly
depends on flexibility and helght of the
substructure and type of the superstructure.
Therefore, more rational method Lo evaluate
the Inertia force Induced in the
superstructure for the purpose of selsnlc
deslgn of substructure was required. The same
demand also arlses In the bridge where the
superstructure and the substructure are not
separated by means of bearing supports.

Therefore, In stead of the structural
segment, a definition of selsmic deslgn
structural unit, defined as the structural
unit which- can be considered to develop the
same response during an earthquake, was newly
Introduced in the new specifications. Table 8
shows examples how the selsmic deslgn
structural unit be sclected for typical
combinations of structural type and direction
for evaluating the Inertia force.

Natural perlod and the inertia force shall
be determined as:

1)Selsmic design structural unit consisting of
a substructure and a part of superstructure
supported by the substructure

In thils case, there Is essentially no
difference with the previous specifications.
Inertla force shall be determined by Eq.(4),
and the natural period shall be computed as

T=201/6 (4)
where
T : natural perlod, In second, of the
selsmic design structural unit
6 : lateral displacement, In meter, of



the substructure subjected to a
lateral force equlvalent with 80 %
of the dead welght of a substructure
above the ground surface assumed In
seismic deslgn and the dead welght
of a part of the superstructure
supported by the substructure.

It should be noted here that only the
substructure on the ground surface assumed In
seismlc design shall be subjected to Inertia
force because the seclsmic force below the
ground surface assumed in seismic design s
disregarded In seismic deslgn. The ground
surface assumed in selsmic design Is generally
taken as the bottom plane level of the footing
in case of plle foundation. llowever, when the
soll layers whose soll constant Is assumed as
zero due to possible sofl fallure such as
liguefaction, the bottom of these layers is
regarded as the ground surface assumed in
selsmic design.

2)Selsmic deslgn structural unlt conslsting of
substructures and a part of superstructure
supported by these substructures.

This Is the case newly Introduced In the
new specifications. Natural perlod and the
fnertia force shall be evaluated in accordance
with Fig. 4, l.e.,

i)idealize a selsmic deslgn structural unit by
a linear elastic frame model

ii)apply a lateral force equivalent with the
dead welght of superstructure and
substructure above the ground surface
assumed in selsmic design, and compute the
natural period as

T=201V36 (5)

" § w(s)u(s)Zds

6= J w(s)u(s)ds (6)
where

w(s) : dead welght of the seismlc deslgn
structural unlt (superstructure and
substructure above the ground
surface assumed In selsmic design)
at point s (tf/m)

u(s) : lateral displacenent developed In
the seismic design structural unit
at point s (m) when subjected to
w(s) in a direction considered in

design.

tti)determine the selsmic coeffictent kn
depending on the natural period T.
iv)compute Inertla force as

Fa = kKnXF (7
where

Fg4 : shear force (Ltf) / bending moment
(tfm) due to Inertia force
selsnmlc coefficient
force developed in the seismic de-
sign structural unit when subjected
to a lateral force equivalent with
dead welght of seismic deslgn struc-
tural unit above the ground surface
assumed in seismic design (tf/tfm)

Kn
F

Y

For substructure supporting girder
brldges, shearing force developed at the
center of gravity of superstructure shall be
regarded as the lateral force for secismic
design. lowever, when the inertia force
computed by Eq.(7) Is smaller than the inertia
force computed by Eq.(3), the latter shall be
adopted for design. This needs some
explanatlons. The Inertia force computed by
Eq.(7) 1s approximately proportional to the
stiffness of each substructure. This implies
that the Inertia force concentrates to the
substructures with high stiffness, while
reverse Is true for the substructure with low
stiffness. Inertia force takes even negative
value when the stiffness of the substructure
Is extremely small as compared with other
substrctures. llowever, when failure of the
structure such as bearing supports occurs,
the contribution of each substructure for
supporting the inertia force of
superstructure could be changed from the
distribution computed by Eq.(7). Base on such
considerations, lower limit for the inertia
force evaluated by Eq.(7) was Included.

6. STRENGTII OF SANDY SOIl. LAYER FFOR LIQUE-
FACTION

For saturated alluvial sandy layers within
20 m from the ground surface which have the
water table within 10 m from the ground
surface, and have Dso-value on the grain size
accumulation curve between 0.02 and 2.0 mm,
the liquefaction potential during an
earthquake has to be checked. For those soil
layers required for the check of liquefaction,
llquefaction potential shall be evaluated in
terms of liquefaction resistance factor Fo as

F[_ = R/L (8)
where
Fo : llquefaction resistance factor

R : resistance of sofl elements agalnst
dynamlc load

L. : dynamic load induced In soil‘ ecle-




ments during an earthquake

In the prevlious speciflcatlons the
resistance R of soll elements agalnst dynamlc
load was evaluated from N-value of standard
penetration test and Dso-value. Because fine
sand content Is found an {mportant factor, it
was Included for evaluating R.

7. CIECK OF BEARING CAPACITY OF REINFORCED
CONCRETE PIERS FFOR LATERAL FFORCE

Even for a significant earthquake, the
bridge has to avoild critical fallure.
Relnforced concrete pler which Is the most
important member for preventing critical
fallure of brildge has to have the required
ductlility as well as the strength. The check of
bearing capaclty for lateral load was
introduced to avold brittle failure of
reinforced concrete plers In Inelastic range.
Check of bearing capaclity for lateral load iIs
advised for the reinforced concrete piers with
small concrete section.

Flg. 5 shows a flow-chart of the check of
bearlng capacity of reinforced concrete plers
for lateral force. Maln steps of thls check are
- the following :

1) Judgement of bearing capacity for lateral
force

Bearing capacity for lateral force shall
be checked as

Pa > KnelW {9)
where
P. : bearing capacity of reinforced con-
crete pler for lateral force (tf)
kne: equivalent horizontal selsmic co-
efficient for check of bearing
capacity for lateral load
¥ : equivalent dead welght (tf), and
shall be determlned as

W= Wy + coWs (10)
0.5 Pus<P,
e = {1.0 Pu>Ps ()

Wo : dead welght of a part of super-

structure supported by the rein
forced concrete pler (tf)

W, : dead weight of the reinforced con-
crete pler (tf)

Py : bearing capacity of reinforced con-
crete pler for flexural failure (Lf)

P. : bearing capacity of reinforced con-
crete plier for shear failure (tf)

When the check for the bearing capaclty
for lateral force by Eq.(9) cannot be

satisfled, modification of the deslgn has Lo be
made so that the modifled section, which s
designed In accordance with the seclsmic
coefficient method, satisfies Eq.(9). It is
generally advised to Increase the concrele
sccetlon  with decreasing the amount of
reinforcement.

2)Equivalent horizontal selsmic coefficient
for check of bearlng capaclty for lateral
force

Equlvalent horlzontal seismlc coefficient
for check of bearlng capacity for lateral
force shall be determined as

kho
k = 12
he Ty (12)
Kno =cCz* €1 * Cr* Knoo (13)
where

Kne : equivalent horizontal selsmic co-
efficient for check of bearling ca-
paclity for lateral force

kne: seismic horizontal coefficlent for
check of bearing capacity for lat-
eral force

u : allowable ductility factor
cz : modification factor for zone (refer
to FFig. 2)

c¢; : modification factor for importance
(refer to Table 6)

cr : modification factor for structural

response (refer to Table 9)
Kneo : standard horizontal seismic co-
efficient for check of bearing capa-
city for lateral force

The standard horizontal selsmic
coefflcient koo was deltermined so that it can
represent a realistic ground motion developed
during a significant earthquake with
magnitude as large as 8.

3)Bearing capaclty for lateral force and
allowable ductility factor

Bearing capaclty for lateral force P, and
the allowable ductility factor p shall be
determined based on the failure mode as :
a)Flexural fallure

Pn=py’ (14)
a
_ 6\: - 6y
g =1t e (15)
where

Pu, 6 v : bearing capacity (tf) and ulti-
mate displacement (m) for flex-
ural fallure

Py, 6 v : ylelding force (tf) an ylelding



displament (m) for flexural
fallure
a : safety factor (=1.5)

b)Shear fallure

Po =Ps (16)
=1 (17)
where
P. : bearing capacity (tf) for shear fall-
ure

8. DYNAMIC RESPONSE ANALYSIS

As number-of bridges with complex dynamlc
response characteristic Increases, unified
stipulatlons for dynamic response analysls
become required. Although only general
consideratlon for selecting the fnput ground
motion was described tn the previous
specifications, a simplified but practical
input ground motion as well as an analytlcal
model and evaluation of the results of the
dynamlc response analysls was introduced in
the new specifications.

In princliple, dynamic response analysis
shall be made by means of response spectral
analysls with use of an analytical model which
simulates dynanic characteristics of the
bridge. Acceleration response spectrum for
the response spectrum analysls shall be
determined as

S-’-'Cz'C]'CD'So (18)
where
S : response spectrum for response
spectrum analysls (gal)
cz : modification factor for zone (refer
to Fig. 2)
c, : modification factor for Importance
(refer to Table 6)
co : modification factor for damping, and
shall be determined based on modal
damping ratlo h; as
1.5
= 2oh, + it 0.5 (19)
So : standard response spectrunm for re-
sponse analysls method (gal) (refer
to Table 10)

Cop

When the time history analysls is required,
strong motlon records which have the similar
characteristics with S by Eq.(18) shall be used
with the constderation on slte condition and
structural response of the brildge. Three
ground acceleratlion records whlch were
modified so that thelr response
characterlstics match with So in Eq.(18) are

provided In Appendix 111. They can be used as
the standard ground motlons for the time
history analysls.

Because the results of the dynanic
response analysis highly depend on the
analytlcal model and the properties assumed
in the analysls, indiscriminate evaluation of
the results Is quite difficult. Therefore it is
required to use the overall result of the
analysls consldering accuracy of the
propertles and the analytical model used in
the analysis. 1t is stipulated in the new
specifications that the results obtained by
the dynamlc response analysis shall be used
for the check of selsmic safety of the bridge
based on the allowable stress and
displacement which are referred In the seismic
coefficlent method.

9. CONCLUDING REMARKS

The proceeding pages presented the
outline of the maln points of the new Seismic
Design Specifications for Nighway Bridges
issued in February 1990. In the new
specifications, seismic coefficient method by
combining the previous seismic coefficient
method and the modified seismic coefficient
method Is adopted, and based on the allowable
design approach this method Is regarded as
the baslc selsmic design method. Beslides the
design by means of the seismic coefficlent
method, for those brldges which require the
check of ductility, the check of bearing
capacity of relnforced concrete plers for
lateral force Is made. Dynamic response
analysls can be made for the bridges which
require preclse analysls considering
structural response.
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Table 1 [istory of Design Loads for Highway Bridges n Japan

Design Live Loads

Seismic Loads :
Impact . ; : ecrmt Major
Year Name of Regula- Truck Roller . \ k: Horizontal Seissmic
tions Class | Loads Emrorm Line Loads Cocfficient Earthquake
Strectear oads Loads
1) 1886 Order No, 13 U434 kg/m - not not considered
Ministry of Home consi-
Affairs (MHA) dered
2) Order R-136 t U400 600 kg/m not not considered
(carringe way) con-
MHA $-12.7 U.270 400 kg/m dered
(footway)
3) 1919 Road Laws Re136 t Same as 2) - not not considered
MHA T11.2 t consi-
S-30 ¢t dered
4) 1926 Specifications  for 1st T-12 ¢t U-600 kg/m consi- Scismic  Coefficient
Design of Roads, Road dered Method K=0,15~0.4
Laws, MHA 2nd T8 T U-500 kg/m - depending on location and
ground condition
3rd T6 ¢t U-500 kg/m (k2.0.3 advised in
Toyo, Yokohama)
5y 1939 Specifications  for 18t T13 t U-500 kg/m consi- Seismic  Cocfficient
Design of Steel Road dered Method 1946,
Bridges, MHA 2nd TS T U-400 kg/m k=02, k=01 F&n%ﬂi)
=8,1
6) 1956 Revision of Specifica- | 1st T20t - L-20 (Stm) consi- Scismic Coefficient Method | 1948, Fukui
(and 1964) tions for Design of dered k=0,1~0.35 (M=7.3)
Steel Road Bridges, 2nd T-14 t - L-14 (3.5 Ym) depending on Jocation 1952,
JRA and ground conditions ’(I'ﬁkxgchn)-okl
-
7 1964 Specifications for Same as 6) Same k as (6) 1964
o 197 Design of Substructure Detailed calculation Niigata
of Road Bridges, JRA methods (M=7.5)
8) 19 Specifications for Same as 6) Scismic Cocf, method
Earthquake-Resistant km0,1~0,24 ('Rxgxd)
Design of Highway Modified SCM
Bridges, JRA Km=0,05~0.3 (Flcxxblc) 1978
9) 1980 Part V Scismic Same as 6) Scismic Coef, Method Miyagiken-
witied Design hSpcci%ca;xons k=0.1~0.24 (Rigid) oki (Mm7.4)
Maodifi for Hi ridges
oM TR Rway Srcges k=0.05-0.3 (Flexiblc)
Earthquake Response
Analysis (Very
Flexible Bridges)
10) 1990 Same as 9) Same as 6) Scismic  Coefficient 1982 .
Mcthod Urakawa-oki
k-O 1~0.3 ¢ re (M=7.1)
ity o
P:crs ?or pac 1982 .
Dynamic Rcsponsc Nihon-kai-

chubu(Ma2.7)




Table 2 Sclismic Damage In Recent Earthqﬁakcs

of Road Bridge

Year Major Earthquake Change of Major Seismic Damage Seismic Design Method Seismic Inspection
and Retrofitting
- 1920 Failure of Superstructure due to
1923 Kanto Earthquake (M7.9) Tilting/Movement of Foundation
1926 Initiation of Seismic Design (Stipulations for
Road Construction)
- 1930
Fail f Co te around
| Fixed Bearlng oo 1939 Introduction of Standard Seismic Coefficient
1940 l I (Specifications for Steel Bridge)
|
1946 Nankai Earthquake (M8.1) | } Damage duc to
, Liquefaction
1948 Fukui Earthquake (M7.3) | | | :
- 1960 l } | 1
1952 Tokachi-oki Earthquake } [ I
(M8.1) T R
| ] ] | Failure of 1956 Seismic Coefficient depending on Zone and
| [ I RCPiers, and Ground Condition (Specifications for Steel
- 1960 Bearing Bridge)
1
1964 Niigata Earthquake (M7.5) % |
| |
! {
- 1970 l l
| ! 1971 e Seismic Coefficient depending on Zone, Ground 1971 Seismic
Conditions, Importance and Structural Response Inspection
1978 Miyagi-ken-oki Earthquake * Introduction of Evaluation Method for
(M7.4) Liquefaction (Specifications for Seismic Design) 1976 Seismic
L 1980 1980 = Part V Seismic Design, Specifications for Design Inspection
1982 Urakawa-oki Earthquake of Highway Bridge 1979 Scismic
(M7.1) e Introduction of New Evaluation Method for Inspection
1983 Nihon-kai-chubu Liquefactions .
Earthquake (M7.7) 1986 Scismic
Inspection
- 1990 1990 Part V Scismic Design, Specificatins for Design P




Table 3 Table of Contents of 1990 Scismic Deslgn Specifications of Oighway Bridges

Contents

Same
as 1940
Sepes.

Modified

Newly

Slightly

Com-
pletely

Intro.
duced

Chapter 1

General
1.1 Scope

Contents

Same Modified

Newly

1980 | . Com»
Sepes [Slightly) piciely

Intro-
duced

1.2 Definition of Term

Chupler 2

Basic Principle for Seismic Design

o
O

Chapter 3

Design Load and Design Condition in Seismic Design
3.1 Design Losd and Load Combination in Scismic Design

O

.2 Effect of Earthquake

Chapter S
(cont't)

5.3.2 Design Horizontal Seismic Coefficient. for Check of
Bearing Capacity for Lateral Losd

5.4

Bearing Capacity for Lateral Load
5.4,1 Bearing Capacity for Lateral Load Allowable
Ductility and Equivalent Nawral Period

5.4.2 Displacement and Lateral Load at Yielding and Ultimate
Stage

5.4.3 Bearing Capacity for Shear Failure

3.3 Inentix Force
3.3.1 General

3.3.2 Calculation of Natural Period

3.3.3 Calculation of Inertia Force

0|0] O

Olo

3.4 Earth Presswre during Earthquake

3.5 Hydrodynamic Pressure during Earthquake

3.6 Classification of Cround Condition in Seismic Design

olle

3.7 Soil Layers Whose Bearing Capacities are Reduced in
Saismic Design
3,7.1 General

Chaper 6

Dynamic Response Analysis

6.1

General

6.2 Analyticl Method and Analytical Model

6.2.1 Analytical Method

2.2 Analytical Model

6.3

Input Motion for Dynamic Response Analysis
6.3.1 Acceleration Response Spectral Value for Response
Spectral  Analysis

6.3.2 Crond Moton for Time History Analysis

6.4 Check of Safety

OlO| O [0 O [0 |Of O

3.7.2Sandy layer Vulnerable for “Liquefaction

3.7.3 Very Soft Clayey and Silty Layer

3.7.4 Treatment of Soil Layers Whose Bearing Capacities
are Reduced in Scismic Design

3.8 Cround Surface Assumed in Scismic Design

Chapter ¢

Design Seismic Cosfficient
4.1 General

O 0|0 |0

4,2 Design Horizontal Seismic Coefficient

Chapeer 7

General Provisions for Structural Details in Seismic Design

u

General

7.2

Devices for Preventing Superstructures from Falling
7.2.1 General

7.2.2 Stoppas at Movable Bearing

7.2.3 Length between End of Girder and Edge of Substucture]

7,2.4 Devices for Preventing Supenstructure from Falling

7.3 Structural ' Detils at Bearing

4.3 Factors for Modifying Standard Design Horizontal
Seismic Coelficient

Devices Expecting to Reduce Scizmic Effects

(Q)

Chapter 5

Cheek of Bearing Capacity of Reinforced Concrete Pier
for Lateral Load
5.1 General

.2 Check of Safety

$.3 Horizontal Seismic Coefficient for Check of Bearing
Capacity for Lateral Load
5.3.1 Equivalent Horizontal Seismic Coefficient for
Check of Bearing Capacity for Latweral Load

Appen-
dices

L

References on Liquelaction

1.

Examples of Classification of Cround Condition

OO |0|0|0I010 |O

T, Reference on Design Ground Motion @)

IV. Example of Calculation of Nawral Period and Incrtia Force O

v. )(lc(crmcc on Bearing Capacity of Reinforqnd Concrete  Pier O
or Lateral Losd and Example of Calculation

VI. Practices of Structural Details O




Table 4 Classification of Ground Conditlons

1980 Specifications 1990 Specifications
1 T, < 02 (Rock) | T, < 02
2 02 < T, <04 (Diluvium)
I |1025T,<06
3 04 <T, <06 (Alluvium)
4 06 =T, (Soft Alluvium) | III 06 ST,
Table 5 Ground Condition Factor cs
Ground Group | 11 11
Co 0.8 1.0 1.2
Table 6 Importance Factor c;
Group c, Definition
Bridges on expressway (limited access highways),
1st  class 1.0 general national road and principal prefectural
road. Important bridges on general prefectural
road and municipal road.
2nd class 0.8 Other than the above

Table 7 Structual Response Factor cr

Ground Group Structural  Response  Coefficient ¢
T < 0.1 01STL11| 11 <T
Growp I | ¢ - 269T821.00| ¢, = 125 |c, = 133T%
T < 02 02<T<13| 13<T
Growp I} o = 215192100 ¢, = 125 [c = 149T%
G I T < 0.34 034 <TEZ 1.5 15<T
roup L} o = 180m02100 [ ¢ = 125 |¢ = LG4TS

i




Table 8 Scismic Design Structual Unit
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Table 9 Structual Response Factor cr
Ground Group Structural Response  Coefficient ¢
Group | T, £ 14 14 < Ty,
¢, = 07 ¢, = 0.876T %
Ty < 0.18 0.18 £ Ty, <16 16 < Ty,
Growp I | o = 151 TM207| o, = 085 |cg = LI6T,™
< 0.2 29 < . 2. I
— Teo 0.29 029 STy, S 0 20 < Ty,
Cg = 1SIT? 207 c, = 1.0 G = 1.S9TBQ’7”

Table 10 Structual Response Spectral Value So
Ground Condition S, (gah)
T, < 0.1 01< T, S 11 11 < T,
Growp 1 S, = BITP 2160 S, = 200 S, = 20T
T, < 02 02<T,£13 13< T,
Group II
P S, = 421T}? 2 200 S, = 250 S, = 325/T,
P T, < 0.34 034 <T, £15 15 < T,
TO
P S, = 430T}A 2 240 S, = 300 S, = 450,
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CURRERT RESFARCH EFFORTS IN JAPAN FOR PASSIVE AND ACTIVE CONTROL
OF HIGHWAY BRIDGES AGAINST EARTHQUAKE
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ABSTRACT

This paper presents current research
actlvities on passive, active and hybrid control
for application to bridge structures conducted
at the Public Works Research Institute.

KEY WORDS : Highway Bridges, Menshin Systenms,
Active Control, Hybrid Control

1. INTRODUCTION

Menshin systems (Base-isolation), which is
being Introduced for application to highway
bridges In Japan®®, Is to reduce earthquake
response of highway bridges by "Passive Means™.
On the other hand, active control Is to control
it by "Active Means.” Since external energy
supply required to reduce the bridge response
to satisfactory level is significant during a
slgnificant earthquake in the active control, it
Is still in a laboratory. Therefore, "Hybrid"
control, which is a combination of advantages
of passive and active control, Is promising for
reducing the carthquake response of structures
with small amount of external energy. The
development of hybrid control for Improving
the scismic safety of highway bridges, which can
not be achieved by extending current selsmic
deslgn method, 1Is expected®.

A serles of rescarches, and developnents on
passive, active and hybrid control for highway
bridges have been made at the Public Works
Research Institute since 1987. This paper
briefly presents current research activities on
passive, active and hybrid control for
application to bridge structures conducted at
the Public Works Research Institute.

2. DEVELOPMENT OF MENSIHIN SYSTEMS

2-1 Joint Rescarch Program on Menshin Systems

for Highway Bridges

For studying the application of the menshin
systems (passive control) to the seismic design
of highway bridges, a committee chalred by
Professor Tsuneo Katayama, University of Tokyo,
was formulated through 1986 to 1989 at the
Technology Research Center for National Land
Development. Three programs were studied In
the committee, l.e., 1) a survey of mnenshin
devices which can be used for highway bridges,
2) a study on the key points of the design of
menshin highway bridges, and 3) designs of
menshin  highway bridges. As the final
accomplishment of the study, "Guidelines for

Design of Menshin Bridges (draft)™ was published
in 1989,

Based on the study above, the three-year
Joint research program on the menshin systems
for highway bridges Is now underway between
Public Works Research Institute and twenty
cight private firms since the year of 1989. The
goal of the program is to develop the menshin
deslign method and the new menshin devices for
highway bridges In order to improve the selsmic
performance of new and existing bridges with
less cost by the menshin systems. Fig.1 shows
the rescarch items of the program, which are
outlired in the follows™.

2-2 Developrent of New Menshin Devices

A lot of base isolation devices which are
similar to the menshin device have been ever
developed for building structures. However, the
menshin devices for highway bridges have to be
more compact and more weather-proof than the
devices for bullding structures since the
menshin devices would be Installed at narrow
and exposed crests of bridge columns. The new
menshin  devices should be developed
exclusively for menshin highway bridges to be
effectively constructed In Japan.

The following ten new devices In the six
types are now belng developed under the
research progran.

1) High Damping Rubber Bearing----- 4 devices
2) Sliding Friction Damper---------- 2 devices
3) Steel Damper --------——-----ommeoo 1 device
4) Roller Menshin Bearing ---—---—-- 1 device
5) Link Bearing -~-------~--memmeemm 1 device
6) Viscous Damper ---—---------———-—- 1 device

All developed menshin devices but the link
bearing were tested by the loading experiment
system of PWRI under the same loading
conditions to verify thelr performance. In the
tests, the cyclic lateral force was given to the
devices by the actuator under the constant
axial force, which Is equivalent to the dead
load of the superstructure, as shown In Photo
1. Since the performance of sone devices could
be affected by the temperature, the tests were
conducted In the room shown in Photo 2, where
the temperature was kept at 20 °C.

1) Head of Earthquake Engineering Division,
Earthquake Disaster Prevention Department,
Public Works Rescarch Institute, Ministry of
Construction, Tsukuba Sclence City, 305 Japan

2) Senior Research Enginecer, ditto

3) Research Englneer, ditto

4) Assistant Research Engineer, ditto



Fig.2 shows the lateral force vs.
displacement hysteresis loops of a high danping
rubber bearing and a sliding friction damper. It
is sald that the damping effect of every tested
devices Is satlsfactory for highway brldges and
the dynamic character is also stable with the
smooth hysteresis loop.

The standard of the test procedure for
menshin devices are being specified under the
research program In order to certify the other
devices which would be developed for highway
bridges In future. There are two main Items in
the procedure, one of which Is related to the
performance as a support such as the check of
the vertlcal stiffness, and the other Is related
to the dynamic horlzontal performance as a
menshin device such as the check of the
stability under the repeated cyclic lateral
loading, the check of the dependency on the
loading velocity or frequency, the check of the
dependency on the axial force, the check of the
dependency on the lateral loading direction
and the check of the dependency on the
temperature. The test condition for each lItem
and the evaluation of the test result have been
formulated. The slze and shape of the
specimens, the loading test apparatus and the
loading process will be standardized.

2-3 Development of Expansion Joints and

Restrainers for Menshin Bridges

The knock-off mechanism and the finger
expanslion joint which is distinguished from the
regular finger joints by the transverse
movement, are being developed under the
research program. The restrainer which conslists
of the steel bar installed In the crest of the
substructure and the steel casing with the high
damping rubber Inside Installed under the
superstructure, is also being developed.

The knock-off mechanism Is {llustrated in
Fig.3®. If the excessive displacement of the
girder toward the abutment were brought by
earthquakes, the apron of the slab would
collide with the top portion of the abutment.
Since the portion is not actually fixed to the
abutment itself, it would be squeeczed Into the
backfill behind the abutment to ease the impact
induced by the collision.

The mechanism was tested as shown in Fig.4,
in which the top portion was pressed back into
the backfill by the actuator, in order to
observe the situation of the squeeze and the
damage of the backfill, and measure the
resistant force of the backfill®. Photos 3 and 4
show the specimen and the situation after the
test, respectively. Fig.5 shows the lateral
force vs. displacement curve of the mechanism.
It Is seen that the impact force could be
mitigated and the extensive displacement of the
girder would be controlled by the mechanism.

2-4 Development of Menshin Design Mcthod

Fig.6 fillustrates the flow of the menshin
design method, in which the two levels of the
design earthquake loading arc considered as
limited states. The lower level, Level 1, Is
equivalent to the design seismic force of the
seismlec coefficient method regulated in the
Design Specifications of Highway Bridges - Part
V Seilsmic Design. This represents the selsmic
force for moderate carthquakes which are
supposed to take place with higher probablility.
The higher level, Level 2, is equivalent to the
design seismic force of the check of the bearing
capacity of the reinforced concrete columns for
the lateral force regulated in the
specification, for larger earthquakes, such as
Kanto earthquake in 1923, which are supposed to
take place rarely™®. The design procedure will
be formulated, being based on the flow.

2-5 Appllcation of Mcenshin Deslgn

Since expansion joints make annoying noise
and are vulnerable to the trafric load,
continuous bridges tend to be constructed
recently with the demand of lowering the
number of joints. Therefore, one target of the
menshin systems Is to construct continuous
bridges. The multi-span continuous bridge with
the girder length more than 1 km, which is
called in the research program as a super
multi-span continuous bridge, Is highlighted as
a cruclial research item. It was concluded that
the super multi-span continuous brldgé with 26
spans as shown In Fig.7 could be constructed
with the menshin systen.

Existing simple girders would be connected
one another In order to also decrease
expansion Jjoints between adjacent simple
girders. Since the Inertia force of the girder
transmitted to each substructure might be
varied by the connecting, the strengthening of
some substructures would be required due to
the lack of the bearlng capacity. It was deduced
that the distribution of the Inertia force could
be Intentionally adjusted with proportion to
the capaclty of each substructure, by the
replacement of the exlisting ordinary fixed or
movable bearings with the menshin devices. The
construction method and the structural detail
of the connecting and the replacement will be
examnined under the research program.

2-6 Draft Manual for Menshin Design of Highway
Bridges
The program will be accomplished in March,
1992. The draft manual of the menshin design
method, the contents of which are shown in the
follows, Is to be composed as the frults of the
research progranm.

Chapter 1 INTRODUCTION
1.1 Purpose of Manual

s e :




1.2 Application of Manual
1.3 Definitions of Terms

Chapter 2 BASIC CONCEPTS

2.1 Purpose of Menshin Design

2.2 Earthquake Levels and Limited
States

2.3 Seismic Design Force of Menshin
Design

2.4 Design Method and Criterion of
Safety Check

2.5 Baslc Flow Charts of Menshin
Design

2.6 Abpllcatlon of Menshin Design

Chapter 3 DESIGN AND CHECK OF SUPERSTRUCTURE

Chapter 4 DESIGN AND CHECK OF SUBSTRUCTURE
4.1 General
4.2 Deslgn Acceleration for
Substructure

Chapter 5 DESIGN METHOD OF MENSHIN DEVICES
5.1 Basic Concept of Design
5.2 Design Acceleration for Menshin
Devices
5.3 Rubber Bearing
5.4 Lead Rubber Bearing
5.5 High Damping Rubber Bearing
5.6 Steel Damper
5.7 Friction Damper
5.8 Viscous Damper

Chapter 6 CHECK OF MENSHIN BRIDGES BY DYNAMIC
ANALYSIS
6.1 General
6.2 Input Motion of Dynamic Analysis
6.3 Dynamic Analysis Method
6.4 Safety Check by Dynanic Analysis

Chapter 7 STRUCTURAL DETAILS OF MENSHIN

BRIDGES

7.1 General

7.2 Restrainers

7.3 Structural Detalls of Menshin
Devices

7.4 Structural Detalls of Expansion
Joints

Chapter 8 CERTIFICATION TESTS OF MENSHIN
DEVICES
8.1 General
8.2 Dynamic Loading Test
8.3 Static Loading Test
8.4 Ultimate State Test

Chapter 9 RETROFITTING BY MENSHIN DESIGN
9.1 General
9.2 Application of Menshin Design for
Retrofitting
9.3 Design Method of Menshin Devices
for Retrofitting

9.4 Construction of Menshin Devices
for Retrofitting
9.5 Structural Detalils of Retrofitting

Appendix I References for Design
Appendix Il Design Exanples

3. CONSTRUCTION OF MENSHIN NIGHWAY BRIDGES

3-1 Pilot Construction of Menshin Highway

Bridges

Five pilot menshin highway bridges as shown
in Table 1 are under construction with the
supervision of Ministry of Construction, In
order to verify the performance of the menshin
system. One of them, Miyagawa Bridge In
Shizuoka-ken, was completed and openecd for the
public traffic in March 15, 1991 as the first
menshin highway bridge in Japan.

3-2 Miyagawa Bridge

- First Henshin Highway Bridge -
1)Outline of Miyagawa Brildge

The Miyagawa bridge located at

Haruno-machi, Shu-ti-gun, Shizuoka-ken, is a
three-span continuous steel plate girder brldge
with the total length of 105.8 m and the width
of 10.5 m as shown in Fig.8, which spans over the
Ketagawa river as a bridge of the natlonal
highway No. 362%. The rubber bearings with the
lead plug inserted at the center shown in Photo
5, which were developed in New Zealand and are
usually designated as lead rubber bearings
11 gere used as the menshin devices.
Although the lead rubber bearing is originally
movable to any lateral direction, the
restrainers were installed to prevent the
bearing from the transverse movement so that
the menshin system works only in longitudinal
direction.
2)Menshin Design

The bridge was designed In accordance with
the Deslgn Specifications of Highway Bridges.
Table 2 summarizes the natural perlod, the
design horizontal acceleration and the design
relative displacement of the bearing for both
the seismic coefficient method and the check of
the bearing capacity of the reinforced concrete
columns for the lateral force. The design
acceleration is 0.2 z with the natural period of
0.76 sec in the seismlc coefficlent method. It is
0.54 g with the natural perlod of 1.01 sec in the
check of the bearing capacity, when energy
dissipation effect of the base-isolated devices
is taken into account. llowever, since the bridge
is one of the first menshin bridges In Japan, the
damping effect of the devices was not taken
into account in the check of the bearing
capacity. Therefore, the design acceleration of
9.7 g which was obtalned by assuming that the
energy dissipation of the devices is zero, was
used in the check of the bearing capacity.




Since the menshin system triggers off the
larger displacement of the superstructure
relative to the substructure than the ordinary
bridges, the sufficient gap should be kept
between the abutment and the girder, and at the
expansion joint. On the other hand, the larger
gap at the expansion jolnt would bring the
vulnerability to the traffic load. Therefore,
the following concept was adopted that the gap
between the abutment and the girder should be
declded as the girder would not colllde to the
abutment when it Is subject to earthquakes for
the check of the bearing capacity, and the gap

at the expansion Jjoint should be made
equivalent to the relative displacement
developed at the expansion joint by

ecarthquakes of the seismic coefficlent method.
It was followed that the gaps between the
abutment and the glrder were 150 nm and the
gaps at the expansion joints were 590 nm.

3) Field Vibration Test

The free vibration tests were conducted
under the joint rescarch program between the
Earthquake Engineering Division of PWRI and the
Shizuoka-ken government prior the opening In
order to verify the effect of the menshin
systen. The three hydraulic statlc jacks owned
by the Rescarch Institute of Japan Highway
Public Corporation werc placed between the
temporary steel frames assembled under the
girder and the A2 abutment as shown in Photo 6.
The force capacity of each jack is 158 tf and
the maximum stroke is 150 mm. The force created
by the jack can be released more rapidly than
the regular static jack to develop the free
vibratlon. The girder was forced by the jack to
move against the abutment in the longltudinal
direction to a certain displacement. The
maximum displacement was declded as 8 cm so
that the total force of the jacks should not
exceed the capacity of the abutment.

The accelerations on the girder at each
substructure (8 points), the accelerations on
the crests of the substructures (8 points) and
the displacement of the girder relatlve to each
substructure (8 points) were recorded during
the free vibration tests.

Fig.9 shows the relative displacement of the
girder on the A2 abutment when the force of the
jack was released at 8 cm. It Is observed in the
figure that the free vibration of the girder was
developed in 0.75 sec after the release and the
girder came nearly to a stop at 4 sec, remaining
the residual displacement of 5.4 cm by the
plastic resistant force of the lead plug.

Fig.10(a) shows the general model for the
lateral load vs. displacement relation of the
lead rubber bearing. Since the load conslsts of
the linear restoring force of the rubber and
the plastic restoring force of the lead plug,
the relation can be expressed as a combination
of the linear spring model and the friction

medel shown in Figs.10(b) and (c), respectlvely.
The natural period and the damping effect was
analyzed with a simple single degree of frecdonm
oscillation system as shown in Fig.11, which is a
model for the girder and the lead rubber
bearings.

The spring constant and the friction force
necessary for the analysis were obtained from
the result of the loading tests, which had
measured the lateral load vs. displacement
relation of the lead rubber bearing prior to
the construction, as 2,351 tf/m and 173.8 tf,
respectively. The result of the analysis Is also
shown with a dotted line in the Fig.9.

The analysis evaluates the test very well In
the first 6.75 sec after the release. 1t can be
derived that the dynamic performance of the
menshin bridge could be assessed with the
parameters obtalned from the loading test of
the bearing itself. The gradual decrease of the
relative displacement after 0.75 sec observed in
the test, could have to do with the creep of the
lead plug.

The traffic vibration tests were also
conducted by running the trucks under the
joint research program between the Structure
Division of PWRI and the Shizuoka-ken
government. No unusual vibration due to the
menshin system was monitored around the
bearing.

The long-term measurement of the residual
relative displacement after the release at 8 cm
will be done since the end of a series of tests.
The dlsplacement was recovered to 0.9 cm at
about one month later. It is said that the
residual displacement of the bearing cause no
practical problemn.

At the Miyagawa bridge, the strong motion
observation 1I1s now being made by the
Shizuoka-ken government and Ground Vibration
Division of PWRI.

4. ACTIVE CONTROL FOR SEISMIC RESPONSE OF
HIGIIWAY BRIDGES

4-1 Introduction

Applicability of an Active Mass Damper
(refers as AMD in the following) for controlling
earthquake response of highway bridges was
investigated by using a single-degree-of
freedom model and reported in the last joint
meeting. The results showed that a great deal
of external energy Is required in order to
control earthquake response in appropriate
level by means of AMD. The mass and/or stroke
required are excesslvely large, and It seems not
practical to control seismic response of bridge
structures agalnst a significant earthquake
1212 Hence, It Is of great Importance to
develop hybrid control by combination of
passive and active means.'®™

Development of hybrid control technology




was Initiated at the Public Works Research
Institute since 1989. Preliminary study on
control of seilsmic response of highway bridges
using multiple AMDs, which Is basis for hybrid
control is presented here.

The cooperative research program iIs being
exccuted as a U.S.-Japan cooperative research
program through the the Panel on Wind and
Seismic Effects, UJNR. The progranm is being
conducted at the Public Works Research
Institute in Japan side, and at the National
Institute for Standards and Technology, and at
National Center for Earthquake Engineering
Research'® with supports of National Science
Foundation in U.S. side. Major subjects of the
program in Japan side includes investigations
on @ passive control method and @ active
control method for application to hybrid
control as well as @ optimum hybrid control
which combines them appropriately.

4-2 llighway Bridge Analyzed and Analytical

Conditions

For studylng where is the best point for
control and effect of multiple control by means
of AMD, the transverse response of three-span
continuous girder bridge with length of 150m as
shown iIn Fig.12 is analyzed. The bridge Is
modeled as a two-dimenslonal spring-mass model.
Fundamental natural frequency Is 1.67Hz, and
this Is a first flexural mode of the deck. The
first mode 1is most predominant 1In the
transverse response of the bridge.

For controlling the deck response by means
of one AMD, the weight of a driving mass is
assumed as 180tf, which corresponds to about
1/18 of the deck weight (1,956tf). Control by
means of two AMDs was also studled, in which two
AMDs were assumed to be installed on the girder
at the P, and P= piers, respectively. Three
cases are analyzed, that s, their welghts are
assumed to be 180tf each, 90tf cach, and 120tf
and 60tf (180tf in total). The spring
coefficlents, which supports driving masses, are
assumed so that fundamental natural frequency
of the mass of AMD be 1/4 of fundamental
natural frequency of the bridge analyzed.
Structural damping ratio of the bridge Is
assumed as 5%. A standard ground acceleration,
which is specified In “"Part V Seismic
Design™®" of the "Deslign Specifications for
Highway Bridges”, is used as an Input motion.

Control algorithm of AMD follows the
classical optimum feedback control method. The
control force driving the mass of AMD s
assumed as a linear combination of the values
proportional to displacement and velocity of
the structure and AMD. Proportional
coefficlents are called as control gain, and the
optimum gain obtained by solving Riccattl's
Algebralc Equation'®'® [s used.

4-3 Effect of Controlling Point by AMD

In order to Investigate an optimum control
point, the earthquake response analyses are
conducted. AMD is assumed to be placed at the
some points on the girder. Fig.13 shows peak
response displacement and peak response
acceleration of the girder. It is more effective
in reducing selsnic response of the girder when
the AMD is installed near the center of the
girder. Comparing with uncontrolled one, peak
displacement of the girder decreases to 1/4 and
peak acceleration decreases to about half. On
the other hand, effectiveness Is smaller when
AMD s placed near the abutments. For example,
when AMD Is placed on Abutment Az, although the
response displacement becomes smaller by 15%
than uncontrolled one, displacement response
near the ends of girder becomes larger by about
13 times the uncontrolled displacement.

Therefore, it is more effective to install
AMD at the point where the mode value of
predominant mode shape is largest.

4-4 Effcct of Multiple Control

In order to Investigate effectiveness of
multiple control, the earthquake response is
analyzed, in which AMDs are assumed to be
installed on the P, and P» piers. Fig.14 shows
peak displaccment and peak acceleration of the
girder controlled at the two points. Results
controlled by only one AMD Is also shown in
Fig.14 for comparison. Two-point control makes
possible to decrease the scismlc response of
girder more significantly than the control by
only one AMD. Effectiveness of control of the
response and control force required by AMDs
with the welght of masses of 180tf Is almost same
as those of 90tf both. Effect of the welight of
driving masses appears only in stroke lengths
of driving masses. The strokes of driving mass
when the weight of driving masses Is 90tf both
ifs twice those when the weight Is 180tf.
Therefore, the weight of driving masses affects
the stroke lengths of driving masses, but does
not affect the effectiveness of control. The
similar results can be obtained when the weight
of driving masses are 60tf and 120tf each.

4-5 Concluding Remarks up to the Present

1) It Is most effective that the AMD Is Installed
at the point where the mode shape value of a
predonminant mode is largest for controlling the
sefsmic response of continuous girder bridges.
2) Two-point control wusing AMDs Is more
effective than one-point control in reducing
the displacement response and acceleration
response of the girder. Since multiple control
makes [t possible to control the deck response
against any mode shapes, It Is required to
further Investigate the effect of the
multiple-point control in detall.




5.DEVELOPMENT OF A YARIABLE DAMPER

5.1 Baslc Concept of A Varlable Damper for

llighway Bridges

The variable damper Is baslcally a viscous
damper and the viscous damping force Is
variable depending on the response of
structures (highway bridges) as shown in Fig.15.
For Instance, the damping coefficient of the
damper is larger during the vibration within a
small amplitude and the damper has the same
function as a fixed bearing support agalnst
braking load of vehicles. [t 1Is, however,
movable against the load with low velocity,
such as elongation of glirder by temperature
change. Once an earthquake occurs and
amplitude of vibration of girder becomes larger
up to a certain level, the damping coefficient
of damper decreases so that energy dissipation
be optimum and Inertia force to the
substructure be adjusted appropriately.
Furthermore, when the vibrational amplitude
becomes excessive, the damping coefficlent
increases gradually in order to suppress the
amplitude and so that the damper have a
function as a stopper. Therecfore, the varlable
damper has the advantages of an usual viscous
damper-stopper, a passive energy dissipator and
a stopper with a shock absorber. The required
external energy by the varlable damper for
altering the damping coefficient 1Is greatly
smaller than wusual active control devices
because the width of the orifice of the damper
can be changeable with a small amount of
energy.

5.2 Earthquake Response Analysis of Multl-
Degree-of-Freedom System with Variable
Dampers

The equations of motion for a linear
multi-degree-of-freedom model with the variable
dampers may be written as

=

x+(C+CYx+Kx=-Mxo 8))
in which M, C and K represent mass, damping and
stiffness matrices of the structure,
respectively. X and Xo denote displacement
vector and ground displacement, respectively.
C. denotes a damping matrix of the varlable
dampers and Is given by a function of relative
displacement and relative velocity between the
nodes where the variable dampers are Installed.
Since C. is time-varying, Eq.(1) has to be solved
by a direct Integration method. According to
the Newmark B method, velocity and
displacement are assumed as

Xi—1 + (1 - a)At-Xi—3 + a-At-x; (2)

X3

Xi1 ¢+ At-x1m + (172 - BNAU)Z X1
+ B(AL)3-Xi (3)

n

X1

fn which a« and B8 are parameters of the
Newmark 8 method and if a  constant
acceleration method Is assumed a and B have
to be taken 0.5 and 0.25, respectively.

Using the above analytical method, a
computer program, named as "VDAM", which can
analyse carthquake response of multi-degree-
of-freedon system with the variable dampers was
developed.

5-3 Highway Brldge Analyzcd and Analytical

Conditlons

In order to investigate effectiveness of the
varlable damper, a simple span glrder brldge, as
shown In Fig.16, with a span length of 30m Is
analysed In the longitudinal direction. The
model bridge has elastic isolator and the
variable dampers are assumed to be Installed
between the superstructure and the top of
substructure. The spring constant of elastic
isolator Is defined so that a fundamental
natural perlod of the bridge be 1 second.

Fourteen cases In total are analysed as
shown In Flgs.17 and 18. In Case 1 the varlable
damper Is not Installed, in Cases 2 and 3 the
dampling coefficlent of the damper Is In
dependent of displacement and/or velocity. The
danping coefficients of Cases 2 and 3 are given
so that damping ratio of critical be 5% (Case 2)
and 180% (Case 3). In Cases 4 and 5, the damping
coefficient is dependent on relative
displacement as shown in Fig.17. Peak relative
displacement d. is defined as a peak relative
displacement computed in Case 2 and It was
assumed as 19.4cm. In Cases 6 and 7, the damping
coefficient Is dependent on relative velocity as
shown in Fig.17. Peak velocity vu Is defined as a
peak value (113 cm/s) computed In Case 2. Case 8
is a combination of Cases 4 and 6 and the
damping coefficient of the damper is dependent
on relative displacement and relative veloclity.

A ground motion acceleration which was
modified so that the response spectra matches
with the target spectra 1Is used as an input
ground acceleration. The acceleration response
spectrum, which Is specified in "Part V Seismic
Deslgn™ of the "Design Specifications for
Highway Brldges”, for the check of bearing
capacity of reinforced concrete plers, Is
assumed as the target spectra.

Damping ratio of critical of a model bridge
is assumed 2% as a modal damping.

5-4 Effectiveness of Varlable Dampers on
Earthquake Response of llighway Bridges
Table 3 shows the peak response of girder

and the varlable damper, where the peak values

of displacement, velocity and acceleration of
the girder and damping force, relative
displacement and relative velocity of the
damper are presented. Figs.19 and 20 compare
time histories of displacement and acceleration




of the girder and damping force of the variable
danper between Case 1 (without the variable
damper), Case 5 (displacement dependent) and
Case 7 (velocity dependent).

According to these results, the following
remarks may be pointed out:
1) If the damping coefficlent is dependent on
relative displacenent of the damper, it Is
effective to set larger damping coefficlent
around zero displacement (Case 5). The peak
damping force In Case 5 becomes 58.2x 2tf which
corresponds to 48.2% of the welght of the deck
(241.5tf). The damping force of 96.4tf makes
reduction of acceleration of girder to
566gal/1300gal = 43.5%, and relative
displacement of the girder to 13.25cm/33.04cm =
40.1% comparing with Case 1 in which the
varlable damper is not installed.
2) The damping force required to control the
response up to the same level Is smaller in
displacement dependent dampers (cases 4 and 5)
than In velocity dependent dampers (cases 6 and
7). This is because pulse-type large damping
forces are required In the velocity dependent
dampers. Large damping coefficlent at the time
when large velocity is developed causes large
damping force. On the other hand, since the
damping force 1Is dispersed as time large
damping forces are not required In the
displacement dependent dampers.
3) The time history displacement shows that the
variable dampers operate satisfactorily as a
stopper which also has a function as a shock
absorber without an impact response.

5-5 Development of A Pilot Model of the Varlable

Danper

Photos 7 - 9 show a pllot model of the
variable damper developed. The model Is
designed so that the dampling force be variable
within 20kgf to 200kgf, maximum relative
displacement of damper piston be +5cm, and the
weight be about 40kgf. The variable damper
consists of an usual viscous damper and a
control system. Damping characteristics of the
varfable damper 1s now beilng studied. Model
experiments are planed.

5-6 Concluding Remarks up to the Present

1) In the displacement dependent dampers, It is
effective to set larger damping coefficient
around zero displacement.

2) The damping force required to control the
response up to the same level is smaller in the
displacement dependent dampers than In the
velocity dependent dampers.

3) The time history response shows that the
variable dampers operate satisfactorlly as a
stopper which also has a functlon as a shock
absorber without an impact response.

4) The pilot model of the varlable damper was
developed. Experimental study on the

characteristics and control method of the
varlable damper Is being studied.

5) The varlable damper seems to be near a
practical use.

6.CONCLUSIONS

This paper briefly presents current
rescarch and development activities on passive,
active and hybrid control for application to
bridges structures conducted at Public Works
Research Institute. It fs thought that these
technologles may become very Important In
future for constructing super-multiple
continuous girder bridges, long-span bridges,
bridges with high-rise plers, and bridges In
urban area with strict land use restrictions.
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Table 1 Pilot Program for Construction of Menshin Highway Bridges

Owner Name of Bridge Type of Superstructure | Total Length
Hokkaido developing Bureau On-netoh Bridge Steel Girder 456 m
Tohoku Regional Construction Nagakigawa Bridge Steel Girder 97 m
Bureau, MOC
Iwate-ken Maruki Bridge Prestressed Concrete 92 m
Tochigi-ken Daiichi Karasuyama Bridge | Prestressed Concrete 260 m
Shizuoka-ken Miyagawa Bridge Steel Girder 110 m

Table 2 Natural Period, Design Acceleration

and Design Relative Displacement

Design Method Item Al I Pl I P2 l A2
L Natural Period (sec) 0.764
Seismic - -
. Design Acceleration (g) 0.20
CoefTicient - -
Design Relative
Method e 28212181202 (280
Displacement (mm)
Natural Period (sec 1.01
Check of ,” o .(S )
) Design Acceleration (g) 0.54
Bearing - -
Capacit Design Relative 109 | 105 | 130
apacity Displacement(mm)




Table 3 Peak Response of Deck and Variable Damper
(a) Full Control

Deck Variable Damper
Analytical Cases Displace- Velocity Acele- Damping | Relative Relative E’:Ir‘\ oet:ﬂ
ment (cm/sec) ration Force Displace- Velocity Absor ggon
(cm) (cm/sec?) (tH ment (cm) | (cm/sec) (tf-l‘:\ )
1| No Control 33.04 189.0 1300 — — — —_
Constant
2| Damping 25.63 148.7 1012 88 1941 113.1 6541
(hy = 0.05)
Constant
3| Damping 797 45.1 481 47.1 5.13 304 81.51
(hz = 10)
Displacement
4| Dependent 2333 140.7 1043 39.2 17.32 1422 70.70
Damping
Displacement
5| Dependent 13.25 848 566 588 10.18 123.6 93.62
Damping
Velocity
6| Dependent 21.10 1313 1117 1403 16.05 1694 7841
Damping
Velocity
7] Dependent 2035 126.7 1029 1098 1544 1474 76.38
Damping
Displacement
g| and Velocity [ 9495 1227 1136 1203 15.72 168.1 8052
Dependent
Damping
(b) Partial Control
Deck Variable Damper
Displace- Acele- Dampin Relative Relative Total
Analytical Cases p Velocity . ping . . Energy
ment (cm/sec) ration Force Displace- | Velocity Absorption
(cm) (cm/sec?) (tnD ment (cm) | (cm/sec) (tf-g\ )
Displacement
5| Dependent 13.25 848 566 588 10.18 1236 93.62
Damping
g| oIt 1905 1137 765 702 14.72 1774 94.30
o] Contralihen| 1922 1155 776 718 1491 1818 | 9621
1| ControlWhen| - 2053 1279 909 67.6 1540 167.9 92.20
g | Control When 54 44 1149 826 65.2 1595 2304 8258
dv<o
13| Comra e 1ss7 1147 953 1046 16.29 231.3 80.25
14 “"g‘i‘g“e“ 2028 11738 886 73.1 17.11 226.7 7749




LATERAL LOAD (tf)

— Development of Menshin Devices ————1—— High Damping Rubber Bearing

for High way Bridges —— Sliding Friction Damper

— Steel Damper

— Roller Type Menshin Bearing

— Link Bearing

—— Viscous Damper

—— Certification Test of Menshin
Devices

-— Development of Expansion I Expansion Joints for Menshin Bridges
Joints and Restrainers for Restrainers for Menshin Bridges
Menshin Bridges

—— Development of Menshin Design — T Basic Concept of Menshin Design
Method — Dynamic Analysis Method of Menshin
Bridges

—— Design Mcthod of Menshin Devices
—— Simplified Design Method of Menshin
Bridges

—— Design Method of Restrainers and
Expansion Joints for Menshin Bridges
— Evaluation of Model Tests by Dynamic
Analysis

— Application of Menshin Design Application for Prestressed Concrete
Bridges

—— Application for Steel Bridges

—— Application for Super Multi-span

Continuous Bridges

—— Application for Scismic Retrofitting

Fig.1 Research Items of Joint Research Program
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(Item]) [Object] [Analysis Method] [Design Force Level)
Assumption of . )
I . Substructure Static Analysis Level 1
Initial Dimension
Desi Menshin Device Static Analvsi Level 2
esign Substructure atic Analysis Level 1
Menshin Devi Static Analysis Level 2
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Fig.6 Baslc Flow Chart of Menshin Design

Fig.8 Miyagawa Bridge
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EVALUATION OF LATERAL INERTIA FORCE OF BRIDGES FOR SEISMIC DESIGN
By Kazuhiko KAWASHIMA' and Kinji HASEGAWAZ

1: Head, Earthquake Engineering Division,
Public Works Research Institute,
Ministry of Construction, Japan

2: Senlor Research Englneer, ditto

In the current design practice, for determining a lateral force due to
an Inertla force developed In a superstructure, which Is used for seismic
design of substructures, a bridge Is generally divided Into sub-structures
consisting of a substructure and a part of superstructure supported by the
substructure. The lateral force consldered In selsmic design of a
substructure in transverse direction is generally computed by multiplying a
seismic coefficlent with a reaction force developed at the relevant
substructure. However as various types of bridge become to be constructed,
it became apparent that the lateral force computed by the traditional
method is not always adequate. The lateral force at each substructure
significantly depends on flexibility of the substructures. This paper
proposes a method to evaluate a lateral force of a superstructure for
seismic design of substructures based on a static and simple calculations.
Validity of the proposed method 1Is also presented through numerical
calculations. Application of the method In combination with the traditional
method In view of consistency and continuity of the design method is
proposed.

1 INTRODUCTION

Because dimensions of bridge substructures are determined In most cases
from a requirement of selsmlc effects, evaluation of a lateral force which is
used for selsmic design of substructures Is of great importance. Seismic
design method of highway bridges was firstly Introduced In a form of clear
stipulations In "Design Specifications of Steel Highway Brildges"” Issued in
1956 by the Japan Road Assoclation. It was stipulated in the specifications
that the lateral force considered in seismic design of a substructure in
transverse direction shall be computed by multiplying a selsmic coefficient
with a reaction force developed at the relevant substructure. This method
has been widely adopted for selsmic design of highway bridges in Japan.

However as varlous types of bridge structures become to be
constructed, it became apparent that the lateral force computed by the
method specified In the specifications Is not always adequate®’. The lateral
force at each substructure significantly depends on flexibility and height
of the substructures. Therefore, more rational and comprehensive method
which can be used fo evaluate an inertlia force Induced In a superstructure
for the purpose of selsmic design of substructures Is required. The same
demand also arises in those bridges where a superstructure and
substructures are not separated by means of bearing supports. In such
bridges, direct application of the stipulations are quite difficult.

This paper proposes a method to evaluate a lateral force of a
superstructure for seismic design of substructures based on a static and
simple calculation, and also shows Its valldity through numerical
calculations. Application of the method in combination with the traditional



method In view of consistency of the deslgn method Is also presented.

2 COMPUTATION OF LATERAL FORCE

For determining a lateral force due to an inertla force developed in a
superstructure, which is used for selsmic design of substructures, a bridge
is generally ideallzed as shown in Flg. 1. In longltudinal direction, a bridge
is generally supported by flxed bearings at least at one support with the
others being supported by movable bearings. This Is simply to avold an
excesslive stress Induced In a deck due to variation of temperature.

A lateral force in longlitudinal direction at fixed supports iIs given as®

Fa = kn x W (1) _
in which, F &« : lateral force assoclated with an Inertia force of a
superstructure for seismic design of substructures in longitudinal
direction, k n : selsmlc coefficient, and W : dead weilght of a

superstructure. An effect of frictlon force developed due to relatlive
movement of a deck at movable bearings Is generally disregarded for
evaluating Eq.(1). The friction force is applled to relevant substructures
as an external force transferred from the superstructure to the
substructures as shown in Fig. 1(a).

A lateral force In transverse direction is more complicated. Because
both fixed and movable bearings do not allow relative movement between a
deck and substructures in transverse directlon, the bridge has to be
analyzed as a whole structure to compute lateral forces for use of seismic
design of Individual substructures. However because this makes the
calculation complicated, a bridge is generally divided Into several
structural segments as shown in Fig. 1(b), which consist of a substructure
and a part of superstructure supported by the substructure. Then, a lateral
force used for seismic design of a substructure in an I-th structural segment
is assumed as

Fai =Kknt X Ri (2)

in which F 41 : lateral force assoclated with an inertia force induced In a
superstructure in transverse direction for seismic design of 1-th
substructure, k ni : selsmic coefficient for i-th substructure, and R :
reaction force developed at i-th substructure due to dead weight of a part
of substructure supported by the I-th substructure.

This traditlonal method, which is referred hereinafter as a reaction
force method, assumes that stiffness of a deck Is zero. If this assumption is
valid, a structural segment can then be taken out for analysis from the
bridge without any interaction with remaining parts. Such assumption may
only be applied to those bridges which are supported by extremely stiff
substructures as compared with the stiffness of the superstructure. Lateral
forces are not generally proportional with reaction forces. They vary
depending on stiffness of a superstructure and substructures depending on
support conditions.

As various types of bridges become to be adopted, more comprehensive
and accurate method became required. This requirement is significant for
computing a lateral force in transverse direction for a bridge supported
with plers with various helght. Furthermore, the requirement also arises In
bridges which are rigldly or elastically supported by several
substructures. In such bridges, the lateral forces in longitudinal direction
depend on stiffness of the substructures. For those brldges where a

__70._




superstructure Is not separated from substructures with use of bearings,
lateral force has to be carefully calculated considering whole response of
the bridge.

On the other hand from a view point of structural analysis, an effort
required for analysls In recent years becomes much less with use of minl- and
personal-computers as well as wide spread of software for structural
analysis, and it became possible to analyze a whole bridge with varlous
structural and boundary conditions. Therefore, taking the advance of
structural analysis Into account, it {s require to develop a new method
which can be used for analyzing bridges for selsmic design purpose. This
method should be slmple and accurate enough to be adopted widely for
practical design. Considering that dynamic response analysis Is regarded by
design engineers as " a speclal analysis " which Is far from the practical
design, the method iIs expected to be based on static calculations avoiding
an elgen value analysis.

Based on such requirements, a simple static analysis method, which is
referred herelnafter as a static frame method, Is proposed for practical and
englneering estimation of lateral force for seismic design of bridges.

3 STATIC FRAME METHOD

Because mass distribution of a bridge concentrates at Its deck, bridges
response Iin a way of an inverted pendulum. Because first mode is generally
predominant In total response, a peak response displacement of the bridge
can be approximated as

u™t s u " =8,-So(Ti,h1) ¢ ' (3)
in which, u™®*: peak response displacement when all modes are considered,
u™%”* : peak response displacement of first mode, 8. : mode participation

factor for first mode, S o(T 1, h 1) : displacement response spectrum for a
natural period T, and a damping ratio hi, and ¢. : first natural mode.
Natural perlod of bridges can be approximately computed by the Rayleigh
method®. A first mode shape is generally approximated with a static
deformation shape when It Is subjected to a static distributed load
equivalent with a dead welght. Denoting a displacement of a bridge subjected
to a dead weight as uas (s) at point s, response displacement of the
bridge u (s) may be approximated with use of the static displacement u 4
(s) as
u(s)= u a(s)sin(w a t) (4)
in which @ s represents an angular frequency of the bridge when the static
displacement u 4 (s ) is assumed. It Is assumed hereinafter that us (s) Is
non-dimensional.
Assuming the bridge as a one degree of freedom system, the maximum
kinetic energy Kiuex of the bridge may be written as
Kmex=(1/2) ® 4a* § s M(S) u a(s)%ds (5)
in which M(s) represents mass at the point s.
On the other hand, the maximum strain energy Umas» may be written as
Unex= (1/2) faM(s)ua(s)gds (6)

in which g represents an acceleration of gravity.
Because K mex 8nd Umax should be equal, one obtalns from Egs.(5) and (6)

w ¢ § M(s)us(s)°ds= § «M(s)uas(s)gds (7



From Eq.(7), natural period can be obtalned as
§ aM(8) u a(s)?ds

Ta=2n/wa=2ny (8)
§ sM(S) u a(s) g ds

Defining a coefficlent 6 as

§ «M(S) u a(s)%ds
8§ = (9
§ aM(S) u a(s)ds
, the natural perlod can be approximated as
Tas=201YV & (10)

Eq.(10) may be much better than Eq.(8) because it is the same type of
equation which has been used in practical design since the Part V Selsmic
Design of the Deslgn Specifications of Highway Bridges® Issued In 1980.
Because in design calculation, weight is much more frequently referred to
than mass, substituting the welght In stead of the mass, Eq.(9) can be
rewritten as

§ aW(S) u a(s)“ds
é = (11)
f eW(s) u s(s)ds

in which W (s ) represents distributed dead welght at point s.

Once first natural period of the bridge can be determined, a seismic
coefficlent k n may be assigned. Then, it Is required to determine the lateral
force transferred from the superstructure to the substructures. When
computing the static displacement u « (s ) of the bridge subjected to the
dead weight in lateral direction, one can simultaneously compute force F (
s ) Induced at point (section) s in the bridge. Because F (s ) represents
the force induced in the bridge when it is subjected to the lateral force
equivalent with the gravity force in lateral direction, the force induced In
the bridge when subjected to the lateral force equivalent with the seismic
coefficlent k » can be computed as

Fa(s) =F (s) XKkn (12)

It should be noted here that F a4 (s) can be treated as elther an
internal force or an external force. When F a (s) Is considered as an
internal force, it represents a sectional force developed at point (section)
s as a result of the Inertla force. On the other hand, when F 4 (s) s
considered as an external force, it represents an inertia force to be applied
at a section s. Therefore consldering consistency with the current design
practice, it Is appropriate to regard F 4 (s) as:

1) For girder bridges, a horizontal force F « (s) at a gravity center of

a superstructure shall be regarded as a lateral force H which
represents an inertla force of the superstructure transmitted to the
substructure. The lateral force H shall be applied to the
substructure as an external force at the gravity center of the

_ superstructure.

2) For those bridges for which a superstructure and substructures are
not separated such as an arch bridge, the force F s (s) glven by
Eq.(12) shall be used as a sectlonal force Induced In the bridge as a
result of the Inertia force.

In the static frame method, a bridge can be analyzed as a whole




structure instead of dividing it into several sub-structures consisting of a
substructure and a part of superstructure supported by the substructure.
However, structural units considered in the analysis should be as simple as
possible for selsmic design purpose because It makes the calculation simple
and easy to check the result. For such purpose, a deslgn structural unit is
defined here to ldentify a structural unit which has to be analyzed as a
whole structure.

The design structural unit iIs proposed to be selected as shown in Table
1. For those bridges in which a superstructure and substructures are not
separated by bearing supports, both the superstructure and the
substructures shall be considered as the same design structural unit. In
girder bridges, the design structural unit has to be changed depending on
the direction considered in design.

In longlitudinal direction, when a superstructure iIs supported with fixed
bearings by substructure(s) In the direction considered in design, both the
superstructure and the substructure(s) shall be Included in the same design
structural unit. Substructure(s) supporting a superstructure with movable
bearings In the direction considered In design may be considered as
independent design structural unit(s), because an inertia force exceeding a
friction force 1s not transmitted from the superstructure to the
substructures. The friction force developed due to movement of the
superstructure relative to the substructures at the movable bearings shall
be considered as an external force In that direction for the substructures.
It should be noted that even if a superstructure is supported with movable
bearings by substructures, the superstructure and the substructures shall
be included in the same design structural unit In the direction for which
relative movement Is not developed at the movable bearings.

In transverse direction, a superstructure and substructures shall be
included In the same structural unit. However, because the reaction force
method gives a reasonable approximation when the superstructure Is
supported by the substructures with almost equal stiffness, the
substructure and a part of the superstructure supported by the
substructure may be considered as the design structural unit.

As a summary, in the static frame method, natural period and the lateral
force/sectional force is proposed to evaluate as (refer to Fig. 2)

1) ldealize a design structural unit by a linear elastic frame model

i1) apply a distributed lateral force equivalent with dead weight of the
superstructure and the substructure In a horizontal direction
considered In seismic design, and compute a static displacement u a (
s) and a sectional force F (s) .
i11) compute natural period T by Eq.(10).
iv) determine a seismic coefficient k »n depending on the natural period
T.
v) compute efther an inertia force or sectional force by Eq.(12)
The static frame method assumes that It conslders only first mode; it uses
a static deformation of a bridge subjected to a dead welght instead of first
mode shape; it computes first natural period by the Raylelgh method.
Although the static frame method gives more realistic results than the
reaction force method, it glves an only approximate result. When the
above-described assumptions can not be adopted, structural response has to
be computed by a dynamlc response analysis.
Finally It should be noted that although the computation process is



different, the static frame method glves the same Inertla force/sectlional
force with a method in which a bridge Is directly subjected to a lateral
force equivalent with the dead weight multiplied with a selsmic coefficlent.
Even by now when a bridge is complicated, this method has been often used.
From such point of view, the static frame method is not necessarily a new
method but only one of traditional methods which includes a sub-process to
compute a natural period.

4 ACCURACY OF STATIC FRAME METHOD IN COMPARISON WITHI DYNAMIC RESPONSE
ANALYSIS
For evaluating valldity of the statlc frame method, a comparative study
of the statlc frame method with dynamic response analysis was made for the
same highway bridges agalnst the same Input ground motions. Analyzed were
36 bridges with varying various conditions as
i) topographical condition
bridges crossing a valley, bridges crossing a river, and overcrossings
in urban area
i1) type of superstructure
materlal(steel and prestressed concrete), shape of cross section
(girder bridge and box), number of span, and span length
iil) pler type
"wall type plers, single columns, frame plers, steel plers, and flexible
plers
iv) pler height
v) type of foundation
spread foundations, caisson foundations and pile foundations
vi) soil condition
ground group I, II and 1II specified In the Part V Selsmic Design of the
Design Specifications of Highway Bridges®
Analysis was made for bridge responses in transverse direction, because
this Is a major concern for evaluating an application of the static frame
method. Strong motion records measured on ground surface near the Kaihoku
Bridge during the 1978 Miyagi-ken-oki Earthquake with an earthquake
magnitude of 7.4 and on ground surface near the Tsugaru Bridge during the
1983 Nihon-kai-chubu Earthquake with an earthquake magnitude of 7.7 were
used for time history analysis. In the static frame method, a seismic
coefficlent determined as

kn = Sa(Ts, hi) /g (13)

was used so that the same Iinput ground motion with the dynamlic response
analysls be assumed, In which T . : first natural perlod computed by Eq.(10),
Sa (Ti, hy) : response acceleration of the Input record with the natural
period T and damping ratlo h .. Damping ratio was assumed as 5 % for both
the dynamic response analysis and the static frame method.

Although the analysls was made for the 36 bridges, results are presented
with emphasis on analysls for two bridges as shown in Fig. 3. A-Bridge
represents a 3 span continuous steel girder bridge with an equal span length
of 30 m over a rlver. Both ends are supported by abutments. B-Bridge has the
same superstructure, but 1is an overcrossing in wurban area. The
superstructure Is supported by four piers with almost the same stiffness.

Fig. 4 compares the statlc displacement u s (s) with exact first mode ¢
y (s) . Although ¢ (s) shows larger deformation of the deck between the




two abutments than u s (s) In the A-Bridge, overall mode shape ¢ (s) is
well approximated by u « (s ) . The elgen value analysis predicts first
natural period of 0.41 second for the A-Bridge and 0.3 second for the
B-Bridge while the static frame method predicts 0.40 second for the A-Bridge
and 0.29 second for the B-Bridge. It Is sald that the predlicted natural
period by the static frame method gives a fairly good approximation to the
exact natural period. For reference, when the natural period Is computed in
the reactlon force method, It takes a value of 0.21 second for the
substructure including the P1 abutment, 0.49 second for the substructure
Including the P1 pler and for the substructure Including the P2 pier, and
0.28 second for the substructure including the A2 abutment. It is apparent
that the natural period Is considerably underestimated for the two
abutments and overestimated for the two plers.

Fig. 5 shows a distribution of the maximum bending moment and shear
force when the bridges are subjected to the Kalhoku Record. As well as the
results by the static frame method and the dynamic response analysis,
results by the reactlon force method are also presented In Fig. 5 for
comparison. The static frame method glves a realistic approximation for both
bridges. This clearly means that the assumptlons of the static frame method
presented in the preceding chapter are reasonably adopted for engineering
analysis of the two bridges.

It Is Interesting to note here that how the forces predicted by the
reaction force method differs with the results predicted by the dynamic
response analysis. In the A-Bridge, the reaction force method glves a fairly
close result with the dynamic response analysis. However in the B-Bridge,
the reaction force method glves considerable underestimation for the
sectional force at Al, A2 and Pl. This Is due to the fact that stiffness of Al,
A2 and P1 is significantly larger than the stiffness of P2,

Fig. 6 shows a comparison of natural periods predicted by the static
frame method and the elgen value analysis for the 36 bridges. Natural
periods predicted by the reaction force method are also presented for
comparison. The natural perlods predicted by the static frame method glve
reasonably good approximation to the natural period predicted by the eigen
value analysls.

Fig. 7 shows comparisons of the maximum bending moment developed at
bottom of the P1 and P2 plers between the static frame method and the
dynamic response analysis for the 36 bridges. Results predicted by the
reaction force method are also presented for comparison. The static frame
method gives a reasonably close agreement for engineering design purpose
with the dynamic response analysis. On the other hand, scatter of the
bending moment predicted by the reaction force method is considerable.

5 APPLICATION OF STATIC FRAME METHOD FOR EVALUATION OF LATERAL FORCE OF
BRIDGES

Although It Is apparent that the static frame method glves more rational
lateral force for design of substructures, application of the method has to
be carefully examined because direct application of the method would result
in considerable difference with the current practice in design. To examine
the difference in deslgn of substructures by Introducing the static frame
method, distribution of lateral forces for each substructure was studled for
3 bridges as shown In Flg. 8. The three bridges have the same
superstructures consisting of steel glrders with a span length of 30 m.



Difference between the three bridges Is only substructure condition, if.e.,
No.1-Bridge Is an overcrossing In urban area with almost the same pler
helght. No.2-Bridge Is a typlcal 3 span continuous bridge crossing a river.
No.3-Bridge is a typlcal bridge crossing a valley, and has plers with
different helght. The No.2 and the No.3 Bridges have abutments at both ends.

To compare the three bridges on the same basis, transverse responses of
the bridges were computed assuming a selsmic coefficient of 0.2 with
regardless of natural perlods. Dependence of seismic coefficient on the
natural periods was disregarded here because the natural period of the
three bridges are in the range where the design selsmic coefficlent takes the
same value based on the Part V Seismic Design of the Design Specifications of
Highway Bridges®.

Table 2 shows a comparison of lateral forces ( shear forces ) which are
to be used as Inertla forces from the superstructure to the substructures.
Because the reaction force method has been widely used by now for selsmic
design, a speclal attention was pald how an adoption of the static frame
method gives different distributions of lateral forces In deslgn as compared
with the reaction force method. Based on Table 2, characteristics of the
statlc frame method in comparison with the reaction force method may be
summarized as _

1) In the No.1-Bridge, the lateral force predicted by the static
framemethod is almost the same with that predicted by the reaction
forcemethod. Based on classical elastic theory, reaction force of 3
span continuous beam with an equal span length subjected to uniformly
distributed load Is 1.0 at both end supports and 2.75 at the two
intermediate supports. The lateral force predicted by the reaction
force method Is, of course, proportional to such reaction force.
Because the stiffness of the four plers is almost the same, the static
frame method glves a close distribution of the lateral force with the
reaction rorce method.

2) In the No.2-Bridge, the reaction force method predicts the same
lateral force distribution with the No.1-Bridge because the
superstructure Is of the same. On the other hand, the static frame
method gives a larger lateral force than the reaction force method by
a factor of 2 at the both abutments, and gives almost 40 % lateral
force at the two plers. This Is simply due to the fact that the
stiffness of the abutments are considerably higher than that of the
piers.

3) Because in the No.3-Bridge there is a difference In the stiffness
between the two plers in addition to the difference of the stiffness
between the abutments and the plers, lateral forces predicted by the
statlc frame method are much different with those of the reaction
force method. Particular interest is a very small lateral force
developed at P2, where the lateral force predicted by the statlc frame
method is only 13 % of the value computed by the reaction force
method.

It is apparent from such comparisons that by adopting the static frame
method, lateral forces ~developed at stiff substructure are likely to
increase as compared with the current design method, and vice versa for
substructures with low stiffness.

Although it is no doubt that the static frame method glves more
rational and realistic lateral force than the reaction force method,




considerable changes of the lateral force distribution have to be carefully
examined from view point of consistency and continulty of design. When a
design of the substructures is made based on the lateral force predicted by .
the statlc frame method for the No.2 and No.3-Brldges, sectlonal dimensions
of the plers in transverse directlon may be considerably reduced as
compared with the current design. Because dimensions of the abutment are
selected so that they support an earth pressure of back sofls, abutments
have generally much redundancy for their bearlng capacity In transverse
direction. Therefore it Is not required to Increase the size of the
abutments.

Therefore, major change assoclated with the adoption of the static frame
method into the current design practice Is that smaller dimensions can be
adopted for plers In transverse direction, although an Increase of
dimensions Is required for some plers which have higher stiffness than
others. If this is adopted, pilers become more flexible, as a whole, than the
current design practice. Before adopting the static frame method, the
following items have to be considered: ’

1) Because bridge design Is made based on the allowable stress design
approach, careful attention has to be pald on what would happen on
bridge behavior as a total after parts of the bridge, such as bearing
supports and foundations, suffer damage when subjected to larger
ground motion than consldered as a form of a selsmic coefficient. It
should be noted that damage of bearing supports occurred as a matter
of fact in the past large earthquakes. It is still very difficult to
predict bridge response during destructive earthquakes even with
sophisticated nonlinear dynamlc response analyses.

2) Assoclated deeply with the reaction force method, it has been the
Japanese practice to construct stiff plers, which, In turn, makes
selsmic force Induced in a superstructure limited. Therefore it is very
special -that the sectional dimensions of the superstructure be
determined due to seismic effects. Intention has been paid to
construct strong substructures against destructive earthquakes. It
should be emphaslized that seismic experiences gained in the past are
for such bridges. Therefore, sudden decrease of the lateral force for
selsmic design of plers should be avoided, because It would cause
different type of selsmic damages never experienced in the past.

3) As Is the case of the No.3-Bridge, the lateral force at the flexible
pler becomes considerably small. Depending on stiffness of the
substructures, the lateral force developed at the flexible pler may
take even negative value, which means that the pler can not support
even Iits Inertia force but transmits Its inertia force to other
substructures through the deck.

Based on such considerations, a highly englneering judgement for the
minimum lateral force In seismic deslgn seems inevitably Important. Therefore
it Is proposed to use the static frame method as

1) For those bridges with small difference of stiffness between plers,
such as the No.l and No.2-Bridges iIn Fig. 9, lateral forces shall be
computed by the reaction force method.

2) For those bridges with considerable difference of stiffness between
plers, such as the No.3-Bridge in Fig. 9, lateral forces shall be
computed by the statlc frame method. However, In girder bridges the
lateral forces shall not be smaller that the values computed by the



reaction force method.

It should be noted here that the minimum lateral force was Included
based on an engineering judgement consldering experlences on bridge seismic
design and on seismic damages in the past, and consistency and continuity
with the current design practice.

6 CONCI.UDING REMARKS

The preceding pages presented a new seismic design method referred
herein as a static frame method for computing lateral forces, and
applications of the method. Because the static frame method considers
stiffness of deck, It gives more realistic distribution of lateral force than
the reaction force method. Because In the reaction force method, reaction
forces are only requirements for design of substructures, it was likely that
the deslign of substructures was made without considering total safety of
bridge structures. By adopting the static frame method, it is hoped that
attention is given to how bridges behave during destructive earthquakes.

The static frame method was adopted in the Part V Selsmic Design of the
Design Specifications of Highway Bridges™® Issued from the Japan Road
Assocliation In February 1990.
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Table 2 Distribution of Lateral Force

BRIDGES | ANALYTICAL METHODS | AT(PI){ P1(P2)] P2(P3) | A2 (P4)
REACTION FORCE METHOD | 27.6 75.9 | 75.9 | 276
NO. - BRIDGE
STATIC FRAME METHOD 25.4 78.1 | 78.1 | 25.4
REACTION FORCE METHOD | 27.6 759 | 759 | 216
NO.2-BRIDGE
STATIC FRAME METHOD 54.7 48.0 | 50.5 | 53.9
NO.3-BRIDGE REACTION FORCE METHOD| 27.6 759 | 759 | 21.6
' STATIC FRAME METHOD 325 | 1014 9.8 | 63.1
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Behaviour of Stiffened Box-Section Steel Bridge Piers

in Seismic Regions from Model Tests
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ABSTRACT

Twenty-two model stiffened box-shape steel bridge pier specimens of the type commonly used in Japan
were tested in order to obtain their strength and ductility capacity and to understand their behaviour. Hollow
specimens and specimens partially filled with concrete were tested both under applied lateral loading and
shaking table testing. It was found that the specimens failed by overall buckling of one side as well as local
panel buckling and fracture. The strength of specimens with concrete infill was increased however their
deformation capacity was decreased. Specimens tested on the shaking table sustained yielding
predominantly in one direction with litlle absorption of energy. This was different from that assummed by the
applied lateral loading regimes. Specimens with greater section slendernesses generally had lower ductility
capacities. A method for estimating the strength of these specimens which was independent of the effect of
the section slenderness was found to be satisfactory.

INTRODUCTION

Steel bridge piers, which are constructed by welding thin plate together, have been used over the past 30
years for the construction of bridges in Japan. The construction cost of these piers is generally more than
that of reinforced concrete piers but their section size is significantly less making them ideal for use in city
locations where land prices are high and where there are restrictions on construction space. In some cases
concrete is placed inside these piers to provide extra protection if a vehicle collides into them. Damage has
not been observed in these sort of piers to date and few tests have been carried out to investigate their likely
behaviour during an earthquake.

Twenty-two steel pier specimens were tested in order to assess their strength and ductility capacity because
it is realized that accelerations greater than the design level may be developed in bridges during a major
earthquake. Applied loading tests and shaking table tests were performed on hollow pier specimens with
different configurations of internal stiffeners and on specimens which were partially filled with concrete. In this
paper some of the mere important aspects of the behaviour of these specimens are summarized.

SPECIMEN CONSTRUCTION, DESIGN REQUIREMENTS AND TESTING METHODS

The test specimen sizes were selected to be scaled down versions of real piers. The box-shaped sections
consisted of 4 major plates to which ribs and diaphrams were welded for stiffening and strengthening. Real
piers are generally large enough that a person may enter and weld from the inside but this construction
technique was unable to be used on the smaller pier specimens. The specimen was therefore constructed in
stages as shown in Figure 1. Weld was applied to the inside of the specimen before the final web-plate was
welded into place from the outside. The diaphrams extended outside the section on one side to facilitate the
welding of the final web plate to the specimen. The longitudinal stiffeners on the inside of the final web plate
were discontinuous at the diaphram positions and at the base.
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Design was carried out according to the Japanese bridge design code [1} which is based on elastic design
considerations. The background to the buckling design criteria for these piers is published in design
guidelines [2). There are two important section slenderness ratios which are required to be greater than
certain values in order that premature buckling does not reduce their strength. They are:

1) The panel slenderness ratio, b/(nft), which must be less than 28 or 24 for Grades $S41 or SM50
steel respectively. This check ensures that local panel buckling will not occur before the yield strength of the
section is reached. Local panel buckling refers to buckling panels between the vertical stiffeners. In this ratio
b is the width of the section (cm), tis the plate thickness (cm), n is the number of panels divided by vertical

stiffeners, as shown in Figure 2, and f is given as f = 0.65(¢vn)2 + 0.13(¢¥n) + 1.0, d is the stress gradient
given as ¢ = (05 - o1)lo4, and o, and oy are the siresses at each edge of the plate, where a4 > g5, and

compressive stress is defined as positive. It was conservatively assumed that f = 1.0 in the panels which

yielded.
2) The gamma ratio, y{/y1,req. Which must be greater than unity. This check ensures that overall

buckling_of one side of the pier will not occur before the yield strength of the section is reached. The
stiffness of each panel and longitudinal stiffener was used to obtain an equivalent stiffness for the side as a
whole and the effect of the lateral stiffeners was also considered. The value of y;, which is the relative

stiffness of the longitudinal stiffeners, was able to be calculated as yj = I¥/(bt3/11) where the value of | is given
below. The value of v req Was able to be calculated using the appropriate value from Equations 1 or 3 as
described below.

i) Equation 1 should be used to calculate y1 eq When a is not greater than oo and the moment of inertia It
(cm?) of a transverse stiffener satisfies Equation 2.

yn,.eq=4a2n(t?°)2(1+nd|) - (—az—;i (t210)

(o2+1)

Yireg=4a2n(1+ ndy) -

(t<to) )

lZl—)ﬁ 1+ NYireq
11 4083
ii) Equation 3 should be used in all other cases such as when the effect of the transverse stiffeners in the
computation of vy req is insignificant and their effect is ignored.

Yl,req=-'1:l—{{202 (‘70)2(1 +ndj)-1 }2 -1 ] (t>1to)

({2021 +nd)-1P-1]  (t<to)

i
n &)

where
a is the aspect ratio of stiffened Elate, a = a/b,

ao is the critical aspect ratio, @o= V1 +ny:
a is the spacing of transverse stiffeners (cm)
b is the width of stiffened plate (cm)
dj is the ratio of the longitudinal stiffener cross sectional area to that of the main plate, di= A/(bt), (cm)
A is the area of each longitudinal stiffener, A= bsts
| is the second moment of area of each longitudinal stiffener. The code requires that the moment of
inertia of stiffeners such as those used in steel piers be calculated about the surface of the stiffened plate on
the stiffener side. The value of |} is therefore given as |} = bs3ts/3.
to is the minimum thickness of plate which is given as b/(28fn) for SS41 and b/(24fn) for SM50 plate. A
more general expression for the allowable buckling ratio of compact sections using the allowable yield stress
is given in Equation 4.
b YR _y
to.n.f 1047.7 (4
ts is the thickness of each longitudinal stiffener

A further ratio, the gamma* ratio [2], yi/y1*, is able to be used to predict whether local panel buckling

r overal ling of one side will r first as shown in Figure 3. If y1/yy+ > 1 then local buckling of
the panels between the longitudinal stiffeners is the expected initial buckling mode but if yifyy* < 1 then
overall buckling of one side is expected. The value of y’ is given in Equation 5.
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Typical test setups are given for the applied lateral loading and shaking table testing at the laboratory facilities
of the Public Works Research Institute in Figures 4 and 5. The levels of axial load, N, used were in all cases
less than 11% of the yield axial load, Ny. The applied loading tests were carried out by controlling the
displacement of the lateral loading ram. This displacement was later corrected to take account of the rotation
at the base. Cyclic loading tests of larger specimens was performed at a frequency of 0.013 Hz while for the
smaller specimens a frequency of about 0.33 Hz was used. In the shaking table testing, the shaking table was
initially excited with sine-waves of different frequencies and low amplitudes to determine the elastic response
period of the specimen on the table. Scaled versions of the acceleration record obtained at Hachiro-gata
during the Nihon-kai-chubu earthquake of 26 May 1983 were used as the basic input ground motions. The
time-axis was reduced to one-half of the actual time to adjust the predominant frequency of the records so
that the relationship between the period and the response spectrum shape would be more like that
expected for a real bridge pier.

The yield displacement, dy, was defined as the displacement at which yielding first occurred in an extreme
fibre of the section. The yield load, Hy, and yield displacement, dy, were able to be calculated before the test
started from the measured section properties and from the results of the material tests. The same loading
regime, yield load, Hy, and yield displacement, dy, were used in the concrete infilled specimens as in the
hollow specimens in order to investigate the effect of the concrete infill. The ultimate displacement, dy, was
calculated as the point at which the backbone curve of the hysteresis diagram became less than the yield
load, Hy. The backbone curve was constructed by connecting the points of maximum displacement in the
cycle with the highest load for each displacement ductility. The ductility capacity, p, was defined as the
ultimate displacement, dy, divided by the yield displacement, dy.

PECIMEN ESTED

The differences between the twenty two tests on steel specimens which were conducted at the Public
Works Research Inslitute are described in summary form in Tables 1 and 2 where the section size, main plate
thickness, size of longitudinal stiffeners, number of longitudinal stiffeners, lateral stiffener spacing and size,
gamma ratio (v1/y1,req). panel slenderness ratio (b/nft), gamma* ratio (y1/y1"), distance from the base of the
specimen to the point of application of the load and to the level of concrete infill, the grade of the steel, the
properties of the steel obtained from material tests, the specimen axial load ratio (N/Ny), the number of cycles
of loading applied to each specimen as well as the calculated and actual periods of the specimens on the
shaking table are given. The calculated yield strength and yield displacement are given in Table 3. The
section properties for all of the specimens tested satisfied the current recommendations of the present
Japanese code "Specifications for Highway Bridges”® [1].

Specimens S1 to S12 had sections of the same size. Specimen S1 is shown in Figure 6. Specimen S2 was
the same as Specimen S1 except that the weld size was 4.5mm rather than 3mm and Specimens S3 to S12
all had 3 to 4mm weld sizes. Specimens S1 and S3 to S9 had the same internal construction but were subject
to different loading regimes. Specimens S3, S4, and S5 were tested on the shaking table with 2x, 3x and 4x
the earthquake record magnitude while all other specimens of this size were subjected to applied lateral
loading. Specimen S7 was the same as Specimen S6 except that the loading regime applied to Specimen
S7 was of decreasing magnitude (1 cycle to u = 5, 4, 3, 2 and 1). All other specimens in applied load tests
were subjected to increasing displacement ductilities. Specimens S1, $6, S8, and S9 were subjected to 10,
1, 3 and 5 cycles to each displacement ductility respectively. Specimens S13 to S18 were larger specimens
which were tested by applied lateral loading. Specimens S16 and S17 were partially filled with concrete and
Specimen S17 was the same as Specimen S16 except that it had a "T*-shaped internal longitudinal stiffener.
Specimens S19 to 522 were smaller specimens with the same internal steel construction. Specimens S20
and S22 were partially filled with concrete. Specimens S19 and S20 were tested by applied lateral loading
and Specimens S21 and 522 were tested on the shaking table. Specimens S13 to S18 were larger
specimens constructed from SM50 steel with a specified allowable yield stress of 1900kgf/cm? [1). All other
specimens were constructed from SS41 steel with a specified allowable yield stress of 1400kgf/cm? [1).



TE RESULT

Hysteretic Behaviour

Test results for all specimens showing the yield and maximum loads, specimen overstrength factor (¢s =
Pmax/Py). yied and ultimate displacements, ductility (u = dyldy) and mode of failure are given in Table 3. The
hysteretic behaviour, strength, mode of failure and deformation capacity are described below.

The hysteretic behaviour of all hollow specimens subjected to applied lateral loading was similar. From the
hysteresis loops of Specimen S1, shown in Figure 7, it may be seen that little energy was absorbed before
the cycles to a displacement ductility, y, of 2. At u = 3 the loop size increased and was fat showing that a large
amount of energy was absorbed. Buckling was first observed during these cycles. A large amount of strength
degradation was developed during the cycles to p = 4 as the buckling deformation of the plate increased.
The strength continued to decrease after the defined failure point.

The concrete-filled specimens generally had stable hysteresis loops with a post-elastic stiffnesses of about
14% of the initial stiffness before fracture occurred. At this point there was a sudden loss of load carrying
capacity as shown for Specimen S16in Figure 8.

The behaviour of Specimen S5, which was subjected to shaking table testing with four times the Hachiro-
gata record, is shown in Figure 9. This behaviour was typical of all of the specimens tested on the shaking
table. The loop followed the shape of the backbone curve of the specimens tested by applied lateral loading.
Yielding occurred almost entirely in one direction resulting in the energy absorbed being similar to thatina
monotonic test. The maximum displacements observed were larger than those estimated by the equal
energy assumption and there were large residual displacements at the top of these specimens at the end of
the tests.

Effect of Loading Type

The curve shape and ductility capacity of Specimens S1, S8 and S9, which were obtained using regimes with
10, 3 and 5 cycles of loading to each disptacement ductility respectively, had similar results as shown in
Figure 10. The deformation capacity of Specimen S6, which was subjected to only 1 cycle of loading to each
displacement ductility, had a greater ductility capacity. Dependence of ductility on the number of load cycles
was smaller in these steel pier tests than in reinforced concrete piers [3]. The strength of the specimens on
the shaking table dropped off more slowly than those tested by applied lateral loading because they were
subjected to only a small amount of yield reversal. Specimen S7, which was subjected to decreasing
displacement ductilities, did not fail but had a backbone curve similar to that of monotonically loaded
specimens because the first cycle of loading determined this curve.

it would normally be expected that the number of cycles of loading would strongly influence the deformation
capacity of members subjected to both axial load and cyclic loading because axial shortening occurs and
increases the damage [4). This axial shortening is proportional to the cumulative inelastic rotation within the
region of yielding before buckling becomes severe [5). The fact that there was little difference in the
behaviour of the pier specimens which were subjected to between 3 and 10 load cycles to each ductility is
thought to be because low levels of axial load were applied in these tests.

The behaviour of Specimens St and S2 were almost identical. The 3.0mm welds of Specimen S2 were
strong enough to develop the full section strength but were insufficient to form a truly composite section.
However, the welds remained together long enough to achieve the same ductility as that attained by
Specimen S1 which had a 4.5mm weld.

There was a large difference between the monotonic type of hysteresis loop observed in the shaking table
testing and the hysteresis loop from the applied loading tests. A research program is presently underway at
the Public Works Research Institute to understand why very little reversal of yielding occurred in the shaking
table tests by running dynamic analyses of piers with different bilinear stiffness factors.

Mode of Failure

1) Overall Buckling of One Side

Specimens with a gamma* ratio up to about 2.0 had a failure mechanism of overall buckling of one side after
several load reversals. While the specimens with gamma* ratios less than 1.0 failed by pure overall buckling of
one side, the specimens with gamma* ratios between 1.0 and 2.0 sustained buckling of the panels between
the longitudinal stiffeners before the longitudinal stiffeners carried the load and overall buckling of one side
caused strength loss. The maximum amplitude of buckling generally occurred mid-distance between the
base of the specimen and the first lateral stiffener and the wavelength of the buckle was spread over the
whole base panel. The web of the section also started to buckle as the longitudinal stiffeners twisted.
Strength was rapidly lost during the later stages of buckling and finally the weld connecting the flange and




web together fractured. This mode of “overall buckling of one side" is shown for Specimen S1 in Figure 11
where Face 1 and Face 3 are the flanges. In the shaking table tests, in which yielding occurred predominantly
in one direction, it was found that buckling generally became severe on only one side of the specimen.

While buckling was generally concentrated in the base section of most of the specimens there were cases
where some buckling was also observed in the adjoining section. In Specimen S13 it was found that buckling
was concentrated in the second section up from the base on one flange and on the opposite flange
deformation in the two bottom sections caused twisting of the first lateral stiffener from the base. Buckling
was observed in the adjoining section as well as the base section of Specimen S14 and also slightly in
Specimens S1 and S19. Deformation in more than one section would be expected to increase the overall
deformation capacity of these specimens.

2) Panel Buckling and Fracture

Limited panel buckling occurred in specimens with large gamma* ratios and fracture of the steel near the base
of the specimens caused final failure. When the gamma* ratio is large the gamma ratio is also required to be
high in order that the panel buckling limits are not violated. Therefore, local pane! buckling will not generally
occur until a large amount of inelastic strain has been sustained. The buckle wavelength was much smaller
than when overall buckling of one side occurred. Fracture occurred in Specimen S11 at the centre of the
buckle where the strain was concentrated and fracture near or in the weld at the base of both Specimens S11
and S12 was also observed. These types of fracture are very dependent on the strength of the weld, on the
amount of welding residual stresses in the plate, the fracture strengths of the steel and the weld, and on any
material discontinuities which may initiate fracture.

The concrete-filled specimens suffered little buckling and failed by fracture of the weld or of the steel beside
the weld at the base. it seems as though the concrete cracked at the base of the specimen causing
concentrated localised deformation in the steel plate beside the concrete crack which eventually resulted in
fracture. This mode of behaviour is especially likely to occur if the uncracked section strength is considerably
greater than the overstrength of the cracked section because only one crack will occur giving the behaviour
shown in Figure 12. The use of the "T"-shaped longitudinal stiffener in Specimen S17 was of no benefit as
the mode of failure of concrete-filled specimens was fracture near the base rather than buckling. It seems as
though filling the specimens with concrete to 1/3 of their height was satisfactory to ensure that the major
amount of the deformation occurred at the base rather than above the leve! of concrete infill.

Strength

The specimen overstrength, ¢s, which was calculated as the ultimate specimen strength, Pmay, divided by
the initially calculated strength, Py, ranged from 1.27 to 2.14 times as shown in Table 3. The increase in the
strength of the hollow specimens above the yield strength was thought to occur for the following reasons:
the section stresses may be more like that assumed by plastic behaviour in which all the fibres in the section
are at yield, strain hardening increases the strength, and the axial load on the section will allow even larger
overstrength values to be obtained [5). The strength of concrete-filled specimens were 1.26 and 1.34 times
greater than that of the identical hollow specimens because the concrete also resisted load. The average
oversirength values were 43% and 84% for hollow and concrete-filled specimens respectively.

Lay [6] has proposed an empirical method, based on the results of experiments on steel beams, to estimate
the maximum strength of a steel member, Pmax, as a function of the material overstrength, dom = omax/ay,
and plastic load, Pp, as Pmax = (¢m + 1)/2.Pp where Pp = S/Z.Py and S and Z are the plastic and elastic
section modulii respectively. When this method was used on Specimen S13 it was found that the ratio of the
plastic strength to the yield strength, Pp/Py, considering the effect of axial load was 1.155 and the maximum
stress, omax, divided by the yield stress, ay, of the steel material used in this specimen was 1.43. The
predicted strength was therefore (1.43 + 1)/2 x 1.155Py, = 1.40Py, which was close to the actual strength of
1.38Py. it may be seen in Figure 13 that this method estimated the strengths of the specimens to t10%. The
strengths of Specimens S1 to S5 were not included in this figure because it was considered that there were
some gross errors in the material tests for these specimens. The maximum strengths of Specimens S1 to S5
were even greater than domPp. The slenderness of the sections did not seem to effect the maximum
strengths because these members were compact.

Deformation Capacily

The ductility capacity was generally greater in the more compact sections than in those with more slender
characteristics as may be seen from the results of Specimens $13, $14, §15 and S18, in which the ductilities
were 4.21, 3.05, 3.99 and 3.13, as well as Specimens S$10, S11 and S$12, in which the duclilities were 3.34,
4.11 and 4.31. However, the ductility of Specimen S1, which was 4.33, was higher than for Specimens S10,
S11, and S12. This is possibly because some buckling occurred in the section above the base as well as in
the base section in this specimen.



The specimens tested on the shaking table had large maximum displacement and ductility capacities
because they were subjected to little reversal of loading and their behaviour was almost monotonic. Similarly,
the ductility capacity of Specimen S6 of 5.04 was larger than that of Specimens S1 of 4.33, S2 of 4.02, S8 of
3.67 and S9 of 3.81 as a result of it only being subjected to one cycle of loading at each ductility step.

Placing concrete inside these specimens did not increase the ductility capacity due to the difference in the
mode of failure. The ductility capacity of the Specimen S$16, which was filled with concrete was 10% less that
of Specimen S15 which was identical but hollow. Similarly the ductility capacity of Specimen S$20, which was
filled with concrete was 23% less that of Specimen S19.

The backbone curves of specimens tested with 10 cycles of applied loading to each ductility are given in
Figure 14. It may be seen that the ductility capacities of these specimens, calculated from the point when the
backbone curve became less than the yield strength, ranged between 3 and 5. A method for predicting the
deformation capacity of steel specimens has also been produced from the testing described herein which
considers the maximum strain in an equivalent plastic hinge length and the resistance against buckling [7].

MMARY

The results of 22 tests on hollow and concrete-filled steel specimens with different configurations of internal
steel using applied lateral loading and shaking table testing were described in this paper. The major findings
are given below:

1) The ductilities of the specimens tested with between 3 and 10 cycles of loading to each displacement
step ranged from 3.67 to 4.33. These ductilities increased with the number of cycles of loading. However
the specimen subjected to one cycle of loading to each displacement step and the specimen tested on
the shaking table had increased ductilities of 5.09 and 12.9 respectively.

2) The specimens tested on a shaking table sustained little reversal of yielding. Their load history was
therefore different from the assumed lateral loading regime in the applied lateral load tests.

3) The final mode of buckling of specimens with a gamma* ratio less than about 2.0 was overall buckling of
one side. The major buckling deformation in these specimens generally occurred midway between the
base and the first lateral stiffenex.

4) Severe local panel buckliing and fracture were observed in specimens with a gamma* ratio greater than 2.0.

5) Concrete infill increased the strength and decreased the deformation capacity of specimens in these

tests. .

6) The maximum strengths of the compact hollow sections could be estimated satisfactorily without
considering the effects of section slenderness. '

7) The ductility capacities of specimens tested by applied lateral loading ranged from about 310 5.

8) The displacement ductility capacity generally decreased for members with greater section slendernesses.

REFERENCES

1. Japan Road Association, "Specifications for Highway Bridges®, Part 1l : Steel Bridges, English Edition,
1987.

2. Subcommittee on Stability Design, “Guidelines for the Stability of Steel Structures®, edited by Fukumoto
Y, Committee on Steel Structures, Japan Society of Civil Engineers, 1987.

3. Kawashima K. and Koyama T., “Effect of Number of Cycles of Loading Cycles on Dynamic Characteristics
of Reinforced Concrete Bridge Piers”, Proc. JSCE, Structural Eng., Earthquake Eng., Vol. 15, No. 1,
1988.

4. Popov E. P., Bertero V. V. and Chandramoulli S., "Hysteretic Behaviour of Steel Columns”, UCB/EERC
75-11, September 1975.

5. MacRae G. A., Carr A. J., and Walpole W. R., "The Seismic Response of Steel Frames”, Research Report
90-06, Department of Civil Engineering, University of Canterbury, 1990.

6. Lay M. G., "Flange Local Buckling in Wide-Flange Shapes", Journal of the Structural Division, ASCE, ST6,
December 1965, p95-116.

7. MacRae G. A. and Kawashima K., “Estimation of the Deformation Capacity of Steel Bridge Piers®, US-
Japan Workshop on Cyclic Buckling of Steel Structures and Structural Elements under Dynamic
Loading Conditions, Osaka, 1-3 July 1991.




Table 1. Pier Characteristics (a)

Piet Soction Size Plate | Longitudinal Latral Stiener | Gamma| biIFy | Gamma'
{mm) Thick Sultleners Aa%0 | ta Rafo
boal b t(mm) [ Siza | No. [Spacing] Size
() | nt | (om) | ( >1.0 | <1047
409 x 400 4. 35x3 3 350 5x3.2 55 k 0.950
409 x 400 4. X S0 5x3.2 .55 0.950
409 x 400 4. 35x3. 50 513. 0.950
4 409 x 400 4. 35x3. 3 350 55x3. 0.950
E 409 x 400 4. 35x3. k 0 5x3. 0.959
403 x 400 4. 35x3. 3 5x3. 5 D.959
409 x 400 4. 35x3. x3. .55 D.950
409 x 400 4. 35x3. 3 35 x3. .55 0.950
409 x 400 4. 35x3. 3 50 xJ. .85 D.950
409 x 400 4. 40x3.2 k 359 x3. 2.25 -38
409 x 400 4. 0x3.2 3 50 x3. 4.15 .54
409 x 400 4. 0x10. 50 5x3. 8.110 .01
BOO x 820 0. 4x6.0 300 12x4. 6.409 1.746
4 80O x 820 0. 4x6.0 € 12x4. A27 0 0.234
300 x §20 0. 416.0 12x4. 3.58) 0 1.017
300 x 820 0. 4x6.0 390 12x45 | >3.583 0 1.017
300 x 820 0. 4x6.0) ST 339 12x4.5 {1 >3.58) 1.017
300 x 8§20 0. 4x6.0 4 0 12x4. 3.117 1.23%0
1 329 x 320 4. 30x3. 3 0 50x32 | 2.293 0.854
20 329 x 320 4. 30x3. 0 50232 §>2.299
21 329x 320 4. 30x3. 3 260 50x32 | 2.259 0.854
S22 329 x 320 45 |30x32 3 260 50232 [>2.299] 666
Table 2. Pier Characteristics (b)
Pier Hoigit J Height of |  Sted! Youngs Yield Mxaiad Axa Ads Load |]Cakulaled] Actual
1o Load | Concreta | Strength | Modulus | Stress Over- Load Load Cytles Period Perod
Grade | (x10% strength Rafo )
(m) () kotem?) | ¢ don 1) (sec) (secs)
.40 - 41 321 13 1.045 [] 0.110 10 hd -
.40 - 41 1 23 1.045 0 0.110 10 - -
40 - 41 1 1 045 20 0.119 xZ2H 422 A90
4 .40 - 41 321 1 045 20 0.110 x3H 422 4
.40 - 41 .321 1 045 20 0.110 x4H .422 476
.4 - 41 1.736 1] .34 0 0.0 1 - -
.40 - 4 1.7 8 .34 0 0.0. 1(decx) - -
8 2.49 - 4 1.84 7 0 0.0 3 - -
S9 2.40 - 4 1.84 7 . 0 0.07 5 - -
D 40 - 41 1.73 0 .34 0 0.0 10 . -
40 - 41 73 0! .34 0 0.078 10 - -
40 - 41 .7 0 .34 0 0.054 10 - -
00 - M50 12 3845 A 105 0.092 10 - -
14 00 - M50 .2 45 4 05 0.082 10 - -
3 .00 - M50 2 45 A 05 0.092 10 - .
.00 2.00 450 1.7: 45 A 05 0.092 10 - -
00 2.00 M50 1.7 3845 1.4 105 0.092 10 - -
00 - M50 1.7 3845 1.432 105 0.0 10 . .
40 - 4 241 1.54 4] 0.07 1 - -
20 40 0.78 4 241 1.54 0 0.07 1 - -
1 40 - 4 591 243 1.54 0 0.07 353.5H 0.45 0.500
2 40 0.78 41 591 2418 1.54 0 0.07 33354 0.46 0.454
Table 3. Calculated and Experimental Loads and Displacements
Pier | Calcdated | Ma¥imumn ] Speciman | Caleviated | Madmum | Ouctity | Moda of Fahre
Yieldload| Load Overstrengih | Yied Displ.|  Displ dy
Py Prnax dy dy dy
1) (] ¢ (o L )
S 138 1.60 58.5 4.33 Bucklng
14.2 1.65 54.3 4.02 Buckfng
X - . - - No fadkre
. - - - - Holalra
S . 15.9 .85 1735 129 Buckling
[: 11.7 16.5 .41 70.0 5.04 Bucking
1.7 16.9 44 - - BuckEng
8 12.4 17.3 40 51.0 .67 Buckliing
9 4 17.1 1.3 53.0 § ucking
0 A 5 . 1.2 46.7 3.34 uckEng
A 7. 1.4 575 4.11 ucking Base Weld Falkre
2 4 . 1.4 62, 4.3 258 Weld Falure
4 7 281.7 4.2 Buckling
4 K] 3.1 3 89. 3.05 Bucking
.4 £0.0 3 247. Buckkng
4 100.0 . e Bass Weld Fakre
K 101.0 R 2 .57 Basa V/eld Falxe
) 4 76.1 .33 .2 .1 Buck¥ng
S 4 .69 5.1 5.1 Buckling
) .9 2.14 3 5.3 3.9 ase Vel Farse
4 - 16. - veking
4.5 - 88. - Base and Sida Weld Falre
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SUMMARY

Although damping characteristics are very important for seismic design of
cable stayed bridges, few investigations have been so far made. It is well known
from field forced vibration tests conducted for a number of cable stayed bridges
that damping ratio estimated from the tests gives much smaller values than the
value generally assumed in seismic design. This paper presents a method to
evaluate a damping ratio of cable stayed bridges based on energy dissipation.
Defining an energy dissipation function for each sub-structure, an evaluation of
energy dissipation of cable stayed bridges is examined. Validity of the method
is studied through a comparison with model free oscillation test results. With
use of the method, oscillation amplitude and cable shape type dependence of the
damping ratio of the model bridge was clearly predicted.

INTRODUCTIOX

According to a number of forced vibration tests conducted for cable stayed
bridges at site, it is well known that natural mode as well as natural frequency
can be predicted with fairly good accuracy by means of linear analyses which
assume appropriate mass and stiffness distribution. However, for a damping ratio
which is essential for structural analysis, quite smaller values than the values
assumed in seismic design have likely been obtained from such forced excitation
tests. Because response of cable stayed bridges varies significantly depending
on a damping ratio, it 1is of great importance to evaluate damping
characteristics of cable stayed bridges for seismic design.'’®®

For developing an estimation method of a damping ratio of cable stayed
bridges, correlations of measured damping ratio with several parameters
representing structural characteristics of cable stayed bridges, such as
natural frequency, span length and pier height, have been attempted. However,
because factors contributing to damping ratio of cable stayed bridges vary
complicatedly from bridge to bridge, analytical approaches capable of evaluating
the damping characteristics of cable stayed bridges for seismic design purpose
have not yet proposed.

This paper describes a method of estimating a damping ratio of cable stayed
bridges based on energy dissipation, and clarifies its validity through a
comparison with free oscillation tests of a scaled model.
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EVALUATION METHOD OF DAMPING RATIO

There are various factors causing energy dissipation in cable stayed
bridges. Energy dissipation are generally developed by material nonlinearity,
structural damping such as friction at movable bearings, radiation of energy
from foundations to subground, and friction with air. Predominant factors
contributing to damping characteristics of cable stayed bridges varies with
structural types. However, an important point to estimate a damping ratio of
cable stayed bridges is to evaluate total energy dissipation. Because the energy
dissipation capability may not be the same in whole bridge systenm, it is
required to evaluate the energy dissipation in each structural segment depending
on type of energy dissipation. Once the energy dissipation in individual
structural segments can be determined, the total energy dissipation in a whole
structural system can be evaluated by summing up the energy dissipation
developed in each structural segment.

Based on such considerations, it is assumed to evaluate energy dissipation
in whole bridge as;

1) Divide a cable stayed bridge into several structural segments in which
energy dissipation capability can be considered practically the constant. Such a
structural segment is referred hereinafter as "a sub-structure”. For instance, a
cable stayed bridge may be divided into deck(s), tower(s) and cables. Energy
dissipation due to material nonlinearity 1is considered prevailing in such
sub-structures. Bearing supports may also be considered as a sub-structure
because energy dissipation due to friction occurs at the bearings.®

2) ¥hen the i-th sub-structure is idealized by a n-degree of freedom
discrete system, the strain energy E;' of the i-th sub-structure for j-th mode
may be represented as

1
Eji — E (ujlk)T.ki.ujik (1)
2 R
where
u;'* : amplitude at node k of i-th sub-structure for j-th mode, i.e.,
it futt, wtE e e et e e et T (2)

k! : stiffness matrix of the i-th sub-structure
Strain energy of the whole structural system for j-th mode can, then, be
evaluated as

E; = % E;f (3)

3) For the i-th sub-structure where energy dissipation due to material
nonlinearity 1is predominant, the energy dissipation associated with j-th mode
may be represented as

SEi'= f£;'(E;') (4)

where
8 E;' : energy dissipation in i-th sub-structure for j-th mode
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E;' : strain energy in i-th sub-structure for j-th mode
f;° : function relating & E;' with E;®
The function f;' represents how the energy dissipation in i-th substructure

S E;' be developed in a function of the strain energy in i-th sub-structure E;°,
and it would vary depending on type of the structure and material. Therefore,
this is referred hereinafter as "an energy dissipation function". Because it is
quite difficult in most cases to directly evaluate the energy dissipation
function f;' from analytical studies, it should be determined based on
appropriate experiments.

4) For i-th sub-structure where the energy dissipation function f;' is such
a form that it can be represented in terms of a displacement at a specific point
u;'* within the i-th sub-structure, the energy dissipation function may be
represented as

SE;' = f;'(w'") (5)

where
8 E;': energy dissipation in i-th sub-structure for j-th mode
u;'* : displacement at point k in i-th sub-structure for j-th mode
f;' : energy dissipation function relating 6 E;' with u;'*

5) Energy dissipation in the whole structural system can be obtained by
summning up the energy dissipation developed in individual sub-structures
determined by Eqs.(4) and/or (5) as

6 E; = % 6 E;f (6)
i

where
6 E; : total energy dissipation in whole structure for j-th mode
S E:' : energy dissipation in i-th sub-structure for j-th mode

6) Damping ratio of the whole structure for j-th mode may then be obtained
from Eq.(4) and Eq.(6) as

6 E;
hij= ——— (7)
471 E;

EVALUATION OF ENERGY DISSIPATION FUNCTIOX

Cable Stayed Bridge Model Analyzed To show an evaluation of the energy
dissipation function, it is appropriate to refer a specific bridge for which
actual damping characteristics have been accurately estimated. For such purpose,
a model oscillation test with use of a model shown in Fig.l1l and Photo 1 was
made.” The bridge model was made for simulating the Meiko-nishi Bridge™ with a
scale factor of 1/150. Because detailed study on this model bridge was already
reported, only outline of the model which is required to understand the analysis
presented in this paper will be described here.

Main objectives of the experiments were to study how damping ratio varies
in accordance with cable shape type and number of cables. For such purpose,
cable shape and number of cables were varied as shown in Fig.2 as parameters to
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be studied with main parts of the tower, the deck and the cables being the same.
The bridge model was statically displaced either in lateral (longitudinal)
direction or in vertical direction, and by smoothly releasing the deck, free
oscillation was developed. As will be presented later in Fig.3, the initial
deformation is of antisymmetric mode in the free oscillation in longitudinal
direction, and 1is of symmetric mode in the free oscillation in vertical
direction. From decay of the free oscillation of the deck, damping ratio of the
bridge model was estimated. Although the test was conducted for the connection
between the deck and the tower being either free or fixed, only the condition
that the deck is free to move from the tower (in this case, the deck is
supported only by the cables) is analyzed in this paper for making the
experiments to determine the energy dissipation function of sub-structures
simple.

Fig.3 shows mode shapes and natural frequencies computed by an elastic
analytical model which considers geometrical stiffness to take a compression
force induced in the deck and the tower into account. As shown in Table 1 the
computed natural frequencies agree well with the experiments.

Figs.4 and 5 show how the damping ratio of the bridge model varies in
accordance with the oscillation amplitude and the type of cable shape. It should
be noted here that the predicted damping ratio which %ill be described later is
also presented in Figs.4 and 5 for comparison. From Figs.4 and 5, the following
characteristics were found on the damping ratio of the bridge model.™

1) The damping ratio of the cable stayed bridge model in longitudinal
oscillation increases as the cable shape changes from fan type (type 3A and 2A)
to harp type (type 3E and 2C). This tendency is more significant in the model
with 8 cables than in the model with 2 cables.

2) On the contrary to 1), the damping ratio of the cable stayed bridge
model in vertical flexure oscillation decreases as the cable type changes from
the fan type (3A and 2A) to the harp type (3E and 2C). Similar with 1), this
tendency is more significant in the model with 3 cables than the model with 2
cables.

3) Based on 1) and 2), when comparing the damping ratio of the cable stayed
bridge model in longitudinal oscillation with that in vertical flexural
oscillation, the damping ratio in longitudinal oscillation is larger in the harp
shape than the damping ratio in vertical flexure oscillation. However, the
damping ratio in the longitudinal oscillation and the damping ratio in the
vertical flexural oscillation becomes closer to each other as the cable type
changes from the harp type to the fan type; and the relation between them is
even reversed in the type 3A.

4) The damping ratio increases as the oscillation amplitude increases. Such
characteristics are significant in longitudinal oscillation, and, on the
contrary, are insignificant in vertical flexure oscillation.

It is the objective of this study to clarify the validity of the evaluation
method presented in previous chapter for evaluating the damping ratio through
comparisons with the model test results. It is of great interest to know how
realistically the above-described damping characteristics of the model bridge
can be predicted by the analysis.

For analyzing the damping ratio of the model bridge, the tower, the girder
and the anchoring portion of the cables to the tower are considered here as the
sub-structure, because these parts contribute to the energy dissipation of the
model.
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Encrgy Dissipation Function of Tower For estimating the energy dissipation
function of the tower, a simple free oscillation test of the tower was made as
shown in Fig.6. Only the tower was taken out from the whole bridge model, and it
was supported as a cantilever beam with one of the ends being fixed and the
other being free. To avoid energy dissipation at the bottom of the cantilever
tower, a special attention was paid to fix it rigidly to a rigid steel member. A
weight was placed on the free end of the tower to study the effect of axial
force induced in the tower. The weight placed on the free end of the tower was
varied from 0.85 kgf to 5.1 kgf. Because the axial force induced at the botton
of the tower due to dead weight of the deck is 6.87 kgf and 6.81 kgf for the
model with number of cables of 3 and 2, respectively, the weight of the mass
corresponds to 12 % to 74 % of the axial force of the tower. By smoothly
releasing the tower top from a displaced position, a free oscillation simulating
a first mode was developed. Amplitude of the tower was measured at 33 cm from
the bottom by means of an uncontact displacement sensor. From decay of the free
oscillation, damping ratio of the tower was estimated.

It should be noted here that the deformation of the isolated tower
developed during the free oscillation may not be the same with the deformation
of the tower when it is excited as a part of the whole bridge. Although it is
the most desirable to evaluate the energy dissipation function for a deformation
mode which is actually induced in the tower as a part of the whole bridge, it is
quite difficult to displace the isolated tower in such a form. Therefore the
difference of the deformed shape of the tower between the actual deformation of
the tower as a part of the whole bridge and the cantilever first mode was
disregarded here. However, because the relation between & E;' and E;! given by
Eq.(1) may be regarded free from mode shape as will be described later, an
energy dissipation function determined for a mode shape would be used for an
energy dissipation function for other mode shapes. The validity of this
assumption may be verified by comparing the damping ratio estimated by Eq.(7)
with the damping ratio obtained experimentally for the whole bridge model.

Fig.7 shows how the damping ratio of the tower varies with the amplitude
of the oscillation and the mass of the welght. Predicted damping ratio which
will be described later is also presented for comparison. Although there is some
scatters at oscillation amplitude smaller than 0.5 mm, this is due to low
accuracy of the measurements in such small oscillation amplitude. According to
Fig.6, the damping ratio of the tower increases as a whole as the oscillation
anmplitude as well as the mass of the weight increases.

¥hy the damping ratio increases as the axial force of the tower increases
may require an explanation. The total energy E; of the structural systenm
oscillating in j-th mode shape comes from two contributions, 1i.e., energy E:;
associated with geometrical stiffness”’ due to compression force induced in the
tower and the deck, and strain energy Es; associated with the deformation of the
structure as

E; = Ee; + Esj (8)
Because the energy dissipation during oscillation is developed only by the
strain energy Es; and free from the energy E-;, the energy dissipating function

f; may be represented as

SE; = f;3 ( Eas) (9)
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in which & E ; represents the energy dissipation during the oscillation.
Therefore, damping ratio of the tower may be obtained by substituting Eqs.(8)
and (9) into Eq.(7) as

6 E; fi( Ess )
4 E; 4 ( Ea; + Ee; )

Because the energy dissipation Es; associated with the geometrical stiffness
takes a negative value if the axial force of the tower is positive
(compressive), the damping ratio presented by Eq.(10) increases as the axial
force becomes larger.

Because the damping ratio h; of the tower can be determined through the
decay of the free oscillation and the total energy E; can be computed from
Eq.(8), one can determine the energy dissipation 6 E ; by substituting h; and
E; into Eq.(10).

Fig.8 shows the relation between 6 E 1 and Es:. Because the oscillation
test was made only for the first mode, Fig.8 represents & E ; vs. Es; relation
for j = 1. The relation seems almost independent of the weight of the mass
placed on the tower top. Then, it is approximated here as

6 Ear = 3% aiEsi-B: (11)

After determining the coefficients a : and B based on a least square fit, it
was obtained as

& Ea1 = 0.016Es: + 0.0021 Es%77 (12)

Based on Eq.(12), the damping ratio vs. the oscillation amplitude of the
tower is obtained as shown in Fig.7. It is seen that the predicted damping ratio
agrees reasonably well with the experimental result.

Energy Dissipation Function of Deck As was the tower, a part of the deck
was taken out from the whole bridge model and was supported as a cantilever beam
with a weight being placed as shown in Fig.9. Length of the cantilever deck was
varied as 40 cm and 60 cm so that an effect of the deck length on the damping
ratio be studied. Because the deck length varies the mode shape, this would show
how the energy dissipation function depends on the mode shape.

Fig.10 shows a relation between the damping ratio estimated from the decay
of free oscillations and the oscillation amplitude measured at 30 cm from the
bottom. Predicted damping ratio which will be described later is also presented
for comparison. As 1is the case for the tower, the damping ratio of the
cantilever deck increases as the oscillation amplitude and the weight of the
mass increase. It is interesting to note that the damping ratio of the deck is
appreciably larger than the damping ratio of the tower. The tower consists of
only steel frame, while the deck is fabricated by assembling the main bean,
transverse beam and lead weight. The larger damping ratio of the deck may be
attributed to an energy dissipation associated with the transverse beam and lead
weight attached to the main beam.

Fig.11 shows an relation between S E<1 and Es: of the catilever deck. It is
interesting to note that the effect of the deck length on & Eai vs. Esi relation
is quite small. Therefore, neglecting the effect of the catilever deck length,
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the relation between 6 Esy and Es: may be approximated as
S Esr = 0.016Es: + 0.083Es; ' =7 (13)

Predicted damping ratio by Eq.(13) agrees fairly well with the experimental
result as shown in Fig.10.

Energy Dissipation Function of Anchoring Portion of Cables To simulate an
energy dissipation at the cable anchoring portion, where an energy dissipation
is developed due to friction between the cables and the anchoring devices as
well as deformation of the plate spring (refer to Fig.1), the cable anchoring
portion was taken out from the whole bridge model, and a free oscillation test
of this sub-structurc was made as shown in Fig.11. To isolate the energy
dissipation at the cable anchoring portion, both ends of the tower were fixed so
that the energy dissipation associated with the tower deformation be as small as
possible. Furthermore, the deck was supported by two cables so that flexure
deformation of the deck in vertical direction during the free oscillation test
be small. To study an effect of the tension force developed in the cables, two
masses were placed on the deck. The oscillation amplitude in bridge axis
direction was measured at one of the two ends of the deck.

Fig.12 shows a relation between the damping ratio and the oscillation
amplitude of the model idealizing the anchoring portion. Being different from
the tower and deck, the amplitude dependence of the damping ratio varies in a
complicated manner depending on the oscillation amplitude. This seems to be
developed probably because the friction between the cables and the anchoring
devices delicately changes depending on the oscillation amplitude. Modeling of a
cable anchoring portion of the prototype cable stayed bridge is quite
complicated and difficult in the scaled model. However, it is considered less
important to study such complexity of the amplitude dependence of the damping
ratio of the anchoring portion, because the purpose of this study is to clarify
the validity for evaluating the total energy dissipation.

Fig.13 shows a relation between the energy dissipation, angular frequency
of the free oscillation and the oscillation amplitude at the cable anchoring
portion, in which & and w represent an angle between the tower and the cable
(refer to Fig.11) and angular frequency of the free oscillation. It is
interesting to note that the energy dissipation in the sub-structure depends on
the angular frequency of the free oscillation. The effect of the tension force
induced in the cables by means of two masses placed on the deck seems less
significant.

By approximating the relation between 6 E, ¢ and w presented in Fig. 13,
the energy dissipation at the cable anchoring portion may be written as

6E = 0.0180 = '%-0°% (14)

EVALUATION OF CABLE-STAYED BRIDGE MODEL
BASED ON ENERGY DISSIPATION FUKCTIONS OF SUB-STRUCTURES

Damping ratio of the cable stayed bridge model was evaluated based on the
energy dissipation functions of the sub-structures determined in the preceding
chapter. Predicted damping ratio by Eq.(7) assuming the energy dissipation
functions of the sub-structures by Egs.(12), (13) and (14) is presented in
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Figs.4 and 5 in comparison with the experimental results. The predicted damping
ratio may be characterized as

1) The predicted damping ratio of the cable stayed bridge model in
longitudinal oscillation increases as the cable type changes from the fan type (
type 3A and 2A) to the harp type (type 3E and 2C). The dependence of the
predicted damping ratio on the oscillation amplitude increases in the same order
with the experiments. Such characteristics agree fairly well with the
experiments, although the predicted damping ratio is underestimated as the cable
type approaches to the harp type.

2) The predicted damping ratio of the cable stayed bridge model in
vertical flexure oscillation is almost independent of the cable type. Although
the damping ratio estimated from the experiments slightly decreases as the cable
type changes from the fan shape to the harp shape when the number of cable is 3,
the overall characteristics of the predicted damping ratio seem fairly close
with the experimental results.

Through the comparison stated above, it can be said that the estimation
method of the damping ratio by Eq.(7) using the energy dissipation functions
determined for individual sub-structures 1is apparently able to realistically
simulate the damping characteristics of the bridge model evaluated from the
experiments. As a whole, the predicted damping ratio is somewhat smaller than
the experimental results probably because of the energy dissipation which are
not considered in this analysis would contributed to the total energy
dissipation. Therefore, if the energy dissipation at each portion is further
evaluated in detail, it may be possible to further enhance the accuracy of the
above estimation. ’

CONCLUSIONS

An evaluation method of the damping ratio of cable stayed bridges by
determining an energy dissipation functions for individual sub-structures was
presented, and the validity of the method was examined through a comparison with
the results of model free oscillation tests.

Through the analysis presented herein, the following conclusions may be
deduced:

1) To clarify complicated damping characteristics of cable-stayed bridges,
it is important to accurately study energy dissipations in individual
sub-structures with a special attention to in what mechanism the energy
dissipation is made.

2) Dependence of damping ratio on the cable shape type and oscillation
amplitude, which was evaluated through the model free oscillation test of the
cable stayed bridge model, can be realistically predicted for longitudinal
oscillation and vertical flexural oscillations by the method presented in this
paper.

3) It is recommended to clarify the complicated damping characteristics of
cable stayed bridges, which have so far been measured based on a number of field
forced vibration tests, paying fully attention to the fact that the damping
ratio of cable stayed bridges greatly varies depending on the energy dissipation
in individual sub-structures. It would be quite important to note that which
sub-structure contributed in the field forced vibration tests to the total
energy dissipation for mode shapes studied. It is also recommended to conduct
careful forced vibration tests for cable stayed bridges using the method
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presented in this paper. Tests to determine the energy dissipation functions for
sub-structures have to be well implemented for such purpose.
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Table 1 Comparison of Natural Frequencies between Predicted and Experiments

CABLE TYPE

LONGITUDINAL MODE

VERTICAL MODE

EXPERIMENTAL | PREDICTED | EXPERIMENTAL | PREDICTED
TYPE 3A 0.54 0.54 0.66 0.68
THREE | TYPE 3B 0.61 0.61 0.65 0.67
TYPE 3C 0.76 0.76. 0.65 0.66
CABLES | TypE 3D 0.96 0.97 0.64 0.65
TYPE 3E 1.38 1.41 0.65 0.65
TWO TYPE 2A 0.48 0.49 0.62 0.63
TYPE 2B 0.67 0.68 0.61 0.62
CABLES | TYPE 2C 0.92 0.95 0.60 0.59

LT

Photo 1 Cable Stayed Bridge Modcl
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SUMMARY

This paper presents earthquake hazard mitigation efforts for road
transportation facilities in Japan. Emphasis is placed on scismic disaster
prevention measures for highway bridges. Description is firstly given to
secismic damage developed in the past carthquakes and the history of the
development of the seismic design method. Current scismic practice is then
presented based on the latest version of Scismic Design Specifications of
Highway Bridges issued by the Ministry of Construction in 1990. Description
is also given to new technical developments for passive and hybrid controtl
of highway bridges, and for disaster information gathering and processing
systems. Scismic inspection and strengthening methods based on the past
experiences are presented. Finally, an assessment and repair method for
seismically damaged highway bridges is presented.

INTRODUCTION

Located along the Pacific Scismic Belt, Japan is one of the most
scismically disastrous countries in the world and has often suffercd
significant damage from large earthquakes. Considerable efforts have been
paid to carthquake hazard mitigation for transportation facilities. In
particular, secismic safety of highway bridges has been a major concern
because damage of highway bridges causes extensive interruption of road
transportation and restoration often requires long time.

This paper presents pre-ecarthquake and post-earthquake measures for
mitigating earthquake hazards on road transportation facilities in Japan,
with emphasis on countermeasures for highway bridges. Development of new
technology for reducing structural response by means of passive and hybrid
control, and for disaster information gathering and processing systems is
also presented.

DAMAGES OF HIGHWAY BRIDGES IN THE PAST EARTIIQUAKES

Highways in Japan consist of the Expressways (3,721 km), National
Highways (46,661 km), Prefectural Roads (128,202 km), and Municipal Roads
(925,138 km). Along the highways and roads, excluding the Municipal Roads,
there are about 50,000 bridges with the length of 15 m or longer.
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Table 1 shows the highway bridges which suffered damages in the past
earthquakes since the Kanto Earthquake of 1923. It should be noted that
although there were many bridges which suffered damages due to
carthquakes, number of bridges which fell down is only 15.

Based on the survey of the damaged bridges, it is pointed out that there
were three major factors which contributed to the damages of the bridges
as' :

a) weakness of substructure,
b) weakness of bearing supports, and
c) weakness of surrounding subsoils.

From such factors, the following types of damages were most often
developed in the past:

a) substructure : tilting, settlement, sliding, cracks, and overturning

b) superstructure : movement, buckling and cracks near the supports, and
falling of girder

c) bearing supports : failure of supports, and pull-out or rupture of
anchor bolts

Table 1 Damage of Highway Bridges in the Past since Kanto Earthquake of

1923
DATE EARTHQUAKE MAGNITUDE | o HURIOEROF o BI{EE{%BSSSVVKCH

1923.9.1 | KANTO 18 1185 §
19451221 | NANKAI 8.1 M6 1
1948. 628 | FUKUI 13 243 4
1949.02.26 | IMAICHI 64 1 0
1952.3. 4 | TOKACHLOKI 8.1 128 0
1062. 430 | MIVAGLKEN-HOKUBU 65 187 0
1964. 6.16 | NIGATA 15 o8 3
1968. 221 | EBIND . 10 0
1968. 5.16 | TOKACHI-OKI 79 101 0
1978. 1.14 | 1ZU-OHSHIMA 70 7 0
1978. 612 | MIVAGI-KEN-OKI 74 % 1
1982. 321 | URAKAWA-OKI 7.4 5 0
1983. 526 | NIHON-KAI-CHUBU 11 176 6
1984. 914 | NAGANO-KEN-SEIBU 68 1 0
TOTAL 3191 15
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Although these sorts of damage are the ones commonly observed in the
past earthquakes, the damage types have been changing in accordance with
the progress of the seismic design method and improvement of construction
practice. Seismic damage since the 1923 Kanto Earthquake may be classificed
into three stages from their significance = (refer to Table 2).

Stage 1 - Damage due to Inadequate Strength of Foundations

After experiencing the destructive damage of the 1923 Kanto Earthquake
the first requirements for seismic design of highway bridges were included in
the "Details of Road Structures (Draft)" issued by the Ministry of Internal
Affairs in 1926. No seismic effects were considered for design of highway
bridges prior to the Kanto Earthquake. Even after the first stipulations
issued in 1926, seismic design was not adequate because the stipulations only
described design force levels without providing a detailed design method or
design details. Therefore, seismic safety of bridge substructures was
inadequate until the 1950's when seismic design for foundations and
substructures came to be widely adopted.

In those days, when seismic effects were cither disregarded or
inadequately considered, seismic damage was characterized by failure of
foundations and substructures as shown in Photos 1 and 2. In most cases,
foundations tilted, moved or even overturned due to inadequate strength of
the foundations and the surrounding subsoils. This led to falling-off of the
superstructures.

Photo 1 Damage of Sakawa-gawa Bridge on National Highway No. 1 by the Kanto
Earthquake of 1923
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Table 2 Change of Damage Types

Seismic Inspection

of Highway Bridges

ear Major Eorthquekes Change of Major Seismic Damage Seismic Design Method and Strengthening
- 1920 Failure of Superstructure due to
1923 Kanto Earthquoke (M7.9) Tilting/Movement of Foundation
1926 Initiation of Seismic Design (Details of
Road Structures)
- 1930
;‘i’;lé’gea:zﬁgg“e‘e around 1939 Introduction of Standord Seismic Coefficient
- 1940 | | {Design Specitications of Steel Highway Bridges)
|
1946 Nonkai Earthquake (M8.1) L Detecton
1948 Fukui Earthquake (M7.3) | || |
- 1950 | | !
1952 Tokachi-oki Earthquake | | I
(M8.1) | .
| | l Failure of 1956 Seismic Coefficient depending on Zone and
I g | | RCPiers,and Ground Condition (Design Specifications of
L 1960 880““? Steel Highway Bridges)
1964 Niigota Earthquake (M7.5) { I '
| |
||
~1970 1 I 1971 » Seismic Coefficient depending on Zone, Ground 1971 Seismic,
. E:otnd:1 nons,lmgoErtor;ce ond Strugturcf:l Response Inspection
- . ntroduction of Evalugtion Method for
1978 my_’o‘gll-ken-okl Eorthquake Liquefaction (Specifications for Seismic Design] | 1976 Seismic
1980 ) » ‘ 1980 e Part V Seismic Design, Specificotions for Design Ins.pec'tlon
1982 Urckawa-oki Earthquake of Highway Bridges . 1979 iSersmltc_
(M7.1) ° ILn,trodfucttl.on of New Evaluation Method for nspection
1983 Nihon- kai-chubu iquetactions i
1
Earthquake (M7.7) : 386 ?:;;n;gion
L1990 1990 Part V Seismic Design, Specifications for Design




Photo 2 Damage of Nakazuno Bridge by the Fukui Earthquake of 1948

Stage 2 - Damage due to Soil Liquefaction

Although the damage due to Inadequate strength of foundations became
less frequent in accordance with the improvement of seismic design and
construction methods, the next stage of damage encountered was soil failure
during the 1964 Niigata Earthquake. Soil liquefaction, which took place
extensively around sites, caused destructive damage to bridges. Photos 3
and 4 shows the falling-off of the decks of the Showa Bridge. Extensive soil
movement associated liquefaction caused large lateral movements of bent
pile foundations, which caused the dropping off of the deck.

Photo 3 Damage of Showa Bridge by the Nilgata Earthquake of 1964
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Photo 4 Damage of Higashi-Kosen Bridge by the Niigata Earthquake of 1964

Through the damage, it was learned that it is important to take account
of liquefaction in design of bridges, and various studies for assessing and
evaluating the effects of liquefaction were initiated. Through such studies,
the first stipulations for assessment of liquefaction were introduced in the
"seismic Design Specifications of Highway Bridges” in 1971.

One more important lesson gained from the Niigata Earthquake was that
devices. for preventing falling-off of supcrstructures from the crest of
substructures are required. 1t was considered that even if large relative
movements between the deck and substructures occurred due to ecither
failure of substructures or failures of soils such as soil liquefaction,
critical failure causing falling-off of deck could be prevented if such
devices were provided. Various devices were then developed, and design
recommendations were included in the Seismic Design Specifications of
Highway Bridges issued in 1971.

Stage 3 - Damage to Piers and Bearing Supports

In recent earthquakes including the Miyagi-ken-oki Earthquake (M7.4) of
1978 and the Nihon-kai-chubu Earthquake (M7.7) of 1983, substantial damage
due to inadequate strength of foundations and cffects of soil liquefaction
was not developed in those bridges designed and constructed in accordance
with the recent design specifications. However, damages to reinforced
concrete piers and bearing supports were developed extensively as shown in
Photos 5, 6 and 7. This Is due to the fact that other modes of fallures such
as tilting or movement of the foundations, soil liquefaction, and falling-off
of superstructures were prevented by the new design recommendations.

The new strengthening and earthquake resistant countermeasures brought
damage at the next weak points such as the reinforced concrete piers and
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Photo § Damage to Reinforced Concrete Piers of Sendal Brldgc; by the
Miyagi-ken-oki Earthquake of 1978

Photo 6 Damage to Bearing Supports of Da-te Bridge by the Miyagi-ken-oki
Earthquake of 1978

the bearing supports. This obviously shows that countermeasures aiming only
to minimize the damage observed in the past earthquakes do not necessarily
contribute to avold new types of damage in the future carthquakes. It is now
required to take account of total seismic safety of highway bridges, and this
was the main scbpe of the latest revision of the seismic design specifications
in 1990.

It"éhould be noted here that the damage shown in Photo 7 was developed
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Photo 7 Damage to Reinforced Concrete Plers of Shizunai Bridge by the
Urakawa-oki Earthquake of 1982 :

by shear at the mid-height of the reinforced concrete piers where main
reinforcement was terminated. In the design specifications issued prior to
1980, the main reinforcement was terminated with the bond length of 12 times
the diameter of the main reinforcement. Through the damage, such as that
shown in Photo 7, the bond length was revised in the 1980 specifications to
12 times the diameter of the main reinforcement plus the effective width of
the pier.

HISTORY OF SEISMIC DESIGN OF HIGHWAY BRIDGES

Seismic design was initiated for highway bridges in 1926 after the
experience of the Kanto Earthquake in 1923. The importance of considering
seismic effects in design of highway bridges was recognized from the
extensive damage developed by the Kanto Earthquake. The first stipulations
requiring seismic effects for highway bridges were included in "Details of
Road Structures (Draft)" issued by the Ministry of Internal Affairs in 1926.
It was stipulated Iin the draft detalls that the maximum lateral force
expected to develop at the site shall be considered in seismic design. It was
also recommended in the draft detalls that 30 % of gravity force shall be
adopted for the reconstruction of the bridges damaged by the Kanto
Earthquake at Tokyo and Yokohama.

After experiencing significant damage during strong earthquakes seismic
regulations were reviewed and amended several times as shown in Table 3.
"Design Specifications of Steel Highway Bridges (Draft)" were Issued in 1939,
and "Design Specifications of Steel Highway Bridges" and their revised ver-
sion were issued in 1956 and 1964, respectively. A seismic lateral force of 20
% of the gravity force was stipulated in these specifications. The 20 %
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Table 3 listory of Design Seismic l.oads for Highway Bridges in Japan
Year Name of Regulations | Selsmic Design Methods | Other Stipulations for Major Earthquakes
9 9 Seismic Eifects q
1886 Order No. 13, Ministry of | Not Considered Not Considered
Internal Affairs 1881 Nohbi (MB4)
1826 Details of Road Struclures| Seismic Coefficient | Nol Considered 1923 Kanlo (M7.9)
(Dratt), Road Law, MIA | Method
ky=0.15~04 (ks=03
advised in Tokyo and
Yokohama)
1639 Design Sgecifications of | Seismic Coefficient Not Considered
Steel Highway Bridges | Method 1946 Nankal (M8.1)
(Draft). MIA (ks=02, k,=0.1) 1948 Fukui (M7.3)
1956 Design Specifications of |Seismic Coelficient Not Considered
(and 1964) | Steel Highway Bridges, | Method '933 r‘“.}"“*‘“’,{‘,l‘ éMB.Zl
Ministry of Construction | (ks=0.1~0.35) 1964 Niigata (M7.5)
1971 Specilications for Seismic) @ Seismic Coefficient o Evaluation of Sandy
Design of Highway Method Layers Vulnerable to
Bridges, MOC (kx=0.1~0.24) Liquefaction
o Modified Seismic o [evice lor Preventing
Coefficient Methed Falling-off of 1978 Miyagi-ken-oki
(ks=0.05~0.3} Superstruclure (M74)
1980 Part V Seismic Design of | ® Seismic Coeflicient o Fi-Method for
Design Specifications of Method Evaluation of 1982 Urakawa-oki
Highway Bridges. MOC (kx=0.1~0.29) Liquefaction (M7.1)
o Modified Seismic o Device for Preventing | 1983 Nihon-kal-chubu
Coefficient Method Falling-off of m7.7
(ks=0.05~0.3) Superstructure

o Check of Deformation
Capability of RC Piers

o Oynamic Response
Analysis

1890

Part V Seismic Design of
Design Specifications of
Highway Bridges, MOC

o Seismic Coelficient
Method
(ks=0.1~03)

o Check of Bearing
Capacily of RC Piers
for Lateral Force

o Dynamic Response
Analysis

o Fi-Method for
Evaluation of
Liquefaction

o Device for Preventing
Falling-off of
Superstructure

gravity force was considered for long time as a basic design force for
highway bridges.

The first comprehensive seismic design stipulations were issued by the
Ministry of Construction in 1971 in a separate volume exclusively for seismic
design as "Specifications for Seismic Design of Highway Bridges"®. It was
described in the specifications that lateral force shall be determined
depending on zone, importance and ground condition in the static lateral
force method (seismic coefficient method) and structural response shall be
further considered in the modified static lateral force method (modified
seismic coefficient method). Evaluation of soil liquefaction was firstly
incorporated in view of the damage caused in the 1964 Niigata Earthquake.
Design details to increase the seismic safety such as devices for preventing
falling-off of superstructure from substructures were newly introduced.
Design methods for substructures were also issued between 1964 and 1971 in
the form of "Design Specifications of Substructures”. Therefore, it Iis
considered that considerable increase of seismic safety was made for those
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bridges designed and constructed in accordance with the 1971 Specifications.

The 1971 specifications were revised by the Ministry of Construction in

the form of "Part V Seismic Design" of the "Design Specifications of Highway
Bridges" in 1980. The Design Specifications of Highway Bridges consist of
"part 1 Common Part", "Part II Steel Bridges", "Part III Concrete Bridges",
"part IV Foundations", and "Part V Seismic Design". Although the Part V was
essentially the same as the 1971 Specifications, a rational evaluation method
for predicting soil liquefaction as well as practical design methods at the
time when liquefaction is judged to occur® was included in the Part V
Seismic Design.

The latest specifications were issued by the Ministry of Construction in
February 1990 in the form of "Part V Seismic Design " for the " Design
Specifications of Highway Bridges"®®. Major revisions introduced in the
1990 Specifications were unification of static lateral force method (seismic
coefficient method) and the modified static lateral force method (modified
seismic coefficient method) including the revision of the secismic design
force, a new method for computing inertia force for multi-span continuous
bridges, a new ductility check for reinforced concrete piers, and detailed
stipulations for dynamic response analysis. These revisions were
incorporated based on the recent studies for predicting earthquake ground
motions and strength of reinforced concrete piers™ ~'#

SEISMIC DESIGN OF HIGHWAY BRIDGES
Qutline

Highway bridges are vital components of highways, and they have to be
safe ecnough against earthquakes so that the function of highways be
maintained. They have to be used without loosing any structural functions
against small to moderate ecarthquakes which have high to moderate
possibility of occurring at the site. Critical failures causing total
collapse of a bridge have to be avoided even during significant earthquakes
such as the Kanto Earthquake of 1923.

The "Part V Seismic Design"” of the "Design Specifications of Highway
Bridges" is applied for the seismic design of highway bridges with span
lengths not longer than 200 meters. The specifications stipulate the
adoption of the static lateral force method (seismic coefficient method)
based on the allowable stress design approach. A check of the ductility for
reinforced concrete piers (Check of Bearing Capacity of Reinforced Concrete
Piers for Lateral Force) and dynamic response analysis are recommended in
accordance with flow chart presented in Fig. 1. Emphasis is placed on the
need to Install devices for preventing falling-off of the superstructures
from the substructures.

The "Part V Seismic Design” of the "Design Specifications of Highway
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Bridges" have the contents as™ :

Chapter 1 General

1.1 Scope and Application
1.2 Definition of Terms
Chapter 2 Basic Principles of Seismic Design
Chapter 3 Loads and Design Conditions in Seismic Design
3.1 Loads and Combinations for Seismic Design
3.2 Effects of Earthquakes
3.3 Inertia Force
3.3.1 General
3.3.2 Computation Method of Natural Period
3.3.3 Computation Method of Inertia Force
3.4 Dynamic Earth Pressure
3.5 Hydrodynamic Pressure )
3.6 Ground Conditions for Seismic Design
3.7 Soil Layers of Which Bearing Capacity Shall be Decreased in Seismic
Design
3.7.1 General
3.7.2 Sandy Layers Vulnerable to Liquefaction
3.7.3 Very Loose Clayey and Silty Soil Layers
3.7.4 Soil Layers of Which Bearing Capacity Shall be Decreased and
Treatment of the Layers
3.8 Ground Surface Assumed in Seismic Design
Chapter 4 Seismic Coefficient
4.1 General
4.2 Standard Horizontal Seismic Coefficient
4.3 Modification Factors for Standard Horizontal Seismic Coefficient
Chapter 5 Check of Bearing Capacity of Reinforced Concrete Piers for
Lateral Force
5.1 General
5.2 Check of Safety
5.3 Horizontal Seismic Coefficient for Check of Bearing Capacity of
Reinforced Concrete Piers for Lateral Force
5.3.1 Equivalent Horizontal Seismic Coefficient for Check of Bearing
Capacity of Reinforced Concrete Piers for Lateral Force
5.3.2 Horizontal Seismic Coefficient for Check of Bearing Capacity
of Reinforced Concrete Piers for Lateral Force
5.4 Bearing Capacity of Reinforced Concrete Piers for Lateral Force
5.4.1 Bearing Capacity of Reinforced Concrete Piers for Lateral
Force, Allowable Ductility Factor, and Equivalent Natural
Period
5.4.2 Bearing Capacity, Yielding Force, Ultimate Displacement and
Yielding Displacement
5.4.3 Bearing Capacity of Reinforced Concrete Piers for Shear
Chapter 6 Dynamic Response Analysis
6.1 General
6.2 Dynamic Response Analysis Method and Analytical Models
6.2.1 Method of Dynamic Response Analysis
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ALl e Liolasted Al arh i st

6.2.2 Analytical Models
6.3 Input Ground Motions for Dynamic Response Analysis
6.3.1 Acceleration Response Spectra for Modal Response Spectral
Analysis
6.3.2 Accelerations for Time History Analysis
6.4 Check of Seismic Safety
Chapter 7 Structural Details in Seismic Design
7.1 General
7.2 Device for Preventing Falling-off of Superstructure from
Substructures
7.2.1 General
7.2.2 Devices for Preventing Falling-off of Superstructure
7.2.3 Distance between Edge of Crest of Substructure and Edge of
Deck
7.2.4 Devices for Fall of Deck
7.3 Design Details for Seismic Design at Bearing Supports
Chapter 8 Devices for Reducing lLateral Force

{Appendix)
I. References on Liquefaction
1. Examples of Classification of Ground Condition
. References on Design Ground Motion
IV. Example of Computation of Natural Period and Inertia Force
V. Reference on Bearing Capacity of Reinforced Concrete Piers for
Lateral Force "
Vl. Practices of Design Details for Seismic Design

Secismic Lateral Force for Static Lateral Force Mcthod

(1) In the static lateral force method (seismic coefficient method), the
horizontal design seismic coefficient shall be determined by Eq.(1), but no
less than 0.1.

K =Cz*Ca*Cit* Cr* Kno (l)

kr. : design horizontal seismic coefficient,

kno : standard design horizontal seismic coefficient (=0.2),

c= : modification factor for zone (refer to Fig. 2),

5 : modification factor for ground condition (refer to Table 4),

c: : modification factor for Iimportance (refer to Table 5),and

cr : modification factor for structural response (refer to Table 6).
For computing inertia force associated with the weight of soils
and dynamic earth pressure, c+ shall be 1.0.

Fig. 3 shows the horizontal seismic coefficient assuming cz = ¢; = 1.0.
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Table 4 Ground Condition Factor cc
Ground Group I 11 II1
Cg 0.8 1.0 1.2

Table 5 Importance Factor c:

Group c, Definition
Bridges on expressway (limited access highways),

Ist class 1.0 general national road and principal prefectural
road. Important bridges on general prefectural
road and municipal road.

2nd class 0.8 Other than the above

Table 6 Structural Response Factor cr

Ground Group Structural  Response  Coefficient ¢
T < 0.1 0.1S TS 1] 11 <T
Group I | ¢ - 260TP2100| ¢, = 125 |¢ = 133T%
T < 0.2 02<T=13 1I3<T
Group I} ¢ 215Tm21.00| ¢, = 125 |c, = 149T%
T < 0.34 034 STSLS| 15<T
Growp Il | o - 180TA21.00( "¢, = 125 [¢ = LOAT?
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LATERAL FORCE COEFFICIENT

(2) The vertical design seismic coefficient may be generally considered as
zero, except for bearing supports.

(3) The seismic lateral force for structural members, soils and water below
the "ground surface assumed in seismic design” shall be considered as zero.
The ground surface assumed in seismic design depends on soil condition at
the site, and is generally assumed as the base level of footing for pile
foundations.

(4) Hydrodynamic pressure and earth pressure during earthquakes are
stipulated in the specifications. ' .

(5) Increase of allowable stresses of materials may be considered In seismic
design. The magnitude of the increase for specific materials is specified in
the respective parts. For seismic design of substructures, the allowable
stress is increased 1.5 times for a load combination of primary load and
seismic effects.

Classification of Ground Condition

Ground conditions are classified into three groups according to Table 7,
in which characteristic value Ts shall be evaluated by Eq.(2).

Table 7 Classification of Ground Condition

GROUND CONDITION GEFINITION APPROXIMATE ESTIMATION
GROUP I Ts <02 SEC TERTIALY OR OLOER
GROUP Il 0.2 = Tg < 06 SEC ALLUVIUM AND DILUVIUM
GROUP 1Ii 06=Ts SOFT ALLUVIUM
4h;
5 = < 2
Ts =2 Vor (2)
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Ts : characteristic value (sec)

H: : thickness of i-th subsoil layer (m)

Va: : shear wave velocity of i-th sublayer (m/sec)

i : sublayer's number counted from ground surface

Evaluation Mcthod of Inertia Force

Inertia forces in the static lateral force method shall be applied to
bridges in two ways depending on the seismic design structural unit. The
seismic design structural unit shall be selected in accordance with Table 8.

Natural period and the inertia force shall be determined as:

1) Seismic design structural unit consisting of a substructure and the part
of superstructure supported vertically by the substructure

Natural period and inertia force shall be determined by Eqs.(3) and (4)

Fai = kniRs (3)
T=201y36 (4)
where

Fa: : inertia force associated with dead weight of superstructure for
design of i-th substructure

ken: : seismic coefficient considered for i-th structural segment

R: : reaction force developed at i-th substructure due to dead weight
of the part of superstructure supported by the i-th
substructure.

T : natural period, in second, of the seismic design structural unit

6 .

lateral displacement, in meter, of the substructure subjected to
a lateral force equivalent with 80 % of the dead weight of a
substructure above the ground surface assumed in seismic design

and the dead weight of a part of the superstructure supported by
the substructure.

2) Seismic design structural unit consisting of several substructures and
the part of superstructure supported vertically by the substructures.

Inertia force shall be evaluated in accordance with Fig. 4, l.e.,

i) idealize the bridge by a linear elastic frame model

ii) apply a lateral force equivalent with the dead weight of superstructure

and substructures above the ground surface assumed in seismic design, and
compute the natural period as

T=201/V6

(5)
S w(s)u(s)=ds

§ w(s)u(s)ds
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Table 8 Secismic Design Structural Unit

Longitudinal

Transverse

Seismic Design Unit

Simple
Girder

o o o s ot e s

M F

A Purt of Superstructure which

Cuauses Reaction Foree \L
—_-\,'— - - o, —— -')

—yd

—_—————

-
N o -

— L8l —

Continuous
Girder

A Purt of Superstructure which
Cuuses Reaction  Force

Small

Fixed at One Support

Regarded as A Unit
Consisting of A
Substructure and A Part of
Superstructure Supported
by the Substructure

Support Condition in Longitudinal Direction

Fixed at Muitiple Supports

Large

Difference of Natural Period between Piers

Arch,
Frame and
Others

Regarded as A Unit
Consisting of Substructures
and the Superstructure
Supported by the
Substructures




———
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-

]
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i ,,' w(s) ! w w(s) l/ u(s) ’l'
H ] 7 !
; ' ; !
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a) Design in Transverse Direction b) Design in Longitudinal Direction

w(s) = Dead weight of super- and sub-structure at point s (tf/m)

u(s) : Displacement at poitn s developed when subjected to lateral force
equivalent with dead weight of superstructure and substructure above
ground surface assumed in seismic design.

F : Force developed when subjected to lateral force equivalent with dead
weight of superstructure and substructure above ground surface
assumed in seismic design (¢ or If -m)

l

_ Julsjufs)yds
JSw(s)u(s)ds

|

T=201V8

l

Seismic Coefficient = ky

I

Inertia Force : Fy=ky,xF

Fig.4 Dectermination of Inertia Force

where
w(s) : dead weight of the seismic design structural unit (superstructure
and substructure above the ground surface assumed in seismic
design) at point "s" (tf/m)
u(s) : lateral displacement developed in the seismic design structural
unit at point "s" (m) when subjected to w(s) in the direction
considered in design.

iii) determine the seismic coefficient kv depending on the natural period T.
iv) compute Inertia force as

Fa=knXF (7

where
Fa : shear force (tf) or bending moment (tfm) due to inertia force
kn : seismic coefficient
F : force developed in the seismic design structural unit when
subjected to a lateral force equivalent to the dead weight of the
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scismic design structural unit above the ground surface assumed in
secismic design (tf/tfm)

For substructures supporting girder bridges, the shear force developed

at the center of gravity of the superstructure shall be regarded as the
lateral force for seismic design of substructures. However, when the inertia

force computed by Eq.(7) is smaller than the inertia force computed by
Eq.(3), the latter shall be adopted for design. This needs some explanation.
The inertia force computed by Eq.(7) is approximately proportional to the
stiffness of each substructure. This implies that the majority of the inertia
force tends to be carried by the substructures with higher stiffness.
Depending on the stiffness distribution of substructures, the inertia force
carried by piers with lower stiffness takes even negative values. However, if
failure of the structure, such as at a bearing support, occurs, the
contribution of load carried by each substructure will be changed from the
distribution computed by Eq.(7). Based on such considerations, a lower limit
for the inertia force evaluated by Eq.(7) is included.

Strength of Sandy Soil Layer for Liquefaction

(1) Sandy Soil Layer Needed to be Checked for Liquefaction

Saturated alluvial sandy layers which have the water table within 10 m
from the ground surface and have D=zs-values on the grain size accumulation
curve between 0.02 and 20. mm are vulnerable to liquefaction up to a depth
of 20 m below the ground surface, and liquefaction potential of these layers
shall be estimated according to item (2).

(2) Estimation of Liquefaction

For those soil layers which are judged to be vulnerable to liquefaction,
liquefaction potential shall be checked based on the liquefaction resistance
factor Fo defined as

F=R/L (8)

where
FL : liquefaction resistance factor
R : resistance of soil elements against dynamic load defined as
R=Ry + R2+ R=

N
Ri = 0.0882 o o 10.7
0.19 (0.02 mm< Des < 0.05 mm)
Rz = { 0.225L0g16(0.35/Dzo) (0.05 mm<Dzo< 0.6 mm)
-0.05 (0.6 mm< Dso= 2.0 mm)
Re = l 0.0 (0% <F=<40 %)
= 0.004Fc-0.16 (40 % <F=<100 %)

N : N-value of standard penetration test
Dso : averaged grain size on grain size accumulation curve
Fe : fine sand (grain size less than 74 um) content

L : dynamic load induced Iin soil elements during an earthquake
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defined as
L=ra- K= .
[/ A4

ra= 1.0-0.015x
x : depth from the ground surface (m)
ks : seismic coefficient for evaluating liquefaction, and shall be
determined as
Ks= cCz*Ca-*Ci* ks
¢z, ¢s and c; : modification factors for zone, ground condition,
and importance(refer to Fig. 2, Table 4 and Table 5)
Kso @ standard design horizontal seismic coefficient for check of
liquefaction ( = 0.15)
o «: total overburden pressure (kgf/cm”), and
g v= (7 e1he # 7 v= ( X - he )} /10
o «': effective overburden pressure (kgf/cm®), and
ov' = {7ahe+t 7%= (x-h)} /10

g

Soil layers having liquefaction resistance factors, F., smaller than 1.0
shall be judged to liquefy during earthquakes.

(3) Treatment of Soil Layers Which Were Judged to Liquefy

For those soil layers which were judged to liquefy in the above
estimation and which are within 20 m from the ground surface, the spring
stiffness and other soil constants shall be either neglected or reduced in
seismic design as shown in Fig. 5, by multiplying the original spring
stiffness and other soil constants by the reduction factor De which is
determined in accordance with Fo-value and tabulated in Table 9.

SUPERSTRUCTURE
=5 =0T
INERTIA

FORCE
VERY LOOSE SANDE=[7] |-~ el

" | Foori - k=0

l . ]-"FO
LOOSE SAND ° : m ks DelFL)
Q6 <Fi<i0..-- - W ke DelFy)
STIFF GRAVEL*: ’i "."; .f,p,:f ks

Fu=>=10 Te.° . <}l Wt ke

Fig.5 Trcatment of Soil Layers Yulnerable to Liquefaction

Check of Bearing Capacity of Reinforced Concrete Plers for Latera} Force
To prevent reinforced concrete piers from failing in a brittle manner,

it is recommended that the bearing capacity of the reinforced concrete piers
be checked in accordance with the flow-chart presented in Fig. 6.
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Table 9 Decreasing Rate De of Soil Constants Depending on F.. Value

DEPTH FROM
FWALUE | pogun sURFAcE | D
0m=x<=<10m 0
=06
10m < x = 20m 173
Om=x=10m 173
06<F =08
10m < x < 20m 2/3
Om=x=<10m 213
08<hR =10
10m < x < 20m 1
Start

Seismic Design by Means of
Seismic Coefficient Method

Ductility No

“heck Required?
T

Compute Yield Force P,, Ultimate Force
P., Yield Displacement 8, and Ultimate
Displacement &,

|
l |

Compute Equivalent Natural Compute Shear Strength
Period

Try=2.01V3 P,=S.+S.

Yes No
Determine Seismic Coefficient

for Ductility Analysis

kk'fz-t‘-l‘g-kg,,. . Bc-axing Capacity for » Bearing Capacity for
kv~ 2 standard coefficient Lateral Forfe Lateral Force
(-1.0) 1;:[;,,!15’3 P.=P,
* ;\‘lﬁ:?blc Ductility * Allowable Ductility
8. -3 Factor
x=13 __-_6_.1. .
- . . - a: 'y =
(l:)gglr_lt;?:‘ﬂquwa!cm Seismic a: safety factor
(=1.5) * Coefficient for
5 ke ¢ Coefficient for Equivalent Weight
L == Equivalent Weight
=05 =10
No

P'\”wi'. IYALUA)

Yes

<)

Fig.6 Check of Bearing Capacity of Reinforced Concrete Pier For Lateral
Force ’
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1) Judgement of bearing capacity of reinforced concrete piers for lateral

force
Bearing capacity of reinforced concrete piers for lateral force shall be

checked as

Pa > kn:eW » (9)
where
P. : bearing capacity of the reinforced concrete piers for lateral force
(tf)

Kne : equivalent horizontal seismic coefficient for check of
bearing capacity of the reinforced concrete piers for lateral load
W : equivalent dead welght (tf), and shall be determined as

W=VW.,+ceWe (10)
c 0.5 PusPa
P =
11
1.0 Pu>Ps an

W. : dead weight of a part of superstructure supported by the
reinforced concrete piers (tf)

W.: dead weight of the reinforced concrete piers (tf)

P.: bearing capacity of reinforced concrete piers for flexural failure

(thH
P-: bearing capacity of reinforced concrete piers for shear fatlure (tf)

2) Equivalent horizontal seismic coefficient for check of bearing capacity of
reinforced concrete piers for lateral force

Equivalent horizontal seismic coefficient for check of bearing capacity
of reinforced concrete piers for lateral force shall be determined according
to the equal energy assumption as

_ kh‘::
Kne = ’[—27_? (12)
Kne = Cz*Ci1*Cr* Kneco (13)
where

Kre : equivalent horizontal seismic coefficient for check of bearing
capacity of reinforced concrete piers for lateral force

Ku- : horizontal seismic coefficient for check of bearing capacity of
reinforced concrete plers for lateral force

i ¢ allowable ductility factor

cz : modification factor for zone (refer to Fig. 2)

c: : modification factor for importance (refer to Table 5)

ce : modification factor for structural response (refer to Table 10)

kneo: standard horizontal seismic coefficient for check of bearing capa-
city of reinforced concrete piers for lateral force

The ' standard horizontal seismic coefficlent Knco was determined  to
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Table 10 Structual Response Factor cr

Ground Group Structural  Response  Cocfficient ¢,
T, 14 :
Group 1 g S 14 < Ty, .
¢, = 07 g = 0876T,
' T < 018 0.18 ST <16 16 < T,
Group I G = 151 TP207 | ¢ = 085 |c = LI6T»

Ty < 029 |029ST,S 20| 20 < T,

Cg = L3IT? 207 ¢, = 10 g = 1.59Tw"”

R

Group 11

represent a realistic ground motion developed during a significant
earthquake with magnitude as large as 8. Fig.7 shows the horizontal secismic
coefficient kro for the check of bearing capacity of reinforced concrete
piers for lateral force when cz = ¢ = 1.0. :

b—

g | C= 1 (STIFF)

©

Lo

&

o

(84

(Y1 ]

)

2

.} I

<

o 5

|

30—0 L 1 1 1 2 ‘] ' L} P
0 1 2 3 4 5

PERIOD (SECS)

Fig. 7 Horizontal Seismic Coefficient kno for Check of Bearing Capacity of
Reinforced Concrete Piers for Lateral Force ( Cz =c¢1 =1.0)

3) Bearing capacity of reinforced concrete piers for lateral force and

allowable ductility factor
Bearing capacity of reinforced concrete piers for lateral force P. and

the allowable ductility factor p shall be determined based on the failure
mode as :

a)Flexural failure

P'J‘P‘/

Pa':'P',"’ (14)
_ a
du-0y
- 15
J7) 1+ ey (15)
where

Pu.,8 » : bearing capacity (tf) and ultimate displacement (m) for
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flexural failure
: ylelding force (tf) and ylelding displacement (m) for

PV: 6 Y
flexural failure

a : safety factor ( = 1.5)

b)Shear failure
(16)

Pa = Ps
(17)

n =1

where
P. : bearing capacity (tf) for shear fallure

Photos 8 and 9 show dynamic loading tests and shaking table tests
conducted to study inelastic behavior of reinforced concrete piers'V '@,

Photo 9 Shaking Table Tests of Reinforced Concrete Pler Supporting Two
Span Simply Supported Girders ( Weight = 40 tf)
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Dynamic Response Analysis

For bridges with complicated dynamic response and for new types of
bridges, dynamic response analysis is recommended to be made to check

seismic safety of the design made by means of the static lateral force
method.

In principle, dynamic response analysis shall be made by means of modal
response spectral analysis with use of an analytical model which simulates
dynamic characteristics of the bridge. Acceleration response spectrum for
the modal response spectrum analysis shall be determined as

S=c¢cz-ci*cp* So (18)
where
S : response spectrum for modal response spectrum analysis (gal
(=cm/sec®))
c= : modification factor for zone (refer to Fig. 2)

c: : modification factor for importance (refer to Table 5)

ce : modification factor for damping, and shall be determined based on
modal damping ratio h; as

1.5
40h; + 1 (19)

So : standard response spectrum for modal response analysis method
(gal) (refer to Table 11)

Table 11 Standard Responsc Spectral Value So for Modal Dynamic Response

Analysis
Ground Condition So (gal)
T, < 0.1 OIS T <11 L1 <T,
Group I S, = 431T 2160 S, = 200 S, = 20/T
T, < 02 02<T £13 13< T,
Group 1I
roup S, = 427T!" 2 200 S, = 250 S, = 325/T,
Grom 11 T, < 034 034 ST, <15 L5 < T,
roup S, = 4307} 2240 S, = 300 S, = 450/T,

Fig. 8 shows the design response spectra assuming cz = c¢; = 1.0 and ¢ =
1.0 (h: = 5 %). Fig. 9 shows the modification factor co.

When a time history analysis is required, strong motion records which
have the similar characteristics with S by Eq.(18) shall be used with the
consideration on site condition and structural response of the bridge. Three
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Fig. 8 Dcsign Acceleration Response Spectra So for Dynamic Response
Analysis ( ¢z = ¢1 = 1.0 and co = 1.0 ( h: =0.05))
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Fig. 9 Modification Factor c¢o

ground acceleration records which were modified in frequency domain so that
their response characteristics match with Sa in Eq.(18) are provided in the
Specifications.

Device for Preventing Superstructure from Falling

Because connections between superstructure and substructure or
between two adjacent superstructures are quite susceptible to earthquake
damage, speclal structural considerations are required to prevent
falling-off of the superstructure from the substructures due to damage of
those sections. For such a purpose, the following measures are applied as
shown in Fig. 10 :

(1) At movable bearings, devices to prevent dislodgement of upper-bearings
from the lower-bearings (stopper) are provided

(2) At.the both ends of superstructure, either of the following measures are
used to prevent the superstructure from dislodging from the crest of the

substructures : .

a) The distance from the 'edge of superstructure to the edge of sub-
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Fig. 10 Devices for Preventing Superstructure from Falling

structure (Seat Length) Se shall be longer than the value as

70 + 0.5x1 ] £100m

SE=1 80+0.4x1 1 >100m

(20)

in which Se and 1 represent the seat length in cm and the span length
in m, respectively.
b) Installation of devices for preventing falling-off of superstructure
from substructures
(3) In addition to the items (1) and (2), the distance from the edge of the
bearing supports to the edge of substructure (Bearing Scat Length) S shall
be longer than the value as

20 + 0.5 x 1 |
S=1 30+04x1 (21)

in which S and 1 represent the bearing scat length in cm and the span length
in m, respectively

DEVELOPMENT OF PASSIVE AND HYBRID CONTROI. OF HIGHWAY BRIDGES
Development of Guidelines for Design of Base-Isolated Highway Bridges

For studying the application of base isolation technology to scismic
design of highway bridges, a committee chaired by Professor Tsuneo
Katayama, University of Tokyo, was formulated through 1986 to 1989 at the
Technology Rescarch Center for National Land Development. Three programs
were studied in the committee, f.e., 1) a survey of Isolators and energy
dissipators which can be used for highway bridges, 2) a study on the key
points of the design of base-isolated highway bridges, and 3) design of
base-isolated highway bridges. As the final accomplishment of the study,
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"Guidelines for Design of Base-Isolated MHighway Bridges (draft) " was
published in 1989'®.

The draft guidelines includes the following contents:

Chapter 1 General
1.1 Related Regulations
1.2 Definition of Terms
Chapter 2 Fundamental Strategy of Base Isolation Design
Chapter 3 Design of Isolators and Energy Dissipators
3.1 General
3.2 Design Displacement of Base Isolation Device
3.3 Equivalent Natural Frequency and Damping Ratio of Base Isolator
3.4 Dynamic Characteristics of Base Isolation Device
3.5 Static Characteristics of Base Isolation Device
Chapter 4 Design of Base-Isolated Highway Bridge
4.1 General '
4.2 Static Lateral Force Method
4.2.1 General
4.2.2 Horizontal Design Seismic Coefficient
4.2.3 Evaluation of Natural Period of Base-Isolated Bridge
4.2.4 Evaluation of Sectional Force and Displacement due to Inertia
Force
4.3 Check of Bearing Capacity for Lateral Force
4.3.1 General
4.3.2 Seismic Coefficient used to Check Bearing Capacity for Lateral
Force
4.3.3 Evaluation of Natural Period
4.3.4 Evaluation of Damping Ratio
4.3.5 Evaluation of Sectional Force and Displacement due to Inertia
Force
4.3.6 Equivalent Seismic Coefficient Used to Check Bearing Capacity
for Lateral Force
4.3.7 Bearing Capacity for Lateral Force
Chapter 5 Dynamic Response Analysis
5.1 Method of Dynamic Response Analysis
5.2 Modelling of Base-Isolated Bridges by Dynamic Response Analysis
5.3 Input Motion for Dynamic Response Analysis
5.3.1 Input Motlon to Check Design by Means of Static Lateral Force
Method
5.3.2 Input Motion to Check Bearing Capacity for Lateral Force
5.4 Investigation of Safety
Chapter 6 General Provisions for Design of Structural Details
6.1 General
6.2 Distance between Structures
6.3 Design Gap of Expansion Joint
6.4 Devices for Preventing Falling-off of Superstructure from Sub
structure
6.5 General Provisions for Design Details of Base Isolation Devices
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Appendix

I Design of Base-Isolated Highway Bridges

I Design Method of Base Isolation Devices

Il Example of Design Calculation of a Base-Isolated Highway Bridge
Constructed on Group I Ground Condition Site

IV Example of Design Calculation of a Base-Isolated Highway Bridge
Constructed on Group Il Ground Condition Site

V Example of Structural Detalils

Vl Example of Various Base-Isolation Devices

Joint Research between PWRI and 28 Private Firms for Developing Base
Isolation Systems for Highway Bridges

Based on the study presented above, a joint research program between
PWRI and 28 private firms on "Development of Base-Isolation Systems for
Highway Bridges" was Initiated in 1989 for aiming to develop further
practical design methods for base-isolated highway bridges which are both
safe and cost efficient'”. The research is scheduled to be completed in 1992.

Scopes of the joint research contain the following research and
development programs :

1) Development of isolators and energy dissipators suitable for highway
bridges by using new materials and technology

2) Development of expansion joints and falling-off prevention devices
suitable for base-isolated bridges

3) Development of design methods for base-isolated bridges

4) Application of base-Isolation for highway bridges

In the project 1), it is aimed to develop less expensive isolators and
energy dissipators which have better characteristics and are superior for
long-term use. In the project 4), application of the base isolation for
super-long multiple-continuous highway bridges with a total length over 1
km and for the seismic retrofitting of vulnerable existing highway bridges
are being investigated.

The 28 private firms consist of material makers such as rubber and
automobile tire makers, bearing supports fabricators, consulting
engineering firms, steel superstructure fabricating companies, and general
constructors. ‘

Table-12 shows the research subjects and contributions. Photos 10 and 11
show dynamic loading tests of Isolators and shaking table tests of a
base-isolated highway bridges model conducted at the Public Works Research
Institute for studying effectiveness of the base isolation.

— 149 —



— 0ST —

Table 12 Research Theme and Organizations of Joint Research between the
Public Works Research Institute and 28 Private Firms for
Developing Base Isolation Systems of Highway Bridges

Rescarch Theme PK:SiObKuTnHNiSuMGORTxINkKoNsO!YToBstScS\PcINC}ddg‘;‘i’;r

1. Development of Device for Isolation
1.1 High Enecrgy Absorbing Rubber Bearing o) 00|0 (o]
1.2 Friction Damper O o|0
1.3 Steel Damper o) o]
1.4 Link Bearing Develop of 0
1.5 Viscous Damper
1.6 Test Method O @) O @)

0Ol Bs

e O

2. Development of Expansion Joint and Falling-off
Prevention Device for Isolated Bridge Te —_
2.1 Expansion Joint . o
2.2 Falling-off Prevention Device o

00

3. Development of Design Method for Isolated
Bridge
3.1 Design Philosophy
3.2 Dynamic Responce Analysis Method
3.3 Design Method of Device for Isolation
3.4 Simplified Design Method
3.5 Design Method of Expansion Joint and Fall-

ing-off Prevention Device

00000
O
OO0

4. Application of Base Isolation to Bridge
4.1 Application to Preswessed Concrete Bridge
4.2 Application to Steel Bridge
4.3 Application to Multiple Super-long Bridge
4.4 Application to Seismic Rewofit

0|00 Oov | J
O

0®©®o0

o0
®) e ®) )

0000
&)
O

P: Public Works Research Institute, Ka: Kajima, Si: Shimizu, Ob: Ohbayashi, Ku: Kumagai, Tn: Takenoka Doboku + Takenaka, H: Hazama, Ni: Nishimatsu, Su: Sumitomo, M: Mitsui, G:
Goyoh, Ok: Okumura, Ti: Taisci + Tokyo Fablic + Nippon Chuzo, L Ishikawajima Harima, Nk: NKK + Nippon Chuzo, Ko: Kobe Stecl, Ns: Nippon Seiko, Oe: Oiles, Y: Yokohama Rubber,
To: Toyo Rubber, Bs: Bridgestonc, Bb: BBM, Sc: Seibu Polymer, Sh: Showa Densen, Pc: Pacific Consultants, J: Japan Engineering Consultant, N: New Structural Enginecring Consultants.
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Photo 11 Shaking Table Tests of a Base Isolated Bridge Model
Construction of Base-Isolated Ilighway Bridges

Seven basec-isolated highway bridges as shown in Table-13 are currently
being constructed by or with the support of the Ministry of Construction for
the purpose of Incorporating base Isolation in practical use. After
completion of the construction, a series of experiments including push-pull
tests, forced excitation tests with use of eccentric-mass shakers and strong
motion observations are scheduled for studying the dynamic characteristics
of the bridges.

3 ]

Fig.11 shows the Nagaki-gawa Bridge'® whlch Is now under construction

by the Ministry of Construction.
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Table 13 Construction Project of Base-Isolated Highway Bridges

Owner Bridge Name Type of Super- Length (m)
structure
Hokkaido Developing Bureau Onnetoh Bridge Steel Girder 456
Tohoku-Regional Bureau, MOC| Nagaki-gawa Bridge ” 97
Kantoh-Regional Bureau, MOC | Not Yet Selected Not Yet Decided Not yet Determined
Chubu-Regional Bureau, MOC ” ” ”
Iwate-ken Maruki Bridge Prestressed  Concrele 92
Tochigi-ken Karasuyama Bridge ” 250
Shizuoka-ken Miyagawa Bridge Steel Girder 110
98100 —
97 700 200
29850 . 37400 i 29850 300
T =K M M 8
8 ] bk
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Fig. 11 Genecral View of Nagaki-gawa Bridge
Hybrid Control of Structural Response

A combination of active and passive control, which is designated here as
hybrid control, seems attractive for reducing energy supply for active
control. Decrease of structural response by means of passive control will
make the energy supply requirement for active control small cnough to
achieve the control of structural response within a satisfactory level
during significant earthquakes. Increase of lateral displacement of decks
induced by the passive control may be improved by the active control.

A 5-year research program on hybrid control of seismic response was

initiated in1990 at the Public Works Research Institute'”. The objectives of
this research program are to study applications of hybrid control for
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bridge structures such as

1) Control of super long-span continuous bridges

2) Control of bridges on relatively soft ground

3) Improvement of seismic performance of bridges on the important urban
routes

As part of this research, the following items are considered for study :

1) Development of passive control elements suitable for hybrid
control systems
- Development of variable dampers
« Development of damper with fail-safe functions
2) Development of active control systems suitable for hybrid control
3) Development of optimal hybrid control systems by combining 1) and 2)

Among these developments, the variable damper is quite a unique device
in which the viscous coefficient is varied depending on structural response
displacement and velocity so that the best energy dissipation can be made.
The viscous coefficient is also controlled to increase smoothly after the
structural response displacement becomes excessively large so that the
variable damper acts as a stopper.

This research program is to be executed as a U.S.-Japan cooperative
resecarch program through the Panel on Wind and Seismic Effects of UJNR.

SEISMIC INSPECTION AND SEISMIC STRENGTIHENING
Outline

The nationwide seismic inspection and secismic strengthening of highway
bridges were made in 1971, 1976, 1979, 1986 by the Ministry of Construction.
The first and second seismic inspection of 1971 and 1976 were to inspect
deteriorated highway bridges susceptible to falling-off of superstructure
during earthquakes. The third and fourth seismic inspection of 1979 and 1986
was to classify structural resistance of highway bridges against falling-off
of superstructures during destructive earthquakes. For those bridges which
were judged vulnerable to severe damages during earthquakes, seismic
strengthening works have been made. In the 1986 inspection, about 40,000
bridges were inspected and 11,700 bridges were found to require seismic
strengthening. Most of them require Iinstallation of the device for
preventing superstructure falling-off from the substructures.

Seismic Inspection of Vulnerability of Highway Bridges
Seismic inspection methods to detect highway bridges vulnerable to
earthquakes have been developed and amended several times to reflect

progress of bridge earthquake engineering and lessons gained from the past
seismic damage. The most important requirement for the inspection method was

— 183 —



to be able to assess the vulnerability of a number of highway bridges at thc
site without complex calculations. The latest secismic inspection method'™
which was referenced in the 1986 seismic inspection was formulated on the

P )

statistical analyses of 105 bridges damaged in the past earthquakes™".

In the statistical analyses, factors which are likely to affect the secismic
vulnerability of highway bridges were firstly studied with use of the Type Il
quantification analysis. The rank of damage degreec was classified into high
vulnerability (Rank A), moderate vulnerability (Rank B) and low
vulnerability (Rank C) as shown in Table 14. From the analysis of the past
seismic damage, 15 items, as shown in Table 15, were seclected as the factors
likely to affect seismic vulnerability. The 15 items consists of four
principal factors, i.e., intensity of ecarthquake ground motions, properties
of superstructure and substructures, devices for preventing falling-off of
superstructure from substructures, and ground condition. IFach item was
further divided into several categories.

Table 14 Definition of Seismic Vulnerability

Rank Vulnerability of Seismic Damage | Rank of Damage Degree in Table-i
Rank A—High Possibility for sutfering damage | 5 Falling-off of Superstructure or
Vulnerability or damage degree is high 4 Extensive Damage

Rank B—Moderate Possibility for suffering damage 3 Moderate Damage

Vulnerability or damage degiee is moderate
Rank C—Low Possibility for sulfering damage f ﬂ:gg: 332‘:‘3: g:
Vulnerability or damage degree is low 0 Ho Damage

Predicted damage rank y: was assumed to have a form of
y;i = 2 % O i Xju (22)
j 24

in which x:: represents a weighting factor for the k-th category of the j-th
item, and 6 i;« represents a variable corresponding to the category k In the
item j of the i-th bridge. The variable ¢ i;» was so defined that it takes a
value of 1 if the characteristics of the i-th bridge correspond to the
category k in the item j, and is 0 otherwise. The weighting factor x;» was
determined so as to minimize the sum of square of the difference between the
predicted damage rank and the actual damage rank.

‘ From the weighting factors presented in Table 15, the effects of cach
item were found as shown in Table 16. The following considerations were
subsequently included in the statistical analysis to formulate an inspection
method.

a) Because the objectives of the inspection method are to assess the
seismic vulnerability of highway bridges subjected to ground shaking of JMA
Intensity V or larger ( peak ground acceleration larger than 0.25 g), the
Intensity of Peak Ground Acceleration ame» s dropped from the evaluation
item assuming that awme» Is larger than 0.25 g.

— 154 —




Table 15 Items and Categorics Which Affect Scismic Vulnerability of Highway
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Table 16 Factors Which Affect Seismic Vulnerability of Highway Bridges

ltems Seismic Vulnerability
@ Design Specifications Those designed in accordance with 1926 or 1939 Specifications have
higher vulnerability
@ Type of Superstructure o Gerber or simply supporled girders with 2 or more spans have
higher vulnerability

o Arch, Irame, conlinuous girders, cable-stayed bridges or
suspension bridges have lower vulnerability

(@ Shape of Superstructure Skewed or curved bridges do not necessarily have higher
vulnerability than straight bridges

(® Materisls of Superstructure Reinforced concrele bridges or prestressed concrele bridges have
lower vulnerability than slee! bridges although the difference is
small

® Slope in Bridge Axis Bridges with slope in bridge axis have higher vulnerability

® Device for Preventing Falling-off Bridges with devices for preventing falling-off of superstructure have

of Superstructure lower vulnerability
® 'Type of Substruclure Bridges supported by single-line bent piles or by reinlorced concrete

frame placed on two separale caisson foundations have higher
vulnerability

(@ Height of Piers Bridges supporled by higher piers have higher vulnerability
® Ground Condition Bridges construcled on soft soil have higher vulnerability
@ Eilect of Soil Liguefaction Bridges construcled on sandy soil layers susceplible to liquelaclion

have higlier vulnerability

@ lrregularity of Supporting Scil Condition Bridges constructed on soils with irregularitly of supporting
conditions have higher vulnerabilily

@ Eifect of Scouring Bridges where the surlace soils are scoured have higher
vulnerability

@ Malerials of Substructures Bridges supporied by plane-concreie substructures designed in
accordance with 1926 or 1933 specifications have higher
vulnerability

@ Type of Foundation Bridges supported by timber, brick, masonry or other old unknown
type substruclures have higher vulnerability

@ Intensity of Ground Molion Bridges subjected to higher intensity of ground acceleralion have
higher vulnerability. In particular, vulnerabilily becomes quile high
when the bridges are subjected fo peak ground acceleration larger
than 400 gal (0.4g)

b) Evaluation of the strength of reinforced concrete piers at the
mid-height where main reinforcement is terminated was introduced.

c) Because collapse, such as falling-off of superstructure, generally
occurred Dbecause of excessive relative movements between the
superstructure and the substructures, and failure of substructures due to
inadequate strength, the evaluation of the seismic vulnerability for both
the relative movement and for the strength of substructures should be made.

d) Even if there are some unsatisfactory conditions In the evaluation,
final evaluation may not consider them to be critical if the remaining
factors are in good evaluation. Consequently, it was decided that those
bridges with at least one "critical” or "safe" condition are to be considered
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to have either high or low seismic vulnerability. Below are some examples of
evaluation of such specific types of structure :

. Those designed in accordance with the 1980 Specifications shall be
classified into Rank C (safe) unless appreciable deterioration is
detected

. Those constructed by timber, brick, masonry, or old unknown materials
shall be classified into Rank A (vulnerable).

. Those supported by single-line bent piles foundation which are
constructed on loose alluvial sandy layer vulnerable to liquefaction
or very loose clayey deposits shall be classified into Rank A
(vulnerable).

. Single-span simply supported girder bridges with the span length less
than 15 m shall be classified into Rank C (safe).

The procedure of seismic inspection and an inspection sheet are shown in
Fig. 12 and Table 17, respectively'® =, The evaluation of the seismic
vulnerability is made in accordance with the points which reflect the
vulnerability to excessive relative movement between superstructure and
substructures (point X), and the strength of substructures (point Y) as
shown in Table 18.

Table 18 Evaluation of Seismic Vulnerability

Evaluation Points

Rank of Seismic 1 ";” R
Vulnerbifity X [,
Pc=1.0 l P RY
A—Vulnerable X260 Y= 10 [ Y2100

B—Moderate | 20=X<60 | 55¥<10 !5o§v<1oo

C—Safe X<20 Y<5 | Y<50

tiote} Outof tn0 ranks ctiained lrom X-point and Y-point. higher rask (A
is the highest) shou'd be taken as the fina! ranking of the bridge
inspected. For obt2ining eva'uation points X and ¥, refer to Tab'e-2.

Seismic Strengthening of Highway Bridges Vulnerable to Earthquakes

Table 19 shows the feasibility of seismic strengthening against the 16
factors which would affect the seismic vulnerability of highway bridges
(refer to Table 16). Among the 16 factors, ® Devices for Preventing
Falling-off of the Superstructure, @ Type of Substructure, @®Effect of Soil
Liquefaction, @Effect of Scouring, @Materials of Substructures, @ Types of
Foundation, and ®Effect of Termination of Main Reinforcement at Mid-height
are the factors for which countermeasures for strengthening the bridge are
feasible. Countermeasures against for the remaining 9 factors can not be
made unless the whole bridge be replaced.

Fig. 13 shows how the countermeasures can be made for the above
desceribed 7 factors. Installation of devices for preventing falling-off of
superstructure, strengthening of foundations, and strengthening of piers
and abutments are the main measures of selsmic strengthening.
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Table 17

Inspection Shect for Seismic Vulnerability of llighway Bridges

Point ¢f Inspection Foctors of Inspection Evaiuation
. - iea% 40 1926 Spics. 2 0- 1936 Spacs. 1.0: 1971 Specs.
@ Design Spacilicaions o 1939 Specs of 1954 Spacs o 1930 Specs.
3 0: Gerber Gurder o 1.5 SimpYy-supported 1.0: Arch, Flame, Con-
) Semply-suppinted Gurder of Continuous tinuous Girder (One
Inspection 2 Superstrutture Type Girders ath Tag Girders Consisting of Span), Cable-stayed
Format (A) Spans of N2 Terg Spans or Move Bridge, Suspension
_ Ridge
g:}o’f‘ng?“m'%' @ Shapzof Superstcture | 12 Skeasd of Cunved Bridge 1:0. Straight Bridge
uperstructure | @) Materia's of Superstructure 12 Rt PC 1.0. Stzel
inspection for @ Gragent 12 6% of Steeper 1.0 Less Than 6%
Vulnerabitty © Fatogoff Pievection Device | 20 Noce 10: 0 Dev
10 Develop 6 Fating renton Ley gD e e Deixe
Excessive P;:@x@x@x@‘x;‘-n(é‘ Pa=
Delormation e e
(T Type of Substructure 20 Sing'e-lre Bent Pile Foundation  1.0: Others
@& Height of Per H 20 Hz10m 15 55H<10m 1.0: HeS5m
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Pa=D B x @ x 3 xTHx i P:=
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nspecton | TERSONLIaHs MEEx2 2l 1 20 Cracks Wit Occwr 1.0, Cracks Wit Possibly 0 3: Cracks wit Kot
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Fig. 13 Selection of Seismic Strengthening Mecasures for Highway Bridges
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Table 19 Feasibility of Secismic Strengthening for 16 Factors Which Affecct
Seismic Yulnerability of Nighway Bridges

Feasibility of -
ltems Seismic Strengthening Principles of Countermeasures

® Design Specilications X
@ Type of Superstruclure X
@ Shape of Superstructure X
@© Materials of Supersiructure X
@ Slope in Bridge Axis X
® Device for Preventing Falling-off . .

of Superstructure o Installation of Devices
@ Type of Subslructure (o) Strengthening of Substructures
® Height of Piers
® Ground Condition X

- " Strengthening of Fundations or
@ Effect of Soil Liquefaction o Strengthening of Surrounding Soils
@ Irregularity of Supporting Soil Condition X -
. Treatment for Prevention of Scouring. or

@© Effect of Scouring o Strengthening of Foundations
@® Materials of Substruclures O Strengthening of Substructures
@ Tysae of Foundation O Strengthening of Foundalions
® Intensity of Ground Motion
@ Etiect of Termination of Main .

Reinforcement at Mid-height (@) Strengthening of Substructures

Note O liems for which seismic strenglhening is feasible
x ltems for which seismic strengthening is not feasible

Figs. 14, 15 and 16 show the methods for selecting the installation of the
stoppers at movable supports, falling-off prevention devices, and
elongation of seat length Se and bearing seat length S as measures of
seismic strengthening for existing bridges. The methods are based on a
number of practices in the past'® =%,

Figs. 17 and 18 show measures for strengthening foundations and
strengthening substructures for existing bridges, respectively.

Photos 12 and 13 show dynamic loading tests of reinforced concrete
piers which have the termination of main reinforcement at mid-height.
Effectiveness of steel jacket is studied.

The seismic inspection and strengthening methods of transpotion
facilities including highway bridges were compiled and published from the
Japan Road Association in the form of the "Guide Specifications for
Earthquake Hazard Mitigation for Transportation Facilities - Pre-Earthquake
Countermeasures -" in 1987%",
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REPAIR OF TRANSPORTATION FACILITIES DAMAGED BY EARTIIQUAKES

Outline

The recent advancement In earthquake engineering has enabled
transportation facilities and structures to be safely designed and
constructed. Catastrophic disasters due to the entire collapse of
structures have decreased, and accordingly the number of human fatalities
has become appreciably smaller during recent large earthquakes. It is
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considercd, however, that partial failures may still take place in future
large carthquakes, as observed In recent ones. In view of such facts,
post-carthquake measures are still of significant concern.

A comprchensive 5 year research project entitled "Development of
Repair Methods for Structures Damaged by Earthquakes," was made by the
Ministry of Construction between 1981 and 1986. The project is to develop
post ecarthquake measures by providing procedures of inspection, assessment
of damage extent, repalr methods, and overall evaluation for reparing
scismically damaged structures. In executing the project, the Technological
Research Center for National Land Development established the Committee for
Development of Repalr Methods for Civil Engineering Structures Damaged by
Earthquakes, which was chaired by Dr. Shunzo Okamoto, Professor Emeritus of
the University of Tokyo. Final accomplishment of the project was compiled
in 1986 in the form of "™ Manual for Repalr Methods for Civil Engineering
Structures Damaged by Earthquakes"=®. The essence of the Manual in the
area of the repair and restoration method for transportation facilities was
later reorganized and published from the Japan Road Association in the form
of "Guide Specifications for Earthquake Hazard Mitigation for Transportation
Facilities - Pre-Earthquake Countermeasures -" =%,

This chapter outlines the Manual for the assessment of damage extent and
repair method of scismically damaged transportation facilities with placing
emphasis on highway bridges from the Manual.

Flow of Repair and Restoration

Repair and restoration of seismically damaged transportation facilities
must be correctly and immediately conducted because it significantly affects
restoration activities of the public and stabilization of national life.
Repair and restoration 1Is made In accordance with the disaster
countermeasures plans by correctly understanding the whole damage, and by
consulting and exchanging information with related organizations and
authorities. Procedure of repair and restoration after the occurrence of an
earthquake can be classified into three stages as shown in Fig. 19. The
fundamental aims of the three stages are the following :

(1) First Stage of Repair and Restoration

To inspect an outline of damage with emphasis on damage of critical and
important facilities as early as possible, and to decide the strategy for
repair and restoration. When large secondary disasters are likely to happen,
it is necessary to conduct appropriate urgent treatments.

(2) Second Stage of Repair and Restoration

To inspect the damage of all facilities and structures, and to judge the
necessity of temporary repair and restoration with consideration of possible
large secondary disasters, urgency for restoration, types and importance of
the facilities, and the time required for inftiation of permanent restoration.
When temporary repair and restoration are required, it is necessary to
promptly repair, by considering priority and restoration level.
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Fig. 19 Procedure of Repair and Restoration of Scismically Damaged Facilitics
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(3) Third Stage of Repair and Restoration

To determine the level required for permanent repair and restoration
based on the considerations of importance, location of the damage, damage
“degree, difficulties of repalr and restoration, and future construction
plans, and to conduct permanent repair and restoration by taking future
development plans and restoration plans into account.

Urgent Inspection and Urgent Treatment of llighway Bridges (1st Stage)

Fig. 20 shows a procedure of the urgent inspection and urgent
treatment for transportation facilities. It should be noted that main
purpose of the urgent Inspection is to survey whether the road is passable.
Detailed inspection and repair could not be made at this stage because it
would require considerable time. Such a detailed inspection would also

[ Urgent Damage lnspectiorLl

Is damage
No developed either
road facilities or

wayside
facilities?

Is
possibility to
develop large secondary
disaster high?

Yes

Is

possibility to
develop traffic
accident high?

No

A

Passable?

| |

Urgent Treatment Partial Restriction Full Restriction o Full Restriction
is not necessary Restriction of Weight, for Traffic o Distribute Informa-
Number of Lane,Speed, tion to Public
Car Width Showing Danger
o Designate Dangerous
Area

Fig. 20 Procedure of Urgent Inspection and Urgent Trecatment
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prevent the formulation of a repair plan at the head-quarters. Table 20
shows main check points for the urgent damage inspection.

Damage Inspection for Temporary Repair, and Temporary Repalr Method for
Highway Bridges (2nd Stage)

Table 21 shows types of damage developed in highway bridges. Among
the various types of damage, fallure of pilers, failure of seat concrete
(concrete supporting bearings) and rupture of main structural members of
superstructure are regarded as critical damages which are liable to cause
falling off of superstructure. Therefore, damage inspection at the urgent
inspection stage is to be made for these three types of damage first.

The degree of damage at the 2nd stage Is required to be decided based
on bearing capacity (load capacity) of the bridge structure and road
surface condition. Because suspension of traffic on highway bridges would
critically affects essential post-earthquake transportation, it is required
to judge whether damaged bridges can be used even for.short period for
emergency transportation.

i) Damage degree depending on bearing capacity

A : No Damage - No special damage is detected

B : Slight Damage - Damaged, but not considerable for short term
service

C : Medium Damage - Considerable damage, but may be used

for short-term service unless progress of
damage due to aftershocks and live load is not
developed.

D : Critical Damage - Possible falling-off of superstructure has to
be taken in mind

E : Falling-off - Falling-off of superstructure

Fig. 21 shows examples of how the damage degree is judged for
reinforced concrete piers suffering cracks, spalling-off of concrete and
rupture of main reinforcement in a form of flexure failure at the base. Fig.
22 shows the same example for the degree of damage at the bearing supports.
It is suggested that inspectors should judge the damage degree by comparing
the actual damage with Figs. 21 and 22. Similar tables are prepared for
various types of damage including shear failure of reinforced concrete
piers and for the failure of superstructures.

ii) Damage degree depending on road surface condition

a : No Damage - No special damage is detected

b : Passable with Care - Damaged, but can be opened for short
term traffic if sufficient care is paid

c : Unpassable - Badly damaged, and has to be closed

Fig. 23 represents a procedure for deciding whether highway bridges be
closed or opened with care.
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Tal.)leb 20 Check Points for Urgent Inspection

Road Itself

Facilities Check Point
Flat Road Large Subsidence of Road Surface
Road Low ~ High Large Subsidence of Road Surface, Large
Embankment Subsidence and Failure of Embankment

Natural and Cut
Slope

Huge Failure of Slope, Large Fallen Stone
on Road, Large Failure of Road

General

Fall-off of Bridge

Bridge | From the Surface

Slipping off and Gap of Hand Rail

Sudden Change of Leveling

Large Opening, Upheaval and Gap at
Expansion Joint

Superstructure
Side

Sudden Change of Deformation and Leveling

View
Substructure

Large Subsidence, Tilting, Large Cracks and
Spalling-off of Concrete

Tunnel

Large Slope Failure near Tunnel, Large
Spalling-off of Covering Concrete

Common Duct

Uplift to Ground Surface, Critical Damage
of Storing Facilities

Culvert and Underground
Pedestrian Pass

Large Subsidence on Road Surface

- Pedestrian Bridge

Falling-off, Critical Failure of Pier

Other

Way-side Facilities

Collapse of Building on Road
Secondary Disaster caused by Damage of
Road Facilities

Exclusive Use Facilities

Influence of Damage of Exclusive Use
Facilities on Road

Others

Critical Innaduation, Tsunami, Fire, etc.
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Table 21 Damage Types

1

Pile Foundation

Foundation —[

Reinforced

— Pier Cencrete

Pier

Sub-
structure

pa—

Steel

Direct and Caisson Foundation —— 2

— 3

Pier

—— Abutment

Concrete

10

Super-
structure{

Steel

Bearing

11

— 12

— 13

-~ 14

— 15

Support

16

— 17

-—18

—19

— 21

— 22
— 23

Expansion Joint -

— 24
— 25
L— 26
27

Other
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of Bridges

Failure of Pile Top, Residual
Displacement

Residual Displacement

(At Bottom of Pier) Crack and
Spalling-off of Concrete, Buckling
and Cut of Reinforcing Bar, Tilting
of Pier '

(At Cut-off Point) Crack and Spalling-
off of Concrete, Buckling and Cut of
Reinforcing Bar, Tilting of Pier

(At Intermediate Height) Shear Crack
and Spalling-off of Concrete, Expo-
sure of Reinforcing Bar, Tilting of
Pier

(At Sudden Change Position of Cross
Section and Construction Joint)
Crack and Spalling-off of Concrete
Buckling and Cut of Reinforcing Bar,
Tilting of Pier

(Flame Structure) Crack and Spalling
off of Concrete, Buckling and Cut of
Reinforcing Bar

Local Buckling, Cracks, Uneven Qut-
plane Residual Deformation, Tilting
of Pier

Crack and Spalling-off of Concrete,
Buckling and Cut of Reinforcing Bar,
Tilting and Subsidence

Crack and Failure around Support

Residual Deformation and Failure of
Members around Support

Deformation and Failures of Support
and Sole Plate

Deformation and Failure of Stopper
(Stopper of Upper Support, Side
Block of Lower Support)

Pulling-out, Blending and Cut of Anchor
Bolt

Looseness and Cut of Set Bolt (Pin and
Roller Support)

Pulling-out of Pin Cap, Cut of Cap (Pin
and Roller Support)

Pulling-out of Roller and Rocker
{Roller and Rocker Support)

Deformation and Failure of Up Lift
Stopper for Preventing Up-lift

Crack and Failure of Mortar under
Support

Crack and Failure of Seat Concrete
Falling-off of Joint Filler

Failure of Face Plate

Cut of Joint Rubber

Failure of Anchor Concrete
Opening and Contact of Joint

Gap

Failure of Hand-rail, Damper etc
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Damage Inspection for Permanent Repair, and Permanent Repair Method of
Highway Bridges (3rd Stage)

For permanent repair, the degree of damage has to be decided from a
different inspection than that used by the temporary repair. Inspection of
repair needs is required for long term use in the 3rd stage. Upgrading may
be required for those bridges which suffered critical damage. The damaged
degree iIs determined as

A : No Damage - No damage or minor damage which does
not affect function for long-term service.

B : Slight Damage - Damage which does not affect the bearing
capacity

C : Medium Damage - Damage which affects the bearing capacity

D : Critical Damage - Damage which significantly affects the bearing
capacity

Time required, cost, workability, availability of construction materials
and visual appearance of repairing works have to be considered. Table 22
represents one of examples of a permanent repair method for reinforced
concrete piers which suffered flexure failure at the base.

DEVELOPMENT OF INFORMATION GATHERING AND PROCESSING SYSTEMS
FOR SEISMIC DAMAGE MITIGATION

After a destructive earthquake, it is of significant importance to imme-
diately gather correct information on the extent of damage in the area
affected by the earthquake. Road transportation is expected to be
interrupted in a very large earthquake, particularly in urban areas' such as
Tokyo, as a result of damage of not only transportation facilities but of
falling-off of building attachments along the road. Confusion of people and
automobiles left on road would also cause considerable disruption to the
transportation. It Is required therefore to develop new information
gathering and processing systems which will enable the extent of damage to

be recognized immedlately after the earthquake for formulating a repair and
restoration strategy. '

A comprehensive 5 year research program entitled " Development of
Information Gathering and Processing Systems for Disaster Mitigation" was
initiated in 1988 by the Ministry of Construction. The objectives of this
research project were to develop new information correction and processing
systems, using advanced new technology, for various disasters such as
earthquakes, floods and debris flows. Key items of the research development
are (refer to Fig. 24) ;

a) Bird's eye information correction systems from helicopters,

b) On-line information processing systems, and
¢) Real-time digital mapping systems.
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Table 22 Permanent Repair of Reinforced Concrete Bridge Piers with Flexural
Failure at Bottom

Level of Damage

Design by Ductility Analysis

, Design for Normal
Damage Patter Presented Repair and Restoration Method esign tor Norm .
. Load Yield Stage Ultimate Stage
in Fig. 4-2
Before Yield Injection of Epoxy Regin Normal Normal Normal
of Reinforcing Before Stage 1 Covering by Reinforced Concrete Hybrid Hybrid Hybrid
Bar Covering by Steel Plate Hybrid Hybrid Hybrid
Injection of Epoxy Regin §/3 Es for Reinforcing | 2/3 Es for Reinforcing Normal
ar Bar
After Yield but . . Ignore Original 1/3 Es for Original .
Pefore Ultimate Stage 2and 3 Covering by Reinforced Concrete Section Reinforcing Bar Hybrid
. Ignore Original 1/3 Es for Original .
Covering by Steel Plate Section Reinforcing Bar Hybrid
After Ultimate Stage 4,5and 6 Covering by Reinforced Concrete Ignore Original Ignore Original Hybrid
’ Section Section

Note 1) Normal: Usual design procedure in accordance with Design Specifications of Highway Bridge.

2) Hy‘orid: Original damaged section can be treated to work for load with new section.
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For this purpose, measuring technology of the degree of seismic damage
of structures, using helicopter picture information and new media high-grade
disaster prediction methods as well as planning systems for repair and
restoration in the damaged area are under development. To avoid distortion
of information during transferring information from the regional office to
headquarters, it is aimed to develop visual motion picture systems.

In executing the project, the Technological Research Center for National
Land Development established the Committee for the Development of Disaster
Information Systems, which is chaired by Dr. H. Umemura, Professor Emeritus
of the University of Tokyo. Final accomplishments of the project are to be
compiled in 1992 in the form of guidelines.

CONCLUDING REMARKS

The preceding pages presented the present ecarthquake engineering
efforts to mitigate earthquake hazards of road transportation facilities in
Japan. Japan has been experiencing many destructive earthquakes in the past
and it Is critically important that the functions for rescue, evacuation,
repair and restoration be able to be carried out. Replacement and strength-
ening of existing highway bridges is extremely difficult in urban areas.
Transportation facilities, In particular Important ones such as highway
bridges, have to be provided with a very high level of seismic safety.

The level of seismic safety required for transportation facilities has
been Increasing in recent years as a result of past experiences where
confusion caused by the interruption was considerable in urban area.
Indirect damage caused by the interruption of urban transportation was much
larger than the direct damage. It is therefore required to develop new
seismic design and countermeasure concepts which enable structures with
higher and with various levels of selsmic safety to be constructed.
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SUMMARY

This paper presents an experimental study on scismic inspection and
seismic strengthening methods for reinforced concrete bridge piers which
have termination of the main reinforcement, without enough anchorage
lengths, at mid-height. The effect of the anchorage length of the main
reinforcement was studied through the tests of 15 reinforced concrete pier
specimens. The effccet of the length and thickness of a steel jacket, and the
use of injected material between the existing concrete and the steel jacket
was also studied for developing a strengthening method.

INTRODUCTION

During recent earthquakes including the Miyagi-ken-oki Earthquake'of
1978 and the Urakawa-oki Earthquake of 1982,"'“ reinforced concrete piers
of highway bridges which have termination of main reinforcement at
mid-height and short anchorage lengths have suffercd serious damage.
Photos 1 and 2 show the damage to reinforced concrete piers at this zone.
Because the bending moment developed In the pier subjected to a lateral
force P decreases as the height from the base increases, the amount of main
reinforcement is generally decreased by terminating a number of bars at
mid-height as shown in Fig.1. For short piers constructed prior to 1980, half
of the reinforcement was terminated at approximately mid-height of the pler
because in the design specifications, it was stipulated that the
reinforcement can be terminated at the point 20 times of a diameter of the
reinforcement higher than the polnt where the stress of reinforcement
decreases to 50% of the allowable stress, therefore, only this length was
generally provided. Since the damage to reinforced concrete piers at the
anchorage zone results in a brittle shear failure,® ® such damage should
be prevented.

Through the past experiences of damage to pilers, the design
specifications for highway bridges were revised in 1980,” in which,
anchorage length was Increased from 20 times the diameter of the
reinforcement to effective width of the pier plus 20 times of the diameter of
the reinforcement. The allowable stress of concrete for shear In the
anchorage zone also reduced by 33%.

(1) Head, Earthquake Engineering Division, Earthquake Disaster
Prevention Department, Public Works Research Institute,
Ministry of Construction, Tsukuba Science City, 305, Japan

(1) Research Engineer, ditto

(Im) Assistant Research Engineer, ditto
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Because a large number of piers were designed according to the
specifications issued prior to 1980, inspection and strengthening are
required for piers with this short anchorage length.

The Ministry of Construction made seismic inspections of highway bridges
throughout the country in 1971, 1976, 1979 and 1986. In the latest inspection,
approximately 40 thousand bridges were inspected, and about 11 thousand
bridges were found to require seismic strengthening. Although most of these
bridges require installation of devices for preventing falling-off of the
superstructure, some bridges detected require strengthening mecasures
because of the short anchorage length of the main reinforcement in the pier.

There are several possible ways to strengthen such reinforced concrete
piers. One method may be to place new reinforced concrete section around
the existing section to support the lateral load. However, in this method,
the increase of the mass of the pier tends to require an increase of the load
resistance of the foundation. To avoid this situation, the pier may be
strengthened by means of a steel jacket wrapped around the existing pier
and construction will be simpler than adding new reinforced concrete.

In order to develop a seismic Inspection method and seismic
strengthening method for reinforced concrete bridge plers which have high
vulnerability to develop serious damage at the mid-height where the main
reinforcement is terminated during earthquakes, a series of dynamic loading
tests were conducted at the Public Works Research Institute, partially in
cooperation with the Metropolitan Expressway Public Corporation and the
Hanshin Expressway Public Corporation.

This paper presents some of the prellminary results of the studies of
effect of the anchorage length of the main reinforcement and length of the
steel jacket required to prevent fallure at the termination points.

TEST SPECIMENS AND EXPERIMENTAL SET-UP

Test Specimens

a) Test specimens for evaluating vulnerablility

In order to evaluate the failure mode of the reinforced concrete piers
with an inadequate anchorage length of the main reinforcement, 7 specimens
with square sections of 50cmx 50cm were constructed as shown in Table 1. The
scale of the specimens Is assumed to be about 1/5 of a prototype pier.

Among the 7 specimens, Specimens 1, 2, 3 and 4, which have a shear span
ratio of 5.4, were constructed with different anchorage lengths of main
reinforcement as shown In Flig.2. Other characteristics are the same among
the four specimens. Forty deformed reinforcing bars (yleld strength is 3,000
kgf/cm®) with a dlameter of 13mm were placed as main reinforcement so that
main reinforcement ratio was 2.03% at the base. Round reinforcing bars (yield
strength Is 2,400 kgf/cm®) with a diameter of 9mm were placed every 25cm as
tie reinforcement. The tie reinforcement ratio was 0.1%.

In Specimen 1, all reinforcement Is continuous from the base to the top
without termination at mid-height. In Specimen 2, the main reinforcement is
terminated at the point where the stress Induced in the reinforcement
becomes one half of the allowable stress. Therefore, no anchorage length
was provided in specimen 2. On the other hand, Specimens 3 and 4 were
constructed with anchorage lengths of D/2 and D, respectively, in which D
represents the width (=50cm) of the pler.
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Specimens 10, 11 and 12 had a shear span ratio of 9.9. Although reinforced
concrete plers with such proportions are rarely adopted, the test was made
to study the mode of failure under the condition that the bending moment
will be more predominant than shear force in deslgn. The layout of the main
and tic reinforcement were the same as Specimens 1, 2, 3 and 4. Anchorage
lengths were 0, D/2 and D for Specimens 10, 11 and 12, respectively, as shown
in Fig.3.

b) Test specimens for verifying strengthening method

To study the effect of the steel jacket, 8 specimens were tested as shown
in Table 2. Specimens from 13 to 17 had a square section of 50cmx 50cm, and a
shear span ratio of 5.6 as shown in Fig.4. Forty six deformed reinforcing
bars (yleld strength is 3,000 kgf/cm<), each with a diameter of 10mm were
placed as main reinforcement. The main reinforcement ratio was 1.31% at the
base. Round reinforcing bars (yield strength is 2,400 kgf/cm®) with a
diameter of 6mm were placed every 25cm as tie reinforcement. The tie
reinforcement ratio was 0.05%. The effectiveness of a lmm thick steel jacket
with the length of 1D was studied in Specimens 13 and 14. The steel jacket
was placed centrally about the termination point so that it covered the
region of D/2 above and below this point. Two types of material were
injected between the steel jacket and the surface of existing concrete piers
to Investigate their behaviour. They were nonshrinking concrete mortar
(Specimen 13) and epoxy resin (Specimen 14). Because the length of a steel
Jacket of 1D was not enough to prevent the fallure at the termination point,
it was elongated to 1.5D for Specimen 15 (concrete mortar) and Specimen 16
(epoxy resin) as will be described later. The steel jacket was placed over
the region D above and D/2 below the termination point, respectively. To
study effect of the thickness of steel jacketing, a 0.6mm thick steel jacket
was used on Specimen 17, in which the epoxy resin was adopted for injection.

Specimens 18, 19 and 20 had wall type construction with section
dimensions of 40cmX 160cm as shown In Flg.5. Sixty four deformed reinforcing
bars (yleld strength is 3,000 kgf/cm®) with a diameter of 10mm were placed as
the main reinforcement. The main reinforcement ratio was 0.76% at the base.
Round reinforcing bars (yleld strength is 2,400 kgf/cm®) with a diameter of
6émm were placed every 20cm. The tie reinforcement ratio is 0.08%. No
strengthening was performed on Specimen 18 which had no anchorage length
of the main reinforcement. Specimens 19 and 20 were strengthened by steel
Jackets with lengths of 1.5D and 2D, respectively, in which D represents the
width of the shorter side of the section. Concrete mortar was injected into
both specimens.

Loading Conditions

All specimens were laterally loaded at the top and were subjected to
axial loading as shown In Fig.6. An electro-hydraulic dynamic actuator and
static jack were used for the loading.

The specimens were subjected to a reversed cyclic lateral loading
history under displacement control as shown in Fig.7.'V*'® The load was
incrementally increased in about 10 steps up to the yielding of the main
reinforcement at the base. The displacement developed at the pier crest,
where the main reinforcement yielded at the base is defined hereafter as the
yield displacement & o, and It Is used as a reference value to specify the
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loading displacement applied to the specimens.

Extensive electric ’lnstrumentatlon was used to measure and reccord the
basic deformation parameters such as the strain in the main and tie
reinforcement as well as the displacement and acceleration at the loading
point.

VULNERABILITY OF REINFORCED CONCRETE PIERS
WITH INADEQUATE ANCHORAGE LENGTH

Effect of Anchoring Length

a) Specimen with shear span ratlo of 5.4

Fig.8 shows the effect of the anchorage length in the tests of Specimens
1, 2, 3 and 4, which had square cross sections of 50cmX 50cm and a shear span
ratio of 5.4.

Fig.8(a) shows the fallure mode of the specimens. In Specimen 1, in which
main reinforcement was continuous from the bottom to the top without
termination, flexural cracks were firstly developed at the base. As the
loading increased, the cracks progressed and spalling-off of the cover
concrete developed. The specimen finally falled in flexure at the base.

In Specimen 2, which had zero anchorage length, flexural cracks were
firstly developed at the termination point. The flexural cracks progressed
and the specimen finally failed in shear at the termination point.

In Specimen 3, which had an anchorage length of D/2, flexural cracks
were developed at both the termination point and at the base of the pier. As
the loading increased, the cracks at the base progressed significantly, and
the specimen finally failed In flexure at the base.

In Specimen 4, which had an anchorage length of D, the failure mode was
almost same with that of Specimen 1. The anchorage length of D was
considered to be sufficient to prevent failure at the termination point.

Based on the test results of Specimens 1, 2, 3 and 4, the position where
the cracks occurred was seen to give a indication of the position where
failure would eventually occur.

Fig.8(b) compares the strain induced in the main reinforcement of the
specimens. It should be noted that the accuracy of strain measurement over
about 3,000z was poor due to the limited capability and damage of strain
gauges.

Larger stralns were developed at the base in Specimens 1 and 4 while a
strain as large as that at the base was developed at the termination point in
Specimens 2 and 3 and the strain at the termination point was larger in
Specimen 2 than in Specimen 3. This corresponds to the difference of the
failure mode observed In these specimens. ,

Fig.8(c) shows the envelope of load-displacement hysteresis loops and
equivalent hysteresis damping ratlo. It is obvious that the lateral load
resistance of Specimen 2, which failed at the termination point, is
considerably smaller than that of other specimens. The equivalent damping
ratio did not seem to be affected directly by the fallure mode.

b) Specimens with shear span ratio of 9.9

Fig.9 shows the effect of the anchorage length on Specimens 10, 11 and
12, which had the same square Ccross section (50cmx 50cm) and a shear span
ratio of 9.9.
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Fig.9(a) shows the failure mode of the specimens. In Specimen 10, in which
no anchorage length was provided, flexural cracks were firstly developed at
the termination point. As the loading Increased, the cracks progressed and
spalling-off of the cover concrete developed. Although rupture of the main
reinforcement did not occur, the load resistance of the pier suddenly
decreased in the first cycle to 58 o in plus direction, therefore testing was
terminated to protect the loading equipment. The specimen finally failed in
shear.

In Specimen 11, which had an anchorage length of D/2, flexural cracks
were developed at the termination point as well as at the base as shown in
Fig.10. Slightly greater shear cracks were also initiated at the termination
point during the cycles to 26 o. However, significant flexural cracks and
spalling-off of the cover concrete developed after the cycles to 36 o and
the specimen finally failed at the base. Tensile rupture of five reinforcing
bars occurred at the base during the 66 o loading.

In Specimen 12, which had an anchorage length of D, the flexural cracks
were developed at the base and a few cracks were observed at the
termination point. The specimen finally failed in flexural at the base.

Fig.9(b) compares the strain induced in the main reinforcement of these
specimens. The strain at the termination point and at the base reached the
yleld strain (1,800 z ) during the 16 o loading in all specimens. As the
loading displacement increased, the strain substantially increased at these
two points. In Specimen 12, which failed in flexure at the base, the strain at
the termination point almost reached the yielding strain even during the 1
6 o loading. Although the difference in the strain distributions of the
specimens was small up to the 46 o loading cycles It Is thought that the
difference In the strains of the specimens would Increase after this value.

Fig.9(c) shows the envelope of the load-displacement hysteresis loops
and the equivalent hysteresis damping ratio. Noticeable differences in the
envelope are not observed up to the 46 o loading where a sudden decrease of
the load occurred in the specimen 10. This corresponded to the failure at
the termination point as was described above. Because the failure occurred
on the first loading to +58 o, the effect of fallure was not observed in the
equivalent damping ratio.

SEISMIC STRENGTHENING BY MEANS OF A STEEL JACKET

Reinforced Concrete Pler with Square Section

Fig.11 shows the effect of the steel jacket strengthening method on
Specimens 13, 14, 15, 16 and 17. The length of the steel jacket was the main
interest in these tests.

Fig.11(a) shows the failure mode of the specimens. In Specimens 13 (mortar
injection) and Specimen 14 (epoxy resin), which were strengthened with 1D
long steel jackets, flexural cracks were developed at the base. As the
loading increased, the cracks progressed, and the specimens finally failed in
flexure at the base. Fig.11(b)(1) and (2) compare the strain induced in the
main reinforcement In Specimens 13 and 14. Although the strain in the region
covered by the steel jacket was small, the strain at the upper end of the
steel jacket rcached the ylelding strain during the 16 o loading cycles. It
became greater than the ylelding strain with Increasing loading
displacement. Fig.12 compares the deformation, in the vertical direction,
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induced in the steel jacket. The strain was only about 100z (Specimen 13) ~
200 (Specimen 14) even during 36 o loading. As will be discussed later, the
strain induced In Specimen 14 was slightly larger than that induced in
Specimen 13. (This shows the difference of contact between the steel jacket
and the concrete surface). After the 748 o loading cycles, the steel jacket
was taken out to inspect the damage at the termination point. Although a
single moderate crack was developed as shown in Photo 3 and 4, progress of
the fallure at the termination point was prevented by the steel jacket. Only
minor cracking occurred at the upper end of the jacket. Based on the test
results, it was considered that the length of 1D was insufficient to prevent
failure at the termination point.

Specimen 15 (mortar Injection) and Specimen 16 (epoxy resin) were
strengthened by a 1.5D long steel jacket and were then tested.

In Specimen 15, flexural cracks were developed at the base. However, as
the loading increased, shear cracks were developed at the lower end of the
steel jacket and the specimen finally failed in shear at this zone as shown
in Fig.11(a)(3). The concrcte mortar between the concrete surface and the
steel jacket was crushed and the steel jacket deformed as shown in Photo 5.
Fig.11(b)(3) shows the strain induced in main reinforcement. During the 36 o
loading cycles, 1t exceeded the yield strain. The strain was slightly larger
at the lower end of the jacket. The tie reinforcement yielded during the 36 o
loading cycles and the concrete mortar was crushed and outward buckling of
steel jacket occurred. Fig.13(1) shows the deformation, in the vertical
direction, induced in the steel jacket. The strain takes the maximum value at
the center of the jacket. The strain was about 1200, which is much larger
than that induced In Specimen 13 which had a jacket length of 1D. It means
that the steel jacket with length of 1.5D worked much effectively than the
steel jacket with length of 1D. It should be noted that effect of the outward
buckling of the steel jacket which was described above cannot be clearly
seen In Fig.13 because it shows the strain of steel jacket in vertical
direction.

on the other hand, in Specimen 16, flexural cracks were developed at the
base, where the specimen finally falled in flexure as shown in Photo 6. This
clearly showed the difference of the injection material between the concrete
surface and the steel jacket. Epoxy resin was better than the concrete
mortar in this test because separation of the steel jacket from the concrete
surface did not occur developed in the epoxy injected speclmen. However,
the effectiveness of such Injected materials has to be evaluated from other
viewpoints such as durability for long-term use. As shown in Fig.11(b)(4), the
strain induced in the maln reinforcement was slightly smaller than that in
Specimen 15. Deformation of the steel jacket in the vertical direction is
almost the same as that of Specimen 15 as shown in Fig.13(2).

In Specimen 17, in which a thinner steel plate (t=0.6mm) was used. The
failure mode was almost the same as that developed in Specimen 15 (t=1mm).
The crushing of the steel occurred at the lower end of the jacket, and the
bond effect of epoxy resin were cut off during 445 o loading cycles. The
deformation of the jacket were of the same order as that developed In
Specimen 15. The strain Induced In the main reinforcement and strain of the
steel jacket in vertical direction were larger than those of Specimen 16 as
shown in Fig.11(b)(5) and Fig.13(3). This clearly shows the effect of the
different thicknesses of the steel jacket.
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Reinforced Concrete Plers with Wall Type Section

Fig.14 shows the effect of the steel jacket strengthening method on
Specimens 18, 19 and 20.

Fig.14(a) shows the failure mode of the specimens. In Specimen 18, which
was not strengthened by the steel jacket, flexural cracks were developed
both at the termination point and at the base. As the loading increased, the
cracks significantly progressed at the termination point until the specimen
finally failed at this zone.

In Specimen 19, which was strengthened by a 1.5D long steel jacket,
cracks progressed at the base where the specimen finally failed in flexure.
When the steel jacket was removed from the concrete pier after the 766
loading cycles, a horizontal crack was found at the termination point.

In Specimen 20 which was strengthened by a 2D long steel jacket, the
failure mode was almost identical with that of Specimen 19. However, no crack
was observed at the termination point when the jacket was removed after the
768 o loading cycles.

Fig.14(b) compares the strain induced In the main reinforcement of
Specimens 19 and 20. Although, the strain induced in the main reinforcement
at the strengthened region was less than 100 up to 36 o loading in
Specimen 19, the strain suddenly Increased and exceeded the yielding strain
at the termination point durlng the 46 o loading cycles. On the other hand,
the strain induced in the main reinforcement at the strengthened zone was
small even during large displacements in Specimen 20. Therefore, 2D may be
required as a length of the steel jacket in order for the termination point
to have no effect. Fig.15 compares the strain induced in the steel jacket, In
the vertical direction, it Is very small, and takes a value of only 200 even
during the cycles to 36 o and ylelding of tie reinforcement was not
developed in Specimens 19 and 20.

Fig.14(c) shows the envelope of the load-displacement hysteresis loops
and the equivalent damping ratio. The load resistance of Specimen 18
suddenly decreased during the 56 o loading cycles. The load resistance of
Specimens 19 and 20 increased by about 10% than that of Specimen 18 when the
steecl jacket was used. The difference in the load resistance of Specimens 19
and 20 was Insignificant. The equivalent damping ratio of Specimen 20 during
the 56 o and 66 o loading cycles was smaller that of Specimen 21 because the
number of main reinforcing bars ruptured at the base was greater than
Specimen 20.

EVALUATION OF VULNERABILITY

Based on the tests described above, it may be important to estimate the
strength of reinforced concrete piers at the termination point in relation
to the strength at the base. If the strength at the termination point is
smaller than that at the base, shear fallure, which results in extensive
damage In a brittle manner, is likely to occur.

To evaluate the strength of plers, the load resistance is defined as
shown in Fig.16 in terms of the bending moment as

S = ST/SE (1)
ST = M','T/MT (2)
s = M,B/MP (3)
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where
S : failure mode factor

ST and S : a factor representing the strength at the termination
point and at base, respectively

MT and M® : bending moment developed at the termination point
and base, respectively when the pier is subjected to a
lateral force at top

M, " and M..® : ylelding bending moment at termination point and at

base, respectlvely,

In Eqs.(2) and (3), the yielding bending moment is defined as the bending
moment at which the reinforcement begins to yield. ST and S® defined in
Eqs.(2) and (3) determine the likelihood of ylelding at the termination point
and base, respectively. If MsT is defined to be the bending moment developed
at the termination point when M. ® equals to M, Eq.(1) can be written as

S = M, T/Ma" (4)

Fig.17 shows how the failure mode factor varies along pier in the
Specimens 1 and 3. Specimen 1 falled at the termination point while the
specimen 3 failed at the base. The fallure mode factor S at the termination
point takes 0.92 and 1.1 in Specimen 1 and Specimen 3, respectively. Although
the difference is not necessarily so large, it may be said that the failure
mode factor may be used to identify the failure mode.

Fig.18 shows the failure mode factors at the termination point for all
specimens which have termination of maln reinforcement at mid-height.
Failure is likely to be developed at the termination point when the failure
mode factor Is less than 1.1 although there are some scatters. On the other
hand, flexural failure at the base tends to be developed when the failure
mode factor is larger than or equal to 1.1.

Fig.19 shows the distribution of the failure mode factor for Specimen 13
which was strengthened by the steel jacket. For computing the failure mode
factor by Eq.(1), it was assumed that no separation is developed between the
concrete surface and the steel jacket, and that the steel jacket behaves as
main reinforcement. The increase of concrete strength and ductility by
increasing the confining pressure by means of the steel Jjacket was
disregarded in the calculations.

Fig.20 shows the failure mode factor for all specimens strengthened. The
minimum value of the failure mode factors at the upper end and lower end of
the steel jacket as well as at the termination point is presented in Fig.20.
All specimens strengthened failed at the base although two specimens
(Specimens 15 and 17) suffered outward deformation of the steel jacket and
shear failure occurred at the lower end of the jacketed zone. If such
failure can be regarded as minor, it may be said faillure at the termination
zone was prevented when the fallure mode factor was larger than 1.1.
However, because the number of data i{s inadequate, this needs further study.
Special attention should be pald to study the difference of injection
material.

CONCLUDING REMARKS

For the evaluating seismic vulnerability of reinforced concrete bridge
piers which have termination of main reinforcement and inadequate anchorage
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length and for evaluating effectiveness of repair by using steel jackets, a
series of dynamic loading tests were made on specimens with square and wall
type sections. Based on the test results presented herein, the following
conclusions are made: 4

1) For preventing shear fallure at the termination point, the anchorage
length should be longer than 1D, where D Is the width of the cross section.

2) Whether shear failure at the termination point is developed or not may be
evaluated by the failure mode factor S defined by Eq. (1). If the failure mode
factor S Is smaller than 1.1, shear fallure is likely to be developed at the
termination point. When the failure mode factor S is larger than or equal to
1.1, flexural fallure at the base tends to be developed.

3) Steel jackets can be used to strengthen piers vulnerable to shear fallure
at the termination point. The minimum length of the steel Jacket may be from
1.5 to 2.0 times the pier width D.

4) Epoxy resin seems better than concrete mortar as an injection material,
because separation of steel jacket from concrete surface Is more restricted.
However effectiveness of the epoxy resin should be examined from other
aspects Including durabllity for long-term use. Use of steel bars to anchor
the steel jacket as well as the concrete mortar may be an alternative
approach to be studled.

5) For evaluating the effectlveness of steel jackets, the fallure mode factor
S by Eq.(1) may be used. Although further study Is required, It may be
tentatively said that failure at the termination point is prevented if the
failure mode factor is larger than 1.1.
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Photo 1 Pier Damage of the Sendal Bridge during
the Miyagi-ken-oki Earthquake of 1978

Photo 2 Pler Damage of the Sizunal Bridge during
the Urakawa-oki Earthquake of 1982
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Photo 3 Crack along the Terminatlon Polnt of Specimen 13 Photo 4 Crack along the Termination Polnt of Specimen i4
Strengthened by a 1D Long Stecl Jacket with Strengthened by a 1D Long Steel Jacket with
Concrecte Mértar Epoxy Resin
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Table 1 Test Specimens for Evaluating Vulnerabilty

Specimen No. s-1 | S -2 s-3 | s-a4 | s=101] s=-11 1 s-1
Cross Section [em] 50 x 50
Covering Depth of Concrete {em] 3.5
Effective Helght [cm) 250 460
Shear-Span Ratlo 5.4 E 2.9

z‘mtcrlal and Diameter [mm) SD30. D13

| Termination Polnt of Maln Without | 110 { a5 \ w0 | 180 | 205 230
Longitudinal ] Relnforcement from Base [em] | Termination | i t | ! |
Reinforelng | :
Bar (Deformed | Ratio of Reinforcement (%) 2.03
Bar) l (after Termination (%)) (1.02)

| vicld Strength (kif/ca®) 3,14 | 3,525

]Maccrial and Dlameter (mm) SR24, ¢ 9
Hoop Tlc¢ ; Ratlo of Relntorcement (%) 0.10

| Yleld Strength (kef/cm™) 2,776 | 2,910

f Material Portland

| Cement
Concrete IMa.\' Graln Slze of Aggregate 10

l (mm]

- : ;

l Uni-Axlal Strength (kgf/em™) 327 332 E 325 429 } 429 409 ! 290

] Directlon of Loading 1-direction

! Velocity of Loading [cm/sec] 5 10
Lateral l
Force Number of Loading for Each 10

Specifle Displacement
l Loading Displacement [cm]) 1.3 | 4,25
|

'Axlal Force [tf) 4.11 | 25
Axlal Force "

'A.\'Ial Stress (kgf/cm™) 1.64 ‘ 10




Table 2 Test Specimens for Verifylng Strengthening Method
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Spectmen No. s-138 | s-14 | s-15 | s-16 | s-17 | s-18 $~19 $-20
Cross Sectlon [em)] 50% 50 I 40% 160
Covering Depth of Concrete [cm] : 3.5
Effective Helght [cm) ' 260
Shear-Span Ratlo 5.6 | 7.1
Material and Dlameter [mm] sSbao, D10
Termination Point of Maln 90 80
Longltudinal |Reinforcement from Base [cm]
Reinforcing
Bar (Deformed | Ratlo of Reinforcement [%] 1.31 0.76
Bar) (after Termination [%]) (0.63) (0.38)
Yield Strength (kgf/cn®) 3,640 | aars | ses0 | 411 3.740
Material and Dlameter [mm] SR24, ¢6
Hoop Tle Ratio of Relnforcement (%] 0.05 } 0.08
Yield Strength (kgf/cn®] 2,501 | aa23 | 2500 | 4em 3,637
Material Portland
Cement
Concrete Max Graln Size of Agg‘reg.[s.te] 10
nn
Unl-Axlal Strength [kgf/cm?) 412 447 460 363 447 360 336 426
Direction of Loading l-direction
Veloclty of Loading [cm/sec] S
Lateral
Force Number of Loading for Each 10
Specific Displacement
Loading Displacement [cm] 1.5 , 1.7
Ax{al Force (tf] 28.8 64
Ax{al Force =
Axlal Stress [kgf/cm”) 11.52 10
Material SPCC SPCC SPCC SPCC SPCC - SPCC SPCC
(width (cm], Thickness {mm)) (1D, 1) (1D, 1) (1.5D, 1) (1.5D, 1) (1.5D, 0.6) (1.5D, 1) (2D, 1)
Steel Jacket
Injection Materlal Concrete Epoxy Resin | Concrete Epoxy Resin | Epoxy Resin - Concrete Concrete
and Thickness [mm] Mortar 20 3 Mortar 20 K] 3 Mortar 20 |Mortar 20

Note) SPCC represents "Cold Rolled Steel Sheet”.
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Fig.5 Reinforced Concrete Wall Type Pier Specimens with Shear Span Ratio

of 7.1 to study Strengthening Method by Means of A Steel Jacket
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ABSTRACT

Two types of external steel plates were welded onto the outside of rectangular hollow steel bridge
pier specimens in order to repair them after they had been subjected to moderate and large amounts
of earthquake-type action. The strength and ductility capacity of the repaired specimens was found to
be better than that of the original specimens when further deformation was imposed. Retrofit of piers
by adding concrete increased the strength of the piers by up to 34% but brittle fracture sometimes
decreased the ductility capacity. A method of increasing the deformation capacity without increasing
the strength was proposed.

INTRODUCTION

Steel bridge piers have been used over the past 30 years for the construction of bridges on the
national road transportation network in Japan. The construction cost of these piers is generally more
than that of reinforced concrete piers but the section size is significantly smaller making them ideal for
use in city locations where land prices are high and where there are restrictions on construction space.
Damage has not been observed in this sort of pier to date during a real earthquake and tests to
understand their strength, ductility capacity and repairability have only recently been performed.

It is anticipated that steel piers supporting existing bridges may yield in a major earthquake because
inertia forces of more than three times the design load resistance level are expected to be developed.
These piers are expected to behave in one of two ways: ’

1) Piers may successfully resist the earthquake by deforming inelastically. However, if there is a major

loss of strength or a large amount of deformation then effective repair methods will be required so
that the pier resistance will be sufficient during future major earthquakes, or

2) Piers may suffer severe damage and be unrepairable. Retrofit is therefore required before the

earthquake occurs in order to ensure satisfactory behaviour.
The tests described here were carried out to find effective methods for repair and retrofit of steel piers
{1] and the results were included in the Manual of Seismically Damaged Civil Engineering Structures

(2.

A typical steel pier of the sort used in Japan is shown in Figure 1. It consists of four plates welded
together into a box shape and other plates are welded internally to provide longitudinal and lateral
stiffness. Design of this pier type is carried out according to the "Specifications for Highway Bridges”
issued by the Ministry of Construction {3). Two types of buckling which are checked during the design
are:

a) overall buckling of one side, and

b) local buckling of the panel between the longitudinal stiffeners (local panel buckling).

These deformation modes are shown in Figure 2(a) and (b) respectively. An indication of which of
these modes of buckling is likely to occur first is also available [4].

The method of retrofit which should be used on a pier depends on the type of buckling deformation
and failure mechanism which is likely to occur. Tests on twenty two piers have been conducted at
PWRI in order to understand their strength and deformation capacity [5]. Points of interest from these
tests related to the mode of failure of piers and which may affect the retrofit or repair procedure are:

1) The height of the major buckle was midway between the base and the first lateral stiffener in the

piers which failed by overall buckling of one side.

1 Researcher, Earthquake Engineering Division, Public Works Research Institute, Tsukuba, Japan
2 Head, Earthquake Engineering Division, Public Works Research Institute, Tsukuba, Japan
3 Senior Research Engineer, Earthquake Engineering Division, PWRI, Tsukuba, Japan
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2) Piers which failed by local panel buckling sustained either a very localized buckle or no buckle at
all and failed by fracture of the steel near or in the weld at the base.

3) Some piers with concrete infill over the bottom third of their height were also tested . The added
concrete may be considered as a method of pier retrofit. The results of these tests are discussed
later in this paper.

4) Piers tested on the shaking table underwent very little yield reversal and the displacement at the
top increased only in one direction. Large residual displacements were observed at the top of the
piers after the tests were completed which indicated that {ull repair may be difficult to perform.

REPAIR OF STEEL PIERS

Test Specimens

Real piers are generally large enough that a person may enter and weld from the inside but the pier
specimens used in these tests were too small for this construction technique to be used. The pier was
therefore constructed in stages as shown in Figure 3. Weld was applied to the inside of the specimen
before the final web-plate was welded into place from the outside. The diaphrams extended outside
the section on one side to facilitate the welding of the final web plate to the specimen. The longitudinal
stiffeners on the inside of the final web plate were discontinuous at the diaphram positions and at the
base. .

Four piers of the type shown in Figure 4 were tested in the test configuration shown in Figure 5.
The effectiveness of repair with "strengthening plates” or “contact plates” as shown in Figure 6 was
investigated. These methods are discussed in detail later in the paper. The third panel from the top
was constructed from a weaker steel (SM50Y steel) than the other panels (SM58 steel). This region
was made weak so that the inelastic action would occur there and so that repair could be carried out
easily. Damage in actual piers would be expected to occur in the base section and foundation
concrete may need to be dug out in order to retrofit. The section sizes are given in Table 1 and the
calculated yield strengths, yield displacements and plastic strength of each specimen are given in
Table 2. Displacement-controlled cyclic applied lateral loading was applied to multiples of the yield
displacement, dy, where dy was calculated as the displacement at the loading point when the
compression flange at the base of the middle section (SM50Y steel) yielded.

Table 1: Specimen Sizes (mm)

Central Region Flange Size bf x tf 600 x 7.1 I Loading Face
(SMSOY Steel) Web Size by x tw 600 x 6.4 I T n! 7
Rib Size by x t¢ 50 xﬁil 2}:% i P
Base Region Flange Size bf x tf 600 x 8.2 I . =
(SM58 Steel) Web Size by xtw | 600x73 || | 4 =l 5]
Rib Size by x iy S0 x63

Table 2: Predicted Yield Force, Py, Yield Displacement, dy, and Plastic Force, Pp.

I Specimen Number Repair Method Py (1f) | dy (mm)} Pp (tf)

| Original | 1, 2,3, 4 i 7 | 28 | &

| Pier

( Repaired 2R Strengthening Plate | 125 3.6 139
Pier 3R Strengthening Plate | 125 3.4 140

I 4R Contact Plate 76 3.6 76
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Purpose and Procedure for Each Test
Test 1 {(Specimen 1)

Specimen 1 was tested in order to obtain the maximum load resistance, the load-displacement
hysteresis relationship and the amount of buckling deformation of an unrepaired specimen at each
displacement ductility step. This specimen was treated as a standard for the testing of the later
specimens. It was tested quasi-statically (2.4mm/sec) with 10 cycles of repeated cyclic loading to the
same displacement amplitude using displacement-controlled applied loading. The displacements
used were 1.0dy, 1.4dy, 1.6dy, 1.8dy, etc. increasing in steps of 0.2dy until the ultimate condition as
shown in Figure 7.

Test 2 (Specimen 2)

This test was conducted in two stages as shown in the loading regime of Figure 8. The aim of the
first stage was to damage the pier. The loading regime was then reapplied in the second stage so that
the influence of the smaller, gradually increasing cyclic displacements could be observed. This was
done to give an indication of the behaviour of a pier under reapplied load such as may occur during
aftershocks.

Firstly, ten cycles of loading were carried out to the displacement at which 10mm buckling
deformation was observed to occur in Specimen 1. As the buckling deformation was still smaller than
10mm after this applied loading, 10 more cycles were applied at each displacement step, which was
increased by 0.1dy, until this deformation was attained as shown in load steps 1 to 3 of Figure 8.
Thereafter, in order to investigate the behaviour when the load was reapplied, 10 cycles of repeated
cyclic loading were carried out with amplitudes increasing from dy with a step of 0.2dy until the flange
deformation increased to 15mm as shown in load steps 4 to 8 of Figure 8.

Test 3 (Specimen 2R)

The repairability of Specimen 2 with strengthening plates was checked with the applied lateral
load method of Test 1 after it had been damaged in Test 2.

Test 4 (Specimen 3)

The specimen was to be damaged to the maximum predicted deformation for which repair with
strengthening plates could be performed (20mm). Ten cycles of loading were carried out to the
displacement at which 20mm buckling deformation was observed to occur in Specimen 1. As the
buckling deformation was still smaller than this value after this applied loading, 10 more cycles were
applied to each displacement step, which was increased by 0.1dy, until this deformation was attained.

Test 5 (Specimen 3R)

Specimen 3 was retested after it had been repaired with strengthening plates using the
applied lateral load method of Test 1.

Test 6 (Specimen 4)

Specimen 4 was damaged to the maximum predicted deformation for which repair with contact
plates could be carried out (5mm). Ten cycles of loading were applied to the displacement at which
this buckling deformation was observed to occur in Specimen 1. As the buckling deformation was still

smaller than 5mm after this applied loading, 10 more cycles were applied to each displacement step,
which was increased by 0.1dy, until this deformation was attained.

Test 7 (Specimen 4R)

Specimen 4 was retested with the applied lateral load method of Test 1 after it had been repaired
with contact plates.
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Repair Method
i) Repair by Strengthening Plates

The strengthening plate method of repair was used when the buckling was large and the lateral
resistance of the pier was negligible. This was carried out by attaching stiffening plates, with a strength
equivalent to the strength of the original plates, to the pier. A set of stiffening plates were placed on
the middle section of the piers (SM50Y steel) as shown in Figure 9. The non-bracketed values in this
figure were the measured sizes from Specimen 2R and the bracketed values were from Specimen 3R.
The stiffening plate was placed 20mm from the pier face so that repair could be made if buckling out
from the face of the pier occurred. The repair process, as shown in Figure 10, was carried out in the
following stages:

1) A plate was wekded fiush against the web,

2) A spacer was welded at the diaphram position, and

3) The strengthening plate was welded into position.

ii) Repair by Contact Plates

The contact plate method was used when the deformation sustained by the pier was small and
when significant residual strength of the flange was expected. A contact plate of breadth 140mm (one-
quarter of the pier breadth) and thickness 6mm was attached as shown in Figure 11. The contact
plates were sized and the connected to the pier according to "Part |l Steel Bridges" of the
“Specifications for Highway Bridges" [3]. The limits for the thickness of the plate, t, to be attached on
the outside are :

1.5t22 6 2 ba/24 )]

where to is the inside flange thickness and by is the outside attached flange thickness. A plate
thickness of 6mm was used which was satisfactory as tp was 7.3mm (over the SM50Y middle portion),
bo was 140mm and Equation (1) became

Ilmm 2 t; 2 5.83mm 2

Results
Specimen 1

Approximately the same hysteresis loop shape was observed at each load-displacement cycle to
the same displacement ductility and buckling was observed on at least two sides before the maximum
load resistance of 60.9tf was attained as shown in Figure 12. This strength was greater than the
theoretical yield load but less than the theoretical plastic load of 62tf given in Table 2 due to buckling.
Panel buckling deformation increased and rapid stiffness and force deterioration was observed after
the maximum force was reached. it may be seen that most of the inelastic deformation occurred over
the weak panel as illustrated in Figure 13 as was desired. The mode of buckling was overall buckling of
one side as shown in Figure 2a. '

Specimens 2R, 3R and 4R

The maximum strength of Specimen 2 was 62tf and the flange deformation was 15mm after it had
been loaded with the regime shown in Figure 8. This strength was close to that obtained from
Specimen 1 of 60.91f. No strength degradation occurred even during the second stage of loading
where 42 cycles were applied. The maximum strength after repair was 120tf as illustrated in the load-
displacement hysteresis diagram of Figure 14. This test was stopped prematurely because the lateral
loading ram malfunctioned. It is probable that a higher strength and deformation could have been
attained with further cycles of loading because no strength degradation occurred. The deformation of
these panels at the end of Test 3 was very small as shown in Figure 15.

The maximum strength of Specimen 3 was 60tf and the flange deformation was 20mm. No strength

degradation occurred during these cycles as shown in Figure 16 and this strength was close to that
obtained from Specimen 1 of 60.9tf. The repaired specimen, like the other specimens, was tested to
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the stage at which it could be shown that the behaviour, in terms of both strength and deformation
capacity, was better than that of Specimen 1. Severe strength loss occurred after the maximum
strength of 130tf was attained as shown in Figure 17 and buckling deformation of up to 6.5cm was
observed as illustrated in Figure 18. :

The remaining strength of Specimen 4 was 61tf and the flange deformation was 5mm. No strength
degradation occurred during these cycles. The maximum strength after repair was 81tf, as shown in
Figure 19, and buckling deformation of up to 50mm was observed as illustrated in Figure 20.

The fact that Specimen 2 sustained no strength degradation even during the second stage of
loading in which 42 cycles were applied shows that the number of cycles of applied loading up to the
displacement of 1.8dy and panel deformation of 15mm was not an important parameter to assess the
behaviour of this pier. However, at larger displacements a significant decrease in strength with each
load cycle occurred as a result of the accumulation of buckling deformation as was seen in the
behaviour of Specimen 1 during the cycles to a displacement ductility of 2.2. It is shown in Figure 21
that the responses of Specimens 2R and 3R, which were repaired by the same method, were almost
identical and that all the repair methods were effective in increasing the lateral load resistance and the
deformation capacity of the specimens above that of the unrepaired specimen.

RETROFIT OF PIERS WITH CONCRETE INFILL
Piers Tested

Four piers were filled with concrete over the bottom part of their height as part of the testing
program of 22 piers at PWRI [5). Filling real piers with concrete is commonly carried out to reduce the
damage which may occur as a result of a vehicle collision with the pier. Before the testing it was
thought that the addition of concrete to the piers would increase the deformation capacity because
buckling of the plate toward the centre of the section was inhibited.

a) Large Pier Testing (800mm x 800mm)

Two specimens which were filled with concrete over the bottom one-third of their height were
tested and one further test was carried out on a regular hollow pier. The first concrete-filled specimen
had regular "I"-shaped longitudinal stiffeners while the second had "T"-shaped ones as shown in
Figure 22. It was considered that the "T"-shaped stiffener would be beneficial to increase the pier
deformation capacity by reducing the possibility of buckling of the panel away from the pier face. Ten
load cycles were applied to displacement ductilities of 1, 2, 3, and 4 ... elc. The ultimate displacement
for calculating the displacement ductility was taken as the point when the backbone curve of the
hysteresis loop became less than the calculated yield strength. The effect of the concrete infill was
neglected in all calculations.

Large Pier Test Results

The backbone curves for the concrete-filled piers and the hollow pier are compared in Figure 23.
The calculated maximum strengths divided by the yield strength were 1.69, 1.69 and 1.35 and the
ductilities were 3.57, 3.57 and 3.99 for the concrete-filled specimens and the hollow specimen
respectively. It may be seen that the specimen with the "T"-shaped stiffeners behaved in an almost
identical manner to the regular specimen with "I*-shaped stiffeners because the mode of failure of
both concrete-filled specimens was brittle fracture of the steel above the base weld rather than
buckling failure as was observed in the hollow specimen. The "T*-shaped stiffener had no beneficial
effect in concrete-filled specimens. It is thought that cracking of the concrete at the base of the piers
occurred causing all inelastic deformation to be concentrated in the steel beside the weld as shown in
Figure 24 {5).

b) Small piers (320mm x 320mm)

Two other smaller specimens, each one-third filled with concrete, were also tested. The first was
tested by applied lateral loading (10 cycles to displacement ductilities of 1, 2, 3.. etc. until failure) and
the second was tested on the shaking table. Identically constructed hollow specimens were also
tested in the same way. It was found in these tests that the fillet weld at the base of the concrete-filled
specimens fractured and that the deformation capacity was the same as that of the hollow piers.
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The strength of the specimens retrofitted by concrete infill was increased by between 17% and
349 and a sudden brittle failure occurred at the base of the specimens at the same or at a lower
displacement than in the hollow piers. The overall seismic resistance of the specimens when
evaluated by the equal energy methods was increased by the addition of concrete, however, the
overall seismic resistance may decrease when the equal displacement methods are used.

ALTERING DEFORMATION CAPACITY WITHOUT INCREASING STRENGTH

While it may be generally desirable to increase the strength as well as the deformation capacity of
piers in order to provide greater earthquake resistance, there may be instances where the ductility
capacity alone is desired to be increased. If the load resistance of the foundation is similar to that of the
pier, an increase in the pier strength will result in a movement of the area of damage from the pier into
the foundation. A method to increase the deformation capacity of the pier without increasing the
strength may be required if inelastic foundation deformation is undesirable. The method proposed is
to use a steel plate on the back of the longitudinal stiffeners as illustrated in Figure 25 in order to
reduce the twisting of these stiffeners and to provide the centre of the side with a greater flexural
strength to resist buckling. If the steel plate is only placed in the middle region of the panel then the
overall strength of the pier should not increase significantly. It is thought that care may be required in
the attachment of the plate to the pier in order to avoid concentration of strain in the pier below the
plate. This method is expected to be most effective in piers which fail by overall buckling of one side
because the buckle of these piers is concentrated in the centre where the stiffeners will be of most
effect. The method may be of little or no use in piers which fail by weld fracture.

CONCLUSIONS

The following conclusions may be made about the repair and retrofit methods of rectangular steel
piers using steel plates and concrete infill which were investigated:

1) Repair using "strengthening plates" and "contact plates” increased the strength of the damaged
piers and at least the same deformation capacity was obtained in the cases examined.

2) "T"-shaped longitudinal stiffeners were of no benefit because the mode of failure of concrete-
filled piers was brittle fracture near the base weld rather than buckling.

3) Retrofit by filing piers with concrete may increase the strength but may even decrease the
ductility capacity.

4) It may be possible to increase the deformation capacity without increasing the stiffness by using
internal stiffening plates.
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ABSTRACT

Twenty-two model stiffened box-shape steel bridge pier specimens of the type commonly
used in Japan were tested in order to obtain their strength and ductility capacity and to
understand their behaviour. Hollow specimens and specimens partially filled with
concrete were tested both under applied lateral loading and shaking table testing. It was
found that the specimens failed by overall wall buckling as well as local panel buckling
and fracture. The strength of specimens with concrete infill was increased however their
deformation capacity was decreased. Specimens tested on the shaking table sustained
yielding predominantly in one direction with little absorption of energy. This was different
from that assummed by the applied lateral loading regimes. Specimens with greater
section slendernesses generally had lower ductility capacities. A method for estimating
the strength of these specimens which was independent of the effect of the section
slenderness was found to be satisfactory.

INTRODUCTION

Steel bridge piers, which are constructed by welding thin plate together, have been used
over the past 30 years for the construction of bridges in Japan. The construction cost of
these piers is generally more than that of reinforced concrete piers but their section size
is significantly less making them ideal for use in city locations where land prices are high
and where there are restrictions on construction space. In some cases concrete is placed
inside these piers to provide extra protection if a vehicle collides into them. Damage has
not been observed in these sort of piers to date and few tests have been carried out to
investigate their likely behaviour during an earthquake.

Twenty-two steel pier specimens were tested in order to assess their strength and
ductility capacity because it is realized that accelerations greater than the design level
may be developed in bridges during a major earthquake. Applied loading tests and
shaking table tests were performed on hollow pier specimens with different
configurations of internal stiffeners and on specimens which were partially filled with
concrete. In this paper some of the more important aspects of the behaviour of these
specimens are summarized.

SPECIMEN CONSTRUCTION, DESIGN REQUIREMENTS AND TESTING
METHODS

The test specimen sizes were selecied to be scaled down versions of real piers. The box-

shaped sections consisted of 4 major plates to which ribs and diaphrams were welded
for stiffening and strengthening. Real piers are generally large enough that a person may
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enter and weld from the inside but this construction technique was unable to be used on
the smaller pier specimens. The specimen was therefore constructed in stages as shown
in Figure 1. Weld was applied to the inside of the specimen before the final web-plate
was welded into place from the outside. The diaphrams extended outside the section on
one side to facilitate the welding of the final web plate to the specimen. The longitudinal
stiffeners on the inside of the final web plate were discontinuous at the diaphram
positions and at the base.

Design was carried out according to the Japanese bridge design code {1} which is based
on elastic design considerations. The background to the buckling design criteria for
these piers is published in design guidelines [2]. There are two important section
slenderness ratios which are required to be greater than certain values in order that
premature buckling does not reduce their strength. These two ratios, which are described
more fully in the accompanying paper [3] are:

1) The panel slenderness ratio, b/(nft), where b, n and t are given in Figure 2,
must be less than 28 or 24 for Grades SS41 or SM50 steel respectively. The value of t
was taken as 1 for the inelastic structures. This check ensures that local panel buckling
will not occur before the yield strength of the section is reached. Local panel buckling
refers to buckling in the panels between the vertical stiffeners.

2) The gamma ratio, Yi/Yi,req; which must be greater than unity. This check ensures
that overall wall buckling of the pier will not occur before the yield strength of the section
is reached. The stiffness of each panel and longitudinal stiffener was used to obtain an
equivalent stiffness for the side as a whole and the effect of the lateral stiffeners was also
considered.

A further ratio, the gamma* ratio, y/yi’, [2] is able to be used to predict whether local

panel buckling or overall wall buckling will occur first as shown in Figure 3. If wy' > 1
then local buckiing of the panels between the longitudinal stiffeners is the expected initial

buckling mode but if y/y'< 1 then overall wall buckling is expected.

Typical test setups are given for the applied lateral loading and shaking table testing at
the laboratory facilities of the Public Works Research Institute in Figures 4 and 5. The
levels of axial load, N, used were in all cases less than 11% of the yield axial load, Ny.
The applied loading tests were carried out by controlling the displacement of the lateral
loading ram. Cyclic loading tests of larger specimens were performed at a frequency of
0.013 Hz while for the smaller specimens a frequency of about 0.33 Hz was used. In the
shaking table testing, the shaking table was initially excited with sine-waves of different
frequencies and low amplitudes to determine the elastic response period of the
specimen on the table. Scaled versions of the acceleration record obtained at Hachiro-
gata during the Nihon-kai-chubu earthquake of 26 May 1983 were used as the basic
input ground motions. The time-axis was reduced to one-half of the actual time to adjust
the predominant frequency of the records so that the relationship between the period and
the response spectrum shape would be more like that expected for a real bridge pier.

The vyield displacement, dy, was defined as the displacement at which yielding first
occurred in an extreme fibre of the section. The yield load, Hy, and yield displacement,
dy, were able to be calculated before the test started from the measured section
properties and from the results of the material tests. The loading regime, yield load, Hy,
and yield displacement, dy, used in the concrete infilled specimens were the same as
those used in the hollow specimens in order fo investigate the effect of the concrete infill.
The ultimate displacement, dy, was calculated as the point at which the backbone curve
of the hysteresis diagram became less than the yield load, Hy. The backbone curve was
constructed by connecting the points of maximum displacement in the cycle with the
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highest load for each displacement ductility. The ductility capacity, j, was defined as the
ultimate displacement, dy, divided by the yield displacement, dy.

SPECIMENS TESTED

The differences between the twenty two tests on steel sp-ecimens which were conducted
at the Public Works Research Institute are described in summary form in Table 1 where
the section size, main plate thickness, size of longitudinal stiffeners, number of

longitudinal stiffeners, lateral stiffener spacing and size, gamma ratio (y/yireq), panel

slenderness ratio (b/nft), gamma’ ratio (y/y/), distance from the base of the specimen to
the point of application of the load and to the level of concrete infill, the grade of the steel,
the properties of the steel obtained from material tests, the specimen axial load ratio
(N/Ny), the number of cycles of loading applied to each specimen as well as the
calculated and actual periods of the specimens on the shaking table are given. The
calculated yield strength, Py, and yield displacement, dy, are given in Table 2. The
section properties for all of the specimens tested satisfied the current recommendations
of the present Japanese code "Specifications for Highway Bridges" [1].

Specimens S1 to S12 had sections of the same size. Specimen S1 is shown in Figure 6.
Specimen S2 was the same as Specimen S1 except that the weld size was 4.5mm
rather than 3mm and Specimens S3 to S12 all had 3 to 4mm weld sizes. Specimens S1
and S3 to S9 had the same internal construction but were subject to different loading
regimes. Specimens S3, S4, and S5 were tested on the shaking table with 2x, 3x and 4x
the earthquake record magnitude while all other specimens of this size were subjected to
applied lateral loading. Specimen S7 was the same as Specimen S6 except that the

loading regime applied to Specimen S7 was of decreasing magnitude (1 cycle to p = 5,
4, 3, 2 and 1). All other specimens in applied load tests were subjected to increasing
displacement ductilities. Specimens S1, S6, S8, and S9 were subjected to 10, 1, 3 and 5
cycles to each displacement ductility respectively. Specimens S13 to S18 were larger
specimens which were tested by applied lateral loading. Specimens S16 and S17 were
partially filled with concrete and Specimen S17 was the same as Specimen S16 except
that it had a "T"-shaped internal longitudinal stiffener. Specimens S19 to S22 were
smaller specimens with the same internal steel construction. Specimens S20 and S22
were partially filled with concrete. Specimens S19 and S20 were tested by applied
lateral loading and Specimens S21 and S22 were tested on the shaking table.
Specimens S13 to S18 were larger specimens constructed from SM50 steel with a
specified allowable yield stress of 1900kgf/cm2. All other specimens were constructed
from SS41 steel with a specified allowable yield stress of 1400kgf/cm? [1].

TEST RESULTS

HYSTERETIC BEHAVIOUR:
Test results for all specimens showing the yield and maximum loads, specimen

overstrength factor (¢s = Pmax/Py), yield and ultimate displacements, ductility (u = dy/dy)
and mode of failure are given in Table 2. The hysteretic behaviour, strength, mode of
failure and deformation capacity are described below.

The hysteretic behaviour of all hollow specimens subjected to applied lateral loading
was similar. From the hysteresis loops of Specimen S1, shown in Figure 7, it may be

seen that little energy was absorbed before the cycles to a displacement ductility, p, of 2.

At i = 3 the loop size increased and was fat showing that a large amount of energy was
absorbed. Buckling was first observed during these cycles. A large amount of strength
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degradation was developed during the cycles to p = 4 as the buckling deformation of the
plate increased. The strength continued to decrease after the defined failure point.

The concrete-filled specimens generally had stable hysteresis loops with a post-elastic
stiffnesses of about 14% of the initial stiffness before fracture occurred. At this point there
was a sudden loss of load carrying capacity as shown for Specimen S16 in Figure 8.

The behaviour of Specimen S5, which was subjecled to shaking table testing with four
times the Hachiro-gata record, is shown in Figure 9. This behaviour was typical of all of
the specimens tested on the shaking table. The loop followed the shape of the backbone
curve of the specimens tested by applied lateral loading. Yielding occurred almost
entirely in one direction resulting in the energy absorbed being similar to that in a
monotonic test. The maximum displacements observed were larger than those estimated
by the equal energy assumption and there were large residual displacements at the top
of these specimens at the end of the tests.

EFFECT OF LOADING TYPE:

The curve shape and ductility capacity of Specimens S1, S8 and S9, which were
obtained using regimes with 10, 3 and 5 cycles of loading to each displacement ductility
respectively, had similar results as shown in Figure 10. The deformation capacity of
Specimen S6, which was subjected to only 1 cycle of loading to each displacement
ductility, had a greater ductility capacity. Dependence of ductility on the number of load
cycles was smaller in these steel pier tests than in reinforced concrete piers [4]. The
strength of the specimens on the shaking table dropped off more slowly than those tested
by applied lateral loading because they were subjected to only a smail amount of yield
reversal. Specimen S7, which was subjected to decreasing displacement ductilities, did
not fail but had a backbone curve similar to that of monotonically loaded specimens
because the first cycle of loading determined this curve.

it would normally be expected that the number of cycles of loading would strongly
influence the deformation capacity of members subjected to both axial load and cyclic
loading because axial shortening occurs and increases the damage [5). This axial
shortening is proportional to the cumulative inelastic rotation within the region of yielding
before buckling becomes severe [6]. The fact that there was little difference in the
behaviour of the pier specimens which were subjected to between 3 and 10 load cycles
to each ductility is thought to be because low levels of axial load were applied in these
tests.

The behaviour of Specimens S1 and S2 were almost identical. The 3.0mm welds of
Specimen S2 were strong enough to develop the full section strength but were
insufficient to form a truly composite section. However, the welds remained together long
enough to achieve the same duclility as that attained by Specimen S1 which had a
4.5mm weld.

There was a large difference between the monotonic type of hysteresis loop observed in
the shaking table testing and the hysteresis loop from the applied loading tests. A
research program is presently underway at the Public Works Research Institute to
understand why very little reversal of yielding occurred in the shaking table tests by
running dynamic analyses of piers with different bilinear stiffness factors.

MODE OF FAILURE:

1) Wall Buckling

Specimens with a gamma’ ratio up to about 2.0 had a failure mechanism of overall wall
buckling after several load reversals. While the specimens with gamma’ ratios less than
1.0 failed by only wall buckling, the specimens with gamma’ ratios between 1.0 and 2.0
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sustained buckling of the panels between the longitudinal stiffeners before the
longitudinal stiffeners carried the load and overall wall buckling caused strength loss.
The maximum amplitude of buckling generally occurred mid-distance between the base
of the specimen and the first lateral stiffener and the wavelength of the buckle was
spread over the whole base panel. The web of the section also started to buckle as the
longitudinal stiffeners twisted. Strength was rapidly lost during the later stages of
buckling and finally the weld connecting the flange and web together fractured. This
mode of "overall wall buckling" is shown for Specimen S1 in Figure 11 where Face 1 and
Face 3 are the flanges. In the shaking table tests, in which yielding occurred
predominantly in one direction, it was found that buckling generally became severe on
only one side of the specimen.

While buckling was generally concentrated in the base section of most of the specimens
there were cases where some buckling was also observed in the adjoining section. In
Specimen S13 it was found that buckling was concentrated in the second section up
from the base on one flange and on the opposite flange deformation in the two bottom
sections caused twisting of the first lateral stiffener from the base. Buckling was observed
in the adjoining section as well as the base section of Specimen S14 and also slightly in
Specimens S1 and S19. Specimens with deformation in more than one section would
generally be expected to have a ductility capacity which is greater than that of specimens
with deformation in only one section.

2) Panel Buckling and Fracture

Limited panel buckling occurred in specimens with large gamma’ ratios and fracture of
the steel near the base of the specimens caused final failure. When the gamma’ ratio is
large the gamma ratio is also required to be high in order that the panel buckling limits
are not violated. Therefore, local panel buckling will not generally occur until a large
amount of inelastic strain has been sustained. The buckle wavelength was much smaller
than when wall buckling occurred. Fracture occurred in Specimen St1 at the centre of
the buckle where the strain was concentrated and fracture near or in the weld at the base
of both Specimens S11 and S12 was also observed. These types of fracture are very
dependent on the strength of the weld, on the amount of welding residual stresses in the
plate, the fracture strengths of the steel and the weld, and on any material discontinuities
which may initiate fracture.

The concrete-filled specimens suffered little buckling and failed by fracture of the weld or
of the steel beside the weld at the base. It seems as though the concrete cracked at the
base of the specimen causing concentrated localised deformation in the steel plate
beside the concrete crack which eventually resulted in fracture. This mode of behaviour
is especially likely to occur if the uncracked section strength is considerably greater than
the overstrength of the cracked section because only one crack will occur giving the
behaviour shown in Figure 12. The use of the "T"-shaped longitudinal stiffener in
Specimen S17 was of no benefit as the mode of failure of concrete-filled specimens was
fracture near the base rather than buckling. It seems as though filling the specimens with
concrete to 1/3 of their height was satisfactory to ensure that the major amount of the
deformation occurred at the base rather than above the level of concrete infill.

STRENGTH:

The specimen overstrength, ¢s, which was calculated as the ultimate specimen strength,
Pmax, divided by the initially calculated strength, Py, ranged from 1.27 10 2.14 as shown in
Table 2. The increase in the strength of the hollow specimens above the yield strength
was thought to occur for the following reasons; the section stresses may be more like that
assumed by plastic behaviour in which all the fibres in the section are at yield, strain
hardening increases the strength, and the axial load on the section will allow even larger
overstrength values to be obtained [6]. The strength of concrete-filled specimens were
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1.26 and 1.34 times greater than that of the identical hollow specimens because the
concrete also resisted load. The average overstrength values were 43% and 84% for
hollow and concrete-filled specimens respectively.

Lay (7] has proposed an empirical method, based on the resuits of experiments on steel
beams, to estimate the maximum strength of a steel member, Pnax, as a function of the

material overstrength, ¢om = Gmax/oy, and plastic load, Pp, as Ppax = (¢m + 1)/2.Pp where
Pp = S/Z.Py and S and Z are the plastic and elastic section modulii respectively. When
thls methoc}, was used on Specimen S13 it was found that the ratio of the plastic strength
to the yield strength, Pp/Py, considering the effect of axial load was 1.155 and the

maximum stress, omax, divided by the yield stress, oy, of the steel material used in this
specimen was 1.43. The predicted strength was therefore (1.43 + 1)/2 x 1.155Py = 1.40Py
which was close to the actual strength of 1.38Py. It may be seen in Figure 13 that thus
method estimated the strengths of the specnmens to t10%. The strengths of Specimens
S1 to S5 were not included in this figure because it was considered that there were
some gross errors in the material tests for these specimens. The maximum strengths of

Specimens S1 to S5 were even greater than ¢omPp. The slenderness of the sections did
not seem to effect the maximum strengths because these members were compact.

DEFORMATION CAPACITY:

The ductility capacity was generally greater in the more compact sections, with a high
gamma ratio, than in those with more slender characteristics as. may be seen from the
results of Specimens S14, S18, S15 and S13, in which the ductilities were 3.05, 3.13,
3.99 and 4.21, as well as Specimens S10, S11 and S12, in which the ductilities were
3.34, 4.11 and 4.31. However, the ductility of Specimen S1, which was 4.33, was higher
than for Specimens S10, S11, and S12. This is possibly because some buckling
occurred in the section above the base as well as in the base section in this specimen.

The specimens tested on the shaking table had large maximum displacement and
ductility capacities because they were subjected to little reversal of loading and their
behaviour was almost monotonic. Similarly, the ductility capacity of Specimen S6 of 5.04
was larger than that of Specimens S1 of 4.33, S2 of 4.02, S8 of 3.67 and S9 of 3.81 as a
result of it only being subjected to one cycle of loading at each ductility step.

Placing concrete inside these specimens did not increase the ductility capacity because
the mode of failure was different. The ductility capacity of the Specimen S16, which was
filled with concrete was 10% less that of Specimen S15 which was identical but hollow.
Similarly the ductility capacity of Specimen S20, which was filled with concrete was 23%
less than that of Specimen S19.

The backbone curves of specimens tested with 10 cycles of applied loading to each
ductility are given in Figure 14. It may be seen that the ductility capacities of these
specimens, caiculated from the point when the backbone curve became less than the
yield strength, ranged between 3 and 5. A method for predicting the deformation capacity
of steel specimens has also been produced from the testing described herein which
considers the maximum strain in an equivalent plastic hinge length and the resistance
against buckling [3).

SUMMARY

The results of 22 tests on hollow and concrete-filled steel specimens with different

configurations of internal steel using applied lateral loading and shaking table testing

were described in this paper. The major findings are given below:

1) The ductilities of the specimens tested with between 3 and 10 cycles of loading to
each displacement step ranged from 3.67 to 4.33. The specimen subjected to one
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cycle of loading to each displacement step and the specimen tested on the shaking
table had increased ductilities of 5.09 and 12.9 respectively.
2) The specimens tested on a shaking table sustained little reversal of yielding. Their

load history was therefore different from the assumed lateral loading regime in the
applied lateral load tests.

3) The final mode of buckling of specimens with a gamma’ ratio less than about 2.0 was
overall wall buckling. The major buckling deformation in these specimens generally
occurred midway between the base and the first lateral stiffener.

4) Severe local panel buckling and fracture were observed in specimens with a gamma’
ratio greater than 2.0.

5) Concrete infill increased the strength and decreased the deformation capacity of
specimens in these tests.

6) The maximum strengths of the compact hollow sections could be estimated
satisfactorily without considering the effects of section slenderness.

7) The ductility capacities of specimens tested by applied lateral loading ranged from
about 3 to 5.

8) The displacement ductility capacity generally decreased for members with greater
section slendernesses.
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Table 1. Pier Characteristics

Pier Heaight | Height of | Steel Youngs Yield Material Axjal Axial Lead | Calculated! Actudl Saction Size Plate { Longitudinal Lateral Stitoner | Gamma | b/Ey | Gamma’
1o Load | Concreta | Strength | Modulus | Stress Over- Load Load Cyclos Porlod Period (mm) Thick. Stitteners Ratio | tin Rato
Grado {x108 strength Ratio b+ 2t | b timm) | Silze | No. |Spacing| Size
(m) (m) kqtiem?) | (kgtiem?) | dom (M (see) (socs) (mm2) | ne1 | (mm) | (mm?) | >1.0 | <1047
S1 2.40 - 5S4l 1.321 2133 1,045 20 0.110 10 . . 409 x 400 45 135x3.2| 3 350 | 55x3.2 | 1.559 | 831 0.950
S2 2.40 - 5841 1.321 2133 1.045 20 0.110 10 . . 409 x 400 4.5 135232 3 350 | 55x3.2 | 1.559 [ 831 0.950
3 2.40 . S$S41 1.321 2133 1,045 20 0.110 %2H 422 490 409 x 400 4.5 |35x3.2{ 3 350 | 56%3.2 | 1.559 | 831 0.950
4 2.40 - SS41 1.321 2133 1.045 20 0.110 %3k 422 481 409 x 400 4.5 |35x3.2] 3 350 | 55%3.2 | 1.559 | 831 0.950
S 2.40 - SS41 1.321 2133 1.045 - 20 0.110 X4H 422 476 409 x 400 4.5 135x3.2] 3 350 | 55x3.2 | 1.559 | 831 0.950
S6 2.40 - 5S41 1.736 2089 1,349 20 0.083 1 . . 409 x 400 4.5 |35x3.2] 3 350 | 55x3.2 | 1.559 | 831 0.950
S7 2.40 - SS41 1,736 2089 1,349 20 0,083 | 1 (decr) . - 409 x 400 4.5 [35x3.2] 3 350 | 55x3.2 | 1.559 | 831 0.950
S8 2.40 - SS41 1,848 2977 1.318 20 0.079 3 . . 409 x 400 4.5 |35x3.2] 3 350 | 55x3.2 | 1.559 | 831 0.950
S9 2.40 . SSa1 1.848 2977 1,318 20 0.079 3 . . 209 x 400 4.5 135x3.2] 3 350_ | 55x3.2_| 1.559 | 831 0.950
S10 2.40 - SS41 1.736 2089 1.349 20 0.082 10 . . 409 x 400 4.5 140x3.2] 3 350 | 55%3.2 | 2.259 | 831 1.38
S11 2.40 - 5541 1.736 2089 1.349 20 0,078 10 - . 409 % 400 45 [50%3.2] 3 350 | 55%3.2 F 4.158 | 831 2.54
S12 2.40 - 5541 1,736 2089 1.349 20 0.054 10 . . 409 x 400 45 {50x10.0 3 350 | 65%x3.2 | 8.110 | 831 5.01
513 5.00 . SM50 1,729 3845 1,432 105 0.092 10 . - 800 x 820 10. | 64%6.0] S 300 | 112x4.5 | 6.408 | 580 | 1.746
514, 6.00 . SM50 1,729 3845 1,432 105 0.092 10 . . 800 x 820 10, | 64x6.0] S 680 | 112x4.5 | 1.127 | 580 0.294
S15 6.00 . SM50 1,729 3845 1,432 105 0.092 10 . . 800 x 820 10, | 64%6.0] S 390 | 112x4.5 | 3.583 | 580 | 1.017
16 6.00 2.00 SM50 1,729 3845 1,432 105 0.092 10 . . 800 % 820 10, | 64x6.0] 5 390 | 112x4.5 | >3.583 [ 580 [ 1.017
17 6.00 2.00 SMS0 1,729 3845 1.432 105 0.092 10 . . 800 x 820 10. | 64x6.0] ST 390 | 112%4.5 | >3.583| 580 | 1.017
18 .00 . SM50 1,729 3845 1.432 105 0.092 10 . . 600 x 820 70. | 64x6.0] 4 390 | 112x4.5 | 3.117 | 593 | 1.290
S19 2,40 - SS41 1,591 2418 1,54 20 0.078 10 - . 329 x 320 45 |30x3.2] 3 260 50x32 | 2.299 | 666 | 0.854
520 2.40 0.78 SSa1 1,691 2418 1,54 20 0.078 10 . - 329 x 320 4.5 |30x3.2] 3 260 50x32 | >2.299] 666
S21 2.40 . $S41 1,591 2418 1.54 20 0.078_| 3&3.5H 0.46 0.500 329 x 320 4.5 |30x3.2] 3 260 50x32 | 2.299 | 666 | 0.854
522 2.40 0.78 SS41 1.591 2418 1,54 20 0.078 | 3&3.5H 0.46 0.454 329 x 320 45 [30x3.2] 3 260 50x32 | >2.299| 666




Table 2. Calculated and Experimental Loads and Displacements

Pier | Calculated [ Maximum | Specimen | Calculated | Maximum | Ductility Mode of Failure
Yieldload| Load | Overstrength | Yield Displ.| Displ. dy
Py Pmax dy dy dy
(t) (th ds (mm) (mm) n

S1 8.6 13.8 1.60 13.5 58.5 4.33 Buckling

S2 8.6 14.2 1.65 13.5 54.3 4.02 Buckling

S3 8.6 - - 13.56 - - No failure

S4 8.6 - - 13.56 - - No failure

S5 8.6 15.9 1.85 13.5 173.5 12.9 Buckling

S6 11.7 16.5 1.41 13.9 70.0 5.04 Buckling

S7 11.7 16.9 1.44 i3.9 - - Buckling

S8 12.4 17.3 1.40 13.9 51.0 3.67 Buckling

S9 12.4 17.1 1.38 “13.9 53.0 3.81 Buckling
S10 12.4 15.0 1.27 13.9 46.7 3.34 Buckling
St 124 17.2 1.41 13.9 57.5 4.11 Buckling-Base Weld Failure
S12 12.4 23.7 1.43 13.9 62.1 4.31 Base Weld Failure
S13 59.4 81.7 1.38 62.1 261.3 4.21 Buckling
S14 59.4 79.1 1.33 62.1 189.2 3.05 Buckling
S15 59.4 80.0 1.35 62.1 247.7 3.99 Buckling
S16 59.4 100.0 1.69 62.1 221.9 3.57 Base Weld Failure
S17 59.4 101.0 1.70 62.1 2221 3.57 Base Weld Failure
S18 59.4 76.1 1.33 62.0 194.2 3.13 Buckling
S19 6.5 10.4 1.60 16.3 85.1 5.19 Buckling
S20 6.5 13.9 2.14 16.3 65.3 3.98 Base Weld Failure
S21 6.5 12.4 - 16.3 116. - Buckling
S22 6.5 14.5 - 16.3 88. - Base and Side Weld Failure
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Figure 2 - Section Dimensions
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Figure 3 - Modes of Deformation
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ABSTRACT

A semi-rational method to assess the deformation capacity of steel members subjected
to repeated cyclic displacements in the inelastic range is described. The method
assumes that the maximum deformation capacity of a member will be related to the
inelastic strain over an equivalent plastic hinge length and to the resistance of the
section against buckling. It is shown that the method worked satisfactorily on recently
tested steel bridge pier specimens and that the number of cycles of loading is an
important parameter in the testing of members with large axial loads.

INTRODUCTION

Simple methods for assessing the deformation capacity of reinforced concrete bridge
piers in the event of an earthquake are incorporated in both the Japan and New Zealand
bridge design codes [1,2]. Methods for routine design are also needed to evaluate the
deformation capacity and earthquake resistance of steel members in structures which
are not strong enough to resist a major earthquake elastically.

In this paper a semirational method is outlined to assess the deformation capacity of
steel members. Firstly, the effect of different axial load ratios on the deformation capacity
of identical H-shaped column sections which were subjected to a fixed number of load
cycles to each displacement ductility is described and a method for assessing the
deformation capacity of this type of member is discussed. Then, using the results of steel
piers tested at PWRI, Tsukuba, Japan, a preliminary method is proposed to assess the
deformation capacity of pier specimens with different section slenderness ratios. This
method considers the damage in the section and the resistance of the section against
buckling.

COLUMN TESTS AND RESULTS

Eight identical 250 UC 73 H-shaped steel beam-columns were tested at the University of
Canterbury, New Zealand {3,4,5), in order to assess the effect of axial load on the cyclic
behaviour of steel beam columns. The axial load ratios, P/Py, used for seven specimens
were 0.0, 0.3, 0.4, 0.5, 0.6, 0.7, 0.8 and a further specimen was tested which had an axial
load ratio which varied with the displacement. Two cycles of loading were applied to
displacement ductilities of 2, 4, 6, 8 elc. until the strength of the specimen dropped to less
than 70% of the calculated plastic moment capacity, M,. It was found that all of the
specimens had fat hysteresis loops which absorbed a large amount of energy as shown
for the specimen in Figure 1 with an axial load ratio, P/Py, equal to 0.50. A large amount
of axial shortening was also observed to occur in this specimen and the other axially
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loaded specimens as shown in Figure 2 but very little change in length occurred in the
specimen with no applied axial load. The buckle length was generally equal to the
breadth of the flange as shown in the yield line mechanism in Figure 3. From the strain
measured at the base of these specimens with potentiometers an equivalent plastic
hinge length approximately equal to the flange breadth was found to be reasonable for
these specimens. The equivalent plastic hinge length concept is described below.

Plastic Hinge Concept

The actual strain over the base of a member depends on the distance from the point of
contraflexure as shown in Figure 4. In order to approximate the damage in a real
member it is convenient to consider that this strain is distributed uniformly over a fixed
length, Lp. This length, Ly, is known as the "plastic hinge length". The inelastic rotation,

Oy, of a member over the plastic hinge length may then be approximated as

O = (du - dylL = (¢u - &) Lp (1)
where d, and dy are the ultimate and yield displacements and ¢, and ¢y are the ultimate
and yield curvatures over the plastic hinge length respectively and L is the length of the
member. A slightly more accurate version of this formula is available [6] which considers
that the centre of rotation is at the centre of the plastic hinge length, however, this is more
difficult to apply.

Maximum Section Strain

It was found in these tests that the maximum section strain was a major factor in the
assessment of deformation capacity. The maximum strain at the centre of a beam or
column flange may be calculated as:

g =¢€ay + ¢ (D-T)2 (2)
where D is the depth of the member, T is the flange thickness, and the curvature, ¢, is
able to be calculated from the elastic curvature plus the inelastic curvature, as ¢ = My/(El)
+ Oy/Lp. Based on the tests of H-shaped columns with various levels of axial load it was
found that the rate of accumulation of average axial strain, eay, Over the hinge length in

the members increased linearly with cumulative inelastic rotation, 2Oy, before buckling
became severe as shown in Figure 5. When buckling became significant at the larger
strains the curves became non-linear. The amount of axial shortening for members with
a low ‘axial load depended on the level of applied axial load. However, the amount of
axial shortening did not seem to be sensitive to the amount of applied axial load for
members with very high levels of axial load because the neutral axis was in the flange
allowing very little yielding in tension. It may be seen in Figure 6 that when the neutral
axis is in the compression flange a change in the axial load level leads to only a very
small change in the position of the neutral axis and in the value of flange tension strain
for a particular hinge rotation. The neutral axis will be in the web in specimens with low
axial loads and the section is likely to yield in tension as well as in compression. A
specimen with no applied axial load would not be expected to shorten axially before
buckling occurs.

The expected column axial strain, eay, over the plastic hinge length, L, for the H-shaped
columns was able to be calculated as:

€av = Oav/lp = ZOy P/Py > BAW/A (3)
= [(P/Py) / (BAw/A)).0.. 2Oy PIPy < BA./A
where o and P are parameters predicted by experiment, A, is the area of the web in the
section, A is the total area of the section, and XOy is the cumulated inelastic curvature
which is given as ZOy = dy/L.Z;. The cumulative inelastic ductility, Zy;, is found from the
inelastic part of the loading regime as shown in Figure 7. When P/Py < BAy/A it is
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assumed that the neutral axis is between the flange and the web. Values of a and § of
0.446 and 2.54 respectively fitted the experimental results.

In the column specimens tested, the effect of the average axial strain was much larger
than the effect of the curvature. The calculated and actual axial strains at failure given in
Table 1 are significantly different because of the etfect of buckling. Apart from Specimen
C6 the amount of axial shortening was approximately constant ranging from 48mm to
62mm for the specimens failing by buckling. The maximum axial displacement of
Specimen C6 is recorded as being much larger than that of Specimen C7 because it
sustained one more cycle of loading. This is because the load dropped off very slowly in
all of the specimens making it difficult to assess when the failure criterion was reached.
All values given in this table should therefore be regarded as being approximate. As
Specimens CO and CA did not fail by buckling they unable to be considered in the
equations.

It was considered that the maximum flange strain, which is almost equal to the average
strain for the specimens tested, was the most important parameter to determine the
deformation capacity of those members which failed by buckling. The pure axial strain in
these members, which does not consider the effect of the deformation due to buckling,
may be estimated using the formulae given and the actual axial strain was in all cases
less than 1.6 times the predicted pure strain for these specimens at failure. The
resistance against buckling was the same for these specimens because they were
identical.

DESIGN METHOD AND ESTIMATION OF THE DEFORMATION CAPACITY
OF HOLLOW STEEL BRIDGE PIERS

Pier Design Method
A method is presently being developed to predict the behaviour of steel members with
different section slendernesses based on the results of the 22 hollow stiffened steel
bridge pier specimens which were discussed in the accompanying paper [7]. Design of
these pier specimens was carried out according to the Japanese bridge design code [1]
which is based on elastic design considerations. The background to the buckling design
criteria for these piers is published in design guidelines [2]. There are two important
section slenderness ratios which are required to be greater than certain values in order
that premature buckling does not reduce their strength. They are:

1) The panel slenderness ratio, b/(nft), which must be less than 28 or 24 for
Grades SS41 or SM50 steel respectively. This check ensures that
will not occur before the yield strength of the section is reached. Local panel buckling
refers to buckling of the panels between the vertical stiffeners. In this ratio b is the width
of the section {(cm), t is the plate thickness (cm), n is the number of panels divided by

vertical stiffeners and f is given as f = 0.65(¢/n)2 + 0.13(¢/n) + 1.0, ¢ is the stress gradient
given as ¢ = (0, - 64)/04, and o, and oy are the stresses at each edge of the plate, where

04 > 05, and compressive stress is defined as positive. It was conservatively assumed
that f = 1.0 in the panels which yielded.

2) The gamma ratio, /Y oq, Which must be greater than unity. This check ensures

that gverall wall buckling of the pier will not occur before the yield strength of the section
is reached. The stiffness of each panel and longitudinal stiffener was used to obtain an
equivalent stiffness for the side as a whole and the effect of the lateral stiffeners was also

considered. The value of y;, which is the relative stiffness of the longitudinal stiffeners,
was able to be calculated as y; = Iy(bt3/11) where the value of |} is given below. The value

of vi1eq Was able to be calculated using the appropriate value from Equations 4 or 6 as
described below.
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i) Equation 1 should be used to calculate y,,.eq When « is not greater than a, and the
moment of inertia |, (cm4) of a transverse stiffener satisfies Equation 5.

Yireq = 402n (%)2(1 end) - (@+1F 51

n
2
'Yi,req=40-2n(1 + ndy - (_(1_;1_)2. (t<to) (4)
||2-tﬁ-.-—-—1 * N Mreq
1 4a? (5)

ii) Equation 6 should be used in all other cases such as when the effect of the transverse
stiffeners in the computation of y q is insignificant and their effect is ignored.

Yireq =r1‘—[{2n2 (t_tq)zﬁ +ndy)- 1}2- 1 ] (t=1)

={2n21 +nd)-1P-1]  (t<to) ©)
where
o. is the aspect ratio of stiffened plate, a = a/b,

0, is the critical aspect ratio, %o = Vieny
a is the spacing of transverse stiffeners (cm)
b is the width of stiffened plate (cm)
d; is the ratio of the longitudinal stiffener cross sectional area to that of the main plate,
dy = Ay(bt)
A is the area of each longitudinal stiffener, Ay = bgts
I, is the second moment of area of each longitudinal stiffener. The code requires that
the moment of inertia of stiffeners such as those used in steel piers be calculated about
the s%rface of the stiffened plate on the stiffener side. The value of |, is therefore given as
Il = bs ts/3.
i, is the minimum thickness of plate which is given as b/(28fn) for SS41 and b/(24fn)
for SM50 plate. A more general expression for the allowable buckling ratio of compact
sections using the allowable yield stress is given in Equation 7.

b ~Fy _40
to.nf 1047.7 (7)

ts is the thickness of each longitudinal stiffener

A further ratio, the gamma* ratio [2), y/vi', is able to be used to predict whether local
panel buckling or overall wall buckling will occur first as shown in Figure 8. If y/y

> 1 then local buckling of the panels between the longitudinal stiffeners is the expected

initial buckling mode but if wy' < 1 then overall wall buckling is expected. The value of ¥
is given in Equation 8.

(a2+ 1)2

y=402n(1+nd)- (o < oto)

=1f2n2(1 +nd)-1P2-1] (@> 00) (8)

It should be noted that the first part of Equation 4, which was applicable for all of the piers

d‘esigned, and Equation 8 are very similar when t > t, and o < op. The value of yl,,eq/y.' is
almost equal to (t,/t)2 as the term subtracted at the end of these equations is usually

— 254 —




small. Therefore 1 eq must be greater than 7' in sections which are designed to be fully
effective to resist load (compact sections) because to/t must be greater than or equal to

1.0 in order to satisfy the local panel buckiing requirements. The ratio y/y eq is also

required to be greater than 1.0 giving the allowable area for the design of piers shown
graphically in Figure 9.

Deformation Capacity

ili r Il Bucklin

A definition of deformation capacity which is related to the actual physical damage is
required in order to understand the seismic behaviour of the pier specimens tested [7].
Displacement ductility is not a good measure of damage because the definition is
affected by the elastic behaviour of the piers. In the methods used below it was assumed
that the maximum inelastic section strain was the main parameter which determined
member behaviour and that the effects of axial load were insignificant on these pier
specimens. This was considered to be reasonable because the axial load ratio was
always less than 11% and there was littlle difference in the behaviour of the members
with different numbers of cycles of loading to each displacement ductility [7).

The plastic hinge length of the specimens was assumed to be equal to the distance
between the lateral stiffeners "a" at the base of the specimens [7}]. This is because almost
all of the buckling deformation tended to concentrate in the section below the first lateral
stiffener at the base of the specimens. The inelastic curvature over this region may be

calculated as ¢; = 6/a, where 6;is the plastic rotation capacity, 0; = (dy - dy)/L, L is the
height of the pier, and d, and d, are the ultimate and yield displacements respectively.
The inelastic strain, ¢, may be calculated approximately as g = ¢; D/2, where D is the
depth of the steel section and the inelastic strain is given as g; = 0; D/(2a).

The inelastic strain calculated by this method, as shown in Figure 10, was considered to
be a measure of the damage suffered by the specimens. The effect of the damage
sustained in the form of strain will be dependent on the damage resistance factor for
each of the specimens. It would be expected that the strain able to be sustained would
be greater in more compact sections than in those with more slender characteristics.

The gamma ratio, /¥ req, Which is used for the design against buckling of one side of
elastic structures was selected as the damage resistance factor for inelastically behaving
specimens which failed by overall wall buckling. Further background to the selection of
this ratio for damage resistance is given in the Appendix. If the gamma ratio and the
inelastic strain defined above are good measures of member deformation capacity, then
this strain divided by the gamma ratio should be approximately constant for the members
tested. This is called the "deformation factor for wall buckling®, o, where &, = &/(Wreq)-
For example, in Specimen S1, 6; = (5.85 - 1.35)/240cm = 0.0188 rad, & = 0.0188 x

40cm/(2 x 35cm) = 0.0107 and &, = 0.0107/1.559 = 0.00689.

The values of & is given for the specimens in Figure 11. it may be seen that the piers

which failed in the mode of "overall wall buckling" had a &, factor between about 0.006
and 0.0075. The piers which did not have results within this range were Specimen S10
which failed by overall wall buckling after sustain reasonable panel buckling, Specimens
S11 and S12 which failed by local panel buckling and finally fracture at the base,
Specimens S16, S17 and $20 which were filled with concrete and Specimens S14 and
S15. Specimen S14, like Specimens S1, S19 and S13, sustained some distortion of the
section above the base section as well as in the base section which would be expected
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to give it more deformation capacity. It is considered that this type of damage should not
be relied upon to provide greater deformation capacities as it is not yet able to be
predicted. It was also considered that the deformation capacity of Specimen S6 was
slightly larger than that of Specimens S1, S2, S8, and S9 as a result of it only being
subjected to one cycle of loading at each ductility step.

The method described above seems to be satisfactory for members which fail by

buckling of one side and a value of £, of 0.006 is thought to be reasonable for the design
of these specimens. However, a modification should be made for those specimens which
did not fail in this manner.

Specimens Failing By Local Panel Buckling
Using the same principles as those used to determine the deformation capacity of
members deforming by overall wall buckling a deformation factor for local panel
buckling, &p, is defined as &p = ei/(tnf/b)z. This value is shown for the different specimens
in Figure 12. A reasonable value for the members which were strongly influenced by
local panel buckling, that is Specimens S11, $12, 513 and S19 is about 5. Other
specimens, which failed by buckling of one side, would not generally be expected to
have deformation greater than those which failed by local panel buckling when
calculated by this method. However, the value of & for Specimen 13 was significantly
greater than the level for the other piers because buckling occurred in the two bottom
sections on one side of the specimen causing deformation of the lateral stiffener and the
value of &, of Specimen S6 was greater because it was only subjected to one cycle to
each displacement ductility.The fact that many of the specimens which failed by local

panel buckling have a &g value around this level reflects that many of these specimens

had gamma' factors near to unity and were probably affected to some extent by both
local panel buckling and overall wall buckling.

Specimens Failing By Both Wall and Panel Buckling
In order to obtain a combined resistance, vy, for the specimens under the two types of

buckling the greater of the values of £,/0.006 and &p/5 were plotted together on the same
graph in Figure 13. Local panel buckling affected the strengths of Specimens 510 to

S13. Higher values of this combined ratio, y, indicate lower resistances against damage.
The mode of buckling with the lowest resistance is likely to control failure. Specimen S10
was still significantly less than one indicating that perhaps interaction of buckling
reduced the resistance of this specimen. Using the approach outlined above a method
for the design of these sort of piers is given below.

Design Steps For Determining the Ductility Capacity of Bridge Piers

1. Determine the plastic hinge length of the member. This distance over which a full
buckle wavelength occurs should be taken as the plastic hinge length, Lp. This is
generally equal to the breadth of the flange in H-shaped members but in members
where there are closely-spaced lateral stiffeners the plastic hinge length may be equal to
the distance between these stiffeners.

2. Calculate the maximum inelastic strain which may be resisted as

€ < & (Whireq) =0.006 (W,req)
<& (tnf/b)2 =5 (tnf/b)?2
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3. Using the plastic hinge length the ductility capacity, yt, may be calculated as

p=1+2ell,
Ddy

In this method described it is assumed that all members are compact and are able to
attain their full moment capacity, the members all sustain the same effects from cyclic
loading, the effect of axial load was negligible and that interaction between the different
types of buckling may be ignored.

SUMMARY, AND SUGGESTIONS FOR FURTHER RESEARCH

In this paper it was shown that

i) The axial deformation of H-shape columns before buckling became severe could be
estimated by using the concept of an equivalent plastic hinge length.

ii) The maximum flange strain was considered to be a good measure of the damage
suffered and of the deformation capacity of the H-shape columns.

iii) A method of estimating the damage resistance of members based on using the
elastic section buckling design requirements was proposed.

iv) By considering the damage suffered and the damage resistance of the specimens
a simple, semi-rational method for estimating the deformation capacity of steel
members was proposed.

v) It was found that the method worked satisfactorily for certain types of steel bridge
piers which were subjected to two modes of buckling when empirical factors were
used to calibrate the design method to the results of tests. A step-by-step method
for the design of these piers was given.

Many assumptions were required in order to obtain the method described. Further work
is required to verify these assumptions and to adapt the method to different types of
member.
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APPENDIX. VERIFICATION OF METHOD TO OBTAIN COMPARATIVE
STIFFNESS

In order to assess the resistance of a pier against overall wall buckling an equation of the
form given below was used:

. ('YI/YI.req)n > 1 At
Most buckling design ratios are presented in codes in a pass/fail form which is easy to
use but it does not relate to comparative safety of different specimens. It is therefore

necessary to find an appropriate value of "n" in order to be able to estimate the relative

likelihood of damage. The "n" value chosen must result in a Yireq value which is linearly
related to the Youngs modulus, E, because the elastic buckling load is proportional to
the material tangent stiffness. Most design formulae however do not use the Youngs
modulus directly because it is a constant. The Youngs modulus is often divided by the
yield stress, Fy, and the results of the buckling equations are dependent on the units
used for the yield stress. Therefore, formulae which are proportional to the yield stress

will be inversely proportional to the Youngs modulus. The value of veq given for the
design of piers is proportional to t,2 where to is given as:

_b _'Fy
fn " 1047.7 A2

Therefore Yjeq is proportional to Fy and inversely proportional to the Youngs modulus.
The Y/ req ratio is dependent directly on the Youngs modulus giving a value of "n" in

Equation At of 1.0. The WW,req ratio is therefore used to assess the resistance of a pier
against buckling. In the case of local panel buckling the resistance against buckling is
given as (fnt/b)2.

it should be noted that in these assumptions the effect of the strain hardening stiffness is
considered to be the same for all grades of steel independently of the initial yield stress.
Verification of this assumption is required.

Table 1.
| - 1 B8 -Col

Unit | Axial | Cycles | Maximum |Cumulative Cumulative| Axial Axial
Load Disp. Disp. Ductility Disp. Disp.

Ratio Predicted |Observed

(mm) (mm) (mm) (mm)
Co* 0.0 10x8 44.2 1719 389 0 =5
C3* 0.3 10x2 39.2 678 173 47 62
c4 0.4 -8x2 25.9 392 121 36 51
c5 0.5 10x1 27.0 370 1317 42 60
Cé6 0.6 10x3 22.4 468 209 62 18
c1 0.7 10x2 16.2 280 173 38 60
c8 0.8 14x1 14.6 313 301 42 48
CcA* |varying| 10x2 31.3 - 173 - 43
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DAMAGE INSPECTION SYSTEMS IMMEDIATELY AFTER A MAJOR EARTIIQUAKE
By Kazuhiko KAWASHIMA, Hideki SUGITA, and Takashi KANOH

Earthquake Engineering Division, Earthquake Disaster Prevention Department,
Public Works Research Institute, Ministry of Construction

ABSTRACT

This paper introduces a part of a comprehensive 5 year research program
entitled "Development of Information Collecting and Processing Systems for
Disaster Mitigation" of the Ministry of Construction. Description is given to the
current problems for correcting damage information Iimmediately after a
destructive earthquake in urban area and basic requirements for developing a
new system. Emphasis is placed for a proposed seismic damage information
systems. Damage inspection way with use of video camera from a helicopter is
also presented.

INTRODUCTION

When a destructive earthquake occurs, it is of significant Iimportance to
immediately collect accurate information on the extent of damage in the area
affected by the earthquake. Road transportation is likely to be interrupted in
urban area such as Tokyo as a direct result of damage of not only
transportation facilities but buildings and lifeline facilities along the road.
Confusion caused by people in evacuation and automobiles left on road are
anticipated, and they would also cause considerable disruption of
transportation. It is required therefore to develop a new information collecting
and processing systems which will enable the extent of damage to be recognized
immediately after an earthquake for formulating the repair and restoration
strategy promptly.

A comprehensive 5 year research program entitled "Development of Information
Collecting and Processing Systems for Disaster Mitigation" was Initiated in 1987
by the Ministry of Construction. Public Works Research Institute, Building
Research Institute and Geographical Survey Research Institute are involved in
the research. The objectives of this research project were to develop new
information collecting and processing systems, using advanced new technologies,
for various disasters such as earthquake, floods and debris flows. As shown in
Fig. 1, key items of the research development are :

a) Bird's eye information collecting systems from helicopter,
b) On-1ine information processing systems, and
c) Real-time digital mapping systems.

For this purpose, measuring and assessing technology of the damage degree of
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Fig. 1 Information Collection and Processing Systems

structures using moving picture information detected from helicopter and new
nedia oriented high-grade disaster prediction methods as well as planning
systems ' for repair and restoration In the damaged area is now under
development. To avoid distortion of information during transferring from
regional -office to headquarters, it is aimed to adopt visual motion picture
systems. ’ : :

This paper briefly describes a part of the comprehensive research program with
emphasis on damage information collecting and processing systems for road and
river facilities".

PROBLEMS OF CURRENT DAMAGE INFORMATION COLLECTING SYSTEMS
AND BASIC REQUIREMENTS FOR DEVELOPING NEW SYSTEMS

‘Although there were not destructive earthquakes which seriously hitted urban
area in the last 40 years in Japan, it has been repeatedly pointed out from the
experience of local selsmic damage that information collection and dissemination
are the most important but difficult issues for central and regional governments
in charge of control of public facilities®®. This was also pointed out at the
Loma Prieta, U.S.A., Earthquake in October 1989 °. From the past experiences,
various obstacles for collecting damage information are anticipated®®. The
most Important one is unexpectedly long time required for collecting damage
information due to interruption of road and damage of information transferring
media such as telephone. Even If the telephone could survive an earthquake,
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disruption of communication repeatedly happened due to concentration of call
to a specific region.

Inadequate accuracy of the collected Information Is the second problen.
Unconfirmed and sometimes uncorrect information are sent. Only a part of total
information arrives. It Is difficult to know the accuracy and correctness.
Sometimes the same Information arrives through different routes, and they are
misunderstood as different information. Confirmation of source of information is
very important. When a serles of events occurred, information on subsequent
event sometimes arrives earller than the information of the preceding event.
There were examples that this caused significant misunderstanding on what were
going on the events and the repair.

Because most of iInformation is transferred by a volce and letters, correct
evaluation on the information is difficult. Distortion of information always
occurs. Therefore 1t Is required to send information in a form of visible
information. Still picture and moving picture information are quite effective.

Basic requirements for solving the problems of the current damage information
collecting systems are:

(1)Prompt Information Collection

Collection of damage Information in wide area has to be made at not only day
time but night. Because accuracy of the damage Information required changes in
accordance with time following an earthquake, it Is Important to be able to
collect damage Information with reasonable accuracy depending on the time after
an earthquake. Visible information through video camera is quite important.

(2)Delivery of Updated and Same Information for All Bodies Involved in Repair
and Restoration

Although quality of the Information required depends on the task of individuals
involved in repair and restoration, it is essentially important that the same and
updated damage information is able to be delivered for all individuals from site
engineers to decision makers. The real-time damage information has to be
displayed in the form of not only letters but moving picture. Because it is
important for site engineers involved In inspection and emergency treatment to
know real-time progress of damage and repair in other area for which they are
not In charge of, the systems should have capability to display the damage
information of not only Inside but outside of the controlled area.

(3)Data Processing Systems for Repalr and Restoration

The data processing systems has to be capable to control all the damage
information In a system, and can be used from the first stage (immediately after
an earthquake) to third stage (stage of permanent repair and restoration)®®, It
should also have a capabllity to execute various simulation for studying
restoration strategy.
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PROPOSED SEISMIC DAMAGE INFORMATION SYSTEMS

For enabling the requirements presented in the preceding chapter, Seismic
Damage Information Systems Is proposed for collecting and processing seismic
damage information for repair and restoration of road and river facilities. The
Selismic Damage Information Systems iIs to be operated at the Main Headquarters
for Disaster Countermeasures (Headquarters Office of the Ministry of
Construction), the Headquarters for Disaster Countermeasures (Headquarters
Office of Regional Construction Bureaus) and the Branch for Disaster
Countermeasures (Construction Offices).

Fig. 2 shows layout and role of three sub-sections of the Seismic Damage
Information Systems. At Damage Information Processing Room, all damage
information are collected from varilous sources such as ground patrol teams,
helicopter patrol teams, other organlzations and public. From such every types
of information, important Information required for repair and restoration of
road and river facilities are identified. Preliminary statistical analysis of the
damage are made. At Damage Survey Room, repalr and restoration plan based on
the damage Information compiled at the Damage Information Processing Room are
formulated. Communication and adjustment for restoration with related
organizations such as police, fire department and local governments have to be
made at this stage. At Damage Countermeasure Room, basic policy and strategy
for repalr and restoration based on the iInformation compiled at the Damage
Survey Roon is decide.

Fig. 3 shows an image of the Damage Survey Room and the Damage Information
Processing Room which should be placed at the Headquarters Office of Regional
Construction Bureaus.

The Seismic Damage Information Systems Is of four sub-systems for collecting,
transferring, processing and maintenance of the damage Information. The outline
of the sub-systems are as follows,

(1) Selsmic Damage Information Collecting Systems

Information on selsmic damage detected by helicopter patrol teams and ground
patrol teams Is collected and processed In this systems. The damage information
is of moving picture, still picture and letters. They have to be detected by
video camera, electric still camera and electric hand notes. The electric hand
notes are speclally designed man-machine handy type personal computers for
exclusive use for recording seismic damage. When the electric notes are
operated by field englneers, they automatically display and ask Iimportant items
for identifying the damage situation such as location, size, type and degree of
damage. The data are stored on floppy disk, and they can be sent to host
computer at headquarters by cables or radio communication systems.
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(b) DAMAGE INFORMATION PROCESSING ROOM (REGIONAL CONSTRUCTION BUREAU)

Fig. 3 Image of pDamage Information Processing Room and Damage Survey Room

(2) Data Transferring Systems
Fig. 4 shows an Image of the Data Transferring Systems for transferring the

damage Information between Head-quarters, Reglonal Construction Bureaus,
Regional Construction Offices, patrol helicopters and ground patrol teams. The

information to be covered by the systems includes;

a) moving picture motion detected by video camera on helicopter

b) moving picture motion by video camera of ground patrol team

c) still picture motion by still camera of ground patrol team

d) character and mapping data used in the Selsmic Damage Information
Processing Systems

e) Data on earthquake and meteorology which are telemetered

g) Information through telephone and faximile
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Main facllities required for the Data Transferring Systems are presented in Fig.
5. Main facilities included in the systems are of satellite communication systems
and ground communication systems. The satellite communication systems includes
satellite, fixed recelvers, portable recelvers and moving picture transmitting
systems. The fixed recelver and portable receivers were already Installed at
two and five of eight Regional Construction Bureaus, respectively. The ground
communication systems are of radio network for exclusive use of the Ministry of
Construction and picture motion communication systems. The radio network of the
Ministry of Construction covers about 800 locations including Regional

Construction Offices and local governments throughout the country.
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Fig. 6 Sub-systers of Seismic Damage Information Processing Systems
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(3) Seismic Damage Information Processing Systems

Fig. 6 shows ten sub-systems for operating the Seismic Damage Information
Processing Systems. Whole seismic damage data, repalr and restoration data,
mapping information, and facllitles information prior to an earthquake are
compiled and controlled in this systems. Simulation of restoration strategy can
be made for clarifylng the most appropriate way of restoration. Control of
information on adjustment with other organizations are made. Notice and
advertisement of damage situation and repalr to mass-media is also controlled by
this systems. It Is of host computer for data processing and work-stations for
data input and output. Analyzed data should be displayed on monitor in a well
organized form for deciding repalr and restoration strategy.

(4) Audio Visible Systems

Fig. 7 shows an image of the Audio Visible systems. It Includes screens with 200
inches and 70 inches, monitor of telemeters, projectors and electric black
boards. The Audio Visible Systems should have the capabllity to monitor the
damaged area through large screen, to understand the damage feature by
comparing the still and moving plctures taken prior to the earthquake, and to
conduct TV conference.

MOYING PICTURE MOVING/STILL PICTURE FROM
FROM HELICOPTER GROUIND PATROL PARTIES
INFORMATION NOVING PICTURE MOVING /STILL
FROM RELATED FROM REGIONAL PICTURE FROM
ORGANIZATIONS CORSTRUCTION BUREAU] | CONSTRUCTION OFFICE HOYING/STHL MOVING PICTURE

PICTURE FROM FROM REGIONAL
CONSTRUCTION OFFKE CONSTRUCTION BUREAYU
REGIONAL CONSTRUCTION CONSTRULTION
HEADQUARTERS BUREAY OFFICE

\ / / \

ORLTON OAMAGE INFORMATION DAMAGE INFORMATIGN PROCESSING
Pﬁgg:zcsisl:‘; ROON A PROCESSING ROOM ROOM /DAMAGE SURVEYING ROOM
o SNTCH N
BOARD Switn B -

]

AY
CONTROLLER

e = & e
Wi Edtme | = SR

UNT FOR

55=5) \iolaTe) \c:)x; EREnce UNIT FOR TV

g | BNt || B ANt || ALf|
= %7 &5 1E f i doo,

ARG 711 2%

ofll & LLI 6E0 & Bl B

MEDUM - STZED
SCREEN SCPEEN SCR SCREEN
(120-2000CH)  ||DAMASE {70 NCH) (120v200400 |loAMace  (POINCH) . (rowGi)
DAMAGE SURVEYING ROOM || COUNTERMEASURE ROOK | || pamace SurvEYms roost || COUNTERMEASURE RoOM | || 0AMAGE coUnTERMEASURE ROC

Fig. T Image of Audio Visible Systems

— 215 —




DAMAGE INSPECTION FROM HELICOPTER

Damage Inspection from helicopter seems attractive to collect damage
information promptly because it Is not Interrupted by traffic congestion and
road suspension. To Investigate the effectiveness of the damage survey from
helicopter, model damages were intentionally placed on various road and river
facilities. A hellcopter owned by the Ministry of Construction was used for this
test. It is for exclusive use for disaster prevention as shown in Photo 1.

-
4
3
g:

Photo 1 Helicopter for Disaster Prevention Owned by Ministry of Construction

A video camera which is set In a speclally designed camera case for isolating the
camera from vibration of the helicopter was used to detect artificial damage.
The focal distance of the video camera Is from 12.5 mm to 550 mm. By using the
focal distance of 550 mm, a flame of 4.8 m by 3.6 m can be recorded when the
height of the helicopter is 300 m which is regulated minimum height at city area.
Real time transferring of the picture from the helicopter to the ground receiver
can be made. A thermal Image sensor Is also provided on the helicopter. It can
detect the difference of temperature with the resolution of 0.25 degree in
Centigrade. Because zoom as large as 4 times Is provided in the thermal image
sensor, a flame with 37 m by 21 m can be recorded.

Various selsmic damage was Intentionally developed on bridges, pavement, road
embankment and river structures. Photo 2 shows cracks which were made by
placing white vinyl tape with width of 5 cm for aiming to represent a damage
developed at mid-height of reinforced concrete pier and a damage of prestressed
concrete deck. The former damage is likely to be developed when reinforcing
bars are terminated at mid-height with inadequate anchoring length®, and the
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latter damage tends to be developed on the concrete near the bearing
supports” when the deck Is pulled laterally. Photo 3 shows how such damages
are detected from helicopter flying 321 m above the ground surface with
velocity of 60 km/h®. The focal distance was 550 mm. It is apparent that the
cracks at pler and deck can be clearly detected. The test was made by varying
the velocity and height of flight.

Photo 4 shows picture representing a new bridge construction along an existing
bridge In use for traffic. This was detected by the thermal image sensor at
night. Flight height was 338 m from the ground surface. Automobiles driving on
the existing bridge and four girders under construction can be apparently
seen™. The thermal Image sensor is effective to detect large damage of steel and

concrete structures.

Photo 5 Slope Falilure at Nashimoto D
of 1zu Peninsula Detected by Video
Camcra from Helicopter

= Photo 6 Repalr Work Detected
Istrict g yideo Camera from Helicopter

Photos 5 and 6 show the seismic damage of road along natural slope , which was
caused by the Izu Ohshima-kinkal Earthquake® with the Richter magnitude of 7.0
in January 1978. Extensive slope fallure was developed along the road with total
distance of about 125 m and height of 30 to 50 m , and this embedded a public bus
with three being killed. Photo 6 shows the repairing job by a crane. Because
this Is a part of video taken by a TV company for broadcasting, the flight
information such as helght and velocity Is unknown. By carefully examining the
video record, length, depth and soil volume were surveyed by three geologists
with different professional careers®. The geologist with 17, 10 and 5 years
professional career is designated herein as A, B and C geologist, respectively.

— 278 —




Table 1 Accuracy of Estimation by Three Geologlsts with Different Professional

Career
GEOLOGISTS MEASURED
DAMAGE
A B c AT SITE
AVERAGE WIDTH | 70(CRANE(10m)x7) 60~ 80 10~ 30 100n
AVERAGE DEPTH | 10(AVERAGE WIDTHx 5~10 . 5m
1/7~1/10)

FAILURE AREA . 320~ 480 * -

SOIL VOLUME | 20,000(30mx70mx10m) | 20,000 . 26,500
LENGTH OF ROAD | 100(AVERAGE WIDTH 80 . 125
INTERRUPTED BY ra)
SLOPE FAILURE

1. = MEANS THAT IT WAS UNABLE TO ESTIMATE FROM VIDEO TAPE
2. ( ) REPRESENTS HOW GEOLOGISTS EVALUATED LENGTH, DEPTH AND DISTANCE

Table 1 compares the accuracy of the estimation by three geologists based on
the video film. It Is Interesting to note that the geologist A gives the most
appropriate estimation, and that the geologists with shorter professional
career tends to glve 30 to 50 % smaller estimation. Because estimation was made
through video picture which is, of course, much smaller in size than the actual
damage, the surveyors tend to glve smaller estimation in size.

NO INFORMATION IS AVAILABLE
FOR CRACKS AT UPPER PART OF SLOPE

MORTOR
A

DEEP FAILURE

SOILS WITH
GRAVEL

SOILS WITH
MORTOR PIECES

SHALLOW
O FAILURE
TRACE WHERE SOIL 11\ & |y
FELL DOWN YR,

UNDAMAGED
SLOPE

CONCRETE
PAVEMENT

GAP OF CONSTRUCTION
JOINT OF CONCRETE PAVEMENT

FAILURE OF
ROAD SHOULDER

Flg. 8 Geological Feature Detected by Geologist A based on Video Film

Fig. 8 shows the geological feature detected by the geologist A based on the
video film. Various Information which iIs useful to judge the cause of failure and
probability to cause further progress of the fallure can be obtained if the
video picture 1Is carefully evaluated by a person with enough professional
knowledge. ‘
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It was found from the study that estimation of the volume and length of failure
is easier when artificial goods and facilitlies such as car, gird rails, house are
found in the moving picture because they can be used as a reference to measure
the distance'®. On the other hand, it was found difficult to estimate the
distance and length when the fallure is enormously large as compared with the
size of such artificial goods and facllities.

The study presented here is now being extended for studying the maximum flight
velocity to detect a certain size of damage'"’, effect of temperature and wind
velocity for detecting damage by thermal image sensor'®, and the most
appropriate way of flight'®.

CONCLUDING REMARKS

When the Kanto Earthquake which resulted in about 120 thousands of death
occurred In September 1923, there were only about 4,500 vehicles in Tokyo City.
People evacuated by elther walking or bicycle. This clearly indicates the great
difference of anticlpated damage situation, between in 1923 and current time, in
urban area hitted by a destructive earthquake. It is important to note that
there have not be destructive earthquakes which hitted badly urban areas in the
last 40 years, and during this time the size, structures of living, lifelines and
techniques completely changed. It is therefore anticipated to face a new
situation when a large event happens near urban area. It is quite important to
develop and introduce a new systems for collecting and processing seismic
damage information.

FUTURE DIRECTIONS

Because the proposed systems would become a large systems consisting of a
number of hardwares and softwares, further study has to be made for an
integrated architecture so that they are capable to be used even after a
destructive earthquake. Special training for operating the systems is inevitably
important. Because sudden operation immediately after an earthquake can not be
made, it has to be used as a part of the comprehensive systems for dally use.
Appropriate form of the emergency operation systems in normal time has to be
well examined.

Although the thermal image sensors are effective to detect large damage at
night, they can be used for surveying more detailed damage if the camera with
longer focus distance was developed. The use of new technology such as the high
vision camera is promising.
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ABSTRACT

This paper presents a state of practice of seismic inspection and seismic
strengthening of highway bridges in Japan. Description is firstly given to the
history of seismic Inspection and seismic strengthening of highway bridges in
Japan. An inspection method of existing highway bridges based on a statistical
analysis of past seismic damage is presented. Practical seismic strengthening
methods for vulnerable highway bridges are described. Finally, current
research efforts for developing seismic inspection and seismic strengthening
methods of reinforced concrete bridge plers with termination of main
reinforcement at mid-height are presented.
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INTRODUCTION

Highways in Japan consist of Expressways (3,721 km), National Highways (46,661
km), Prefectural Roads (128,202 km), and Municipal Roads (925,138 km). Along the
highways and roads, excluding the Municipal Roads, there are about 60,000
bridges with span lengths (deck length between two adjacent substructures) of
15 m or longer.

Although the number of bridges constructed per year depends on the year and

span length, it Is about 6,000 for concrete bridges and 2,000 for steel bridges
with a length of 15 m or longer.

Located along the Pacific Seismic Belt, Japan is one of the most seismically
disastrous countries In the world and has often suffered significant damage
from large earthquakes. Fig. 1 shows the largest magnitude of the earthquakes
which occurred in the past'. It is recognized that the earthquakes with
magnitude over 8 have occurred with rather short recurrent period in and
around Japan in the past. It should be noted that seismicity is especially high
along the Pacific coast. Cities large in population and industrial products such
as Tokyo, Osaka and Nagoya are located in this region.

Table 1 shows the highway bridges which suffered damage in the past
earthquakes since the Kanto Earthquake of 1923. It should be noted that
although there were many bridges which suffered damage due to earthquakes,
the number of bridges which fell down was only 15.

128 130

S8 132

130 132 134 136 13 140 142 14

Fig. 1 Largest Magnltude of Earthquakes In the Past
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Based on surveys of the damaged brldges, it is pointed out that the three major
factors which contributed to the damage of bridges are® :

a) weakness of substructures
b) weakness of bearing supports, and
c) weakness of surrounding subsoils.

From such factors, the following types of damages were most often developed in
the past:

a) substructure : tilting, settlement, sliding, cracks, and overturning
b) superstructure : movement, buckling and cracks near the supports, and
falling of girder

c) bearing supports : failure of supports, and pull-out or rupture of
anchor bolts '

Although these kinds of damage are the ones commonly observed in the past
earthquakes, the damage types have been changing as shown in Table 2 in

accordance with the progress of seismic design methods and improvements in
construction practice®

Table 1 Damage of Highway Bridges in the Past since Kanto Earthquake of 1923

DATE EARTHQUAKE MachiTue | . NUMBEROE | oo ey
BRIDGES DAMAGED | BRIDGES WH

1923.9. 1 | KANTO 19 1,185 6
19461221 | NANKAI 8.1 346 i
1848. 628 | FUKUI 73 243 4
19491226 | IMAICHI 64 i 0
1952. 3. 4 | TOKACHLOKI 8. 128 0
1962. 430 | MIYAGLKEN-HOKUBU 65 187 0
1964. 6.16 | NIIGATA 15 98 3
1968. 221 | EBIND . 10 0
1968. 5.16 | TOKACHLOKI 79 101 0
1978. 1.14 | 1ZU-OHSHIMA 70 7 0
1978. 6.12 | MIYAGLKEN.OKI 14 % 1
1982. 321 | URAKAWAOKI 7.1 5 0
1983. 5.26 | NIHON-KALCHUBU 11 176 0
1984. 8.14 | HAGANO-KEN-SEIBU 68 1 0

TOTAL 3,101 15
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Table 2 Change of Damage Types

Year Maior Eorth : P i i Seismic Inspection
jor Ecrthquaekes Change of Major Seismic Damage Seismic Design Methed and Strengihening
- 1920 Failure of Superstructure due to
1923 Kanto Earthquake (M7.9) Tilting/Movement of Foundation
1926 Initiotion of Seismic Design { Details of
Road Structures)
- 1930
;9““;"8“ r¢,°“¢'e‘e around 1939 Introduction of Standard Seismic Coefficient
- 1940 Ixxe Tc Ing [ Design Specifications of Steel Highway Bridges)
|
1946 Nankai Ecrthquake (M8.1) | % E?t;::?gcfi‘; to
1948 Fukui Eorthquoke (M7.3) l I !
- 1950 i || |
1952 Toléachi-oki Earthquake l | l [
(M8.1) .
| | i | Failure of 1956 Seismic Coefficient depending on Zone ond
| p | [ RCPiers,and Ground Condition (Design Specifications of
- 1960 laeaf'"? Steel Highway Bridges)
1964 Niigata Earthquake (M7.5) | |
i !
||
1970 ! | 1971 ® Seismic Coefficient depending on Zone, Ground | 1971 Seismic.
%ond&tions.lmgogtat;ce and atrugtgrcf:l hesponse Inspection
N \ ¢ Introduction of Evaluation Method for
1978 my;g;-ken-oka Earthquake Liquefaction (Specifications for Seismic Design) | 1976 Seismic
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This paper presents pre-earthquake measures for mitigating earthquake hazards
of highway bridges In Japan. Development of seismic inspection and seismic
strengthening methods for existing highway bridges are presented.

HISTORY OF SEISMIC INSPECTION AND SEISMIC STRENGTHENING
OF HIGHWAY BRIDGES IN JAPAN

- The nationwide selsmic Inspection of highway bridges with span length longer
than 15 m was made in 1971, 1976, 1979 and 1986 by the Ministry of Construction.
Overcrossings In city area are also included in "bridges". Table 3 shows the
inspected items of the past selsmic inspections of highway bridges. The first
inspection in 1971 and second inspection in 1976 were to detect deteriorated
highway bridges susceptible to falling-off of superstructures during
earthquakes. The third and fourth seismic Inspection in 1979 and 1986 was to
clarify structural resistance of highway bridges against falling-off of
superstructures during destructive earthquakes.

Table 3 Inspection Items Consldered in the Past Seismic Inspection of
Highway Bridges in Japan

Year : Inspection llems

1971 - Delerioralion
- Bearing Seat Length S for Bridges supported by Bent Piles

1976 - Deterioration of Substructures, Bearing Supports and Girders/Slabs
- Bearing Seal Length S and Devices for Preventing Falling-off of Superstructure

1979 - Delerioration of Substruclures and Bearing Supporls

- Devices for Preventing Falling-olf of Supersiruclure

- Elfect of Soil Liquefaclion

- Bearing Capacity of Soils and Piles, and Strength of RC Piers

- Vulnerable Foundalions (Bent Piles and RC Frame on Two Independent Caisson Foundation)

1986 - Delerioration of Substruclures, Bearing Supports and Concrele Girders

- Devices for Preventing Falling-off of Superstruclure

- Effect of Soil Liquefaction

- Strength of RC Piers {Bollom of Piers and Terminalion Zone of Main Reinforcement)

- Bearing Capacily of Piles

- Vulnerable Foundations {Bent Piles and RC Frame on Two Independent Caisson Foundation)

Note) Delerioration includes cracks of concrele members, excessive inclinalion, slip and subsidence of foundations,
and scouring of surrounding soils of foundation.
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For those bridges which were judged vulnerable to destructive damages during
earthquakes, seismic strengthening works have been made. Table 4 shows the
number of highway bridges inspected and the budget spent for the seismic
strengthening works. For those bridges consisting of several spans for
crossing rivers and valleys, a whole group of bridges is counted as "a bridge"
in Table 4. Therefore actual number of bridges is much larger than the number
presented in Table 4. Because bridges inspected in the past also require the
latest inspection, the number of bridges inspected and strengthened includes
duplication. In the latest 1986 inspection, about 40,000 bridges were inspected
and about 11,700 bridges were found to require seismic strengthening. Most of
the bridges require installation of the device for preventing superstructure
from falling-off from the substructures as shown in Fig. 2. In the past four
seilsmlc strengthening programs by 1989 fiscal year, 23,466 bridges were
strengthened. As of 1989, about 300 billion Yen was spent for the seisnic
strengthening works including bridges.

Table 4 Number of Highway Bridges Inspected by the Past Seismic Inspection

in Japan™®
Year Inspected Slr::‘:gluhi;ﬁi_n g Strengthened
1971 17.970 3.200 1,441
1976 24504 .10 2,142
1979 34,112 16,011 13,580
1986 40370 11,764 5,703

——

N\

7/(&’/&)}:’/( =

pd

\
\

Fig. 2 Devices for Preventing Superstructure from Falling
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VULNERABILITY INSPECTION OF HIGHWAY BRIDGES

Seismic inspection method; to detect highway bridges vulnerable to earthquakes
have been developed and amended several times to reflect progress of bridge
earthquake engineering and lessons learned from the past seismic damage. The
most important requirement for the inspection method was to be able to assess
the vulnerability of a number of highway bridges at site without complex
calculations. The latest seilsmic inspection method” which was referenced in the
1988 seismic Inspection was formulated on the statistical analyses of 124
bridges damaged in the past earthquakes®.

In the statistical analyses, factors which are likely to affect the seismic
vulnerability of highway bridges were firstly studied with use of the Type II
quantification analysis. The rank of damage degree was classified into high
vulnerability (Rank A), moderate vulnerability (Rank B) and low vulnerability
(Rank C) as shown in Table 5. From the analysis of the past seismic damage, 15
items, as shown in Table 6, were selected as the factors likely to affect seismic
vulnerability. The 15 items consists of four principal factors, l.e., intensity of
earthquake ground motions, properties of superstructure and substructures,
devices for preventing falling-off of superstructure from substructures, and
ground condition. Each item was further divided Into several categories.

Table 5 Definition of Seismic Vulnerability

Rank Vulnerabilily of Seismic Damage Rank of Damage Degree
Rank A — Poésibilily for suffering damage | 5 Falling-off of Supersiructure or
Righ Vulnerability or damage degree is high 4 Extensive Damage
Rank B — Possibility for sullering damage

Moderate Vulnerabilily or damage degree is moderate 3 Moderate Damage

Rank € — Possibilily for suffering damage | 2 Slight Damage or
Low Vulnerability or damage degree is low 1 Minor Damage or
0 No Damage

Predicted damage rank y; was assumed to have a form of
y: = X% % Oiir-* X1k (1)
3 K

in which x;x represents a weighting factor for the k-th category of the j-th
item, and § i;x represents a variable corresponding to the category k in the
item j of the i-th bridge. The variable 6 i;x was so defined that it takes a
value of 1 if the characteristics of the i-th bridge correspond to the category
k in the item j, and is 0 otherwise. The weighting factor x;«x was determined so
as to minimize the sum of square of the difference between the predicted damage
rank and the actual damage rank.-
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Table 6 Items and Categorles which Affect Selsmic Vulnerability of Highway
Bridges
Ssismic Daage Rank Rassts of Stafistical Ayl
fem Catery 0 No 1Mo | 2S5ght |3 Moderats]4 Exteashe SRy ymanied Parta
Garape | Davage | Demage | Damage | Oamaqe g;"r"_:;m Scos | PO g’.ﬁf"fw‘m
Az <200 1 5%) 1 5%) 0.169
@lntensty 200 g2z <0 130 6a%)| 5( 12%)]36( 65%)| 8( 0%)] 1{13%) -0.283
:3:3;;? 300 §20ax <400 st ze%)| s a2y vm |10 sexy] 6(7s%I) (0% 0476 | 1209 0.33
2o [0m/$2C) | 450 g 2ei <500 20wy 10 2%)] 10 s%] %] 2020%)] 093
500 5 2oz 4 %)| oes
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Fowiria ms’p?gg‘} 12( 63%)| 70 sa%3[40( 13%)] 17 ( 85%)] B(100%) |10 (100%)]  0.031
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Type of caw’?ao‘:cgfr;’wmciw 5 26%)| 3 2%y 11 20%)] 2(10%) 0232 | 030 | 0.6
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Yowous Gider, Caba-styed | 2( 11%)] 24 71%)] 4 7%)] 1{ 5%) -0.308
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Ads Less tan 6% 19 (0% |12 ooy | se ¢ sa%y|20 (100%)] 71 88%)| 9( 2%} -0023
@oevice [ 1w i sma00 3% 8rao%)] 6(7s%I|10000%)] 0459
ﬁ'ﬂ’;}"s'u;ﬁ‘? One Device 16( 83%)] 6( 50%)]|23 ( 51%)[11( 55%)| 2( 5%} —oa8 | v | 0338
stcture Ta0 Devices or Mz 2( 11%)] 5¢ 42%)] 71 13%)] 1{ 5%) -0847
Single-Enz Benl Pie 1 5%) s{ 9%)] 2( 10%) Jatww| o
@gg’,’s{;'mm reoteced Coorete Frame | 14 5%)] 11 8%)| s 16%)] s a0%)| «(s0%)] 4{ 2% 029 | 04 0.178
Others 17¢ 8a%)] 11 ( 2%y ( 75%) |10 ¢ S0%)| 41 50%)| 3(H0%)] —0.19
1msH wawy] seaew|izg 22| sg %] 2025%) 3(30%)] 0172
@Heighl of Fer H] 515 H<10m 7| 3t s sam] 7035%)| 6(75%)| 5U%%)| ~0038 | 0284 0.125
H< 5 s 42%)] 4 BR)| 1L 25%)] S 25%) 2 2%)} -on2
Extrernely Soll in Group 4 1 5%) 1 5wy 20 25%) 0523
Group 4 5( 26%) 20 4w |ugasw| crsoxy| rezo%)| o2
@&;',3“;“ Group 3 316 st erwy B eom] 60 0%)] 1013%)] 3qo%)| oo | o0ss3 | 023
Goup 2 1 swy] 10 | s s 10 5%) 0.112
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@lregularity of | Lregefar 10 8%y 1 2% 4 20%)] 1( 1% 0.307
lregeta 7. { 8% 10 2% 4 20%)] 1(1%) oz | o100
Ground Amost Unitorm 19 (100%) |11 ( 92%) |50 ( 98%) |16 so%) 7( #8%) |10 100%)| 002
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From the welghting factors presented In Table 6, the effects of each item were
found as shown in Table 7. The following considerations were subsequently
included in the statistical analysis to formulate an inspection method.

a) Because the objectives of the inspection method are to assess the seismic
vulnerability of highway bridges subjected to ground shaking of JMA Intensity
V or larger (peak ground acceleration larger than 0.25 g), the Intensity of Peak
Ground Acceleration amex is dropped from the evaluation item assuming that
amax Is larger than 0.25 g.

b) Evaluation of the strength of reinforced concrete piers at the
mid-height where main reinforcement is terminated was introduced.

c) Because collapse, such as falling-off of superstructure, generally
occurred because of excessive relative movements between the superstructure
and the substructures, and fallure of substructures due to inadequate
strength, the evaluation of the seismic vulnerability for both the relative
movement and for the strength of substructures should be made.

d) Even If there are some unsatisfactory conditions in the evaluation, final
evaluation may not consider them to be critical if the remaining factors are in
good evaluation. Consequently, it was decided that those bridges with at least
one "critical®™ or "safe" condition are to be considered to have either high or
low seismic vulnerability. Below are some examples of evaluation of such
specific types of structure :

. Those designed in accordance with the 1980 Specifications shall be
classified into Rank C (safe) unless appreciable deterioration 1Is
detected.

. Those constructed by timber, brick, masonry, or old unknown materials
shall be classified into Rank A (vulnerable).

. Those supported by single-line bent piles foundation which are
constructed on loose alluvial sandy layer vulnerable to liquefaction or
very loose clayey deposits shall be classified into Rank A (vulnerable).

. Single-span simply supported girder bridges with the span length less
than 15 m shall be classified into Rank C (safe).

The procedure of seismic inspection and an inspection sheet are shown in Fig. 3
and Table 8, respectively”®. The evaluation of the seismic vulnerability is
made In accordance with the points which reflect the vulnerability to excessive
relative movement between superstructure and substructures (point X), and the
strength of substructures (point Y) as shown in Table 9.
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Table 7 Factors which Affect Seismic Vulnerability of Highway Bridges

ltems

Seismic Vulnerability

@ Design Specifications

Those designed in accordance with 1926 or 1939 Specifications have
higher vulnerability

@ Type of Superstruciure

o Gerber or simply supporled girders with 2 or more spans have
higher vulnerability

o Arch, [rame, conlinuous girders. cable-stayed bridges or
suspension bridges have lower vulnerability

@ Shape of Superstruciure

Skewed or curved bridges do nol necessarily have higher
vulnerability than straight bridges

(® Malerisls of Superstructure

Reinforced concrete bridges or presiressed concrete bridges have
fower vulnerability than steel bridges aithough the diflerence is
small

® Slope in Bridge Axis

Bridges with slope in bridge axis have higher vulnerabilily

® Device lor Preventing Falling-off

Bridges with devices for preventing falling-olf of superstruclure have

of Superstructure lower vulnerability
@Type of Substructure Bridges supported by single-line bent piles or by reinforced concrele
frame placed on two separale caisson foundations have higher
vulnerability
@ Helght of Piers Bridges supported by higher piers have higher vulnerabilily
® Ground Condition Bridges constructed on soft soil have higher vulnerability

@ Effect of Soil Liguelaction

Bridges constructed on sandy soil layers susceplible fo liguefaction
have higher vulnerabitity

@ lrregularily of Supporting Soil Condition

Bridges construcled on soils with irregularity of supporting
conditions have higher vulnerabilily

@ Effect of Scouring

Bridges where the surface soils are scoured have higher
vulnerability

@ Materlals of Substructures

Bridges supporled by plane-concrele Substructures designed in
accordance with 1926 or 1939 specificalions have higher
vulnerabilily

@ Type of Foundation

Bridges supporied by timber, brick, masonry or other old unknown
type substructures have higher vulnerability

@® Intensity of Ground Motion

Bridges subjected o higher intensity of ground acceleration have
higher vulnerability. In particular, vulnerability becomes quile high
when the bridges are subjected to peak ground acceleration larger
than 400 g3l {0.4g)
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Fig. 3 Procedure of Seismic Inspection for Highway Bridges
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Table 8 Inspection Sheet for Seismic Vulnerability of Highway Bridges

Point of Inspection Foctors of Inspection Evatuation
s v 4.0: 1926 Specs. 2:0: 1955 Spacs. 1.0: 1971 Spacs.
© Design Specifications of 1933 Specs. of 1964 Spacs. of 1950 Spacs.
3.0: Gerber Girdai of 1.5: Simply-supporied 1.0: Arch, Flame, Con-
Simply-supported Girdar or Continuous tinuous Girder (Ona
0 @ Suparstructure Type Girders with Two Girdars Conslisting of Span), Cable-stayad
Inspection
Focmat (A) Spans of Moce Two Spans o Moce Bridge, Suspension
g‘emgﬁm‘f’; @ Shape of Superstncture 1.2: Skewed of Curved Bridgs 1:0: Straight Biidgs
Superstruciure | () Materials of Superstructure 1.2:Rc e PC 1.0: Steel
Inspection for ® Gradent 1.2: 6% or Stezpar 1.0: Less Than 6%
:ﬁ””[‘,’;‘,‘g’ ® FaBng ol Prevention Device | 2.0: Nooe 1.0: One Device
Excesshve Pi=@x@x@x@Ox®x® Pa=
Delformation 5 - y
@ Type of Substructure 2.0: Single-Bra Bant Pz Foundation  1.0: Others
(® Height ot Pier H 20:Hz19m 1.5:55H<10m 1.0: H<5m
Inspection . 5.0: Extremely Solt 2.5: Group 4 2.0: Group 3 1.2: Group 2
Format (8) | @ Ground Condition i Group 4 1.0: Group 1
Inspection for ® Etfects of Liquelaction 2.0: Liqueliadle 1.0: Non-Bquefiable
gzg;xig::l @ Supporting Ground Condition 1.2: lregular 1.0: Amost Uniform
@D Scouring 1.5: Recognized 1.0: None
Pa=@Dx@x@x@xDx@ Py= .
(3 Shear Span Ratio (b/0) 20:1<h/D<4 1.0:h/Dz4 05:h/Dst
tnspection | @ Teesha Cracks inflexure 2l 5.0: Gracks Wi Oceur 1.0: Cracks Wi Possidly 0.3: Cracks will Kot
Format (C) Reinforcement Occur Occur
Inspecton b |® ?ﬁ%’sﬁfﬁﬂn 5D Sa |30:Sasid 2.0:1.1<50<1.5 0.5: Suz 1.5
Suength of le.'m‘:u'elﬂ Sacton - . 1.3 1.0:1.3<Sm<tS
RC Pier at Teniaed o 5D S |30: Sen gt 20:1.1<Smmst. 0:13<Sm<t:
Termination of ert 0.5:8z1.5
Reinforcement [y Shaar Stress o (i1/m?) 30:0245 2.0:30s0<45  1.0:1550<30  05:0<15
Inspection for 2;=®'®K@‘®x® Pe=
Vulnerability Faiture of Fixed Supports and . 5. . SN
to Dvelop Proximity 5.0 Exlenshie Failure  2.0: Small Faturs 1.0: Kone
o e e @ Extiaxdinary Damage o P | 5.0: Extensive Damage 2.0: SmalDamage  1.0: Nons
Strength of B . N
Sut::lgmlu:e T @ Materials of Substructure 2.0: ?;Wm’m{m 1926 Excluding 1.0: Others
nspection
Format (D) 2.0: Timer Pile, Masoary, 1.5: RC Ples, Pedestal  1.0: Foundation Desiged
@ Construction method of Brick, Other O'd Piles. Per Supported by 1971 Specs. and
Inspection Jor Foundation Construction Nethods by Two Independent Other Later Specs.
Strength of Caissons
Substructure
@ . 1.5: RC Flame Supported by Two 1.0: Othess
Foundation Typ2 Independent Cazsson Foundations
() Extraordinary Failure of . . .
Foundation 2.0: Recognized 1.0: None
Po=@x@x@x@xOx@ | Po=
Evaluation of Deformation and Strength X=PaxPy= and YaPcxPp=

Table 9 Evaluation

of Selsmic Vulnerablility

Evatuation Poinls
Rank of Seismic Y
Vulnerability X
Pc=10 Pc£10
A—Vulnerable X=60 Y=10 Y=100
B-~Moderate W0W=X<60 5=Y<I10 N=Y<I00
C—Sale X<20 Y<5 Y<50

Note) Out of two ranks oblaind from X-point and Y-point, higher rank {A is the
highes!) shoutd be laken as the linal ranking of the bridge Inspected. For
obtaining evaluation points X and Y, refer to Table 8.
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SEISMIC STRENGTHENING OF HIGHWAY BRIDGES

Table 10 shows the feasibility of selsmic strengthening against the 16 factors
which would affect the seismic vulnerability of highway bridges (refer to Table
7). Among the 16 factors, ® Devices for Preventing Falling-off of the
Superstructure, @ Type of Substructure, @ Effect of Soil Liquefaction, ©®
Effect of Scouring, ® Materials of Substructures, ® Types of Foundation, and
® Effect of Termination of Main Reinforcement at Mid-helght are the factors for
which countermeasures for strengthening the bridge are feasible.

Countermeasures against for the remaining 9 factors can not be made unless the
whole bridge be replaced.

Table 10 Feasibility of Seismic Strengthening for 16 Factors which Affect
Seismic Vulnerability of Highway Bridges

Items SeismecasSi?rin'airglgLnlng Principles of Counlermeasures

@ Design Specilicaliqns X
@ Type of Superstruclure X
(@ Shape of Superstructure X
@® Materials of Superstructure X
® Slope in Bridge Axis X
© gle\éiﬁgel‘%ruﬁmfgling Falling-oft o Instaifation of Devices
@ Typs of Subslructure O Strengthening of Subslructures
@ Height of Piers
® Ground Condition

. Strengthening ol Fundations or
Eifect of Soil Liquelaction o Strengthening of Surrounding Soils
@ Irregularily of Supporting Seil Condition X

R Trealment for Prevention of Scouring. or

@ Eifect of Scouring © Strengthening of Foundalions
@ Materials of Substructures (0] "~ | Strengthening of Subsiructures
@ Type of Foundation o} Strengthening of Foundations
@ Intensity of Ground Motion X
® ggf:';?:eﬁ;“nigfl;‘m‘ge?;;"" o Strengthening of Substructures

Note O ltems for which seismic slrenglhening Is leasible
X ltems for which selsmic strengthening Is not leasible
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Fig. 4 shows how the countermeasures can be made for the above described 7
factors. Installation of devices for preventing falling-off of superstructure,
strengthening of foundations, and strengthening of piers and abutments are the
main measures of seismic strengthening.

___Installation of Falling-ofl @® Devices for Preventing Connection belween Superstructure and
Prevention Devices Falling-ofl of Superstructure Substructures
Stopper

Extension of Seal Length
Seismic _|

Retrofit | Strenathening of Foundation @ Eflect of Soil Liquelaction Replacement of Soil
@ Effect of Scouring Enlargement of Fooling
. Increase of Number of Piles
© Type of Foundation Instaliation of Laleral Beams

Concrele Covering of Ground Surlace

Steel Plates/Piles for Guarding
Foundalien

— Strengthening of Substruclures @ Type of Substruclures

@ Materials of
Subslructures

Placing of New Concrele Surrounding
01d section

Steel Jacket
Placing of Wall

@ Eltect of Terminallon of Increase of Number of Piles

Main Reinforcement al
Mid-height

Fig. 4 Selection of Seismlc Strengthening Measures for Highway Bridges

Figs. 5, 6 and 7 show the methods for selecting the installation of the stoppers
at movable supports, falling-off prevention devices, and elongation of seat
length Se and bearing seat length S as measures of seismic strengthening for
existing bridges. The methods are based on a number of practices in the past®.

Figs. 8 and 9 show measures for strengthening foundations and strengthening
substructures for existing bridges, respectively.

The seismic inspection and strengthening methods of transportation facilities
including highway bridges were compiled and published from the Japan Road
Assoclation in the form of the "Guide Specifications for Earthquake Hazard
Mitigation for Transportation Facllities — Pre-Earthquake Countermeasures "
in 1987°.
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Fig. 6 Installation of Devices Connecting Deck and Substructure, and Device Connecting
Two Adjacent Decks for Existing Highway Bridges
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2.Connect web
to substructure with
steel wire or chain
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EXAMPLE OF SEISMIC STRENGTHENING

Fig. 10 shows an example of selsmic strengthening of reinforced concrete frame
supporting a bridge, constructed in 1968, on the Tomel Expressway of Japan
Highway Public Corporation'®'". The frame was strengthened so that the
seismic safety be ensured against the Tokal Earthquake which is anticipated to
occur with the magnitude over 8 in the Tokal area. The plers were strengthened
by placing new reinforced concrete with thickness of 17 cm. Reinforcing bars
were anchored into the footing. They were bent at the base of plers with
anchorage length of 112 cm (35 times the diameter of reinforcing bars) being
provided to prevent pulling-out from the footing. Photo 1 shows the completion
of the strengthening work.

Photo 1 Seismic Strengthening of RC Frare by Placing New Reinforced Concrete

Fig. 11 shows an example of selsmic strengthening of foundation constructed in
1952. To increase bearing capacity of the foundatlon. number of piles was
increased by enlarging the foundation'?®

Fig. 12 shows an example- of selsmic strengthening of bent plles which was
constructed in 1959. Because bent pile has small stiffness to inertia force in
longitudinal direction, it was Judged vulnerable. A unique strengthening
method was adopted in this bridge'®. Instead of strengthening each bent pile,
only two abutments at both ends of the deck were strengthened by constructing
new cast-in-place concrete piles, and the top of the bent plles was tied to a
{ steel beam which was newly placed on both sides of the deck.
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RESEARCH FOR DEVELOPING SEISMIC STRENGTHENING METHODS

Various research efforts have been paid to develop rational seismic inspection
and strengthening method. Because current efforts are being concentrated to
develop an Inspection and strengthening method of reinforced concrete.plers
with termination of main reinforcement at mid-height, research progress for the
termination zone is introduced.

The importance for this type of damage became apparent when a bridge was
critically damaged during the Urakawa-oki Earthquake in 1982'% . The Shizunai
bridge which is of five-span continuous girders and reinforced concrete piers
suffered destructive damage at the piers as shown in Photo 2.

Significant shear failure was found at mid-height of reinforced concrete piers,
where some of main reinforcement were terminated. Photo 3 shows the similar
damage during the 1978 Miyagl-ken-oki Earthquake'?. Although the damage was
not so serious as the Shizunai Bridge, it was found that this type of failure
occurred widely in the past earthquakes. Because wall type piers were commonly
constructed in the past, shear fallure developed by the inadequate anchorage
length of main reinforcement did not become so pronounced in the past. Single
columns with smaller concrete sectional area are likely to be adopted in recent
years, and it Is considered important to Investigate failure mechanism of this
type of damage for developing seismic inspection and strengthening method.

—

“‘-' e -

Photo 2 Damage of Shizunal Bridge during Urakawa-okl Earthquake in 1982
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Before the Design Specifications of Highway Bridges was revised in 1980,
anchorage length of main reinforcement terminated at tension zone was only 20
- 30 times a diameter of reinforcing bars. It was increased in 1980 to effective
width of the piers plus 20 times the diameter or the termination has to be made
upper than the point where the stress of the reinforcing bar becomes half of
the allowable stress.

For investigating fallure mechanism, a series of loading.test were made at the
Public Works Research Institute as shown in Photos 4 and 5'®. Fig. 13 shows a
method proposed based on the tests at PWRI for identifying the vulnerability at
the termination zone. The inspection is made by two parameters, l.e., failure
mode factor S, and safety factor at termination zone F, ", which are defined as

Sy = FVT/FVB (2)

F,m = MS/MT (3)

FyB = MVB/MB (4)
where

Sy ¢ fallure mode factor

F., T, F.,® : safety factor representing strength of pler in terms of

bending moment at termination point and base, respectively
MT, M® : bending moment developed at termination point and base,

respectively, when pler iIs subjected to a lateral inertia force
during earthquakes (tf-m)

M, T, M,® : ylelding bending moment at termination point and base,
respectively (tf-m)
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Photo 4 Loading Tests of RC Pler with Termination of Main Reinforcement

at Mid-Helght (Square Section)

Photo 5 Loading Tests of RC Pler with Termination of Main Reinforcement

at Mid-Helight (Circular Hollow Section)
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Fig. 13 Seismic Inspection for Reinforced Concrete Plers with Termination of
Main Reinforcement at Mid-Height

In Egs. (2) and (3), the fallure mode factor S, is used to identify where fallure
is likely developed firstly at either termination zone or base, and safety
factor F, T represents redundancy to failure at the termination zone. With use
of S, and F, ™, the decision is made in accordance with Table 11 by following a
flow chart as shown in Fig. 13. Check of shear stress Is also made as shown in
Fig. 13.

Fig. 14 shows the effectiveness to ldentify where the fallure was developed by
means of the fallure mode factors S,. Fallure is likely to be developed at the
termination zone when S. = 0.9, while, flexural fallure at the base tends to be
developed when Sy Is larger than or equal to 1.1 as shown in Table 11.

Fig. 15 shows how the safety factor F,T Is effectlve to assess the damage
degree. The damage degree is defined as the fallure which is possibly developed
at the loading stage of 5 times the ylelding displacement (56 v). From Fig. 15, it
is clear that significant failure including rupture of main reinforcements tends
to be developed when Fy7 < 1.2,
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Table 11 Estimation of Selsmic Yulnerability on the Strength of Termination
Zone by Fallure Mode Factor S, and Safety Factor Fy "

(a) Estimation of Failure Mode

Failure Mode Factor Sy Failure Mode
Sy=1.1 Flexural Failure al Base
Sy<il Vulnerable to Failure at Termination Zone

(b) Estimation of Damage Degree (In Case of Sy < 1.1}

Damage Degree al Termination Zone
Salely Factor Fi’ at the Loading Displacement of 54y
FJ <12 Rupture and Serious Buckling of Main

Reinforcement

Diagonal Cracks, Spalling-off of Cover
=12 Concrele, Slight Buckling of Main
Reinforcement

T ] T T
FAILURE MODE a9 ol *i/shan-soi Bridge P3 Pier
Failure wos developed ot i o Aﬂra 1 i
termination zone. ratill i
Shizunai Bridge : : LEGEND
: {P3 Pier) | I |a:54

Mthough slight domage wos | }A - } m:g9g | Swore ||
developed ot termination zone, i I 1o . 5‘ 6 Section
finol failure was developed i i “ T Gireutr
ot base. : | |OF49  Section

I l +: 7.1 Woll Type
Failure was developed - } @A | The numbers represent |
of base 1 I | shear span tatios of

i || specimens.

| 1 1 i
0.5 1.0 1.5

Foilure Mode Faoctor Sy
Fig. 14 Estimation of Fallure Mode by S,
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Displacement of 56 o _

Seismic strengthening methods for the termination zone are being developed at
various organizations'® 2", There are several possible ways for strengthening
the termination zone. One is to place new reinforced concrete section around
the existing section. However, in this method, increase of the mass of the pier
for requires additional increase of the foundation, and noise and air pollution
during tipping of cover concrete make it difficult to be adopted in urban area.
To avolid such difficulties strengthening by means of a steel jacket wrapped
around the existing pler seems promising. Another wrapping by means of carbon
fiber is also being studied'®.

A series of dynamic loading tests of specimens strengthened by a steel jacket
are being made at the Public Works Research Institute jointly with the
Metropolitan Expressway Public Corporation and Hanshin Expressway Public
Corporation'® '™, Parameters considered in the tests are length and thickness
of steel jacket, and injection material between steel jacket and concrete.
Tests are being made for circular, square and wall type plers. '

According to the past tests, steel jackets were effective to strengthen piers
vulnerable to shear failure at the termination zone. The minimum length of the
steel jacket may be 1.5 to 2.0 times the pier width D. Epoxy resin seems better
than concrete mortar as an injection material, because separation of steel
jacket from concrete surface is more restricted.

Based on the test results, about 20 plers each were strengthened at the
Metropolitan Expressway Public Corporation'® and Hanshin Expressway Public
Corporation'™. Figs. 16 and 17, and Photos 6 and 7 show selsmic strengthening
of reinforced concrete plers. The plers were covered fully from the top to the
bottom by steel jackets with thickness of 6 mm and epoxy resin was used
injected.
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Photo 6 Seismic Strengthening of RC Piers on Metropolitan Expressway

by Steel Jackets

Photo 7 Selsmic Strengthening of RC Plers on Hanshin Expressway

by Steel Jackets
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CONCLUDING REMARKS

Because selsmic design for highway bridges was initlated In 1926, and because
revision and amending of seismic design codes have been made based on bitter
experiences learned from a number of selsmic damage in the past, seismic
performance of highway bridges designed by the current seismic design code is
consldered adequate. However, there are a number of existing bridges
vulnerable to seismic effects, which were designed by the past design practices.

By the great efforts In the past selsmic strengthening works, installation of
falling-off prevention device is now almost belng completed for important
bridges, but seismic strengthening of foundations and piers have been made for
few bridges. Therefore 1t i{s now facing to a time to initiate seismic
strengthening of foundations and plers. For this purpose, it is absolutely
important to develop a reliable seismic inspection method of existing highway
bridges. Further research efforts for improving reliability and accuracy of
seismic Inspection method is required as well as development for seismic
strengthening method.

FUTURE DIRECTION

It is required to develop varlous subjects for selsmic inspection and seismic
strengthening Including the following lIssues :

a) Level of Seismic Strengthening

There is no wonder to require strengthening for those bridges vulnerable to
developing critical failures such as falling-down during an earthquake.
However, from the view of importance of highway bridges as a vital component of
transportation facilitles, a certain type of bridges requires to keep their
function without causing damage even after a destructive earthquake. On the
other hand, there may be bridges which were constructed in old time and are
now in use for a few amount of traffic. Depending on lmportance, impact causing
indirect damage, difficulty for repalr and service time left before replacement,
an appropriate evaluation method for deciding priority of seismic
strengthening and for deciding the target level required for strengthening is
important.

b) Improvement of Reliability of Seismic Inspection

It is required to have more rellable evaluation on the seismic performance of
bridges for spending a big amount of budget such as for seismic strengthening
of foundations. The point required in the seismic inspection is not to know
whether the design of a highway bridges is appropriate in accordance with the
current design specifications, but to know whether the bridge could perform in
a way expected In accordance with the target of selsmic strengthening during
an anticipated earthquake. Much more improvement on the structural
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performance is required.

c) Development of Seilsmic Strengthening Method for Vulnerable Highway Bridges
Because there are several possible modes which lead to critical fatlure of
highway bridges, development of selsmic strengthening method is required for
them. These Includes the strengthening method for bent pile foundation,
reinforced concrete frame on two independent caisson foundations and plain
concrete piers. Strengthening method of reinforced concrete piers with
termination of main reinforcement with inadequate anchorage length is also
important. Strengthening methods by applylng new materlals such as carbon
fiber and fiber reinforced plastic, and new technology such as connection of
adjacent girders or slabs, non-destructive inspection method and devices for
preventing falling-off of superstructure with energy absorbing capability are
also to be developed.
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SUMMARY

Presented are current technical developments for the base isolation to
ordinary size of highway bridges with span length from 10 m to 50 m in Japan.
Seismic environment, history of seismic damage and formulation of selsmic
design codes are firstly described with emphasis on motivation for introducing
the base Isolation. Because elongation of natural period of bridges Is quite
difficult to be adopted due to various restrictions associated with deck
displacement, a "Menshin Deslgn” which aims even distribution of lateral force
to each substructure as well as increase of energy dissipating capabllity is
becoming to be incorporated. Existing and current efforts for developing the
Menshin Design including pilot construction and a joint arch program of the
Menshin Design is presented.

INTRODUCTION

Highways In Japan consist of Expressways (3,721 km), National Highways
(46,661 km), Prefectural Roads (128,202 km) and Municipal Roads (925,138 km).
Along the highways and roads, excluding the Municipal Roads, there are about
60,000 bridges with span length of 15 m or longer. Although the number of
bridges constructed per year depends on the year and span length, it is about
6,000 for concrete bridges and 2,000 for steel bridges with the length of 15 m
or longer.

Base Isolation has been highlighted in Japan as a new technology to
reduce seismic response of structures, and more than 30 base-isolated
buildings have been constructed. The principles of base isolation is to
elongation the natural period of a structure and enhance the energy
dissipating capability with a base isolation device, which consist of an
isolator and an energy dissipator. Although the base Isolation has been
applied to highway bridges in New Zealand and U.S.A.(Refs. 1 - 4), seismiclity is
higher and ground condition is softer in Japan, so that a specific research and
development be Inevitable for applying the base isolation to highway bridges
in Japan.

This paper describes the current efforts for Incorporating the base
isolation to seismic design of highway bridges. Because design consideration is
different with large bridges such as cable-stayed bridges, description Is
concentrated here to ordinary size of highway bridges with span length of 10
to 50 m. Overcrossing and viaduct in city area is also Iincluded here as
"bridge”. Seismic design philosophy of those highway bridges including the the
history of bridge damage in the past and past revision of selsmic design codes
fs presented with emphasis on the motivation for Incorporating the base
isolation. Because elongation of natural period is difficult to be adopted and

— 321 —



distribution of lateral force to substructures is now becoming considerably
important, a slightly different concept with the base isolation is being
introduced by taking advantages of energy dissipation and distribution of
lateral force. It Is referred as "Menshin Design". Outline of the existing and
on-going researches including a joint program between the Public Works
Research Institute and 28 private firms entitled "Development of Menshin Design
of Highway Bridges" (Ref. 5) are also presented.

CURRENT SEISMIC DESIGN AND PHILOSOPHY OF HIGHWAY BRIDGES

History of Earthquake Damages Located along the Pacific Selsmic Belt, Japan
is one of the most selsmically disastrous countries in the world and has often
suffered significant damage from large earthquakes. Fig. 1 shows the largest
magnitude of the earthquakes which occurred in the past (Ref. 6). It 1is
recognized that the earthquakes with magnitude over 8 occurred with rather
short recurrent perlod In and around Japan In the past. It should be noted
that seismicity Is especially high along the Pacific coast where large cities in
population and Iindustrial products such as Tokyo, Osaka and Nagoya are
located.
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Fig. 1 Largest Earthquake Magnitude Which Occurred in the Past

Table 1 shows the highway bridges which suffered damages In the past
earthquakes since the Kanto Earthquake of 1923 (Ref. 7). It should be noted
that although there were many bridges which suffered damages due to
earthquakes, number of bridges which fell down was only 15. It is lmportant to
note that damage types have been varying as shown in Table 2 in accordance
with the progress of the seismic design method and improvement of construction
practice. Seismic damage since the 1923 Kanto Earthquake may be classified into
three stages from their significance (Refs. 8, 9).
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Table 1 Number of Highway Bridges Which Suffered Damage
in the Past Earthquakes after 1923 Kanto Earthquake

NUMBER OF HUMBER OF
DATE EARTHQUAKE MAGNITUDE | S Ghaceo | BRIGES WHICH

1923.9. 1 | KANTO 19 1,785 §
19461221 | NANKAI 81 M5 |
1948. 628 | FUKUI 13 243 4
19401226 | IMAICH 64 1 0
1952. 3. 4 | TOKACHIOKI 8. 128 0
1962. 430 | MIVAGIKEN-HOKUBU 65 187 0
1964. 616 | NIGATA 15 0 3
1968. 221 | EBIND 61 10 0
1968. 5.16 | TOKACHLOKI 79 101 0
1978 114 | IZU-GHSHIMA 70 7 0
1978. 612 | MIYAGLKEN-OKI 14 % 1
1982. 321 | URAKAWAOKI 74 5 0
1983. 525 | NIKON-KALCHUBU 11 176 0
1984. 9.14 | NAGANOKENSEIBU 68 14 0

TOTAL 3lg1 15
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Table 2 Change of Selsmic Damage Mode

Yeor Maj i ismi e ; Seismic Inspection
ajor Earthquokes Change of Major Seismic Damage Seismic Design Method and Strengthening
- 1920 Failure of Superstructure due to
1923 Kanto Earthquake (M7.9) Tilting/Movement of Foundation
' : 1926 Initiation of Seismic Design {Details of
Road Structures)
- 1930
;"’;2’; eB:LrCi:gC'e“" around 1939 Introduction cf Standard Seismic Coefficient
- 1940 | | {Design Specificotions of Steel Highway Bridges)
i
1946 Nankai Earthquake (M8.1) ] e
1948 Fukui Earthquoke (M7.3) | |1 !
- 1950 | | | 1
1952 Tolécchi-oki Earthquake l ' | | .
(M8.1} .
| | | l Falluge of 1956 Seismic Coefficient depending on Zone and
| g | RCPiers,ond Ground Condition (Design Specificotions of
L 1960 BW”"? Steel Highway Bridges)
1964 Niigoto Eorthquake (M7.5) : |
| ]
| !
-1970 1 | 1971 o Seismic Coefficient depending on Zone, Ground 1971 Seismic.
. E:otndatiortt?.lmg%na?ce and 'S‘trurc’:tgr?l kesponse Inspection
N . ntroduction of Evaluation Method for
1978 my?og:)-ken-okl Earthquake Liquefaction (Specifications for Seismic Design) | 1976 Seismic
1980 ’ 1980 o Part V Seismic Design, Specifications for Design Inspection
. f Hi i 1979 Seismic
1982 Urgkewa-oki Earthquake of Highway Bridges Thenect|
(M7.1) « Introduction of New Evoluation Method for nspection
1983 Nihon- kai-chubu Liquefactions 1986 Seismic .
Earthquake (M7.7) . Inspection
- 1990 1990 Part V Seismic Design, Specifications for Design
of Highway Bridges




1) Stage 1 - Damage due to Inadequate Strength of Foundations

After experiencing the destructive damage of the 1923 Kanto Earthquake,
the first requirements for seismic design of highway bridges were Included In
the "Details of Road Structures (Draft)" issued in 1926. No seismic effects were
considered for design of highway bridges prior to the Kanto Earthquake. Even
after the first stipulations, seismic design was not adequate because the
stipulations only described design force levels without providing detalled
design method and design details. Therefore, seismic safety of bridges was
short until the 1950's when seismic design for foundations and substructures
came to be widely improved.

In those days when seismic effects were either disregarded or poorly
considered, seismic damage was characterized by fallure of foundations and
substructures as shown In Photo 1. In most cases, foundations were tilted,
moved or even overturned due to insufficient strength of the foundations and
the surrounding subsoils, which led to falling-off of the superstructures (Ref.
10). ,

e

Photo 1 Damage of Nakazuno Bridge by the Fukul Earthquake of 1948

2) Stage 2 - Damage due to Soil Liquefaction ‘

Although the damage due to inadequate strength of foundations became
less frequent by the improvement of seismic design and construction methods
for substructures, the next stage of earthquake damage encountered was soil
. fallure In éonjunctlon with liquefaction prominently observed during the 1964
Niigata earthquake. Photo 2. shows the falllng-off of the decks of the Showa
bridge in the earthquake. Extensive soil movement assoclated with liquefaction
produced large lateral movements of the bent pile foundations, which caused
the dropping-off of the deck (Ref. 11). Responding to the damage, the first
stipulations for assessing vulnerability of liquefaction were introduced in the
"Design Specifications for Seismic Design of Highway Bridges" in 1971 through
extensive studies initiated after the earthquake.
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Photo 2 Damage of Showa Bridge by the Niigata Earthquake of 1964

The other Important lesson gained from the Niigata earthquake was that
devices for preventing falling-off of superstructures from the crest of
columns are unavoidable. It was considered that even if large relative
movements between the deck and the substructures occurred due to soil
fallures such as soil liquefaction, critical failure causing falling-off of deck
could be prevented by providing special devices. Various devices as shown in
Fig. 2 were proposed then, and recommendations on design detalls were included
in the 1971 Specifications.

Soe e e
-l

STO\PPER AT MOVA,BI’.E (‘IONNECTION OF DECK
“BEARINGS. -~ WITH_SUBSTRUCTURES
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Fig.2 Devices for Preventing Superstructure from Falllng

— 326 —




3) Stage 3 - Damage to Columns and Bearing Supports

In recent earthquakes including the 1978 Miyagi-ken-okl earthquake and
the 1983 Nihon-kal-chubu earthquake, substantial damage due to shortage of
foundation strength and effect of solil liquefaction was not developed in those
bridges designed and constructed in accordance with the recent design
specifications after 1971. However, damages to reinforced concrete columns and
bearing supports, which were rarely suffered in the earlier earthquakes, were
developed extenslively as shown in Photo 3. This is due to the fact that old
failure modes such as tilting or movement of the foundations, soll liquefaction
and falling-off of superstructures were prevented by the new design
recommendations.

Photo 3 Damage to Reinforced Concrete Plers of Sendail Bridge
by the Miyagi-ken-oki Earthquake in 1978

Through these evidences of seismic damage and effect of countermeasures,
it is becoming apparent that certain types of fallure developed in recent years
at bearing supports and columns may not be prevented by only increasing the
lateral force, although large lateral force has been adopted for seismic design
of highway bridges. It may be effective to allow some relative displacement
between deck and substructures for preventing the damage of bearings. Because
lateral force developed during a destructive earthquake with the magnitude
over 8 would be at least 3 times larger that the force level considered in the
current seismic design based on the allowable stress design approach,
occurrence of some damage may be unavoldable. Incorporation of structural
members which develop stable energy dissipation under destructive seismic
loading may be required. This Is one of the motivations for incorporating the
base isolation to highway bridges in Japan.

Selsmic Design Philosophy of Highway Bridges The latest specifications were
fssued by the Ministry of Construction in February 1990 (Ref. 12). Major
revisions introduced In the 1990 Specifications were unification of static
lateral force method and the modified static lateral force method including the
revision of the modification factors for design selsmic force, a new method for
computing Inertia force for multi-span continuous bridges, a new ductility
check for reinforced concrete columns, and detaifled stipulations for dynamic
response analysis. These revisions were Incorporated based on the recent
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studies for predicting earthquake ground motlons and strength of reinforced
concrete columns (Ref. 13).

The current specifications, with which highway bridges constructed in
Japan with less than or equal to 200 m span length shall be designed in
complete accordance, stipulates the principles of the seismic design of highway
bridges as :

1) A highway bridge shall be designed to have sufficlent stability against
earthquakes not only as an individual superstructure and substructure but
also as a whole structure by considering the structural characteristic of the
bridge, topographical and geological conditions at the site, damage
experiences in past earthquakes, importance and circumstances of the bridge.

2) The earthquake resistant design shall be based on the static lateral force
method. The seismic safety of a bridge shall be evaluated by comparing the
resultant values due to the static lateral force method with the allowable
values such as allowable stresses, allowable bearing capacities, allowable
displacements and safety factors.

3) A reinforced concrete column which is designed by the static lateral force
method should be checked on the bearing capacity for lateral force to
prevent the brittle fallure from taking place.

4) A bridge which is designed by the static lateral force method and has
complicated seilsmic response should be checked by the dynamic analysis.

The lateral force coefficient in the static lateral force method, which is
equivalent to the fraction of design lateral response acceleration to the
gravity acceleration, Is stipulated as shown in Fig. 3, in which the zoning
modification coefficient and the modification coefficient for Importance are
assumed as 1.0. The design lateral acceleration from 0.1 g to 0.3 g is taken into
the seismic design. This represents the seismic force for moderate earthquakes
which are supposed to take place with higher possibility.
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The specifications adopt the allowable stress method, or working stress
method. Although the ductlility check of reinforced concrete columns for
lateral force as shown in Fig. 4 ijects larger earthquakes such as the 1923
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Kanto earthquake which are supposed to take blace rarely, basic philosophy of
seismic design for highway bridges in Japan Is to review the dynamic
performance within elastic range. With the philosophy, 1t is difficult to come
to use a energy dissipator aiming to reduce the seismic response. This is one of
the reasons why base isolation was not so interested In bridges, compared with
buildings, in Japan.
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Fig. 4 Lateral Force Coefficlent kno for Check of Bearing Capacity of
Reinforced Concrete Plers for Lateral Force (cz =c;1 = 1.0) ‘

EXISTING EFFORTS TO MITIGATE SEISMIC RESPONSE OF HIGHWAY BRIDGES (.

Reduction of Lateral Force Efforts to reduce lateral force for design of
substructures have been made in Japan (Ref. 14). The first attempt was to
reduce lateral force by Increasing energy dissipation capabllity. Viscous
dampers such as cylinder type viscous dampers were triled to be adopted in
early stage. Fig. 5 shows the result of an analytical study for a simple highway
bridge. One of the two ends of the deck is supported by a fixed bearing with
the other end being supported by roller . This Is the usual way for supporting
the deck. Viscous dampers were assumed to be provided between the deck and
the column on the side where the deck is supported by the roller. The viscous
dampers were assumed to have viscous coefficient of C.
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Fig. 5 Effect of Viscous Coefficlent on Distribution and
Reduction of Lateral Force '
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The maximum shear forces developed at the columns were computed for the
Hachinohe record observed during the 1968 Tokachi-okl Earthquake (M=7.9). It
can be seen In Fig. 5 that the lateral force developed at the column which
supports the deck with roller and the viscous damper increases as the viscous
damping coefficient C Increases. It tends to support the half lateral force of
the deck when the viscous damping coefficlent C becomes infinitively large.
There is however a best viscous coefficient C which makes the total lateral
force minimum. In the case presented In Fig. 5 600 tf s/cm may be the best
viscous coefficient.

However this type of finding was not incorporated into practice because
of two reasons (Ref. 15). The first reason was that the optimum value of viscous
coefficient significantly depends on ground motion. Adjustment of the viscous
coefficient depending on ground motion was Impossible. The other reason was
temperature dependence of the viscous coefficlent. The viscous coefficient
significantly varled with temperature for materials available at those days.

Therefore, instead of aiming to reduce the lateral force, viscous damper
has been adopted to distribute the lateral force. The viscous damper gives a
resistive force when subjected to high-velocity motion such as the one
encountered during an earthquake, and does not offer resistance to
low-velocity motion such as the deck movement caused by temperature change.
Hence, by providing the viscous damper the seismic lateral force may be more
evenly carried by many columns without giving harmful effects due to
temperature change. It should be noted that the temperature dependence of the
viscous coefficient was no more significant for such high viscous coefficient
range. In this mean, the viscous damper adopted in the past has been regarded
as "damper stopper”, because the dampers were used to work as a stopper
instead of energy dissipator during an earthquake.

various damper stoppers have been developed and adopted in the past
(Refs. 16, 17). Some typical damper stoppers are presented In Fig. 6. Fig. 7
show an example of this type of damper installed in a five-span continuous
bridge of the Tokyo Metropolitan Expressway. The bridge was designed for
lateral force coefficient of 0.3 and its superstructure weighs of 3,000 tf. The
total lateral force of 1,200 tf Is expected to be almost evenly distributed to
the ten columns through twenty dampers.
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Fig. 6 Varlous Damper Stoppers Adopted to Highway Bridges
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|

Flg. 7 5-Span Continuous Highway Bridge with Viscous Damper Stoppers

A unique device similar with the base isolation is the "SU Damper" as
shown in Fig. 8 (Ref. 18). Original concept of the SU-Damper was to avoid the
transmission of excessive lateral force larger than that considered in seismic
design. Therefore the deck was supported by columns with frictlon bearings.
For preventing excessive movement of the deck, prestressed strands which
connect the deck and columns were provided. As well as the function of
restrainer, the strands were considered as device to control the natural
period of the bridge. The stiffness can be arbitrarily controlled by adjusting
the length and size of the strands. The energy is dissipated by the friction
developed at the bearings. Fig. 9 shows an analytical model to consider the
effect of the SU Damper. Because of elongation of natural period and energy
dissipation, the SU Damper may be considered as one of the base isolation
devices. The SU Damper was firstly adopted iIn 1963 at an overcrossing on Route
1 of the Metropolitan Expressway. Photo 4. shows the SU Damper Installed on
the 9 span continuous prestressed concrete bridge of the Metropolitan
Expressway.
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Fig. 8 SU-Damper
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Photo 4 Bridge with SU Damper, Ukizuka Viaduct

Elongation of natural period has been adopted as a measure to reduce
seismic lateral force, in particular for cable stayed bridges. Various devices
have been developed to elongate natural period of cable stayed bridges. Deck
was either isolated from tower (Ref. 19) or supported by links (Ref. 20) for
making the deck being free to move in longitudinal direction. For either
adjusting the natural period or preventing excessive deck movement, special
devices h as springs (Ref. 21) and prestressed strands (Ref. 22) were used. Fig.
10 shows an example of such attempt in which the deck was supported by plate
springs at the end.
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Fig. 10 Adoption of Elastic Spring to Prevent Excessive Deck
Movement Associated with Elongation of Natural Period
(Oitsuishi-Iwaguro Bridge)

Distribution of Lateral Force Multi-span continuous highway bridges are
likely to be constructed recently with demand of decreasing the number of
expansion joints, which make annoying vibration and are vulnerable to traffic
load, in order to secure comfortable driving with flat road surface and be
released from bothersome maintenance work of the joints. Furthermore,
multi-span continuous bridges are known to be more earthquake-resistive from
past seismic experiences since they have larger degrees of redundancy than
simple supported girder bridges.

However, the seismic 1lateral force In longitudinal direction for
multi-span continuous bridges becomes extremely large as the number of the
spans and/or the length of each individual span Is extended. Traditionally, the
lateral force was concentrated to a single substructure with a fixed bearing
and the other substructures support only the vertical dead weight of the
girder with movable bearings. However, the size of the single fixed
substructure often becomes excessively large from the practical design point
of view. To avoid such concentration of lateral force to a single
substructure, various devices including rubber bearings have been developed
and put Into practice.

Distribution of lateral force to substructures can be performed by
several methods (Ref. 14). The simplest method is to support the girder by fixed
bearings at every plers. Although Indeterminate lateral force will be
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developed due to the clongation and shrinkage of the girder by thermal
change, this method may be adopted unless the effect of the force is critical
to design substructures. A highway bridge having as many as twelve continuous
spans with a total deck length of 507 m has already been constructed (Ref. 23).

The second way is use of rubber bearing. Lateral stiffness of the rubber
bearing can be easily adjusted by changing the rubber thickness or rubber
material to intentionally modify the distribution ratio to each substructure.
Many multi-span continuous bridges have been successfully constructed with
use of rubber bearings for distribution of lateral force (Ref. 24). The third
way Is to adopt a viscous damper as described above.

PERSPECTIVE OF "MENSHIN DESIGN™ IN JAPAN

Although elongation of the patural period and Increase of energy
dissipation capability of a structure are key factors In base-isolation, the
elongation of the fundamental natural period for highway bridges leads to
large relative displacement between the girder and the substructures, and
requires the special expansion joints with large displacement capacity.
Because the elongation of natural period has been attempted for cable stayed
bridges, further technical development would be made. However for ordinary
highway bridges in multi-span continuous type with span length of 10 m to 50 m,
it is not appropriate to elongate the natural period so forcibly as in
buildings, deeply related with various reasons constrained to highway bridges
in Japan.

First reason is softer soil condition. Because most of populated areas are
located on alluvial fan deposits, solls are very weak. Second reason is the
high seismicity accompanying large earthquakes with magnitude over 8. These
large earthquakes caused considerable damage In the past. Reflecting the
occurrence of destructive earthquake as well as the worse soil condition,
lateral force coefficient as shown in Figs. 3 and 4 are very high up to long
natural period.

Third reason is difficulty to widen the clearance between decks. From the
demand of driving comfort, maintenance problems and release from annoying
noise and vibration, various efforts have been pald to develop expansion Joint
with small clearance. Even the regular expansion joints currently used cause
considerable problems, Increase of gap clearance can not be incorporated.

Fourth reason Is the evaluation on collision developed either between
abutment and deck or between adjacent decks. When enough clearance Is not
provided collision would be taken place. Actually collision frequently took
place during the past earthquakes (Ref. 25). It should be noted from these past
experiences that collision did not cause critical structural problems although
expansion joints were often badly damaged. Although collision caused fallure
at contact face (Ref. 25) and/or bearings and stoppers, they were not serious.
Although bearings have not been intentlonally designed taking account of the
fact that they would be damaged during a destructive earthquake, they did
behave as a "fuse" to prevent the transmission of larger lateral force than
that considered in seisnic design. Therefore it may be sald that the fallure of
bearing have been behaved as "isolator" (Ref. 26).
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Now turning to the fourth reason, did collision cause serious problem to
highway bridges ? The answer is "no" ! As long as cnough seat length was
provided, it caused no serious structural damage such as falling-off of
superstructure. Attention has to be paid only when two adjacent decks with
considerable different mass collides. In such case, the heavier deck tends to
push the lighter deck, and damage is likely to be developed at the bearings
and plers supporting the light deck (Ref. 25). Although the energy dissipating
effect is not included in the current seismic design method, it constrains the
deck response. It is effective to constrain deck response at early smaller
stage of deck movement (Refs. 27, 28, 29). Therefore the superiority for causing
collision would become clear if the energy dissipation and constrain of deck
movement at small response stage were considered.

Based on these conslderations, it seems preferable not to intentionally
increase natural period and not to widen the gap clearance at joints in
highway bridges in Japan. Therefore instead of intentlonally Iincreasing
natural period, combination of Increase of energy dissipating capability and
distribution of seismic lateral force is considered to be preferred to highway
bridges in Japan. It may be important to adjust natural period to avoid
resonance with ground. This is an extension of the existing selsmic design
concept of highway bridge in Japan. The design concept in which bridges are
designed taking advantage of the increase of energy dissipating capability and
the distribution of seismic lateral force Is proposed to be referred as "menshin
design” (Ref. 5). Although the original meaning of "menshin" in Japanese is
"base Isolation”, It is a little bit different with "base Isolation" in design
concept.

The followings are the basic .principles considered required to activate
menshin design in ordinary size of highway bridges in Japan :

1) Distribution of lateral seismic force should be attempted by adjusting the
lateral stiffness of menshin bearings, while the lateral seismic force would
‘be reduced by improving the energy dissipating capability with use of menshin
bearings.

2) The fundamental natural period of menshin bridge should be adjusted to
avold the resonance with the ground, being balanced with the distribution
effect. Attempt for elongating natural period so forcibly as buildings should
not be made.

3) The menshin effect should be used not to make dimenslon and size of
substructures small, but to improve the seismic performance of bridges.

4) Gap at an expansion joint should not be widened In menshin bridges,
although a little larger relative displacement Is expected to be developed
between a girder and substructures during a destructive earthquake.

5) The menshin design should be adopted only at the site with stable soil
behavior. The site vulnerable to soil liquefaction and other type of failure
should be avoided.

6) The menshin design should be encouraged to construct super-multi-span
continuous bridges with the effect of lateral force distribution.

EXISTING AND CURRENT EFFORTS FOR MENSHIN DESIGN

Guidelines for Base Isolation Design of Highway Bridges For studying the
application of base isolation to highway bridges, a committee chalred by
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Professor Tsuneo Katayama, University of Tokyo, was formed through 1986 to
1989 at the Technology Research Center for National Land Development, which is
the first public activity for the base isolation of highway bridges in Japan.
Three programs were studied in the committee, i.e., 1) survey of base isolation
devices which can be used for highway bridges, 2) study on the key points of
the base Isolation design of highway bridges, and 3) trial designs of base
isolated highway bridges. As the final accomplishments of the three year study,
»Guldelines for Base Isolation Design of Highway Bridges (Draft)" was published
in 1989 (Ref. 30).

Pllot Construction Program of Menshin Bridges Five pilot menshin highway
bridges as shown in Table 3 are under construction or completed under the
supervision of the Ministry of Construction in order to verify the performance
of the menshin highway bridges (Refs. 31,32,33). A working group is formulated
tn the Ministry of Construction for supervising the design and construction.
One of them, Miyagawa Bridge in Shizuoka-ken, was completed and opened for
the public traffic in March 15, 1991 as the first menshin highway bridge under
the program (Ref. 32). Some other bridges following the first five are in design
stage.

Table 3 Construction Program of Menshin Bridge

Owner Name of Bridge Type of Superstructure | Total Length
Hokkaido developing Bureau On-netoh Bridge Steel Girder 456 m
Tohoku Regional Construction Nagakigawa Bridge Steel Girder 97 m
Bureau, MOC
Iwate-ken Maruki Bridge Prestressed Concrete 92 m
Tochigi-ken Daiichi Karasuyama Bridge | Prestressed Concrete 250 m
Shizuoka-ken Miyagawa Bridge Steel Girder 110 m

Joint Research Program on Menshin Bridges The three-year joint research
program on the menshin highway bridges is now under way between Public Works
Research Institute and twenty eight private firms since July 1989 (Refs. 5, 34).
The goal of the program Is to develop the menshin design method and the new
menshin devices for highway bridges in order to improve the seisnic
performance of new and existing bridges with less cost. Table 4 shows the
research items and the contribution of each organization. The program will be
accomplished  in March 1992. "Design Manual of Menshin Design of Highway
Bridges" is to be composed as fruits of the research program. There are four
research topics in this joint program:
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Table 4 Research Items and Organization of Joint Research between Public Works Research Institute
and 28 Private Firms for Developing Menshin Systems for Highway Bridges

Research Theme P|Ka| Si|Ob| Ky Tn| H|Ni| Su| M| G |Or| Ti 1| Ni{ Kol Ns[Ot |Y |To|Bs|Bb|Sh{Pc|] [N | Chicf g:be-f
]

1. Development of Device for Isolation
1.1 High Energy Absorbing Rubber Bearing 'e) ololol {o
1.2 Friction Damper
1.3 Steel Damper o o) Ol Bs
1.4 Link Bearing Develop of e
1.5 Viscous Damper
1.6 Test Method 0 ®) o) o)

e O

2. Development of Expansion Joint and Falling-off
Prevention Device for Isolated Bridge Te —
2.1 Expansion Joint ®] ©)

2.2 Falling-off Prevention Device o) o)

3. Development of Design Method for Isolated
Bridge
3.1 Design Philosophy
3.2 Dynamic Responce Analysis Method
3.3 Design Method of Device for Isolation
3.4 Simplified Design Method
3.5 Design Method of Expansion Joint and Fall-

ing-off Prevention Device
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4. Application of Basc Isolation to Bridge
4.1 Application to Prestressed Concrete Bridge
4.2 Application to Steel Bridge
4.3 Application to Multiple Super-long Bridge
4.4 Application to Seismic Retofit
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P: Public Works Research Institute, Ka: Kajima, Si: Shimizu, Ob: Ohbayashi, Ku: Kumagai, Tn: Takenaka Doboku + Takenaka, H: Hazama, Ni: Nishimatsu, Su: Sumitomo, M: Mitsui, G:
Goyoh, Ok: Okumurs, Ti: Taisei + Tokyo Fablic + Nippon Chuzo, I: Ishikawajima Harima, Nx: NKK + Nippon Chuzo, Ko: Kobe Steel, Ns: Nippon Seiko, Oe: Oiles, Y: Yokohama Rubber,
To: Toyo Rubber, Bs: Bridgestone, Bb: BBM, Sh: Showa Densen, Pe: Pacific Consultants, J: Japan Engincering Consultant, N: New Structural Engineering Consultants,



1)Development of new menshin devices

The menshin devices for highway bridges have to be more compact and more
weather-proof than the base-isolation devices for buildings since the menshin
devices would be Installed at narrow and exposed crests of bridge columns. The
new menshin devices should be developed exclusively for menshin highway
bridges to be effectively constructed. The following ten new devices in the six
types are now being developed under the research program.

1) high damping rubber bearing ---------—----===-=-= 4 devices
2) sliding frictton damper --------=-----7"=7"77"TT 2 devices
3) steel damper ------------===--=s-ToToTosToToTTIIOT 1 device
4) roller menshin bearing ---------==-=-=-=""7=7"7"" 1 device
5) link bearing ----~---=-----=-="---ToTToToTomTTTITOT 1 device
6) viscous damper --------=--=--TToTTTTIoTooTTTIIIIOT 1 device

All developed menshin devices but the link bearing were tested with use
of the dynamic loading systems of PWRI under the same loading conditions to
verify thelr performance as shown in Photos 5 and 6.

2)Development of expansion jolnts and restrainers for menshin bridges

The knock-off mechanism at an abutment to ease the impact force induced
by the collision between the superstructure and the abutment, and the finger
expansion joints which Is distinguished from the regular finger joints by the
transverse movement, are being developed. The restrainer which consists of the
steel bar installed in the crest of the substructure and the steel casing with
rubber inside Is also being developed.

3)Development of menshin design method

Taking into account the high seismic activity and the philosophy of
seismic design in Japan, the flow chart of the menshin design method
illustrated in Fig. 11 are proposed, in which two levels of design force are
considered as 1limits states. The first level, called as Level 1, Is equivalent to
the design seismic force considered in the current static lateral force method
(refer to Fig. 3). This represents the force level developed by moderate
earthquakes. The second level, called as Level 2, is equivalent to the design
seismic force for the check of the bearing capacity of the reinforced concrete
columns for the lateral force (refer to Fig. 4), and this corresponds to larger
earthquakes such as the 1923 Kanto Earthquake.

4)Application of menshin design

The menshin multi-span continuous bridge with the deck length over 1 km,
which is called in the research program as a super multi-span continuous
bridge, Is examined as a crucial research item. Connecting of existing simple
supported girders to lessen the number of troublesome expansion Joints, and
retrofitting of existing bridges to Increase the seilsmic bearing capacity by
using menshin bearings are also studied In the research program.
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Photo 5 Dynamic Loading Test of Menshin Devices at
Public Works Research Institute

Photo 6 Cyclic Shear Test of Menshin Devices

— 339 —



Design Menshin Devices
by Static Analysis Method
against Large Earthquake (Level 2)

Design Bridge Structure
by Statlc Analysis Method
against Moderate Earthquake (Level 1)

Check Ductility
of Reinforced Concrete Colurmns
by Static Analysis Method
agalnst Large Earthquake (Level 2)

Check Safety of Entire Bridge
by Dynamic Analysis Method

agalnst Moderate Earthquake (Level 1)

Design Expansion Joints
against Large Earthquake (Level 2)

il

Fig.

Design Falling-off Prevention Device
agalnst Severest Earthquake (Level 3)

11 Flow of Menshin Design of Highway Bridges
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CONCLUDING REMARKS

Applicatlon of the base Isolatlon to highway bridges In Japan was
described In the preceding pages. Selsmic damage has been decreased by
improving seilsmic design method as well as construction practices by adopting
large lateral force based on the allowable deslign approach. For further
decreasing selsmic damage at bearings and relnforced concrete plers, it Is
appropriate to provide a member where scismic damage would be Intentionally
concentrated. On the other hand, construction of ~multi-span continuous
bridges is belng pursued from the view point of drlving comfort, malntenance
and release from annoying noise and vibration.

Taking advantage of Increasing energy dlssipating capability and
distribution of lateral force to many piers, the menshin design which is
slightly different In concept is being Introduced in Japan. The menshin design
will be spotlighted in Japan as a new technology for making possible to easily
construct multi-span continuous bridges as well as for reducing seismic lateral
force.
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SUMMARY

To provide with realistic selsmic response data of Menshin bridges, a
series of shaking table tests were conducted at the Public Works Research
Institute. Structural response characteristics were presented with emphasis on
the effect of stopper and vertical excitation. Hysteretic behavior of Menshin
bearings was studied by means of cyclic shear tests and a comparison with the
seismic behavior during the excitatlon tests {is presented. Analytical
simulations are also presented for the excitation tests. Depending on the
idealization of the nonlinear hysteretic behavior of the Menshin bearings, the
equivalent linear analysis and the bilinear analysis were made. Analytical
simulation for the effect of collision between the deck and the columns due to
the stoppers was also presented.

INTRODUCTION

Seismic response of Menshin bridges subjected to significant earthquakes
is of great interest for designing Menshin bridges in Japan. Because there have
been so far no Menshin bridges which experienced significant earthquakes with
the magnitude over 8, it Is required to study their critical behavior carefully.

The most important issue In the structural response of Menshin bridges is
the analytical idealization of the nonlinear hysteretic behavior of the Menshin
bearings. Effect of stoppers which are provided to prevent excessive deck
response is of another Interest. When collision of deck with columns occurs,
this would cause large impact force. Because bridges are subjected to large
vertical excitation during destructive earthquakes, it Is also important to
study the response of Menshin bridges subjected to lateral and vertical
excitations simultaneously.

For alming to study the response of Menshin bridges, a serles of
excitation tests was made at the Public Works Research Institute. Two types of
large scale model were used for the excitation tests. Analytical simulations by
means of the equivalent linear analysis and bilinear analysis were made.

This paper shows structural response characterlstic of Menshin bridges
through shaking table tests and analytical simulation (Ref. 1,2,3).

STRUCTURAL RESPONSE OF MENSHIN BRIDGES THROUGH SHAKING TABLE TESTS

Model and Test Procedure To provide a realistic seismlc response data of a
Menshin bridge, a serles of shaking table tests were made at the Public Yorks
Research Institute. A Menshin bridge model tested which is referred as "model
1" is a simple girder bridge supported by two columns placed on a shaking table
as shown in Photo 1. The span length Is 6 m and the deck welght is 39.8 tf. Two
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types of Menshin bearing, i.e., lead rubber bearing (LRB) shown in Photo 2 and
high damping rubber bearing (IDR) shown In Photo 3 were used. Two bearings
were installed on each column, and totally four bearings supported the girder.

R A : A = / 'fi';—..;’;"‘
Photo 1 Setup of Shaking Table

by vt AR bt 4 SO L s

Photo 3 High Damping Rubber Bearing
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The LRB (Ref. 4,5,6,7) was formed by laminating 20 layers of rubber with
thickness of 5 mm and 19 steel plates with thickness of 2 mm, and the lead plug
with dlameter of 35 mm was pressed Into at the center hole of the bearing. The
HDR (Ref. 8) Is composed of speclal rubber which is distinguished by damping
characteristic from regular linear rubber. Therefore, the rubber itself would
work as an energy dissipator as well as an Isolator without any unique
mechanism such as the lead plug, when it is subjected to shear deformation. The
HDR was formed by vulcanizing 31 layers of the rubber with thickness of 2 mm,
each layer of which was laminated between two steel plates with thickness of
0.6 mm. Both bearings are simple and compact as Menshin bearings for bridges so
that they are very likely to be used In Menshin bridges.

Specific scale rule was not taken into consideration when the dimension
of the model was decided, and the model was assumed as a small prototype. When
the deck Is supported by a filxed bearing at one end with the other end being
supported by roller bearing, the fundamental natural period is about 1 sec.
The stiffness of the Menshin bearings was designed to make the fundamental
natural period about 2 sec, two times of regular one, so that the Menshin
system performs effectively.

Excltation by sinusoidal motions and earthquake ground motions was made.
Frequency as well as Intensity was varied In the sinusoidal exclitation to study
the natural period of the model. Two ground motions which were recorded on
the ground near the Kalhoku bridge during the Miyagl-ken-okl earthquake (M7.4)
of 1978 and on the Hachiro-gata bank during the Nlhon-kai-chubu earthquake
(M7.7) of 1983 were used for the exclitation. They are hereafter deslignated as a
Kaihoku record and a Hachiro-gata record, respectively. The time of the
Hachiro-gata record was reduced one half of the original. The Intensity of the
records was varled. Flg. 1 shows the response acceleration spectrum ratio
(acceleration response/peak input acceleration) of the two records.

7 rllr‘ ¥ | L l'llrll ] lll 1

RESPONSE ACCELERATION SPECTRUM RATIO B

0.2 KAIHOKU RECORD
- - HACHIRO-GATA RECORD
0.1 ]
i L1y d ' BRI N A BE B W W | [N T 4.“
0.050.05 0.1 0.2 0.5 1 2 3 5

NATURAL PERIOD (SEC)

Fig.1 Response Acceleration Spectrum Ratio
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Sinusoidal Excitatlon Figs. 2 and 3 show the resonance curve of acceleration
and displacement. The fundamental natural frequency varied from 1.62 Hz to
0.67 Hz for the LRB model and from 1.95 Hz to 0.95 Hz for the HDR model by
increasing the Input acceleration from 0.01 g to 0.04 g. This clearly shows the
shear-strain dependence of the stiffness of LRB and HDR. The fundamental
natural frequency of the model supported by regular fix and roller bearings
does not depend on the input acceleration.
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Table 1 shows damping ratio by the half-power method with use of the
resonance curves. The damping ratlo Is about 2 % for the model supported by
the regular fix and roller bearings, and about 11 % and 9 % for the model
supported by the LRB and the HDR, respectively, when subjected to the
sinusoldal excitation with peak input acceleration of 0.04 g. It means that an

Increase of the damping ratio of 9 % and 5 ¥ was made by adopting the LRB and
the HDR, respectively.

Table 1 Equivalent Viscous Damping Ratio
by Half-Power Method

INPUT INTENSITY
10 | 20 30
BEARING _ (em/s®) | (em/s®) | (cm/s®)
LRB 0.08 0.092 0.113
HDR 0.064 0.087 | 0.092
FIXED/MOVABLE BEARING 0.02

The hysteresls loops of shear force vs. shear deformation of the bearings
are shown In Fig. 4. The hysteresis loops of the LRB look bilinear shape,
especially In small amplitude, while the HDR is featured by the spindle-like
shape. The lead plug of the LRB, which gives high initial stiffness, produces
the bilinear shape. On the other hand, the HDR does not create high stiffness
in small deformation and does not form the bilinear shape.

Figs. 5 and 6 show the dependency of the equivalent stiffness and the
equivalent damping ratio on the deformation acquired from the slnusoidal
excltation tests. The equlvalent stiffness is defined as gradient of a line
connecting the two points at the maximum and mninimum displacement of a
hysteresis loop, and the equlvalent damping ratio Is defined as a value
proportional to the ratio of damping energy loss per cycle to strain energy
stored at maximum displacement as shown In Fig. 7. An empirical equation for
the equivalent stiffness ko was obtained as shown in Fig. 5. Though the
equivalent damping ratio is scattered, compared with the equivalent stiffness
ko, the damping ratio h. may be considered 0.16 for the LRB and 0.13 for HDR in
the range of the shear deformation from 1 to 50 mm.

The equivalent stiffness and the equivalent damping ratio from the cyclic
shear loading tests of the bearing alone, which were conducted prior to the
shaking table tests, are also shown In Figs. 5 and 6 for comparison. In the
cyclic shear loading tests, alternating shear deformation was repeatedly
applied to the bearings under constant vertical force corresponding to the
dead weight of the deck. The equivalent stiffness and equivalent damping ratlo
estimated from the sinusoldal exclitation tests are in good agreement with the
result of the cyclic shear loading tests of the bearing alone so that it can be
deduced that the test method, a shaking table test or a cyclic shear loading
test, does not affect the equivalent stiffness and the equivalent damping ratio
of a Menshin bearing.
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Ground Motion Excitation

Figs. 8 and 9 show how the peak deck response

acceleration and displacement increase with the peak input acceleration. The
effect of Menshin system can be apparently observed in Fig. 8, where the
acceleration of the regular bridge amounts to more than two times acceleration
of the Menshin bridge under the same input motion.
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EFFECT OF STOPPER AND VERTICAL EXCITATION

Tested Model For alming to study effect of stopper and vertical excitation,
another serles of exclitation tests were made. The columns and the Menshin
bearings were replaced with new ones. The column was designed to have higher
stiffness than an actual column since a flexible column could soften impact
force due to collision developed at a stopper. The Menshin bearings, the lead
rubber bearing and the high damping rubber bearing, were designed to make the
fundamental natural period of the model about 0.6 sec. Photo 4 shows the
Menshin bridge studied for the effect of stopper and vertical excitation. To

distinguish the model with the one presented in Photo 1, it Is referred as
"model 2",

Photo 4 Setup of Shaklng Table Test (Model 2)

The LRB was fabricated by vulcanizing 12 layers of rubber with thickness
and diameter of 5 mm and 320 mm, respectively. They were laminated with 13
steel plates with thickness of 2 mm. The total thickness of rubber i{s 60 mm, and
the total thickness of the entire bearing after fabrication is 110mm. - The
diameter of the lead plug is 40 mm. The HDR was fabricated by vulcanizing 16
layers of high damping rubber with thickness of 1.3 mm, and by lamlnatlng with
steel plates with thickness of 3 mm.
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Two stoppers which prevent excessive relative displacement between the
deck and the columns were provided with the top of the each column as shown in
Photo 5. A rubber was placed on the stopper to lessen the impact force of
collision. Although the gap space of the stopper at both columns was adjusted
to equalize cach other as much as possible, it Is noted that collision did not
always take place simultaneously at each stopper.

Excitation was made elther in longitudinal direction or in longitudinal
and vertical direction. The horizontal and vertical components of the Kalhoku
record and the Hachiro-gata record were used for the excitation. Ratlo of
acceleration intensity between horizontal and vertical components was assumed
the same with the original records.

Effect of Colllision and Vertical Excitation Fig. 10 shows the response of the
model when the stoppers are not provided, and Fig. 11 shows the response when
the stoppers with the gap space of 2 c¢m each were provided. Collisions, which
took place when the stoppers of 2 cm gap was provided, developed greater
acceleration at the deck and the columns. :

Fig. 12 shows the hysteresis loops of the LRB for the tests shown in Figs.
10 and 11. Since the shear force computed by multiplylng the acceleration
developed at the deck by the mass of the deck is presented In Fig. 12, 1t should
be noted that the shear force represents the total force transmitted to the
columns through only the bearings when not colliding, and through both
bearings and stoppers when colliding. The shear force jumped up significantly
due to the collision.

Figs. 13 and 14 show the peak Input acceleration vs. the peak deck
response. It is seen In Figs. 13 and 14 that when the collision did not take
place at the stoppers, the response displacement and acceleration of the deck
are almost proportioned to the input acceleration. However, when the collision
took place at the stoppers, the displacement of the deck Is controlled by the
stoppers within a little bit more than the gap space as shown in Fig. 13 (b). The
acceleration of the deck Is raised by the collision as shown In Fig. 14 (b). For
example, the acceleration amounts to 0.69 g and 0.83 g for the gap of 3 cm and 2
cm, respectively, contrasted to 0.59 g without stoppers, under the excitation
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of 0.6 g acceleration. This means that the seismic lateral force transmitted to

the columns is increased by 1.2 times and 1.4 times for the gap of 3 and 2 cm,
respectively, due to the collision.

Fig. 15 shows the effect of vertical excitation In terms of peak deck
response. Although some effects of simultaneous excitation which was
presumably caused by changes of the equlvalent stiffness of the LRB due to
varlation of vertical force are seen, they are practically small.
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Flg.15 Effect of Vertlcal Excitation

Deck response when the HDR was adopted is basically analogous to that
for the LRB, and so they are not presented here.

ANALYTICAL SIMULATION BY EQUIVALENT LINEAR ANALYSIS

Because the equivalent stiffness and the equivalent damping ratio of
Menshin bearing depend on the displacement developed In it as shown In Figs. 5
and 6, they have to be evaluated for a specific response displacement ue in the
equivalent linear analysls. Therefore the response displacement u. was assumed
to be specified in the form of

Ue=C-Umax (1)

where umax Is the peak displacement of the Menshin bearing, and c is a
coefficient (0 = c < 1.0) representing the Intensity of the specific response
displacement. The coefficient ¢ was assigned as 0.7 and 1.0. Because the
purpose of this study Is to clarify the coefficlent ¢, a simplification was
Introduced Iin the calculation, l.e., since the peak displacement umex 1Is
unknown before the analysls, the iteration of analysis Is Inevitable In the
equivalent linear analysis. However, since the peak displacement obtained from
the tests should be the right peak displacement, it was used in Eq. (1) instead
of the iteration. ‘

Mode damping ratio of the entire bridge model with Menshin bearings was
computed by the proportional-to-strain-energy damping computing method (Ref.
9). The method Is to estimate the damping ratio for each mode shape of an
entire structure as the weighted average of damping ratio of each element with
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proportion to its strain energy as
n
Z 0T ki ki

¢‘_T ‘K- ‘15,' (2)

hi=

where h: is the damping ratio of i-th mode, ¢ ; Is an I-th mode vector for j-th
structural element, h; is the damping ratio of j-th clement, K ; Is the
stiffness matrix of j-th element, ¢ is i-th mode vector, K Is stiffness matrix
of the entire structure and n is the number of elements.

The model 1 supported by the LRB was analyzed. Table 2 shows the
fundamental natural perlod and the mode damping ratio for the fundamental
natural mode. Damping ratio of the columns was assumed as 0.2 %, which was
estimated from the shaking table test results of the bridge model supported by
the regular fix and roller bearings. It Is seen in Table 2 that difference of the

fundamental natural perlod and the mode damping ratio between for c = 0.7 and
c=101sup toonly 7% and 2 % at most, respectively. This means that the
fundamental natural period and the mode damping ratlo are less sensitive on
the coefficlent c.

Table 2 Natural Perlod and Damping Ratlo
(a) Natural Period

LRB HDR
INPUT MOTION
c=0.7 c=1.0 c=0.7 c=1.0
KATHOKU A 1.04 1.11 0.84 0.88
-RECORD B 1.13 1.18 0.90 0.93
HACHIRO-GATA | A 1.08 1.14 0.80 0.85
RECORD B 1.15 1.20 0.89 0.92
(b) Viscous Damping Ratlo
BEARING INPUT MOTION c=0.7 c=1.0
KAIHOKU A 0.149 0.150
RECORD B 0.151 0.15
LRB 152
HACHIRO-GATA | A 0.150 0.151
RECORD B 0.152 0.152
KAIHOKU A 0.111 0.112
RECORD B 0.113 A1
HDR 0.114
HACHIRO-GATA | A 0.109 0.111
RECORD B 0.113 0.114
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Fig. 16 compares the predicted and measured deck response acceleration
for the Kalhoku record. The predlcted response assuming c¢ = 0.7 and ¢ = 1.0
sufficlently assesses the experimental response, and these two values of ¢ do
not give meaningful difference on the response. Table 3 compares the peak
response between the predicted and the measured. Although the analysis
assuming ¢ = 1.0 gives a little better outcome compared with the analysis
assuming ¢ = 0.7, it may be sald that the accuracy of both cases are
satisfactory enough In practical sense.
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Filg. 20 compares the hy$terésis loop thus ldéallzed with the bilinear
model and the experimental result. The model remarkably agrees with the
experimental loop.
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It should be however noted here that because the parameters ki, K= and Q
depend on the shear deformation of the Menshin bearings, the idealization with
the bilinear model has to be made depending on the shear deformation
developed in the Menshin bearings. Because a computer program in which the
displacement-independent bilinear model is assumed was used, lteration similar
with the equivalent linear analysis was required to determine the most
appropriate shear deformation of the Menshin bearings. Therefore, the
response displacement of the Menshin bearings ue was assumed as

Ue=CNL * Unmax (3)

where cuw Is a coefficient (0= cni < 1.0) and umax Is the peak displacement of a
Menshin bearing developed during excitation. Although it was anticipated from
the preceding analysis by the equivalent linear analysis that the coefficlent
cre. of 0.7 and 1.0 glves practically small difference, analytical simulation was
made assuming these two values for the coefficlent cruw. Similar with the
equivalent linear analysis, the peak response displacement actually developed
in the Menshin bearings during the excitation tests was assigned for umes» In
Eq. (3), and the iteration was avolded in the analytical simulation.

The same cases studied as in the equivalent linear method were analyzed.
To represent energy dissipation at the columns, Rayleigh damping was Included.
Coefficlents of Rayleigh damping were determined so that it gives the mode
damping ratio computed by the proportional-to-strain-energy damping
computing method for the first and second vibration modes, l.e., h: = 0.0 and
h= =0.02.

Fig. 21 compares the deck response between the analysis and the
experiment. The analysls gives good agreement with the experiment, and no
significant difference can been observed between Cnu = 0.7 and cne = 1.0. Only
slight discrepancy is the decay of the deck response after the main vibration.
The tests show faster attenuation than the analysis. This is because the
bilinear hysteresis loop of the Menshin bearing .was so adjusted to be
applicable for the larger shear deformation during the main vibratlon, ‘and Is
not fitting for the smaller deformation after that.

Table 4 compares the peak deck response. Defining a ratio of the
predicted and experimental peak deck response, the ratio ranges from 0.9 to
1.1 for cnu = 1.0, while it scatters wlidely for cne = 0.7. Based on such
evaluation, cn Is proposed to be assigned 1.0. :
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Table 4 Comparison between Experimental and Analytical
by Nonlinear Analysis

EXPERIVENT SINULATION
VENSHIN PEAK c=01 c¢=1.0
INPUT HOTION INPUT PEAK DECK | PEAK DECK
BEARING ACCELERATION| RESPONSE | -RESPONSE | PEAKDECK | PEAKDECK | PEAKDECK | PEAR DECK
ACCELERATION | DISPLACEMENT| RESPONSE | RESPONSE | RESPONSE | RESPONSE
(ca/s?) ACCELERATION | DISPLACENENT | ACCELERATION DISPLACEMENT
(ca/s) (an) (/) | (an) (cx/s?) (a2)
KAIROKU  [A] 2132 125 0.0 0.2 (L) | 53020 | 86 (L15) | 5.7(1.2)
. RECORD |B| 4813 1010 5.8 ns3 () | a40.2) | w270 | 04001
HACHIRO-GATA [A| 851 81.7 %.1 1257050 | 0305 | 9.3 (L19 | 1.8
RECORD |B| 1156 110.2 116 148.4(L%) | 607(L48) | 122.0(1L12) | 38(L%)
KAtHOKU Al 2164 14.6 18.6 1286 (1.63) | 21019 | 165009 | 20.7(L1)
. RECORD |[B| 4847 181.9 "l 17230095 | s.40.00 | 156.9(0.8) | 3.7(0.%)
HACHIRO-GATA{A| 831 1027 14.0 05,0 (0.9 | 15.60.10) | 936 (0.9 | 154(110)
RECORD |B] 1115 170.4 0.4 180.9(L1) | 203012 | 185.3(L03) | 30.8(L3)
AVERAGE OF RATIO (L17) (1.26) (1.03) (L18)

() Represents Ratlo of Experizental to Analytlcal

ANALYTICAL SIMULATION FOR COLLISION

The stopper of Menshin bridges has to be properly modeled in Menshin
design since it would cause great impact force to the columns due to collision.
As shown in Fig. 22, the stopper was idealized as a linear spring functioning
only when collision takes place. In the range over the gap space A g of the
stopper, a spring with the compression stiffness of the rubber installed on the
stopper resists for further compression. Energy dissipation due to collision
was disregarded In this idealization (Ref. 10).

Force
A
ke
{
(Open) (CLose)
¥ -
4 | Relotive Displacement

Fig.22 Idealization of Stopper
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The width w, height h, thickness t, and young modulus E of the rubber are
40 cm, 20 cm, 7.1 cm and 40.0 kgf/cm®, respectively, so that the compression
stiffness ko Is obtained as

ke = EX WX h/t
= 40.0%x 40%x 20,717.1
= 4,507 kgf/cm

(4)

The deck response of the model 2 supported by the LRB was simulated with
nonlinear dynamic analyslis. The Menshin bearing was modeled as a bilinear
model. The initial stiffness, post-yleld stiffness and characteristic load of the
Menshin bearing were determined by the method proposed in the preceding
chapter. The damping of other structural elements than the Menshin bearings Is
taken Into account by Rayleigh damping with the same method as described also
in the preceding chapter.

Figs. 23 and 24 compare the deck response acceleration and the response
displacement of the bearing between the analysis and the experiments. The
analysis can successfully simulate the effect of collision. Figs. 25, 26 and 27
show the hysteresis loops between the force transmitted to the columns and the
relative displacement of the bearing. Sudden increase of the force when
collision occurred can be realistically predicted by the analysis, although the
effect of strain hardening of rubber can not be simulated In the analysis.

Table 5 compares the peak response of the analysls and the experiment.
The accuracy of the analytical prediction expressed in terms of a ratio of the
peak predicted response to the peak measured response ranges from 0.92 to 0.95
for the acceleration and from 1.03 to 1.16 for the displacement. They are quite
sufficient.

Table 5 Comparison between Experimental Analytical Deck Response

EXPERIMENT SIMULATION
GAP SPACE | PEAK INPUT PEAK DECK PEAK DECK PEAK DECK PEAK DECK
ACCELERATION | RESPONSE "'RESPONSE RESPONSE RESPONSE
ACCELERATION | DISPLACEMENT | ACCELERATION | DISPLACEMENT
(cn/s®) (cm/s®) (mm) (cn/s®) (mm)

No Stopper 751.6 785.8 43.1 744.7 (0.95) 44.5 (1.03)
3cm 768.6 937.4 39.1 891.9 (0.95) 44.0 (1.13)

2 cm 787.2 1023.1 35.7 936.8 (0.92) 41.4 (1.16)

( ) Represents Ratio of Experimental to Analytical
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CONCLUSIONS

Response characteristics of two Menshin bridges were Investigated
through a series of shaking table tests. The response data of the model bridges
were analyzed by the equivalent linear and bllinear analysis. The following
conclusions may be deduced from the result presented herein.

1) The stoppers, which can effectively control the excesslve relative
displacement between the deck and the column, could develop great Impact
forces at the columns. Effect of such impact force needs to be considered in
the Menshin design. The force and the displacement can be assessed by
nonlinear dynamic analysis with the model of stoppers functioning as a linear
spring only when the collision occurs.

2) Effect of vertical excitation is less significant to lateral response of the
deck.

3) The response of the Menshin bridge can be successfully simulated by the
equlvalent linear analysis if the equivalent stiffness and the equivalent
damping ratio are appropriately assumed in the analysis. The coefficient ¢ in
Eq. (1) Is proposed to be assigned as 1.0 although the difference of the
response by assuming ¢ = 0.7 is small.

4) The response of the Menshin bridge can be successfully assessed by
idealizing the nonlinear hysteretic behavior of the Menshin bearings with the
bilinear model. The coefficient crne of 1.0 gives better result than cr of 0.7
to determine the initial stiffness, the post-yleld stiffness and the
characteristic load of the Menshin bearing.
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LOADING TEST OF SHIELD TUNNEL SPECIMENS
SUBJECTED TO ALTERNATIVE AXIAL LOADING

K. Kawashimal, H. Sugitall and T. KanohllI

ABSTRACT

This paper presents a series of loading test results of
shield tunnel specimens subjected to alternative tension and
compression for studying deformation characteristics. Because
shield tunnel is fablicated by assembling a number of segments
and joints, it's stiffness is significantly nonlinear and the
failure mode 1s sophisticated. Therefore, nonlinear deformation
capability of shield tunnel is experimentally studied.

General failure patterns, effect of second 1lining for
increasing the ductility and minimum longitudinal reinforcement
required to avold the concentration of failure are presented.

INTRODUCTION

In recent years, major parts of tunnel in city area for lifelines have
been constructed by shield tunneling method. Development and improvement of
tunnel boring method has made it possible to construct shield tunnel with a
diameter as large as 14 m. Linings of the shield tunnel are constructed by
assembling a number of segments and joints as shown in Fig. 1.

Shield tunnel has been adopted in city area where construction of open-—
cut tunnel can not be made due to various restriction derived from land use
and existing structures on ground. It has been constructed in soft soil
deposit. It is therefore one of the major technical importance in Japan to
take account of seismic effects in design. Empirical knowledges on the
seismic effects are insufficient, because shield tunnel has mnot yet
experienced major earthquake.

Seismic design for pipe—-like underground structures have been made by
the seismic deformation methodl), in which the structure is 1dealized by an
elastically supported beam, and 1is subjected to a assumed ground
deformation. It 1s necessary to study the response of shield tunnnel from a
different point of view from other pipe-like underground structures, due to
the fact that stiffness of shield tunnel has significant nonlinearlity and
that failure mode is complicated.

A comprehensive research for aiming to develop seismic design of shield
tunnels was dinitiated at the Public Works Research Institute2)3)4),

I  Head, Earthquake Fngineering Division, PWRI, Ministry of Construction
II Research Engineer, Earthquake Engineering Division, ditto
III Assistant Research Engineer, Earthquake Engineering Division, ditto
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Because evaluation of discontinuous behavior in longitudinal stiffness and
failure mode requires model test, a series of loading tests of shield tumnel
specimens subjected to alternative tension/compression, bending, torsion have
been made.

This paper presents a loading test result of shield tunnel specimens
subjected to alternative tension and compression for studying deformation
characteristics5 .

SEGMENT JOINT

RING JOINT

SEGMENT .~

Fig. 1 Segment and Joint of Shield Tunnel Lining

SPECIMENS AND LOADING METHOD

Two types of specimen were fablicated in accordance with the standard
sewerage segments as shown in Fig. 2. First-type specimen which is
designated hereinafter as D-Type was made by assembling four reinforced
concrete segments with 900 mm long and 125 mm thick in ring shape and by
coupling the four rings in the tunnel axis. Second-type specimen which is
designated as E-Type was made by placing reinforced concrete lining (second
lining) with 200 mm thick inside the D-Type specimen. Reinforcement ratio of
the second 1lining 1s 0.22Z and 0.32% in peripheral and longitudinal
direction, respectively.

Joint adopted for the test to connect segments 1is shown in Fig. 3. The
joint connecting the segment in tunnel axis and in peripheral direction is
referred here as a ring joint and segment joint, respectively (refer to Fig.
1). The joint is anchored to the segment by two anchor bars with a diameter
of 10 mm (ring joint) and 13 mm (segment joint), and length of 300 mm.
Adjacent joints are connected with joint bolt with 20 mm diameter.
Prestressed force of 4.7 tf which is approximately 80% of yield strength 1is
introduced in the joint Dbolts, Strength of segment concrete was 47.7
kgf/cm2 and 573 kgf/cm2 for tension and compression, respectively, and
rupture stress of anchor bars for ring joint and segment joint was 4,920
kgf/cm? and 5,300 kgf/cm?, respectively. '

Fig. 4 shows the experimental set-up of specimen. One of the two end of
specimen was fixed to the reaction wall, and the other end to the loading
girder. Specimen was subjected to alternative tension and compression with
two digital control dynamic actuators. It was assumed that the tunnel
specimen was subjected to an axial deformation due to ground strain induced
during an earthquake. Although there is confining pressure in peripheral
direction due to water and soil pressure, it was disregarded in this test for
simplicity. Loading hysteresis for D-Type specimen is presented in Fig. 5.
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DEFORMATION CHARACTERISTICS OF D-TYPE SPECIMEN

Progress of failure

Fig. 6 shows a failure mode of the D-Type specimen after the loading.
Damage concentrated only at the ring joint and surrounding concrete segment,
and no damage was developed on the other parts in the specimen.

Hysteresis loop between loading force and axial deformation is shown in
Fig. 7. Progress of failure was developed in the following order;

1) crack occurred around the ring joints,
2) face plate of ring joint started to yield,
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3) loading force reached to the maximum,

4) yielding of anchor bars of ring joint started,
5) cracks started to occur outside the segment, and
6) rupture of anchor bars of ring joint occurred.

It should be noted in the progress of the failure that the deformation
occurred almost uniformly among the three ring sections between steps 1) and
4). However, once cracks occurred at the concrete at the ring section (JT3,
refer to Fig. 6), damage concentrated to this section to result the final
rupture of anchor bars of the ring joints. This is considered very important
for seismic design of shield tunnel where second lining is not provided.

Fig. 8 shows the failure mode of ring joint. Two anchor bars which
connect side plate with the segment concrete ruptured at the end of the side
plate. Because of U-shaped deformation of the face plate developed by
tension at its center, anchor bars were subjected to bending moment as well
as tension/compression. From such failure mode, it seems that restriction of
the deformation of face plate seems effective to prevent the rupture of

anchor bars, and thus to increase the strength and ductility of the shield
tunnel.
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Prestressed Bolt Force

Fig. 9 shows the hysteresis loop between loading force and force
developed in one of the bolts of ring joints located at the right section
(JT3, refer to Fig. 6). It should be reminded here that the prestressed
force prior to loading is 4.7 tf. Because of the prestressed force,
hysteresis of bolt force exhibits significant nonlinearity, i.e., when axial
force is loaded to the ring joints tightened together with the ring bolt, the
deformation of face plate developed by the prestresses force is released., so
that the increment of axial force developed at the ring bolt is smaller than
the increment of loading force. When the loading force increases to separate
two adjacent face plates, the load charged to the recovery from deformation
of face plates disappears. Therefore, the loading force directly acts to the
bolt, so that the increment of axial force developed at bolt becomes equal to
the increment of loading force.

It is interesting to note that axial force developed at the ring bolt
gradually decreases in accordance with the progress of failure. The axial
force of the bolt before the rupture of the anchor bars is 2.3 tf which is
only 49% of the initial value of 4.7 tf.

Fig. 10 shows the hysteresis loop of axial force developed in one of
the bolts of segment joints. The initial bolt force developed by the
prestress prior to the loading did not decrease throughout the loading
process. It means that the deformation of the segment in the peripheral
direction was less significant. Because relative stiffness for inplane
deformation at the shield tunnel constructed at site is much less than that
of the specimen, inplane deformation capability subjected to seismic ground
deformation has to be separately studied in the future. '
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DEFORMATION CHARACTFRISTICS OF E-TYPE SPECIMEN

Fig. 11 and 12 show the failure mode of segments and second lining,
respectively, of E-Type specimen. Although the specimen was 1loaded to

develop the deformation as large as 100 mm, final rupture of the model was
not developed.

It is apparent from Fig. 11 that even in the E-Type specimen, damage
occurred only at the ring joints and surrounding segment/second lining, and
no damage occurred on the other parts. It should be noted in Fig. 12 that
initial cracks due to dry shrinkage and the deformation during set-up process
of the specimen were observed on the second lining prior to the loading.
However, although the cracks at the ring section progressed as load
increased, cracks located at the other parts showed no change in their width.

O S ity

JT3 372 JT1 JTi 312 JT3

Fig. 11 Failure Mode of E-Type Specimen
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Fig. 13 shows a hysteresis loop between loading force and axial
deformation of the specimen. The failure process was in the following order;

1) cracks started to occur and increase on the second lining concrete
only at the ring section,

2) reinforcing bars started to yield at the ring section where cracks of
second lining were developed,

3) face plate of ring joint started to yield,

4) cracks occurred outside of the specimen at the ring section,

5) anchor bars of the ring joint started to yield,

6) loading force reached to the maximum,

7) rupture of the anchor bars of the ring joint initiated, and

8) rupture of the reinforcing bar of the second lining initiated.
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Fig. 13 Loading Hysteresis Loop of E-Type Specimen

In such progress of the faillure, it should be noted that deformation at
the ring section occurred almost uniformly among the three ring sections
between steps 1) and 7). This 1s quite different from the D-Type specimen in
which damage concentrated to one of the ring sections immediately after
anchor bars of the ring joint started to yield followed by the cracks outside
of the segment. Although cracks at outside of the segment (step 4) and
yielding of anchor bars (step 5) occurred at one of the ring sections, the
second lining prevents to concentrate failure at this ring section. The
second lining 1s extremely effective to distribute the failure to all ring
sections, provided that the reinforcing bars are arranged in the second
lining as

Asmin> Acx % / O (1)

where
Agnint minimum amount of reinforcing bars arranged into second lining
in tunnel axis (cm?)
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Oy ¢ allowable stress of reinforcing bars taking account of stress
increase for load combination of static load and seismic effect
(kgf/cm?2)

Ae : sectional area of concrete of the second lining (cmz)

Oa : tensile strength of concrete of the second lining (kgf/cmz)

Owning to the effect of the second lining, the specimen did not cause
final rupture even for 100 mm loading displacement which is 4.5 times as
large as the rupture displacement of the D-Type specimen.

Fig. 14 shows a hysteresis loop of the axial force developed at one of
the ring bolts at left ring section (JTL refer to Fig. 11). Although the
prestressed tension of 4.7 tf was introduced in the ring bolt before the
second lining was placed, it decreased to 2.7 tf at the initiation of the
loading. It is interesting that the ring bolt force did not vary from the
initial value until the cracks occurred at the ring section of the second
lining. This means that all the loading force is charged to the second
lining until the cracks occur in the second lining.

160} CRACK OF CONCRETE LINING (T 1)

A&cx OUTSIDE OF SEGMENT

AXIAL FORCE INDUCED N
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Fig., 14 Hysteresis Loop of Axial Force developed in Ring—Bolt

CONCLUSIONS

An alternative loading test was made on two shield tunnel models with
and without second lining to study deformation capability and failure mode.
From the results presented, the following conclusions may be deduced;

1) Major failure occurred only at ring section in both D-Type and
E-Type specimens. Study on the behavior of ring section consisted of anchor
bolt, ring plate, ring joint and segments is essentially importance for
seismic design.

2) In the D-Type specimen, the final failure occurred as a direct
result of rupture of anchor bars of ring joints. Such a final failure 1is
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likely to be developed exclusively at one of the ring sections where a
certain degree of damage such as cracks of segment lining firstly occurs.

3) In the E-Type specimen, the final failure occurred after rupture of
both reinforcing bars in the second lining and anchor bars of the ring joint
was developed. The failures are distributed to all ring sections, and no
concentration of failure to a specific ring section, which was observed in
the D-Type specimen, was developed. Tunnel deformation developed up to the
final failure is at least 4 times as large as that of D-type specimen. For
preventing the concentration of the damage to a certain ring section, it is
extremely effective to place the reinforcing bars in the second lining so
that tension force charged to second 1lining concrete be alternatively
supported by the reinforcing bars.
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Evaluation of Indirect Economic Effecis
Caused by the 1983 Nihonkai-chubu, Japan,
Earthquake

Kazuhiko Kawashima, M.EERI, and Takashi Kanoh

Effects of an earthquake are not necessarily restricted to
damage of structures, but extend much further. This paper
presents a method for estimating indirect economical effects
caused by an earthquake. Loss of production may be caused by a
decrease of products due to damage of production, damage of
transportation facilities, and damage of materials and goods.
Effect of Investment for restoration is also considered. Based on
direct loss associated with production loss, a secondary "ripple"
effect was estimated through an inter-industry relation analysis
(input-output analysis). The procedure was applied to the Nihon-
kai-chubu, Japan, Earthquake of 1983. Estimated gross products at
the damaged reglion agreed fairly well with those actually ob-
served after the earthquake.

INTRODUCTION

Damage duec to earthquakes has been evaluated mostly in terms of dam-
ages associated with failure of facilities and structures. However, effects
of an earthquake are not necessarily restricted to such physical damages
but may include much wider aspects, such as loss of production due to
suspension of production, decrease of consumption due to decreased social
activities, etc. Losses associated with such effects would be much greater
and more widespread than those counted only from physical failures. Howev-
er, mechanism of economic losses induced by an earthquake is so complicated
that 1little is known about the effects.

This paper presents an evaluation of indirect economical effects

caused by the Nihonkai-chubu, Japan, Earthquake of 1983, based on an Inter-
industry relation analysis (input-output analysis).

EFFECTS OF AN EARTHQUAKE ON ECONOMIC LOSSES

(KK) Head, Earthquake Engineering Division, Earthquake Disaster Prevention
Department, Public Works Research Institute, Tsukuba Science City, Japan
(TK) Assistant Research Engineer, Earthquake Engineering Division, ditto
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740 K. Kawashima and T. Kanoh

Economic losses associated with an earthquake may be evaluated based
on a decrease of products within a region. An amount of products Gg(t)
within a region after an earthquake may be defined, and evaluated as

Go(t) = Gy(t) - Gp(t) + Gp(t) (1)

in which GN(t) : products which were supposedly achieved at t fiscal year
in a region if an earthquake had not taken place, Gp(t) : a decrease of
products in a region due to the earthquake damages, GR(t) : an lIncrease of
products in a region due to investments for restoration.

Consequently, it may be possible to evaluate GO(t) if GN(t). Gh(t) and
GR(t) are appropriately evaluated. If one prefecture is regarded as a
region for evaluating the economic losses, the products Go(t) can be ob-
tained in a form of gross prefectural products. Because Japan consists of
47 prefectures, prefecture may be an appropriate unit to express local
activities. However, because the gross prefectural products describe only
final products achieved in a prefecture, detalled economic effects caused
by an earthquake can not be traced. Therefore, it is required to develop an
analytical method for clarifying economic effects of an earthquake.

There are a number of aspects which may be regarded as economical ef-
fects induced by an earthquake. They may be classified as shown in Table-1,
in which losses of facilities, properties, goods and materials are general-
ly evaluated through damage surveys conducted by industries and reglional
governments following an earthquake. As an effect of earthquake damage,
following decreases of products are considered.

e decrease of products due to damage of facilities for production
e decrease of products due to damage of transportation facilities
e decrease of products due to damage of materials and goods

Considering the three types of damage, economic effects of an earth-
quake may be evaluated in accordance with a flow chart shown in Fig.1. A
reduction factor a; which represents a degree of reduction of products of
i-th industry due to an earthquake is defined here as

ay = AXy / Xyy (2)

in which Axl and X, represent a decrease of yearly products of i-th indus-
try due to an earthquake and yearly products supposedly developed in i-th
industry if the earthquake had not taken place, respectively.

EVALUATION OF ECONOMICAL LOSSES CAUSED BY AN EARTHQUAKE

Although the reduction factor of products can be estimated independ-
ently for the three types of damage, inter-relation between the three types
of damage has to be taken into account. Because the products for i-th
fndustry are likely to be affected by the most critical damage among the
three types of damages, the decrease of products for i-th industry AXj is
assumed here to be evaluated as
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Table-1 Classification of Earthquake Effects

Classification

Objective and/or
Form of Damage

Effects of Loss
and/or Damage

Human Life

Death, Injury

Loss of man power, Mental effects

Facilities for Living

House. Educational Facilities,
Hospitals, etc.

Functional loss for Daily Human
Activities

Facilities for
Production

Cultivate Field. Non-Residential
House ({"actory, Shops), etc.

Decrease of Production, Loss of
Products

Lifeline Facilities

Electricily. Telecommunication,
Gas, Water and Sewage. Trash

Decrease and/or Loss of Capabiiity
for Production

Transportation
Facilities

Road. Bridge. Porl, Rail-way

Decrease of Production due to
Decrease of Transportation Capability
for Material and Products

Decrease of Production due to
Decrease of Transportation Capabilily
for Passengers

Public Works Exclud-
ing Transportation
Facilities

River, Sabo-works. Slope Failure

Damage associated with Failure

Transportation Media

Trucks. Buses, Trains, Ships

Decrease ol' Production due to
Decrease of Transportalion Capability

Manufactured Goods.
Partially Manufac-
tured Goods

Loss of Manufactured and/or
Partially Manufactured Goods

Decrease and/or Loss of Value ol
Goods. Decrease of Products due to
Loss of Manufactured and/or
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AX; = XqN * @ pgax (3)

in which apy,y represents the maximus reduction factor among the three
reduction ?actors which are evaluated independently for the damage of
facilities for production, for the damage of transportation facilities, and
for the damage of materials and goods. X represents the products suppos-
edly developed in i-th industry if an earéﬁquake had not occurred.

Besides such decrease of products in i-th industry, productions of
other industries which depend on the products of i-th industry would also
decrease, even if their facilities suffered no direct damages by the earth-
quake. This effect is designated In this study as a first effect, and is
analyzed through an inter-industry relation analyslis.

An inter-industry relation table has a form of Tf?le—z in which Iy
represents i-th industry. The relation may be written as

AX+F=X (4)
where
A : Input coefficient matrix
X : products vector, and
X= 4 Xg, Xguourous X0 T
F : final demana vector, and
F=1fy, foreeen. L) T

" Table-2 Inter-industry Relation Table (Input-output Table)

Purchase Intermediate Demand Final | p oaucts
Sell ) by RO Demand

Intermediate !?

Sales R [ SR S } X,
R ) S ) S , X,

Gross Value Added | .o VS Vs

Products | e ) SRR ) SR

Coefficlient Xl of a matrix A-X of Eq.(4) represents products used
from I; to Ij, or ari amount paid from I; to I;, and Xy and fi represent the
produc%s and”final demand of Iy, respectively.

¥hen an amount of a;(0 € a; < 1) of the products X;y of i-th industry
becomes unusable due to an earthquake, such an effect may be considered in
the analysis by substituting le and f; on i-th line of the inter-industry
relation table with (1- a;)X j and (1- ay)fy, respectively. It should be
noted here that even if 5*t£ industry did not suffer damages from the
earthquake, the products of j-th industry decreases from X § to (1- a;)X N
Similarly, when an amount of a) (0 < ay € 1) of the products in k-th ind S-
try suffered damage, it also makes the products of j-th industry decrease
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from XJN to (1- ak)xjN.

Therefore, when products decrease in industries 1 and k simultaneous-
ly, both would influence the production of j-th industry. Although interac-
tions of the decrease of products between various Industries are quite
complex, it is assumed here that the decrease of products in j-th industry
is affected by either I; or I which gives a larger reduction factor.
Decrease of products ij in j-th industry is, then, assumed as

ij = XJN . I&X( al, ak I XU#O. XRJ#O ) (5)

Decrease of product AX = {AX;, AXg,..... , Axn}T is called here as a
first effect.

To represent a decrease of income and consumption, a decrease of
products on gross value added basis 1s often used. Decrease of products on

gross value added basis AV is generally obtained from AX by
av = ax"y (6)

in which v represents a gross value added ratio matrix, which is generally
assumed as a diagonal matrix consisting of gross value added ratios. The
gross value added ratios are generally evaluated for each Industry by
prefectures. To distinguish AX from AV, AX is referred hereinafter as a
decrease of products on product baslis.

Decrease of income and operating profit in the gross value added AV
given by Eq.(6) would cause further decrease of products, because they were
to be used to produce products in a form of consumption and formation of
fixed assets. Such an effect is defined here as a second ripple effect. To
evaluate the second ripple effect, the decrease of final demand vectorAFg
associated with the decrease of income and operating profit has to be
obtained. Empirical formulae based on relations between consumption vs.
income and operating profit are assumed for computing the final demand. The
second ripple effects may then be evaluated from Eq.(4) as

aXg = ( L - A ) LaFg (1)

1

AVg = AXg" ¥ (8)

in which, AXg : second ripple decrease of products on product basis, aVg @
second ripple decrease of product on the gross value added basis, and v :
the gross value added ratio matrix.

One point to be noted in the application of the inter-industry rela-
tion analysis for evaluating the economic effect of an earthquake is that
the inter-industry relation defined by Eq.(4) is assumed constant during
the year considered in the analysis. Although the confusion of economic
activities would be gradually recovered with time after an earthquake, the
process of recovery can not be considered in this analysis.

Repair and restoration after an earthquake may consist of expenditures
for purchasing materials and goods for restoration. Such expenditures give
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a positive impact on various industries, which, in turn, develops a ripple
effect. The ripple effects caused by such a positive impact may be analyzed
by the standard inter-industry table analysis by introducing the investment
for restoration to the final demand vector. Analytical procedure is the
same as described above.

APPLICATION TO THE NIHONKAI-CHUBU EARTHQUAKE OF 1983

Brief Description of The Nihonkai-chubu Earthquake

The Nihonkai-chubu earthquake occurred approximately 90 Km offshore of
the Akita prefecture at 12:00 noon on May 26, 1983. It had an earthquake
nagnitude of 7.7 and a focal depth of 5 Km. Fig.2 shows a distribution of
JMA (Japan Meteorological Agency) seismic intensity scale as well as the
approximate aftershock area, 60 Km by 120 Km In east-west and north-south

Aftershock Areo
Epicenter YN\
M=~}
40.4* N X Acss
138.9°E N Sy

Akito Prefeclure
Focol Depth Skm

Fig.2 Distribution of Seismic Intensity
(Japan Meteorological Agency's Scale)

directions, respectively. The JMA intensity of III, IV and V is generally
referred as the peak ground acceleration of 0.008g~0.025g, 0.025g'~0.08§.
and 0.08g ~0.25g, respectively. Fig.3 shows peak accelerations (cm/sec”)
measured with:ﬁtﬁ?Pg notion accelerographs installed on ground surface and
on structures“’'“’, The largest peak ground acceleration was about 0.4g
recorded at a site near the Nanamine Bridge at the Hokkaido.

Extensive damage resulted from the earthquake. Table-3 summarizes pgf
damage statistics in the Hokkaldo, Aomori, Akita and other prefectures™’.
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The most extensive damage occurred in the Akita prefecture, where 83 per-
sons were killed and 265 were injured.

Table-4 shows the direct damage in the Akita prefecture. Total amount
of the damage is 145.7 billion yen in the 1983 price (1 U.S. dollar = 235
yen in 1983 exchange rate). This corresponds to 6.5% of the gross prefec-
tural products of the Akita prefecture (2,272.8 billion yen). Because of
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Fig.3 Peak Accelerations Measured with Strong Motion Accelerographs

Table-3 Damage Statistics by the Nihonkai-chubu Earthquake

Category Unit Hokkaido | Aomori{ Akita | Others| Total
Human Fatality Person 4 17 83 104
Damage | Injury ‘ Person 24 25 265 10 324
Highway Site 3 702 670 4 1.379
Bridge Bridge 48 84 1 133
Damage | River Site 3 243 196 3 445
of Schoo! School 70 370 272 44 756
facilities | Ship Ship 637 853 681 480 | 2.651
Water Supply Household 770 17.3%9 {22,187 46 | 40.402
Electricity Household| 2.200 19.840 |17.563 563 | 40.166
Damage
of resi- Complete Failure House 5 447 | 1.132 1.584
dential Partial Failure House 85 3883 | 5.489 21 9457
houses
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Table-4 Direct Damage in Akita Prefecture (Billion Yen)

Type Classification Damage| Type Classification Damage
Agricultural Facilities 2448 Agriculture 241
Fishery Port Facilities 149 Livestock 001
Marine Facilities 420 |Damage ot} Forestry 0.40
Foreslry Facilities 555 |Materials | Commerce 134
Commercial Facilities 293 |and Goods | Industry 344
Damage of | Industrial Facilities 49?2 Other Commerce and 071
Facilities Other Co|n;:merlcial and gggg Industry )
Industrial Facilities
Public Works 296 Total 145.74
Other Public Works :
House 2667
£ducational Facilities 173

the significance of the damage, the economic losses in the Akita prefecture
due to the Nihonkai-chubu Earthquake is analyzed in the following.

Decrease of Products due to Damage of Facilities for Production

Direct damage of facilities and properties for production was surveyed
by private and regional government bodies in the Akita prefecture, and the
data for agriculture, forestry, isheries, manufacturing industries, whole-
sale and retail are available™’. Among these damages, only decrease of
products associated with damages of forestry is disregarded in this analy-
sis because of difficulty to evaluate products vs. properties relation.

A reduction factor for agricultural products was estimated through an
unit product model. Agricultural products per unit cultivated area were
estimated by regressing the data between 1970 and 1981 as

U =14.1 - 0.217 x (t - 1925) (R = 0.95) (9)

in which U : agricultural products per unit cultivated area( million yen /
ha ), t : year( 1970 <t <1981 ), and R : a regression coefficient. The
agricultural products per unit cultivated area U in 1983 are estimated by
an extrapolation of Eq.(9) as 1.56 million yen/ha.

on the other hand, total cultivated area in 1983 in the Akita prefec-
ture is estimated as 162,329 ha, and a cultivated area of 3,139 ha is
reported damaged by the earthquake. Therefore assuming that the damaged
area could not be used for agricultural products in 1983, agricultural
products at this year X,p ®may be estimated as

XAE = U x (162,329 - 3,139) = 248,687 (million yen) (10)
Similarly, the agricultural products XAN' which would be possibly de-
veloped in 1983 if the Nihonkai-chubu Earthquake had not occurred, are
estimated as 1.56 x 162,329 = 253,591 million yen.
Therefore substituting X,p and Xax into Eq.(2), one obtains the reduc-
tion factor ay for agriculture as
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ap = ( XAN - XAE ) / XAN =1.9% (11)

Fisheries facilities suffered severe damage by tsunami, in the amount
of 4,195 million yen. Based on fisheries products per unit fisheries capi-

tal stock, the reduction factor ap for fisheries facilities is estimated as
26.5 X.

For manufacturing industries, total products of goods are estimated by
a production function model which is formulated by regressing the data of
1982 as

Y = 8.03k0-519.0.481 (g - 0.87) (12)

in which Y : products of goods in million yen, K : fixed assets for produc-
tion in million yen, and L : number of employees. Because a separate re-
gression analysis predicts K as 179,939 million yen and L as 87,700 persons
in 1983, the product of manufacturing industries XMN' which would be sup-
posedly developed in 1983 1if the earthquake had not taken place, may be
estimated as

Xyy = 8.03 X 179,9399-519 5 g87,7000-481 = 1,022,741 (ni11ion yen) (13)

Oon the other hand, damage of facilities in manufacturing industries
is reported as 2,925 million yen. Therefore, the products of manufacturing
industries XME in 1983 may be estimated as

8.03 x (179,939 - 2,925)0-519 x g7,7000-481

XME
1,014,081 (million yen) (14)

non

It should be noted in Eq.{14) that the loss of number of employees due
to death and/or injuries 1s disregarded due to the limited effect. The-
reduction factor ay for the manufacturing industries is, then, estimated
from Eq.(2) as

Reduction factor for wholesale and retail is similarly estimated by
formulating a production function model between the products and capital
for wholesale and retail.

The reduction factors of products for the damages of facilities end
properties for production were thus estimated as shown in Table-5. Reduc-
tion factors of products for damage of transportation facilities, and for
materials and goods, which will be described later, are also presented in
Table-5.

Decrease of Products due to Damage of Transportation Facilities

Because damage of roads was limited and restoration was made promptly
after the earthquake, the effect of road damage is disregarded in this
analysis. Reduction of products is considered here only for railways and
ship transportation.

In the railways, service was suspended at the Oh-u Main—Line, Oga Line
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Table-5 Reduction Factor of Products (%)

| S or | damagear | @uels | Ol

Classificatn | Faciites | ltanspor. | Waterls | Faclo

tion lities and Goods omax

Agriculture 1.93 0 0.79 193

Forestries 0 0 0.48 0.48

Fisheries 26.27 0 0 26.27
Mining 0 0 0 0

Manufacturing 0.85 0 0.12 0.85
Construction 0 0 0 0
Electricity. Gas. Water 0 0 0 0

Commercial 0.01 0 0.75 0.75
Finance and Insurance 0 0 0 0
Landed Estate 0 0 0 0
Road 0 0 0 0

Transparla- ez Way 0 1.7v 0 1.7v

g;)(rir:)r:]wni- Ship 0 45,02 0 45.02
10 | 0 | o | o
Service 0 0 0 0
Official Business 0 0 0 0
Unclassificable 0 0 0 0

Note: 1) Reduction factor only for products for thitd industiy
2) Reduction factor only for products for electricity

and Gonoh Line for 10 to 20 days. Number of passengers affected by the
suspension is reported as approximately 1.7 % of the annual number of
passengers. However because freight transportation was made alternatively
by truck, the effect of suspension of the railways for the freight trans-
portation was limited. Therefore the effect of railway damage is taken into
account only for the third industry by disregarding their effects for first
and second industries. The reduction factor for railway is assumed from the
number of passengers as 1.7 %.

Port and harbor facilities suffered severe damage. It took one year
and five months for their full restoration. Handling volume of the materi-

als which depend on ship transportation such as crude oil, cement, heavy

oil and petroleum goods substantially decreased In the Akita prefecture.
However, the decrease of landing volume did not directly bring a decrease
of products. Most cement was landed at ports located in adjacent prefec-
tures and transported to the Akita prefecture by trucks. Heavy oil and
petroleum goods were landed with use of exclusive wharves which survived
the earthquake. Crude oil for use at the Tohoku Electrical Power Station
was the only case where alternative transportation could not be made. Fig.4
shows the landing volume of the crude oil in the Akita port. The landing
volume was only 450,000 tf in 1983. It corresponds to approximately 45 %
decrease of the volume of 820,000 tf which would be supposedly made if the
earthquake did not take place. Therefore, it is assumed here that damage of
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ports developed a decrease of electricity by an amount of 45 %. It should
be, however, noted that because shortage of electricity in the Akita pre-
fecture was supplied from surrounding prefectures, it is assumed that the
decrease of products due to the shortage of electricity was not developed.
This means that the reduction factor of 45 % is considered only for produc-
tion of the electricity. The reduction factor of products due to damage of
transportation facilities thus estimated is shown in Table-5.

Decrease of Products due to Damage of Materials and Goods

Decrease of products due to damage of materials and goods is evaluated
for agriculture, livestock, forestry, commerce and industry (refer to
Table-4). Dividing the decreases of products by the products(output) of the
inter-industry relation table, the reduction factors of the products are
evaluated for each industry as shown in Table-5. The reduction factors
associated with the damage of materials and goods are generally small.

Decrease of Products due to Selsmic Damages

Based on the reduction factors which have been estimated in the pre-
ceding sections for the damage of facilities for production, for the damage
of transportation facilities, and for the damage of materials and goods,
the maximum reduction factors ap.. given by Eq.(3) were evaluated as shown
in Table-5. 1t is noted that the maximum reduction factor apax 15 signifi-
cantly high for the ship transportation and the fisheries.

With use of the maximum reduction factors a x* the reduction of
products, which was designated in this paper asnghe first effect, was
calculated by Eq.(5) as shown in Table-6. The inter-industry relation table
of 1980 version was used for the analysls. Large classifications with 14
categories and small classifications with 164 categories were used for the
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Table-6 Decrease of Products Predicted (Billion Yen)

Product Basis
Classification Original Reduction
Products of Products

X,N AXi
Cultivated Agriculture 253.6 49
Livestock 529 1.02
Forestry 82.8 1.04
Fisheries 11.5 3.02
Mining 91.6 0.78
Food 181.7 18.55
Texture and Clothes 100.5 1.81
Wood and Woden Goods 236.8 2.36
Pulp and Paper 48.4 0.7
Printing and Publishing 20.2 0.17
Leather and Rubber Goods 1.3 0.02
Chemical Products 35.1 03
Petroleum and Coal Goods 435 0.42
Ceramics 476 04
lron and Steel 139 0.12
Iron and Non-iron Goods 146.5 1.24
General Machinery 443 0.38
Electric Machinery 149.6 1.27
Transportation Machinery 62.9 053
Precision Machinery 14.8 0.13
Other Manufactures 12.6 3.31
Construction of Buildings 356.3 5.28
Construction of Public Works 246.9 477
Electricity. Gas. Water 193.0 73.02
Commerce 460.2 1.82
Finance and Insurance 1145 1.95
Landed Estate 264.1 4.22
Transportation and Communication 3075 523
Service 641.4 954
Official Business 145.2 7.32
Unclassificable 344 0.66
Total 4.415.6 248.14

input and output, respectively, of the analysis.

Total amount of the first effect is predicted as 248.1 billion yen on
the products basis, which is approximately 1.7 times as large as the direct
damage of 145.7 billion yen developed in the Akita prefecture (refer to
Table-4). The most significant decrease of the products occurred in the
service industry (95.4 billion yen) followed by the electricity, gas and
water industry (73.0 billion yen).

The second ripple effect was calculated by Eqs.(7) and (8) as shown in
Table-7(a). It 1s predicted as 114.6 billion yen on the products basis,
which iIs 46% of the first effect of 248.1 billion yen. It should be noted
in Table-7(a) that the damage of materials and goods presented in Table-4
are also included in a part of the decrease of products by the earthquake.
Although the reduction of products due to the fact that the productions
which depend on the damaged materials and goods would reduce was taken into
account in the analysis as shown in Table-5, the materials and goods which
were damaged by the earthquake could be sold if the earthquake had not
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taken place. This could develop incomes in industries and shops. However
because the damaged materials and goods could not be sold after the earth-
quake, it would be considered as a part of the decrease of products by the
earthquake.

The total decrease of products by the earthquake, which consists of
the first effect, second ripple effect and the damage of paterials and
goods, is predicted as 371.0 billion yen on the products basis and 166.6
billion yen on the gross value added basis. This is 2.5 times and 2.3 times
larger than the direct damage on the products basis and gross value added
basis, respectively.

Increase of Products due to Investment for Restoration

After the earthquake, 44.3 billion yen and 11.9 billion yen were
invested for restoration of public works and housing, respectively. An
increase of products due to the investments for restoration is evaluated
separately. It is assumed in the inter-industry relation analysis that 22
billion yen of the total restoration of 44.3 billion yen for public works
was paid to the industries, and that the rest (22.3 billion yen) was spent
for the gross value added. Due to the original investments, products of
66.9 billion yen were developed including the original investments, which,

Table-7 Effect of Nihonkai-chubu Earthquake of 1983
on Economy of Akita Prefecture (Billion Yen)

(a) Direct Damage and Decrease of Products
(First Effect and Second Ripple Effect)

Gross

Damage and Decrease of Products Plgggigts chli%?j
Basis

Direct Damage 145.7 721
Damage of Materials and Goods 83 41

b Direct Decrease associated with 248 1 1218

ecrease of Decrease of Products (First Effect)
E;??#&Z,?g the Eﬁgrce‘?se of Consumption (Second Ripple 1146 407
Total 3710 166.6
(b) Increase of Products due to Investment for Restoration

Gross
Increase of Products P'gg;'igls ngljl:a%
Basis

Restoration of First Effect 66.9 292
Public Works Second Ripple Effect 331 1.7
Sub-total 100.0 409

Restoration of First Effect ’ 184 6.7
Housing Second Ripple Elfect 64 23
Sub-total 249 90

Increase of Producls due to Resloration 1249 499
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in turn, developed the second ripple effects of 33.1 billion yen on the
products basis shown in Table-7(b). Including all these effects, it 1Is
found that the investment for restoration of public works developed the
products of 100.0 billion yen on the products basis and 40.9 billion yen on
the gross value added basis.

The same analysis was made for the investment for the housing restora-
tion as shown in Table-7(b), and it is found that the investments developed
products of 24.9 billion yen and 9.0 billion yen based on the product basis
and the gross value added basis, respectively. Therefore by adding the
increase of products due to investment for restoration of public works, the
increase of products due to investment for restoration is predicted as
124.9 billion yen on the products basis and 49.9 billion yen on the gross
value added basis.

EFFECT OF THE NIHONKAI-CHUBU EARTHQUAKE ON ECONOMY IN AKITA PREFECTURE

Table-8 summarizes the direct damage, the decrease of products by the
earthquake and the increase of products due to the restoration works. The
direct damage of 145.7 billion yen plus the decrease of products of 371
billion yen is 516.7 billion yen, which represents the damage predicted on
the products basis. Therefore if the restoration works had not been made,
this amount of the damage would be developed in the Akita prefecture.

Because the restoration works are predicted to develop the increase of
products of 124.9 billion yen, an actual decrease of the products is pre-
dicted by substituting it from the decrease of products by the earthquake
as 246.1 billion yen on the products basis and 116.7 billion yen on the
gross value added basis.

Table-8 Summary of Decrease of Products Predicted (Billion Yen)

Damage and Products Products Basis 25%2% Yﬂ;’g
Direct Damage 145.7 72.1
Decrease of Products by the Earthquake 37110 166.6
Increase of Products due to Restoration — 1249 — 499
Total 3918 188.8

To estimate the products by Eq.(1), the gross prefectural products of
the Akita prefecture which would be supposedly developed in 1983 if the
earthquake did not occur has to be evaluated. Fig.5 shows a variation of
gross prefectural products of the Akita prefecture on the gross value added
basis between 1975 and 1982. The gross prefectural products in 1983 may be
estimated by extrapolating the relation of Fig.5 as 2348.0 billion yen.
Because the decrease of products by the earthquake and the increase of
products due to the restoration are 166.6 billion yen and 49.9 billion yen,
respectively, on the gross value added basis, it is predicted that the
gross prefectural products of the Akita prefecture in 1983 would be about
2231.3 billion yen ( 2348.0-166.6+49.9 ) on the gross value added basis. It
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is noted here that the decrease of products by the earthquake of 166.6 bil-

lion yen corresponds to 7.1% of the predicted gross prefectural products of
2348.0 billion yen.

On the other hand, actual gross prefectural products of the Akita pre-
fecture in 1983 was reported in 1985 as 2,272.8 billion yen, which is 41.5

Table-9 Comparison of Predicted and Actual Products Developed in
Akita Prefecture in 1983 on Gross Value Added Basis

{Billion yen)
Prediction on Products of Akita Prefeclure in 1933 Fiscal Year
fReduction of Products
@ Increase | @ Increase Products @Actual )
! d 1P 1P { Upposed ; Products Ratio
Gassiication @ Decrease | - dfx%dt%as :) dost @Sub-total elv'el!gge G%',’;ﬁﬂ'cﬁ?d omxg Bl @@
pogus | e | MG | OC-C | pahguake | ©-O-C
Restoration | Restoration had not
of Public | of Housings Occurred
Works

Agriculture 54 02 0.03 52 205.0 199.8 201.6 099
Foreslries 18 04 03 1.1 347 37 309 1.09
Fisheries 19 003 0.0t 19 68 49 52 0.95
Minings 14 15 02 -02 36.1 36.4 41.0 0.89
Manufacturing 105 29 07 69 3314 3245 3222 1.0t
Construction 79 234 51 -206 2685 289.1 244.5 1.18
acctricity. Gas. 22 05 01 256 7.9 523 183 | o067
Commercial 146 27 06 13 351.3 340.0 341 1.02
Finance and 1
Insurance 45 15 03 217 96.8 9.1 91.7 03
Landed Estate 45 06 0.1 37 231.5 227.8 226.2 1.01
Uansportation and | 17 04 30 12.4 1091 | 1050 | 104
Setvice 828 56 12 760 595.8 5197 592.2 0.88
Total 166 6 409 90 116.7 23480 22313 227128 0.98
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billion yen larger than the prediction. Table-9 compares the predicted
products with the actual ones for each Industry. When a ratio is defined
for each industry as the actual gross products divided by the predicted
gross products, the ratio takes a value between 0.67 and 1.18. The predict-
ed results seem to give good approximations, except for the electricity,
gas and water industry. The actual products for this industry are approxi-
mately 1.5 times larger than those predicted. This may be possibly at-
tributed to the difference of the assumption made in this analysis. Al-
though the products of the electricity was assumed to decrease in propor-
tion to the decrease of the landing volume of crude oil at the port, actual
products seem not to be decreased so significantly.

CONCLUDING REMARKS

For analyzing economic losses caused by an earthquake, an analytical
procedure with use of the Inter-industry relation analysis, which has been
widely used to evaluate an indirect impact by constructing new facilities,
was applied to the Nihonkal-chubu Earthquake of 1983. The following conclu-
sions may be deduced from the study presented herein:

1) Total direct damage in the Akita prefecture caused by the Nihonkai-chubu
Earthquake was 145.7 billion yen on the products basis. Decrease of
products associated with the direct damage is predicted as 371.0 billion
yen, which is 2.5 times larger than the total direct damage.

2) The decrease of product of 371.0 billion yen on the product basis is
predicted to be caused by a decrease of production (first effect) of 248.1
billion yen, a decrease of consumption (second ripple effect) of 114.6 bil-
lion yen, and a damage of materials and goods of 8.3 billion yen. The
second ripple effect corresponds to 46% of the first effect.

3) Decrease of products by the earthquake and increase of products due to
restoration are predicted as 166.6 billion yen and 49.9 billion yen, re-
spectively, on the gross value added basls. This means that the actual
decrease of products would be 166.6-49.9 = 116.7 billion yen. The decrease
of products of 166.6 billion yen and 116.7 billion correspond to 7.1% and
5.0%, respectively, of the gross prefectural products of 2348.0 billion yen
which would be supposedly developed in 1983 if the earthquake had not taken
place.

4) Because the gross prefectural products of the Akita prefecture which
were supposedly developed in 1983 if the earthquake had not taken place is
estimated as 2348.0 billion yen, the gross prefectural products which would
be developed in the Akita prefecture in 1983 is predicted as 2348.0 - 116.7
= 2231.3 billion yen. In comparison, the actual gross prefectural products
in 1983 were reported by the Akita prefecture in 1985 as 2272.8 billion
yen, which is 41.5 billion yen larger than the prediction.

5) Indirect damage is very important for assessing an extent of the impact
caused by an earthquake. Further study to clarify the dependence of indi-
rect damage on the damage extent and characteristics of the damaged area
need to be made.
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NOTATIONS

A : input coefficient matrix

ag reduction factor of 1-th industry, and
QI—AX /le

F : final demand vector, and

F=lf, fgreecee, )

AF : final demand vector asgoclated with decrease of income and operat-

ing profit

GD(t) : decrease of productions at t fiscal year due to an earthquake

(product basis / gross value added basis)

Go(t) : products which were achieved after an earthquake at t fiscal year

(product basis / gross value added basis)

GN(t) : products which were supposedly developed at t fiscal year if an

earthquake had not occurred ( product basis / gross value added
basis)

GR(t) : Increase of products due to restoration (product basis / gross

value added basis)
I, : i-th industry
6 : products based on gross ¥alue added basis, and
V"vl 2 -----

AV : decrease of products (¥1rst effect) based on gross value added
basis, and T
A! = :AVI' sz,...:;. Avn’

v : gross value added ratio matrix
: decrease of products (second ripple effect) on gross value added
basis, and
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Yo = lAVlS. AV2S.-o---c AV S’T
: products based on produc* bas?s. and
X“{x xz.-..... Xn!
Xg ¢ products based on product basis which were developed after an
earthquake, and
= {X Ereceee Xy
Xy ¢ progucts %ased on product Easis which were supposedly developed
when an earthquake had not o*curred and
Xy = {x , .
AX decgease o¥ proHucts (flrs§ ﬁffect) based on product basis, and
AX = {AXy, 8Xgsuenen, AXp)
X i products used from Ijf to 1
is : decrease of products (secogd ripgle effect) on product basis
8Xg = 14X g, Ahggreeenes Axnsl
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ABSTRACT

Scismic behavior of cable stayed bridges is presented with emphasis on
damping characteristics. Damping ratio contributed from various sources
Including energy dissipation due to hysteretic behavior and radiation from
foundation is presented. A method to evaluate damping ratlo of a total bridge
system is proposed.

1. INTRODUCTION

Cable stayed bridges have not yet experienced significant earthquakes in
the past. According to the previous field forced vibration tests on cable
stayed bridges, It is well recognized that the natural frequencies and the
natural mode shapes measured from the experiments can be predicted with
satisfactory accuracy by appropriate analytical simulations[l]. However, in
many cases damping ratlos determined from the fleld forced excitation tests
conducted in the past are likely to show considerably smaller value compared
to the values assumed In seismic design. Because the structural response of
cable stayed bridges significantly depends on the damping ratio, correct
estimation of the damping ratio Is of critical Importance In seismic design.

It is the objectives of this paper to discuss damping characteristics of
cable stayed bridges. Analysis of strong motion records measured at a cable
stayed bridge, analytical simulations for energy dissipation due to friction
at movable bearings and radiation of energy from foundation to subground,
cable configuration dependence of damping ratio through model oscillation
tests are presented. A method to predict damping ratio of cable stayed
bridges Is finally proposed. Engineering significance of the damping ratio is
studied placing emphasis on how the damping ratio depends on mode shapes
and amplitude.
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2. DEPENDENCE OF DAMPING RATIO ON STRUCTURAL COMPONENTS TIIROUGH ANALYSIS
OF MEASURED EARTHQUAKE RECORDS[2]

2.1. Suigo Bridge

Suigo Bridge Is a two-span continuous cable stayed bridge as shown in
Figure 1. The deck Is of steel box girder with the length of 290.45 m, and it is
rigidly connccted to a single steel tower with the height of 47.2 m. The
superstructure is supported by three substructures, l.e., two caisson
foundations and a pile foundation. Fixed bearings are provided on the
mid-substructure to connect and prevent the deck movement in both
longitudinal and transverse directions.

A series of forced excltation tests for vertical and torsional modes were
conducted soon after the completion to study frequency and damping
characteristics for aerodynamic stability analysis[3]. Natural frequencies
and mode shapes could be predicted with reasonable accuracy.

52.6 290.45
178.85
89.425
A
T0 CHIBA PREF. A. TO_IBARAKI PREF.
Par 1
::JF T 4 1 Y ) 1 ;)i
T O — K/, o
ﬁ‘ ﬁ’ _ As ¥

As {DOWN- HOLE Aili-1.2.—.6)- ACCELEROMETER] @
ACCELEROMETER) [Aiti ) :‘;L M
(a) SIDE VIEW
TRAN'SVERSE
25.5 .

X |

{5

— LONGITUDINAL

L ‘0"’ ‘ Ai (i=3,4,5)
(b) CROSS SECTION OF DECK (b) CROSS SECTION OF TOWER

Figure 1. Suigo Bridge and Observation Points

2.2. Strong Motion Observation and Dynamic Characteristics

Strong motion observation has been made at the bridge since March 1986.
Two horizontal components force-balanced accelerometers were placed at six
points as shown In Figure 1. Three records with sufficiently large
accelerations were obtalned by the earthquakes as shown in Table 1. Table 2
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represents the peak acceleration thus measured.

As an example of the records, Figure 2 shows the accelerations by the East
Chiba-ken Earthquake (EQ-33). Of particular importance is the large response
at the tower top (Al point) in transverse direction. Peak acceleration at Al
point reached to 999.8 gal (cm/scc”). Because the peak acceleration at the
mid-height (A2 point) and the bottom (A3 point) of the tower is 471 gal and 173
gal, respectively, it is obvious that the tower vibrated in accordance with a
cantilevered mode shape.

Natural frequencies and mode shapes were evaluated from spectral analysis
of the data, and they could be predicted with satisfactory accuracy by a
linear analysis[2].

Table 1

Magnitude and Location of Major Earthquakes

EQ.N0.| DATE rICENTER DE':?ESCTS?KLM MAGNITUDE D(f(:)”

LOCATION |LONGITUDE| LATITUDE

EQ-6 [1986. 6.24 | OFF CHIBA 140°43'| 34° 49’ 123 6.5 73
EQ-16{1987. 2. 6 [OFF FUKUSHIMA| 141°54'| 36° 59’ 173 6.7 31
£Q-33|1987.12.17 [ OFF CHIBAKEN| 140°29" | 35° 21’ 62 6.7 58

Table 2

Peak Accelerations Measured at Suigo Bridge

" A1 POINT | A2 POINT | A3 POINT | A4 POINT | A5 POINT | A6 POINT

. L6 TR |LG | TR | LG | TR | LG | TR | LG | TR | LG [ TR
EQ-6 |189] 217 | 75 | 111 | 55 | 34 61 — 62 | 77 | 13 | 13
EQ-16 {238 322 | 109 | 218 | 87 | 54 | 91 — {100 ] 104 ] 23 | 22
£Q-33 (44619998 | 297 | 471 | 216 | 173 | 257 | — | 247|363 | 99 [ 114

1) LG and TR represent peak acceleration in longitudinal and transverse direction, respectively.
2) Records in transverse direction at A4 point were not obtained due to malfunction of the accelerometer.

2.3. Damping Ratlo of Suigo Bridge Based on Measured Data

Damping characteristics of Suigo Bridge were analyzed through analytical
simulations. Because the response acceleration at the bottom of the tower (A3
point) was measured, it was prescribed to the A3 point of the analytical model
as an input motion, and the response of the superstructure was computed.
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Analytical idealization presented In Figure 3 was used for the simulation.
Damping ratlo assumed In the analysis was varled as 0%, 1%, 2% and § % of
critical as a parameter to be studied.
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Figure 2. Acceleration Records during East Chiba-ken Earthquake (EQ-33)
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Figure 3. Analytical Model of Suigo Bridge
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Analysis was made for the three records presented in Table 1. As an
cxample, Figure 4 shows comparative plots of acceleration time history
between the measured and the predicted at the tower top (Al point) and the
center of the girder (A5 point) for the Chiba-ken Earthquake (EQ-33). It is
obvious that the damping ratio of 0% gives larger response of the tower than
the measured acceleration in longitudinal direction and that 5% damping ratio
would be appropriate to develop a close correlation between the predicted
and the measured accelerations. Overall predicted response accelerations
assuming the 5% damping ratio agree well with the mecasured accelerations.
However, for the response at the tower top (Al point) in transverse
dircction, the damping ratio of 5% is an overestimation, and 0% damping ratio
would be appropriate. On the other hand, 5 % damping ratio gives a nice
agrcement for the deck response in both longitudinal and transverse
directions.

Table 3 shows the damping ratlo which gives the best correlation for the
peak acceleration. It is approximately 2 % and 0 - 1 % for the tower response
in longitudinal and transverse directlions, respectively, and is approximately
5 % for deck response in both directions.

It is important to note that the damping ratio depends on structural
components. It Is also Interesting to note the difference of the damping ratio
of the tower depending on direction. This may be due to the cffect of cables.
Because flexural rigidity of the cables is negliglbly small, the tower is
almost free to move from cables In transverse direction. Therefore the tower
may be considered as a frece standing column. Damping ratio of free standing
column which is of steel box section Is, generally, substantially small, and it
secms rcasonable to take a damping ratio of 0 - 1 %. On the other hand, in
longitudinal direction, the tower is no more free standing column but is
coupled with the deck by means of the cables. Therefore it seems reasonable
that the tower takes larger damping ratio in longitudinal direction than In
transverse direction.

Table 3
Damping Ratio which gives Best Correlation
LONGITUDINAL TRANSVERSE
EQ. NO.
Al A2 A4 AS Al A2 AS
EQ-6 2 5 5 ) 0~1 . )
EQ-16 2 ) 5 5 0~1 1 )
EQ-33 5 5 5 5 0~1 1 )
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3. DAMPING RATIO DUE TO ENERGY DISSIPATION AT MOVABLE SUPPORTS[4]

3.1. Encrgy Dissipation at Movable Supports and Analytical Idcalization

When relative movement between deck and substructure occurs at movable
bearing, energy dissipation due to frictlon would be developed. Amount of
energy dissipation depends on type of bearing supports. To study the
contribution of friction to damping ratio of a total bridge system, a cable
stayed bridge was ldeallzed as a discrete analytical model as shown in Figure
5. The friction force developed at movable supports due to relative
displacement between deck and abutments was idealized by Coulomb friction.

The idealized cable stayed bridge was laterally displaced 30 cm in
accordance with a mode shape, and then released smoothly to result in a free
oscillation. Damping ratlo was evaluated from decay of free oscillation as

_ 2rnh _ anm
6 = y1- h? log - am+1 1)

in which & and h represent logarithmic damping ratio and damping ratio of
critical, respectively, and am and am:1 represent amplitude of frce
oscillation at m-th and (m+1)th oscillation, respectively.

- 380 .
n 6@ 25:150 _..35_,35 6@ 25 =150 5]
O
—17COULOMB 18 COULOMB
Slg| | ERICTION y FRICTION
| K1 2 ——
S © 25 17 33
< 2
<] 32 33
3 “‘2 3 4 5 6 7 8 % 10 11 12 13 14 15 I6
my 30 2;" [ UNIT - m]

Figure 5. Cable Stayed Bridge Studled for Effect of Friction at Movable
Supports

3.2. Effcct of Energy Dissipation at Movable Supports

Figure 6 represents 5th and 6th mode.shapes of the bridge disregarding the
friction at the movable supports. They are the most and sccondarily
predominant mode shapes in longitudinal direction with natural period of 0.52
sec and 0.48 sec. _

Figure 7 shows decay of free oscillation of the deck as well as damping
ratio computed from Eq.(1). It is important In Figure 7 that the damping ratio
depends on the mode shapes. Figure 8 shows damping ratio vs. free oscillation
amplitude of the deck relation. It has to be reminded here that the damping
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ratio which results from the same amount of energy dissipation with Coulomb
friction force Increases as the osclillation amplitude decreases. This is the
opposite tendency which was frequently observed in the past forced
excitation tests. Damping ratio is larger in 5th mode than in 6th mode.
Damping ratio Increases linearly with Increasing the friction coefficient.

Table 4 summarizes the damping ratio thus estimated. Assuming the friction
cocfficient as 0.1, damping ratio of the bridge takes a value ranging from
0.0007 (6th mode) to 0.0016 (5th mode).

Table 4
Damping Ratio due to Friction Force at Movable Supports
Naturol Mode Eriction Relative Displacement at Movable Support
Specified Coefficient 30 cm 20 em 10 em
0.1 0.0016 0.0024 0.0049
5 th '
0.2 0.0032 0.0049 0.0099
0.1 0.0007 0.0010 0.0020
6 th
0.2 0.0013 0.0020 0.0039

4. DAMPING RATIO DUE TO RADIATION OF ENERGY FROM FOUNDATION[ 5]

4.1. Radiational Damping and Analytical Idecalization '

When foundations of cable stayed bridges vibrate in ground, energy
dissipation due to radlation of energy from foundations to surrounding
subsoils occurs. . To study the effects of radiation of energy from
foundations, a cable stayed bridge was idealized as shown in Figure 9. The
foundation was Idealized by a rigld mass-less circular plate. Subsoils
supporting the foundatlon was assumed as an elastic half space with shear
modulus of Gs and Poisson's ratio of v. Dynamic complex stiffness of the
rigid circular plate can be available for such an ldealization. Radlus of the
rigid circular plate was simply assumed so that it gives the same surface area
with the foundation, and was varled as a parameter to be studied. The bridge
and the subsoils were assumed elastic with no energy dissipation. ,

Dynamic complex stiffness of the foundation was assumed in a frequency
independent form as(6]

Kx =8 Gaa/(z"V)

K. = 8Gsa® / 3(1-v)

Cx=n Gsa2 / Vs

Ce =0.2572 v 2(1-v)/(1-2v) Gsa®/Vs

(2)
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in which K,. and C» represent spring and damping coefficient for sway motion,
and K. and C. represent those for rocking motion. Vs and a represent shear
wave velocity of subsolls and radius of foundation, respectively.
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Figure 9. Cable Stayed Bridge Studied for Effect of Radiational Damping

4.2. Effects of Energy Dissipation at Foundation

Table 5 shows natural period and damping ratio computed by the complex
eigenvalue analysis for the cable stayed bridge constructed on subsoils with
shear wave velocity of 150 m/sec and 300 m/sec. Radlus of the foundation and
Poisson's ratio was assumed as 30 m and 0.4, respectively. Figure 10 shows two
predominant mode shapes; one Is a sway motion of tower and deck, and the
other is a flexure motion of the tower with rocking of foundation. Damping
ratio for the sway mode is 0.175 (Vs = 150 m/sec) and 0.034 (V= = 300 m/sec),
which are considerably higher than those experienced through field forced
excitation tests. Of particular interest is much higher damping ratio for the

Table 5 7
Damping Ratio due to Radiation of Energy From Foundation

Shear Wave Velocity Vs {m/sec) | | 2 3 4 5 6 7 8 9 |10 |11 | 12

Natural Period T(sec) | 2.83 | 1.26 [0.89]0.71 |0.57 |0.49 | 044 |0.41 |0.30 |0.28 {0.25 [0.23

150
Damping Ratio h 00 |00 [00 |00 0.475/0.0 |00 [0744{0.0 [0.0 |0004{0.0

Notural Period T(sec)|2.83|1.26 |0.89|0.71 {0.54]0.49]0.44{0.30 |0.28 {0.25 |0.23 |0.21

300
Damping Ratio h |00 |00 [0.0 {00 [0034{0.0 [0.0 {00 [0.0 {0002]0.0 [0830
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Figure 10. Predominant Mode Shapes

flexural mode of the tower associated with rocking of foundation. It is 0.744
for V= = 150 m/sec and 0.830 for Vs = 300 m/sec. This clearly shows a
significance of the radiational damping associated with rocking motion of the
foundation.

Figure 11 shows an effect of shear wave velocity of the subsoils and the
radius of the foundation for two selected predominant modes. The selected
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Figure 11. Effect of Shear Wave Velocity and Radlus of Foundation
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modes depends on the assumed values for Vs and a. It should be noted however
that the most predominant modes represents a sway mode of the tower and
deck, and the secondarily predominant mode represents a flexural mode of
the deck associated with rocking of foundation. It fs seen in Flgure 11 that
the shear wave veloclty of subsolls Is a significant parameter for the
damping ratlo of the bridge. Damping ratlo for the most predominant mode
decreases as Vs Increases. Damping ratio becomes 2 - 5 %, which is generally
assumed in seismic design, at about Vs = 300 m/sec. On the other hand, damping
ratio for the secondarily predominant mode increases as Vs increases. The
damping ratio for this mode is extremely high.

It is also seen in Figure 11 that the radius of the foundation is the other
important parameter for the damping ratio. The effect of the radius is
especially high for the secondarily predominant mode.

5. DEPENDENCE OF DAMPING RATIO ON MODE SHAPES TIIROUGH FREE OSCILLATION
TESTS OF A CABLE STAYED BRIDGE MODEL[7]

5.1. Experimental Model and Free Oscillation Tests

To study damping characteristics of cable stayed bridges, a series of model
oscillation tests were made. Figure 12 shows an experimental model which was
accurately fabricated for simulating the Meiko-nishi Bridge[8] as prototype.
The rigidity and mass of the model was determined assuming the scale of
length, density and time of 1/150, 1/1 and 1// 150, respectively.

The deck was supported by only cables so that friction between the deck
and the tower due to relative movement of the deck in longitudinal direction
can be dlsregarded. The elastic cable restrainers[8] were disregarded In the
model for simplicity. Cable arrangement and number of cables were varled as 3
cases as shown In Figure 13. Figure 14 shows the fundamental natural
frequencies and natural mode shapes of the model predicted by a linear
discrete frame model.

DEVICE USED
FOR CORNECTING ~__
DECK WITH TOAER

PLATE
SPRING

TOWER DECK

a: / I~ - TOWER
r —
|- S FITHER FR e
| TOWER —1 bR iRED DECK
- (" 1suppoRT 77
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125 5 255 125 10
| 505 |

(UNIT : CMH)

Figure 12. ExperlmentallBrldge Model
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Figure 14. Predicted Mode Shapes

The deck was statically displaced so as to create an inlitial deformation
close to the target mode shape. It was smoothly released to result in a free
oscillation. Damping ratio was computed from decay of free oscillation by
Eq.(1).

5.2. Effect of Cable Type in Longlitudinal Oscillation

Cable type dependence of the damping ratio is considerable as shown in
Figure 15(a). The damping ratio at the same amplitude Increases as the cable
type changes from the fan type (Type 3A) to the harp type (Type 3E). Such a
significant cable type dependence of the damping ratio may be clearly
related with the flexural deformation of the deck iIn vertical direction per
unit deck displacement In longitudinal direction (as shown in Figure 14).
Larger flexural deformation of the deck in vertical direction dissipates
larger energy, which would result in larger damping ratlo.

The damping ratio also depends on the amplitude, and its amplitude
dependence Increases as the cable type changes from the fan type (Type 3A)
to the harp type (Type 3E). The amplitude dependence of the damping ratio
tends to Increase as the amplitude becomes smaller.
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Figure 15. Damping Ratio vs. Oscillation Amplitude

5.3. Effcct of Cable Type in Vertical Oscillation

Damping ratio decreases as the cable type changes from the fan type (Type
3A) to the harp type (Type 3E) as shown in Figure 15(b). Damping ratio for the
flexural oscillation in vertical direction is generally smaller than that for
the longitudinal oscillation. However it is quite interesting to note that
such cable type dependence of the damping ratio Is opposite in order to that
developed in the longitudinal oscillation.

6. EVALUATION METHOD OF DAMPING RATIO OF CABLE STAYED BRIDGES(1,7]

6.1. Evaluation Method

There are varlous factors causing energy dissipation in cable stayed
bridges. Energy dissipation are generally developed by material
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nonlinearity, structural damping such as friction at movable bearings,
radiation of ecnergy from foundations to subground, and friction with alr.
Predominant factors contributing to damping ratlo of cable stayed bridges
varies with structural types. However important point to estimate damping
ratio of cable stayed bridges is to evaluate total energy dissipation.

Because the energy dissipation capability may not be the same in the whole
bridge, it is required to evaluate the energy dissipation in each structural
segment depending on the type of the energy dissipation. Once the energy
dissipation in individual structural segments can be determined, the total
energy dissipation In the whole structural system may be evaluated by
summing up the energy dissipation developed in each structural segment.

Based on such considerations, it is proposed to evaluate energy
dissipation of a cable stayed bridge as;

1) Divide a cable stayed bridge into several structural segments in which
energy dissipatlon capability can be conslidered practically the same. Such a
structural segment is referred hereinafter as "sub-structure”.

2) When the I-th sub-structure Is Idealized by a n-degree of frecdom
discrete system, the strain energy E;' of the i-th sub-structure for j-th
mode may be represented as

E’l = % §( ujll‘.)’l‘ kl u-‘lk (3)

in which u;’™ = amplitude at node k of i-th sub-structure for j-th mode and k'
= stiffness matrix of the i-th sub-structure.

Strain energy of the whole structural system for j-th mode can, then, be
evaluated as )

E; = ZEj (4)
i

3) For the i-th sub-structure where energy dissipation due to material

nonlinearity is predominant, the energy dissipation associated with j-th mode
may be written as

SE;' =f;'(Es") (5)

in which & E;' = energy dissipation In i-th sub-structure for j-th mode, E;' =
strain energy In i-th sub-structure for j-th mode, and f;' = function relating
6 E;! with E;'.

The function f;' represents how the energy dissipation in i-th
sub-structure & E;' be developed associated with the strain energy in i-th
sub-structure E;'. This Is referred hereinafter as "energy dissipation
function"[1]. Because it Is quite difficult in most cases to directly evaluate
the energy dissipation function f;' from analytical studies, it has to be
determined based on appropriate experiments.

4) For i-th sub-structure where the energy dissipation function f;' Is such
a form that it can be represented In terms of a displacement at a specific
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point u;*'* within the I-th sub-structure, the energy dissipation function may

be represented as
6E§l = f;i(lljik) (6)

in which 6 E;' = energy dlssipation in I-th sub-structure for j-th mode, u;'* =
displacement at point k In i-th sub-structure for j-th mode, and f;' = energy
dissipation function relating 6 E;' with u;'".

5) Energy dissipation in the whole structural system can be obtained by
summing up the energy dlssipation developed In individual sub-structures
determined by Eqgs.(5) and/or (8) as

6E;= X SE;! (7
H

in which 6 E; = total energy dissipation in whole structure for j-th mode,
and 6 E;' = energy dlssipation in i-th sub-structure for j-th mode.

6) Damping ratio of the whole structure for j-th mode may then be obtained
from Egs.(4) and (7) as

_ S E;
hy == E; (8)

6.2. Evaluation of Energy Dissipation Functions

To show an evaluation of the e¢nergy dissipation functions, it Iis
appropriate to refer a specific bridge for which actual damping
characteristics was accurately estimated. Therefore, the energy dissipation
functions are evaluated for the cable stayed bridge model presented in
Chapter 5.

Because the model bridge was supported by only cables, friction between
the deck and the tower can be neglected. Effect of radiation of energy from
the foundation to subsoils can be neglected in the model because bottom of
the tower was rigidly fixed by a steel base plate. Therefore it was assumed
that the energy dissipation of the model bridge occurs due to material
nonlinecarity of the deck and the tower, and friction at the anchoring portion
of the cables to the deck and the tower. The tower, the deck and the cable
anchoring portion were therefore considered as "sub-structure" in the
analysis.

For estimating the energy dissipation function of the tower, a simple free
oscillation test of the tower was made as shown in Figure 16. Only the tower
was taken out from the whole model, and it was supported as a cantilevered
beam with one of the ends belng fixed and the other being free. By smoothly
releasing the tower top from a displaced position, a free oscillation
simulating the first mode was developed.

Figure 17 shows how the dampilng ratio of the tower varles with the
oscillation amplitude and the mass of the weight placed on the free end.
Predicted damping ratio which will be described later is also presented for
comparison. Damping ratio of the tower Increases as the oscillation amplitude
increases.
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Because the damping ratio h: of the tower for the first mode shape can be
determined through the decay of the free osclllation and the strain energy
E: can be computed from Eq.(3), one can determine the energy dissipation 6 E
1 by substituting h, and E: into Eq.(8).

Figure 18 shows the relation between 6 E and E, for the first mode. The
relation seems almost independent of the weight of the mass placed on the
tower top. It was approximated by a least square fit as

6 Ex =0.016 E\ + 0.0021 E,®7= (9)

FREE OSCILATION

] ®/ MASS
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75¢m
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Figure 16. Free Oscillation Test for Tower
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Figure 17. Damping Ratlo vs. Osclllation Amplitude for Tower
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Based on Eq.(9), the damping ratlo vs. the oscillation amplitude of the
tower was cvaluated as shown in Figure 17. It is seen that the predicted
damping ratio for the tower agrees reasonably well with the experimental
result. .

Similarly, the ecnergy dissipation functions for the deck and cable
anchoring portion were evaluated as [1]

SE: =0.016 E, + 0.083 E,+ =7 (deck) (10)
SE: =0.018 w='%-0° (cable anchoring portion) (11)

in which ¢ and o represent an angle between the tower and the cable, and
angular frequency of the free oscillation, respectively.

6.3. Evaluation of Damping Ratlo Bascd on Encrgy Dissipation Functions

Predicted damping ratio by Eq.(8) assuming the energy dissipation functions
of the sub-structures by Egs.(9), (10) and (11) is presented in Figure 19 in
comparison with the experimental results.

The predicted damping ratio of the model in the longitudinal oscillation
increases as the cable type changes from the fan type (type 3A) to the harp
type (type 3E) In the same manner with the test. The dependence of the
predicted damping ratio on the oscillation amplitude increases in the same
order with the experiments. Such characteristics agree reasonably well with
the experiments, although the predicted damping ratio {s underestimated as
the cable type approaches to the harp type.

The predicted damping ratlo of the model for the vertical flexural
oscillation Is almost independent of the cable type. Although the damping
ratio estimated from the experiments slightly decreases as the cable type
changes from the fan type to the harp type, the overall characteristics of
the predicted damping ratio seem reasonably close with the experimental
results.
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Figure 19. Prediction of Damping Ratio vs. Oscillation Amplitude Relation

The damping ratlo predicted is somewhat smaller than the experimental
results probably because the energy dissipation which are not considered in
this analysls would contribute to the total energy dissipation. If the enecrgy
dissipation at cach portion is evaluated in detall, it Is expected to further
improve the accuracy of the above estimation.

7. CONCLUDING REMARKS

Cable stayed bridges have complex dynamic behavior, and it is of great
importance to correctly evaluate thelr dynamic characteristics for
developing a rational seismic design method. The characterlistics of damping
which were presented in the preceding pages may be summarized as :
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1) Damping ratlo depends on the mechanism of energy dissipation and the
mode shapes. It Is therefore {important to consider what type of and how
much energy dlissipation are made In each sub-structure. Even in the same
bridge, different damping ratlo may be measured if the direction or the point
of excitation iIs different because of the difference of the mode shapes
considered. Unless taking considerations on such characteristics into
account, attempts to formulate empirical relations for assessing the damping
ratio would only cause large scatters around the prediction.

2) Dependence of the damping ratio on the mode shape seems to be one of the
reasons which cause considerable scatters observed In the past forced
excitation tests results.

3) Cable configuration such as number of cables and type of cable
arrangement Is a controlling factor for damping ratio. The harp type cable
arrangement tends to develop larger damping ratio than the fan type cable
arrangement for the osclllation mode in longitudinal direction, because it
causes larger deck deformation in vertical direction.

4) Application of the proposed method for assessing the damping ratio of
cable stayed bridges needs to be made. It is required to conduct careful and
elaborate forced excltation tests so that the energy dissipation mechanism
in sub-structures can be clarified.
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