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Synopsis:

These proceedings document the results of the 9th U.S.-Japan Bridge Engineering Workshop which was held at
the Public Works Research Institute, Tsukuba Science City, Japan, on May 10 and 11, 1993 under the auspices of
the Panel on Wind and Seismic Effects, UINR. The Workshop was organized by the Task Committee J “Wind and
Earthquake Engineering for Transportation Systems” (U.S. side chairman: J.D. Cooper, FHWA, Japan side chair-
man: M. Fujiwara) of the Panel.

Key word: Bridge, Design Method, Seismic Design, Wind Resistant Design,

Maintenance Technology



FORWARD

These proceedings document the results of the 9th U.S.~Japan Bridge Engineering Work-
shop which was held at the Public Works Research Institute, Tsukuba Science City, Ja-
pan, on May 10 and 11, 1993 under the auspices of the Panel on Wind and Seismic Ef-
fects, UINR. The Workshop was organized by the Task Committee J “Wind and Earth-
quake Engineering for Transportation Systems” (U.S. side chairman: J.D. Cooper, FHWA,
Japan side chairman: M. Fujiwara) of the Panel. The Workshop was coordinated by Mr.
K. Nishikawa, Head of Bridge Division of the Public Works Research Institute.

The purposes of the Workshop are:

(1) To stimulate collaborative research work in the important area of bridge engineering
for better design construction, performance, rehabilitation, and strengthening of bridge
structures in both countries.

(2) To facilitate the exchange of technical information and ideas and to promote the
broadening of viewpoints for those involved.

(3) To ensure a first-hand exchange of information resulting form the unique problems
each country is faced with; for example, the development and implementation of -
bridge management systems and limit state or load and resistant factor design meth-
ods.

A broad range of special technical topics were presented at the Workshop. These included
the following items.

1) Dynamic control and seismic isolation of bridge structures

2) System identification techniques for wind and seismic engineering

3) Nondestructive evaluation techniques '

4) Experimental and analytical studies on the effects of dynamic soil characteristics
5) Retrofitting and strengthening methodologies for bridge structures

6) Development of design criteria based on limit-state concepts

7) Jointless bridge design

8) Use and performance of new and enhanced structural materials

9) Development of standard test procedures for base isolation devices

In total 31 papers were presented in the Workshop; 17 papers from Japan side and 14
papers from the U.S. side.

The following proceedings include (1) all technical papers that were presented during the
Workshop in their order of presentation, (2) the resolutions that were unanimously ap-



proved by the participants during the closing session of the Workshop, (3) Workshop pro-
gram and list of participants, and (4) photos of the Workshop and Study Tour.

In concluding the forward, I wish to express our profound gratitude and sincere apprecia-
tion to all participants in the Workshop for supporting the Workshop by active presenta-
tions and discussion. In particular, I would like to thank Prof. Bruce M. Douglas and Prof.
Emmanuel A. Maragakis for organizing the U.S. members. And I would like to thank Mr.
James D. Cooper his encouragement for holding the Workshop. :

January 1994
Minoru Fujiwara

Structure and Bridge Department
Public Works Research Institute
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Structural Behavior of Prestressed Concrete Beams Using FRP.Tendons

Kazuhiro Nishikawa
Head, Bridge Division g
Public Works Research Institute, Ministry of Construction

VMasayuki Kanda
Researcher, Bridge Division
Public Works Research Institute, Ministry of Construction

Kenichi Uchida
_ Bridge Division g
Public Works Research Institute, Ministry of Corislmction

SUMMARY

The data necessary for the design of bridges could be obtained from the tests of the bending and shearing, and the
bending fatigue for the prestressed concrete beams using various FRP tendons. It is possible to calculate flexural
capacity according to the plane holding's law. When shear capacity is calculated based on the Japan specifications for
highway bridge, it is within the limits of safe side well. The properties of bending fatigue assumed serviceability limit
state was good. Further,the bending fatigue produced bending cracks,it had good flexural capacity.

LINTRODUCTION

FRP materials are receiving attention as reinforcement materials in concretle members,because of their high
strength,light weight,non-magnetic and resistance to corrosion. Its application has been studied at various fields.
Among the rest, the method using FRP prestressing tendon is supposed to be superior on the material properties of FRP
and the cost. The object of this study is to develop a new technique for the tendons of prestressed concrete bridges,as a

part of Comprehensive Research and Development Project “Development of New Base Materials and New Materials
Utilization Techniques in Construction Project”, Ministry of Construction since 1989.

This paper describes the dynamic properties of the prestressed concrete bearns using various FRP tendons, and intends
to propose design technique. :

2.SPECIFICATIONS OF FRPTENDONS =

The spéciﬁwtiohé of the FRP tendons used for this study are shownin table 1. There are five typesin the FRP tendons

applied for prestressed concrete as tendons: two types using carbon fibers, two types using aramid fibers and one type
using glass fibers. For the experiment, we used four types except glass fibers. v

Table 1 Charactristics of FRP tendons

S Nom'inal Nomip al :Averz'age Young's | Elongation
: . Tensile | : Tensile

Tendon Shape | Diameter Modulus | -
: -~ (mm) Strength | Strength | (MPa) (%)
e ™™ MPa) | Mpa) | Y :
Cl. Strand | 12,5 1885 - |- 2188 | 137000 1.6
€2 - | Rod. | - 80 | 1550 | 2109 | 148000 1.2
Al | Braid-| 120 | 1263 | 1295 | 60800 2.2
A2 | Rod-| 60 | 1777 | -1942 - | 53000 3.3
G _Rod 8.0 1480 | 1687 | 44100 2.6



3.STATIC BENDING TEST

Stress-strain relations of FRP tendons are different from that of steel, and they have linearity up to break. Therefore, it
has been considered to show flexural properties different from thatof prestressed concrete members using prestressing
steel. In order to clarify the flexural properties and the calculating method of the flexural capacity of the prestressed
concrete beams using FRP tendons, the static bending tests of the prestressed concrete beams made by pretensioning
and post tensioning systems were performed. '

Web Reinforcement

S e

3.1 Outline of Experiment

e it M

The section and loading method of the pretensioning beams are shown in Fig.1. The
section of the beams was rectangular: 250mmdeep and 350mm wide. Inorder to adjust
failure mode, the quantities of FRP tendons and effective depth of beams were
changed. The loading method was the symmetric four-point loading of 3000mm span.
The parameters and results of the experiment are shown in table 2. As for the
parameters, there are five levels by the types of tendons, two levels 0f 40% (0.4Pu) and
60% (0.6Pu) of the nominal tensile strength as the magnitude of effective prestressing
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Fig.1 Pretensioning beam specimens Fig.2 Posttensioning beam specimens -
Table 2 Summary of pretensioning beams data in static bending test
S‘E‘:S:::“ Speciment details Bending crack load Bending ultimate load
prestress -1 rc Ap ‘;;zs‘ff:; E;i:;:" Calculated Measured Calculated| Calculated Measured] Calculated
are (MPa) | (mm?) Ny | ey | N (kN) | Measured] (k) (kN) | Measured
C1-06-T-1| 489 228 256 167 374 39.2 1.05 117 124 1.06
C1-04-T-1| 5817 228 171 167 54.2 31.4 0.58 115 124 1.08
C1-05-T-2| 489 228 256 167 53.1 56.9 1.07 110 120 1.10
C1-06-C-1| 426 456 512 167 81.1 80.4 0.99 167 . 175 1.04
C2-06-T-1| 534 264 247 167 42.2 33.4 0.79 129 145 1.13
C2-04-T-1]| 548 264 165 167 54.0 58.9 1.09 129 146 1.13
C2-06-T-2| 424 264 247 167 531 54.9 1.04 114 134 1.17
C2-05-C-1| 545 264 247 75 16.3 17.7 1.08 39 51 1.30
A1-06-T-1] 465 180 135 167 27.0 25.5 0.95 48 74 1.53
A1-04-T-1| 47.7 180 90 167 |  36.6 31.4 0.86 46 71 1.54
Al1-06-T-2] 495 270 204 167 | 479 | 4513 095 65 104 1.59
Al-06-C-1] 45. 540 407 167 |  70.1 62.8 0.90 142 153 1.08
A2-06-T-1] 3838 113 120 200 37.2 41.2 1.1 63 78 1.24
A2-04-T-1| 63.6 113 80 200 432 47.1 2109 | .63 .76 1.21
A2.06-T-2| 424 170 181 183 57.0 | 56.9 1.00 . 83 104 1.26
A2.06-C-1| 535 340 360 167 | 658 | 844 | . 1.8 133 175 1.32
PC-06-Y-1| 52.3 279 287 167 | - 54.2 54.0 1.00 129 124 096
PC-06-Y-21 503 279 287 167 56.7 628 1.11 127 - 122 096




force, two levels of a tendon break mode(T) and concrete compressive failure mode(C), and two levels of one stage
agd two stages amrangement of tendons.

The section and loading method of the post tensioning beams are shown in Fig.2. The section was a T-beam:with an
effective depth of 700mm,compressive flange width of 800mm. Each FRP tendon was multi-cables. FEP pipes are
used for the sheathes. The loading method was a symmetric four-point loading of 8000mm span, The parameters and
results of the experiment are shown in table 3. The experimental parameters have five levels as the types of tendons.

3.2 Results of Experiment

The calculated values in the table 3 were calculated by the following way. The flexural crack load is the load which
brings the stress of the lower edge concrete up to the tensile strength (cylinder crack-split tensile strength). The flexural
capacity is a smaller load either which brings the stress of the tendons at the most tensile side up to its average tensile
strength or which brings the strain of the upper edge concrete up to 0.0035.

Pretensioning beam specimens

The calculated value of the flexural crack load of every specimen almost agrees with the measured value. Therefore, it
is understandable that the concrete compressive stress due (o prestressing in each specimen is almost introduced. The
calculated value of the flexural capacity is within a safety side, though it indicates the amount of scatter. The scatter is
due to the indistinctness of the tensile strength of FRP tendons in the members of the pretensioning beams. It is
considered that the result of tensile test, as it is, is not equivalent to the tensile strength of the FRP tendons in the
members. And the specimens lost capacity with the compressive failure of concrete including the members using
prestressing steel also vary widely. As for the influence of the amrangement number of stages on flexural capacity, the
two stages specimens are a litile larger than that of one stage specimens. In the case of multiple stages, the calculating
method of this paper is within the safety side. Therefore, the method using the effective depth of beam is supposed to
be dangerous because FRP tendons have no plastic range. As for the influence of effective tensile force on flexural
capacity, the ratios of the calculated value to the measured one at the specimens 0f 0.4 and 0.6 Pu are almost equal. This
conforms well to the ordinary calculating method. And, the properties of deformation of all the FRP tendons at the
flexural ultimate load, compared with the beams using the PC steel, showed the deformation properties to make the
prediction of failure possible.

Post tensioning bearn specimens

The ratios of the measured value to the calculated one of the flexural crack load are almost constant except A2
specimen. Consequently, it is understandable that the theory of prestressed concrete is applicable to the beams of post
tensioning systemn also. The ultimate loads vary widely: the ratios of measured value to calculated one are 0.89 to 1.48.
Thisis due to the difficulty of the evaluation way for tensile strength of whole cable in the case of multi cables. This
time, the norninal tensile strength of the multi cables used in the introduction of prestressing is set up with the product

Table 3 Summary of postiensioning beams data in static bending test

Spacement ditails Bending crack load Bending ultimate load

Prestr-
Tendon fc Ap | essing Rfi((j:‘c— Calc. | Meas. | Meas, | Calc. § Meas. | Meas.
(MPa) | (cm?) | force f. (kN) 1 (kN) Calc. (kN) | (kN) | Calec.

actor

(kN)
Cl -53.7 456 | 410 080 | 181 - 162 090 372 366 | 0.98
C2 43.0 -7.02 466 0.72 182 162 0.89 556 497 | 0.89
Al 48.0 | 10.86 342 0.84 154 137 0.89 238 352 | 148
A2 493 | 3.96 420 1.00 184 132 0.72 289 330 | 1.14
PC 54.7 8.04 449 1.00 186 162. 0.87 368 394 1.07




of nominal tensile strength per each one and reduction factor. While,as to the calculation of the flexural capacity,the

tepsile strength of the FRP multi cables is the average tensile strength of one cable. Therefore, the evaluation of the true
tensile strength of multi cables in the members is necessary.

3.2 Design Technique

The flexural capacity of the prestressed concrete beams using FRP tendons can Ix evaluated with the strict application

of the plane holding’s law. However, the evaluation way of the material characteristics of each FRP tendon differs from
each other. Therefore, its standardization is required.

4. BENDING FATIGUE TEST

According to the Japan specifications for highway bridge, the flexural crack of prestressed concrete bridges is
unacceptable to design. Consequently, in order to clarify the bending fatigue properties of the beams using FRP
tendons,we carried out the bending fatigue tests of the pretensioning beams assumed the high load state produced
flexural cracks by unexpected load, and of the post tznsioning beams assumed serviceability limit state.

4.1 Outline of Experiment

The section and loading method of the pretensioning beams loaded under the state produced flexural cracks are shown
in Fig.3. The standard effective depth of beam was 350mm, and the beam width was 200mm. Effective prestressing
force was 60% of the nominal tensile strength of tendons. The loading method was a symmetric four-point loading of
3000mm span. The parameters of the experiment and ultimate loads after the fatigue test are shown in table 4. The

lower limit flexural moment is 75% of the decompression moment at each specimen. The upper limit moment, so as
toreceive equal fatigue damage, is set up

as follow. First, on the basis of the

specimen using prestressing steel as i
tep:don,me mongmegx that the §mplitude =k 22 e 2 R
stress of prestressing steel becomes ] i i
98.1MPa is set up as standard moment.  ~%— :
Next,the moment subtracted the 8 N\ Tendons i bs
decompression moment of the specimen -
using prestressing steel from the i
standard moment is distributed
proportionately with the magnitude of T oy oS T e Y i o20
the nominal tensile strength of the - -
tendons arranged in each specimen. The 8 @J &
moment added the distributed moment == =
to the decompression moment of each % sj] E° - Al a rc o =
specimen is regarded as the upper limit 1067
moment for each. The (tests were Fig.3 Pretensioning beamspecimens
repeated up to 2 millions times with the
Table 4 Summary of pretensioning beams data in bending fatigue test
Speciment details ’ Loading condition lil;l:?‘:.:ﬁi:;:d
Tendon fc Ap d Mu-calj Miowerl Mupper] A oep | A oc | Mu-meydMu-mei

(MPa) | (cm?) (cm) | (kN m)| Mu-cal] Mu-cal] (MPa) | (MPa) | (kN m)] Mu-cal
C1 47.09 1.50 35.0 108 - 0.21 0.51 '} 78.97 16.97 120 1.12
Cc2 50.23 2.20 325 134 0.20 0.49 110.36 | 19.82 136 1.02
Al 65.43 2,72 35.0 117 0.25 0.58 54.74 21.39 141 1.20
A2 48.36 1.69 35.0 108 . 0.23 0.55 50.33 | 2040} 129 1.20
PC 52.68 1.86 35.0 100 0.26 0.62 | 98.10 17.56 19 1.19
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loading speed of 2Hz The do-not-rupture spacimen was forced to be failed with applying static load after the fatigue
test.

The specifications of the post tensioning beams assumed serviceability limit state were same as that of the static
bending test. Moreover, FRP materials were used as web reinforcement of the specimens of C1,Al and A2. The
experimental parameters and results are shown in table 5. The upper and lower limit flexural moment are set up so that
the lower edge stress of the concrete of the beams will come to same value, Thatis, the lower limit moment is set up at
the compression of 2MPa, and the upper limit moment is set up at the tension of 0.3MPa( The tensile stress block of
concrete corresponds to the yielding load of the lower edge tension reinforcing bars.). Therefore, the amplitude load
(58.2kN) of all specimens and amplitude displacement (0.96mm) are equal. The tests were repeated up to 2 millions

times with the loading speed of 5Hz. The specimens were forced to be failed with applying static load after the fatigue
test.

4.2 Results of Experiment

Pretensioning beam specimens

All the specimens did not rupture even with the loading of 2 million times. They were forced to be failed with applying
static load after the fatigue test. The typical relationship betveen load and displacement is shown in Fig4. From the
higure,itis understandable that a fatigue loading does not worsen the deformation performance of the specimens. The
relationship between the increasing ratio of the maximum displacement to the 10th data and the number of repetitions
is shown in Fig.5. The maximum displacement has a tendency to increase in the whole specimens. The increasing
ratios of the deformation after two million times are distributed widely: 1.3 to 1.8. Even from the comparison of the
static ultimate loads after the fatigue loading with the calculated value,a tendency to worsen with the fatigue loading is

+ 2 — —o— A1l
S —8a—A2
£
(kN) P 18 --o-c j
200 - ©
= 2 --%--C2 o
/ o 1.6 - O
Yy Il R
8 ' €14 s
-‘ : sl
100 |- = / _ ?
Ex. specimen A1l E
o
o
0 v &£ 0.8 -
0 10 20 30 101 102 103 104 105 106 10 7

Displacement(mm) N

Fig.5 Relationship between times and

Fig.4 Example of load -displacement curve increase of maximum displacement

Table 5 Summary of postiensioning beams data in bending fatigue test

Cyclic load Bending crack load Bending ultimate load
Tendon - - T i o
e Mi;lggum Mllnol::ium falt\igue Fatigue N%:%;%;Je falt\izgue Fatigue Nl;aft‘:lnil;e
C1 27.6 85.7 161.9 157.0 0.97 3659 3728 1.02
C2 434 101.5 161.9 157.0 0.97 4974 468.9 0.94
Al 8.4 66.6 137:3 137.3 1.00 3522 335.5 0.95
A2 30.3 88.6 1324 157.0 1.19 329.6 308.0 0.93
pPC 38.7 96.9 1619 206.0 1.27 3944 365.9 0.93




not recognized.

Post tensioning beam specimens

The relationship between the increasing ratio of the amplitude
displacement to 100th data and the number of repetition is shownin Fig 6.
From the figure,it is recognized that there is not very much change of the

amplitude displacement, and that the fatigue damage of the prestressed

concrete beams without crack does not occur imespective of tendons.
From table 5,the flexural crack load and maximum load are almost same
degree. Considering that the strength of coacrete and effective
prestressing force so on are a little different between a static loading
specimenand a fatigue specimen,itmay be said that the flexural properties
and capacities after 2 million times repetition is not affected very much
with the fatigue damage.

4.3 Design Technique
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The prestressed concrete beams using FRP tendons for the bending fétigue assumed serviceability limit state have an
excellent durability. And,for the bending fatigue by the upper limit moment of the degree of cracking moment also,
there was no deadly damage. Therefore,it is considered in the present circumstances that the prestressed concrete

beams using FRP tendons should not produce flexural cracks,

5. SHEARING TEST

In the pretensioning beams experiment,in order to clarify the shear capacity of linear member using FRP tendons
without web reinforcement and component of effective tensile force of tendons to parallel to the shear force.

Furthermore, we performed the static loading test of the post tensioning beams of
the shear failure mode designed according to the Japan specifications for highway
bridge. As a result,the shearing properties were studied, and the design technique

was confirmed.

5.1 Qutline of Experiment

The section and loading method of the pretensioning beam specimens are shownin
Fig.7. The beams had rectangular section: the effective depth of 350mm and the
web thickness of 150mm.It was loaded with the symmetrical four point loading .
system of 2400mm span and 2.57 shear-span ratio(a/d). The experimental
parameters and result are shown in table 6. The experimental parameters are the
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edge side tendons is set at 0%, 30% and
60% of the guarantee tensile strength of_

Table 6 Summary of data in shearing test
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As for the failure properties of the post tensioning beams, no

shearing crack was observed except for C1 specimens. As for ~ Beam (Bending ] _{Shcaring+2 )
the beams using FRP tendons,capacity was lost by bending  C1-00 |-——#ur=q [_i —
tensile failure. And, as for the beam using prestressing steel, it - 159 ‘i - {— .Shcan"f .
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Fig.12 shows the ratio of the measured ultimate load to the 00 05 10 15 20 25 30
calculated one. When the ratio of the calculated flexural Yeasureg

capacity to the measured one exceeds 1.0,flexural failure occurs,
and the calculation method has a high reliability. While, the
calculated shear capacity (*1) is within the safety side at all the
specimens. Furthermore, when the ratio of the calculated shear
capacity(¥2) to the experimental one exceeds 1.0, it is a shearing mode failure. When bothitand llk, calculated flexural
capacity exceed 1.0, itbecomes failure mode mixed bending ar.d shearing. If the ratio of the calculated value(*2) to the
experimental value is less than 1.0, the specimens will be destroyed witht bending. In this experiment, the failure mode
depends on the type of tendons,but the evaluation of shear capacity is considered to be covered by the Eq.(2).

Fig.12 Ratio of measured ultimate
load by calculated capacily

6. CONCLUSION

Basic experiments have been carried out for the construction of prestressed concrete highway bridges using FRP
tendons. Prestressed concrete highway bridges using FRP tendons designed based on the Japan specifications for
highway bridge has been assured to have sufficient safety. So, in order to extend their application,we will make the
guide to apply FRP tendons for highway bridges.
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MANAGEMENT DECISIONS FOR BRIDGE DECK REHABILITATION/REPLACEMENT

Gary A. Runco, P.E.
Parsons, Brinckerhoff
formerly Wilbur Smith Assoc.

EXECUTIVE SUMMARY

Presented herein are excerpts from the final draft of a Pennsylvania Department of
Transportation research project. Only limited data is presented in this paper and readers are
encouraged to obtain a complete report for a better understanding of the project.

The initial phase of work included a review of the current policy and research effort behind the
policy to determine positive and negative aspects of current statewide practice. Data from
outside sources including neighboring states, vendors, etc. was compiled and assessed for
inclusion in a new and improved policy. Of major importance was the input from PennDOT
District Bridge Engineers. The second phase of work required coordination with the Department
to determine the areas of research concentration which could resutt in the most positive impact
for the Department. The focus was on the cost effective aspect with economic analysis and level
of service high on the priority list.

The result is a two-part product: A research report which outlines known parameters and details
specific parameters and Appendix A which provides the proposed Department Policy for bridge
deck rehabilitation/replacement. The policy was developed in the same format as Design
Manual Part 4 on structures and would be included in Chapter 5 on Rehabilitation Strategies.

The recommended policy provides guidelines for the decision process to program a bridge deck
for either rehabilitation or replacement. It also provides guidelines which facilitate the rehabilitate
or replace decision. For the first time the proposed policy provides a link between bridge
inspection data, specifically condition rating, geometric and safety requirements, and the
decision process. The policy also addresses level of service concepts for high, medium or low
volume ADTT routes,

Through the use of a table, flow chart and spread sheet, the logic process is better defined and
will be more uniformly applied statewide. Parameters such as Maintenance and Protection of
Traffic, roadway user costs and other economic factors are included in the decision process.
Finally, the Department’s preferred methods of rehabilitation/replacement are more accurately
established for the design engineer.

3.0 CONCLUSIONS

1. A great need exists for additional monies to repéir and/or replace bﬁdge decks in
Pennsylvania. Currently the solution is to wait for the bridge deck to deteriorate beyond salvage
and hope that other items of rehabilitation are required so that funding can be obtained for all
work.

An estimate of the magnitude of the problem was prepared by BART and is included in Appendix
C.

2. Additional funds are required to support increased bridge inspection efforts. This would
include funds for manpower and equipment. The State’s bridge inspection needs are
overburdened resulting in predominantly visual only inspections of bridge decks. Follow-up
inspection/testing is usually only provided for programming. Little testing is done to track the
progress of deterioration. New Jersey DOT utilizes bridge deck inspection crews who issue
independent deck reports.



- . TABLE 1}
BRIDGE DEXX EVM.UATICXI
TESTING METHODS
Used By Various State Agencies

TEST KETNCOS
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(1) Inforration was extraplorated from varlous written state policies or obtainad via telephone coqversation.

(2) Test mot required.
(3) Not in written policy by telepbone comversation with Gary Runco. All tests after prograrming, pre-omstruction.

(4) Only where salt is used extensively/rarine enviroment.
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3. Given additional funding, a better inspection program may be developed allowing for
better prioritization across the State. Smaller states such as Maryland have a team of individuals
responsible for prioritization of all decks statewide.

4. The 1979 version of the FHWA Coding Manual for Bridge Deck Condition Assessment
included an expanded description of items with corresponding ratings. These include % spalls,
% delaminations, chloride content and electrical potential. The FHWA has since deleted this
table from the coding manual.  PennDOT's BMS manual still includes the table which is the
primary source for rating of bridge decks. The result is that current coding does not provide a
broad enough spectrum for comparative ratings of bridge decks. A rating of 7 is acceptable and
arating of 2 implies structural inadequacy. Ratings of 6, 5, 4, 3, are all that remain to categorize
various stages of deterioration. In effect, a four (4) number scale does not allow for accurate
prioritization.

5. Rehabilitation schemes such as cathodic protection and latex modified concrete have
moved forward slowly and without universal acceptance in Pennsylvania. Cathodic protection
has only been utilized in two Districts and the state has not yet set standards for the use of
Cathodic protection or truly endorsed one form of Cathodic protection.

Latex-modified concrete overlays while successful in nine Districts have been failures in two
others. Again, the state has not endorsed a solid policy extoling the benefits of such a system.

6. Additional research is needed on high tech inspection procedures including infra-red
thermograph, ground penetrating radar, etc. Current research indicates that ground penetrating
radar by itself may be imperfect and that infra-red thermograph by itself may also be imperfect,
however, in combination these two techniques may work very well. [g]

7. National and/or PennDOT research is needed on concrete sealants. All sealants are not
equal. Concrete sealants are available which far exceed boiled linseed oil as an impermeable
sealant. PennDOT should move to specify better products and establish a program for
maintenance to reseal bridge decks on a regular basis.

8. Until PennDOT is committed to more and better maintenance, the problem (bridge deck
deterioration of older decks) will continue to grow and at an accelerated pace.

9.~ Better datais needed on specific cost items for an economic analysis to be meaningful.

0. New design and construction practices may greatly change the economics of various
strategies. These include hydrodermolition as used for Type 2 and Type 3 repairs and Isotropic
bridge deck design which reduces greatly, the quantity of steel reinforcing.

11. - The effort to tie bridge inspection to programming is good. The results will be of
decreased value until the bridge inspection rating guidelines are revised.

i2. Newer decks with epoxy coated reinforcement appear to be performing well statewide.

13. .~ Other factors such as safely parapets, seismic retrofit, structural steel repair, bearing
replacement may dictate a decision to replace a bridge deck more than the condition of the deck
itself.

14. Maintenance and Protection of Traffic Costs and Roadway User costs are usually so
large that they determine the outcome of the bridge deck action decision. In other words, these
costs are large enough to favor the alternative which has the longest life span and requires the
least M & P of T cost or least user inconvenience.



186. The District Bridge Engineers each have very strong opinions about the preferred way of
handling bridge deck problems in their Districts. All would prefer a policy which is flexible.

4.0 RECOMMENDATIONS

Recommendations follow the order of the research activities. Recommendations from the
research are not the same as the recommended policy and a distinction must be made.
Therefore, the recommendations may include recommendations for future research, broad
policy changes or specific action.

The recommended policy, on the other hand, provided in Appendix A is a recommendation for
current action subject to the constraints defined for the research. This recommended policy
more accurately reflects the productive results of the research assignment whereas the general
recommendations may define shortcomings of the entire approach.

Test Methods

1. It is recommended that PennDOT, through additional research, in-house trial, contact
with other agencies, etc. continue to monitor and evaluate new test methods. These include
infrared thermography, radar and others that may evolve. This new technology may in time
totally replace any other test methods or be a mandatory test method. This type of testing has
the potential to result in a system-wide method for better defining and ranklng a bridge deck’s
condition.

2. Depth of cover data obtained during construction inspection activities should be made
available to bridge inspection and should be used in the evaluation process.

3. FHWA research has clearly established that active corrosion begins when chloride
content reaches the 1.4-1.5 LBS./C.Y. range. - What does not exist is an indicator of when
deterioration begins. Active corrosion, internal to the deck may continue for a long period of
time before visible deterioration is observed. Only when visible deterioration is observed and
rideability is affected does corrective repair and/or maintenance begin. PennDOT should pursue
with the FHWA these couises of action or issues. These include:

. a, A formula or indicator to predict when the active corrosion will result in
deterioration.

b.- A method(s) to arrest the corrosive aﬂecls of chiondes once chlorides have
exceeded the 1.4-1.5 LBS/C.Y. values.

C. A policy to determine acceptable levels of chloride concentration which can
remain in place in a rehabilitated deck. Conversely, when is a deck so contaminated that it
should be programmed for replacement

4, PennDOT should provnde increased mspectlon/documentatuon of bndge decks if the

Department desires to have a well coordinated Bridge Deck Strategy. Sufficient data does not
exist and prioritization based on condition ratings is too broad. ,




Rehabilitation Strategies

5. Statewide better coordination is required between bridge maintenance and bridge
design. A better effort is needed to control the procurement and placement of various patching
materials and sealants. Note certain patching materials may not be compatible with
rehabilitation strategies. Bridge maintenance activities are not consistent from County to County
within a District.

6. PennDOT needs to move forward in a stronger role with support of Cathodic protection
and Latex Modified Concrete overlays.

7. PennDOT should continue to evaluate newer materials such as micro-silica and calcium
nitrite, )

Replacement Strategies

8. PennDdT should continue the evaluation of and irial of Isotropic decks.
9, Again micro-silica and calcium nitrite decks should be evaluated.
Preventive Maintenance

10. It is recommended that the Department begin an effort to pursue a course of
preventative maintenance. At least one state (Oklahoma in particular) has moved ahead to have
an on-going bridge deck sealing program. The hope is that a long term benefit will be realized
from the program. The program should include scheduled maintenance activities which are
consistent from County to County.

Construction Practices Strategies

it. Hydrodermolition has promise as a demolition tool, however, it does require a good
specification and should be used at the discretion of PennDOT not of the contractor as reported
to the researcher. Other states have adopted hydrodermolition as the only acceptable
demolition method.

Other Parameters

i2. Funding source is a reality. As such it should be reflected in PennDOT’s policy. Even if
it is not shown in the written policy it must be recognized that the actual decision making will
reflect funding source.

13. Suppliers/Contractors should be evaluated by PennDOT to determine their ability to
produce, supply, and construct various alternatives. Examples include latex overlays, cathodic
protection, microsilica concrete, light weight aggregate and others. Conditions may be very
different in District 1-0 than in District 6-0.

14. Roadway users cost ‘éhduld be considered. PennDOT | shouid update the Roadway
Users Manual and the corresponding computer program for use in other applications.

185. While biennial inspection data is used to establish condition ratings, much additional
information is needed to establish bridge deck behavior. . Assessing bridge decks per the
biennial inspection data is similar to a doctor observing that a patient has an open wound, [t
does not address the cause of the wound. Bridge engineers need data on construction such as
time of placement, temperature at time of placement, reinforcement bar depth of cover,



aggregate source, batch plant supplier, mix design, admixtures, traffic conditions during
placement, etc. If all of this data were tracked and available to bridge engineers it may be
possible to learn the course of problems and correspondingly respond to develop better
procedures for construction,

16. Any policy should always include the extraneous items such as bearings, seismic
retrofit, superstructure rehabilitation, etc., since they affect the decision process in a big way.

Economic Analysis

17. It should be clear that any analysis is only as good as the input data. Numerous
variables such as traffic data, interest rate, cost of a strategy, maintenance free lives, etc., are
based on averages and poorly documented historical data. The effort to develop a
*‘Cosl/Effective* approach to bridge deck rehabilitation/replacement is complex and the use of
numerous approximations result in approximate answers. In other words, this effort is not very
accurate. Itis recommended that the policy be only a tool for use by educated bridge engineers
who use this tool and their best judgement in the decision making process.

18. A recommended policy which incorporates this research is provided in Appendix A.

19. It is recommended that future research in this area be handled in two separate parts
covering technical issues and policy issues. Consultantsfresearchers are more adept at
addressing the technical aspects of a research assignment. Conversely, the Department would
be better at development of a policy resulting from the research findings. This is particularly true

when the policy reflects subjectivelv. . '
Recommended Policy for Cost Effective Rehabilitation/Replacement

5.4 BRIDGE DECKS

Each bridge and correspondingly each bridge deck is somewhat unique. This section provides
a generalized policy for maintenance, programming and the decision to rehabilitate or replace a
bridge deck. It is intended to provide a logical decision tree for routine conditions. Exceptions

to the policy will exist. The general policy will, however, provide a methodology for documenting
and selecting the preferred course of action and will provide uniformity statewide. '

5.4.1. Concrete Decks Without Any Overlays

5.4.1.1 Deck Condition Ratings and other Declslon Factors

54114 Deck Condition Ratings

This policy is related in part to deck condition ratings, ltem E17 from the Bridge Management
System (BMS). BMS guidelines for rating a bridge deck includes assessment of visible spalls,

chloride content and measured electrical potential. Use deck condition ratings as a starting
point. ' ’ ‘ ’

Collect the following information prior to determining the type of rehabilitation or course of action
needed for a bridge deck. ‘

a. Visible Spalls - extent of spalls expressed as a percentage of total deck area.

it is recommended but not required that the following additional information be obtained for use
in decision making: » : . .




b. Delaminations expressed as a percentage of deck area. Use infrared thermography,
chain dragging or other approved methods.

C. Chloride content in top 1* and at 2-1/2" depth.
d. Half-cell electrical potential (if required by the department).
5.4.1.1.1 Deck Conditlon Ratings

Collect the following additional information (as-needed) prior to determining the type of
rehabilitation or course of action needed for bridge deck.

a. Air content (entrained). Expressed as a percentage by volume,

b. Concrete Strength - use concrete coring and testing, and Windsor probe results, if
permitted. ' :

C. Average concrete cover over the top reinforcing steel.

d. Age of the deck.

e. Level of Service - identify the bridge as a link in the priority commercial Network, Agri
Access Network, Industrial Commercial Access Network, Coal routes or other exceptions (effect
on local economy).

f. Average Daily Truck Traffic (ADTT)
Low Volume: ADTT < 100
Medium Volume: ADTT 100 - 500
High Volume: ADTT > 500
a. Identify black steel versus coated steel reinforcement. Coating may be either epoxy or

galvanized. (see listingin C 5.4.1).

h. Establish if the bridge deck is functionally obsolete, Item E25 from BMS (see Table
5.4.1.1.2, Page A-6).

i. Evaluate the need to replace parapets.
i Estimate quantities of Type 2 and Type 3 repairs.
k. Evaluate seismic needs.

. Evaluate bearing needs.

m. Evaluate approaches.
p. Evaluate expansion joints.
q. Evaluate other applicable items.



Use ltems a, b, ¢ and d (if required) to determine condition ratings. Use Table 5.4.1.3 to
determine the appropriate course of action. Should Table 5.4.1.3 (Page A-8) not yield a definite
result (i.e., the result is in the "grey area’). Use the flow char, Figure 5.4.1 and economic
analysis as required (5.4.10).

5.4.2 Concrete Decks With Bituminous Overlays Without a Membrane

Replace these decks when the condition rating is 2 or less. Until such time, continue the
maintenance function of patching and paving.

5.4.3 Concrete Decks With Bituminous Overlays and Membrane Waterproofing

Patch deteriorated concrete and replace affected membrane until the repaired area is 50% or
more of the deck area. Follow Table 5.4.1.3 (Page A-8) thereafter.

5.4.4 Concrete Decks With Latex Modified Mortar or Concrete Overlay
Use Table 5.4.1.3 (Page A-8). If a new overlay is required, remove the existing overlay and

deteriorated deck areas. Anticipate hydrodemolition for estimating repair quantities. This may
result in increased quantities of Type 2 and Type 3 repair.

5.4.5 Concrete Decks With Epoxy or Galvanized Relnforcement Bars with
Spalls ) ‘

Provide Type 2 and Type 3 repairs. Complete the rehabilitation using a latex modified concrete
overlay. Bituminous overlays are not recommended.

5.4.6 OpenA Steel Grid Deck

Program these decks, when loafing permits, for replacement with concrete filled grid deck or fill
the existing deck with concrete. (see Section 5.4.7 for addition discussion).

Use a mechanical connection to fasten these decks to the supportihg stringer and/or floorbeams
in lieu of welded connections. This should minimize long term maintenance costs.

Specify shims to eliminate residual construction load stresses induced by placement of a load
over the grid.

Anti-skid studs should be installed as-needed.

Do not specify this type of deck for new construction or deck replaceméni. ’lnves-tigéte Iighf—
weight concrete and filled grids as alternatives to the open grid deck.




5.4.7 Concrete Filled Steel Grid Deck

Remove deteriorated concrete, anticipate hydrodemolition when estimating quantities. If the

concrete deterioration is typically greater than one-fourth the depth use normal weight concrete
for the rehabilitation.

If the deterioration is typically the top quarter or less of the grid depth, overlay the deck. For
short term repairs (i.e., < 5 years) use bituminous concrete. For intermediate repairs (i.e., 12+
years) use latex modified concrete. For long term repairs (i.e., 15-20 years) use an approved
polymer resin. Follow appropriate procedures for Type 3 Repairs as required with any overlay.

This deck type may be used for deck replacement in sgecfal situations only.

5.4.8 Timber Decks

Locally replace deteriorated members as required to maintain rideability with treated lumber.
When deck deterioration exceeds 25%, replace the entire deck.

5.4.9 Other Deck Types

Rehabilitation of other deck types will be evaluated on an individual basis. A rehabilitation
strategy will be developed based on the characteristics, performance and condition of such
decks. In some instances, special studies may be required. :

5.4.10 Economic Analysis

The economic analysis has been simplified by the development of a spread sheet using the
Lotus computer program. Copies of the worksheet file to be run within lotus are available
through the Central office. A licensing agreement requires thai the user own a copy of the Lotus
program. A detailed discussion of the program is provided in Research Report 83-08. In general
the economic evaluation considers the present-worth cost of an alternative. Suggested values
for various inputs are provided. Each of these values can be changed by the designer, but must
be documented in a report. Factors considered by the program include:

Initial cost of a selected strategy

- @ Deck preparation costs (Type 2 and 3 Repairs, etc.)
¢ Annual Maintenance Costs

Maintenance and Protection of Traffic Costs

e Roadway User Costs

® Associated Costs - joints, drains, etc.

An interest rate is included to reflect the cost of capital expenditures. Inflation is neglected in
that the relative costs between strategies would be changed equally. -

The economic analysis developed does not consider funding sources and provides comparison
of total cost only.

Projects which may include more than one bridge deck should be evaluated using the total
square footage of all decks combined as one. The purpose of this is to obtain true costs with
Maintenance and Protection of Traffic and Roadway User Costs spread over the multiple deck
project rather than unfairly lumped against a single deck.

Table 5.4.10 (Page __ ) provides default input values for the various parameters in the economic
analysis.



5.4.10.1Bridge Deck Rehabilitation Worksheet Users Manual

Initial Deck Strategy Cost - The calculated lump sum cost for an alternative. Derived
by using $/S.F. for either LMC, cathodic, etc. (i.e., first cost of any alternative).

Initial Maintenance and Protection of Traffic Cost - A lump sum value selected by the
designer to reflect anticipated contractor cost.

Roadway Users Cost - A éalculated value derived by manual calculations or using the

‘Departments LCC1 program. This cost item is documented in the Roadway

Management Manual, Publication No. 242, Section 2.4 User Delay Costs.
Planning Horizon - The term in years over which alternatives are to be compared.

Interest Rate - This should be based on the Prime Lending Rate (documented by
news service or banking information).

Bridge Area - Bridge Deck area in square feet.

Replacement Cost - Future replacement cost, as needed, if different from Initial Deck
Strategy Cost.

ANN - Annual Cost of Maintenance includes material, labor and Maintenance and
Protection of Traffic for Department maintenance crew.

INCR - Increase in annual maintenance cost (set at 4%).

’ MOD - lnitial Deck Modifications - include expansion joints, scuppers, etc.

MPT - Mamtenance and Protecllon of Traff c - set at a default of $5,000.00 (revise
accordlngly) .

PREP Type 2and Type 3 Repairs - set at a default of $5,000.00 (revise accordingly).
REH - Rehabilitation of various strategies at N years in the future. This may be

different than initial cost if expansion joints, scuppers etc., have already been
modified.

e USERS - Roadway user costs, see previous discussion.
Time Periods
P - Anhcupated life of an alternative.
t - Anticipated life before rehabilitation is requured
n - - Number of rehabilitation over the planning horizon.




TABLE 5.4.1.1.1
DECK CONDITION RATING
ITEM E17 OF THE 'BRIDGE MANAGEMENT SYSTEM'

Janvary 1990 (Revised June 1991)

-

DESCRIPTICN: Thisis a 1 digit field that

indicatas the conditon of the bridge deck. DVECK E17
PROGEDURE: Enter the coda which de- '

saibes the overall conditon of the bridge Deck Condktion Rating
decx.

Concrets decks should ba inspected for e b
cracking, scafing, spaling, leaching, chlor- !ascas.bnd_gerail.‘andswpperssha.‘l

h gl : . not ba considered in the overall deck
ide contamination, potholing, delamina- evaluation. Howaver, their conditon

ton, and hl or partial depth failures. P A
Steel grid decks should be inspected for should be noted on ma‘mspncao_ n form.
broken welds, broken grids, secdon loss, Decks integral with the supersuchure
and growth of filled grds rom corrosion. will be rated as a deck only and rothow
Timber decks shoud ba inspecied for they may influence the superstuciure
spliting, cushing, lasiener fallure, and rating (for example, rigid Irama, slab,
deterioration from rot. deckgirder or T-beam, voided slab, box

guder, eic.). Simiary, the
superstructure of an integral deck-type
bricge will notinfluence the deck rating.

Tha spedalized table on the lolowing
paga may be used as a guide for eval-
vating concete deck conditions using

difterent conditon indicators. Code "N’ for bridges under filf,

NOTE: CODING: Refer o CONDITICN
The condton of the weamg surface RATING FCR CONCRETE BRIDGE
protectve system, foints, expansion DECK EVALUATION on the nexi panel,

devices, curds, sidewalks, parapets,

Cendidon Indicanes

COHDITION RATING FOR
Osck Arvs : )
CONDITION Cagacy g . et | ot | caine o | o CONCF.ETE BRIDGE DECK
RATING FOR Casslizaton Raing [Scite | Odaminacion  {Potercal Mra Cortert (5CY)} Arsa EVALUATION
COHCAETE Casgary K3 . Uz As A Guics For
BRIDGE DECK Ught s 0 ljertie ° W Evaaing Deck Condons
EVALUATION Deusdonson [ nore rooe >As none >1 none | (2)
- KOTES:
Now: THis 7 none <% - |<as 45% »2 none (1) No evidant cracking
sped aized table Cangory 12 P mmhdmdndcmudwam.aod €2) Halrline cracking obssrved
mb&:ld‘:‘n: Modacas deckonaen (> = 28CY LN <20% |
5.";: "mf'q Outedoradon 5 éx:pdxcrandxldcmrodu‘ducmxrmad
" p dodtmnac'amnlo% - :
bing cfasal 4 :pusumoludlmtdmamnmsd
2 Casgocy 81

ondinindaion. Eranal d&d(aman:‘“bw" ,

Oetsdoraion 3 >5% spals o surn ol al dewdonrated ard'or cm.m-rasd

- dockconcram >k * - - -
s 22y 2 Dodsmﬂmpaa.yq-uu‘ybu&cpa'o : :
tradequare Cech 1 Dock has fa%ed complamly - ﬁlp&n.hbyuplmﬂcr"
' 0 Hol 63 in dock - danger of otwer 38cions of dech laking




TABLE 5.4.1.1.2
DECK GEOMETRY APPRAISAL

ITEM E25 OF THE ‘BRIDGE MANAGEMENT SYSTEM!

January 1990 (Reviséd vJuhe 1991)

TABLES 2A AND 28

Rating by Comparison of AOT « llom
B27, and Bridgo Rondwuy Width,
Curbsto-curty == llam A31

E25 DK GM

Dack Goomotry Appralsal

DESCRIPTION: This is a 1 dight Reid hhat
Indicates e appeaisal of briige deck
geomevy, .

PROCEDURE: The overall raiing lor deck
-] Qoometry witl include two evaluations; llsm
AJ1, he Gxbe1o-Curb of [Bce-Iace of rait
brdge widh using Table 2A, 28, 2C, or 20
and tem R22, te minimum vorical
dearance over the bridge roadway using
Table 2E, Thw lower ol the 0odes obtuned

individual table Neta saveral deck geomery
rating codas (o the same rosdway width
undor 8 spociia ADT, use e lower code,

lrom tese tibles ahall be tsed, Whenan -

The curb-i0-curb of (ace-10-lace ol ral
dimenalon shal be aken kom fem AJt,
Bridoe Roodway Widih, Curt»io-curb, em
B22, Minimum Verueal Claarance Over
Bridpe Roadway, shall be used i svaluate
the verical clewranca,

" COOING! Aaler 1o Tables 24,20, 2C, 20,

and 2E (on the lollowing panals),

EXAMPLE: Table 2A lsts deck geomety
mtng codes ol 8,7, and 8 for m 44.loot
roadway widh and an ADT of »5000, Use
the code of 8. Use the lower code lor velues
betwesn thoae ksted In the tables,

TADLE NOTE3¢

1, Use tha lowee mting code or values
betwaen those lsted In the tatle,

2, Dimensions wre I feet,

3, For 3 or mote undvided lanss of 24vey
vafi, use Table 2C, Other Multilarte
Divided Facildas,

4, Do not use Tuble 28 lor cods © and for
codes 8 Bvough 4 Incuaive when the
ADT »100, Singla lane bidges lees than
16 (et wide canrying 2:vay truific are
aways appralsad a1 J or balow il they
cury more than a ADT of 100,

TABLE 2A 4 28

Rating by Comparison of AQOT =~ liem D27

Gridge Roadway Width, Curhel th e |lom A1

TARLEZA, JaOLE 2
Oecn @ Roadwiry Widh Rosdwey
o u:“m_._. '..'-W:yy Tealfia uﬁ:-: 2.Way Tm
Code AQT (Bom Oecoons) AQT (Bon Ovecoons)
€25 04100 ; 101+ | 401- [ 1001. [2001- [ »5000|{ ©0-100 | »100

400 | 1000 | 2000 | 4000

9 w2 | 238 | w40 ) b »ld - -
a 2 36 40 44 44 44 4 1511° | e
7 28 R 8 40 44 a4 . 14 -
a 24 28 30 4 40 44 14 -
5 20 24 20 28 34 B 13 -—
4 18 2 x 24 20 2 12 -
J 16 18 20 2 28 x o 11 15-11°
2 Any wid() leds than required lor a raing cods of 3 and srucaurs ls open,
[] {n0ge Closed.

* Usa vaiue in parwnnieses for bridges longer than 200 feet.

TABLES 2C AND 2D

Rating by Comparison of No, of Lanus

Rating by Comparison ol Number of Lenes = ftem 811
and Bridge Roadway Width, Curbeto-curb == ltem A31

TABLE2C & 20

- tom 811, and Bridgo Roadway Width TABLE 2€ T ramnso
- — ‘ Brdge Roadwiry Width Bridge Roadway Widih
ook 2 or Mo Lanes Eoch Dirsction $-Way Tratho
: Qeomwry | inierutnie & Other Other Mutiane
TABLE NOTE "c::“ Divided Freewnys Olvided Faolies Aamps Only
1. Usa the lower rating cods for vakues 6an 20Lanas | Jormore 2lanes | Jor Mare 1lane | 20r More
batween thosa Kuiad |n e lable, - Lanes Lanes Lanes
2 Dimensions ase in leet, 9 i »12Ne24 w2 »12Ne18 »20 | »12Net2|.
3. Use Table 2C, oher bidbiane Oivided 17 a 12Me24 | 42 12N10 2| soNar2
Faciides, lord or more lanss
ol 2wy atfc. 7 40 12N.20 | 3a 12015 26| 17N.10
) (I 2 12Na8 1 38 32Ne12 22 yoN.y
* Uae valus In parenthesas jor brdges 3 38 12Ne14 s 11N+10 20 12N +0
longsr Bian 200 feat, Coe e | N | 11Nes 10 | 12Nes
N « Number of lanes of alfic, 3 3320y :.l:::. o 1INeS 7] 12Ne2
2 Ay widith lwas than required for 8 mang code of 3 and srucire is open,
Q Ordpe Closed.
TABLE 2 R .ln by € ; ’l lM'l“' LE:\IE faal CI | 822,
aling by parison o sciicsl tem B2
Radng by Comparlson of Minimum and Functional Clasaillcation == ltem 818
Vorteal Cloarance- llom 822, and
Eunctionnt Clngsifiention — item 818 Mkiom Vertcnl Clearance
Funcsonal Clase
Dech Interstain &
Coemary Otver Froownys Other Major
Rung MGG Undesgris. Prindpal 4 Moo
‘Code Lacant ae neted | Routes « & Minor Colecrs
(L2s) 1o Urban Avens | Urben Arema® Macials & Locals
TADLE NOTES: ] » 7O » TS »18.87 »58"
. [} T 166" 10.6° 106"
9, Use the lowes raing coda los values
Detwaen hone fisied in he table, 7 Al 158 158 L
[ 10'6° 14'6° 14'.8° 14'6°
*Use foi routeg In highly deweloped Urban weas ony 5 15.9° 1453 14'.3° 143°
whan thers lo an aksimadve bmersals, beeway, o 4 15°0° 1440° 140" 140"
prenway laciey wih & minimun of {87 ) Varial Caararecs Yoos o valas s aing Cocke of 4 W 90U Coecive ACDon
b 2 Vadiond Clearance fes i value in nling code of 4 and requiring replacement,
() Badge Omed.

R s

" 4,,;‘? ’,:-rmyk{“,:., A




TABLE 5.4.1.3
BRIDGE DECK REMHABILITATION GUIDE (1)

ECK COND(2) 9-7 4-3 <=2
% AIR(3) <% =>3% <3% w>3% <3% =>3% <3%
DECK AGE(4) | POST|1971-{ PRE|POST| 1971~ POST|1971=- POST| 1971~ 1971=-| PRE | POST | 1971=| PRE | POST | 1971~ PRE | POST
REHAB/ 1976 | 1976 {1971] 1976 | 1976 1976 | 1976 1976 | 1976 1976 [1971| 1976 | 1976 | 1971] 1976 | 1976 |1971| 1976
REPLACE
STRATEGIES(S
(LO) o0 |0 e o LI el e
(BP) e e R A L B 0L | PR DR PV 1
{(BO) . e e P o E e aF el b DA i
{RO) e e e e B R R ,
(RMQ) L [RAE8 QuRG | Ak lrchiph i R DA DA B s R
(R) ] PR MR AR H ST S | LRI FEC R T
(RL) M, H S35 INGUAS) RS R G (RS ARt NSO PR MLH | MUH M H
) A R N P T I A Y
(RCMOQ) sl il Y BHIRAL IR Ak M.H M.H
(RCL) AT LA 38 VEE[IRER M.H (M.H
(RPL) ib f e | o
KEY NOTES TO TABLE 54.L3 .
- Whete options appear in moro than ooe row, an economic evalustion is required M E&&iﬁ°ﬁf°§d’?hﬁﬂuﬁz ﬁg‘fg,,"g&&f?&&",,‘;‘iﬁ‘.‘:‘&

and/or additional test data to support a decision,
[ ] Denotes action for all occurences (lovel of service) of a given condition rating,

. With concurrence of the District Bridgo Engineer.

On low voluma (ADTT) routes,

T

A Shaded ares {s *gray area” where other factors must bo considered.
Follow procedures in Figure 5.4.1.

On medium volume (ADTT) routes.
On high volume (ADTT) routos (PCN + Exceptions).

concrete leasbeams, et
(2) Refers to deck condition rating establlshed using BMS ltem E17.

(3) Refers to measured entrained alr content.

O D e e was wd . B, 1971
ra-1 steel was use
galvanized, Post 1976 epaxy coated steel was utllized (refer Tablo C5.4.1),

Rehabilitadon, maintenenance and replacement options are listed per  the
owing code: )
LO wlinsced oil or other surfaco trestment (mlane, ete) at
maintenance (ntervals (maintenenanco activity),

ching only (maintenance activi

BP w

BO = Bjtuminous overiay only gmlmmee sctvity,

RO =K j] csumdmpmbimndnmmﬂ%,

RMO= I and IX memboing ugc?roo ng plus

R tumnons mnﬂu mdnlm enance lCdVll’ o

RL = { g ::3 g pfm Jatex conerete gerhy.

RC =Repnin us cathodic protection.

RCMO=~ pllyp“ membmne wlecrprooﬁn; rad bituminous gverlay,

RCL »RC plus
RPL -chfm:
(6) Intuftively the Bemeft/Cost rato on lower volume roads will ot

support high cost rehabilitadon options.

latex modiGed concrete,

P

versus uncosted steel

+1976 both coated and
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SUMMARY

The object of this study is to examine the causes for damages such as
free-lime exudation and water leakage or depression of filler concrete at
the joints in the slab of prestressed precast concrete T-girders bridge,
and then to confirm the effect of reinforcing by means of steel plate
bonding against then, :

In the series of tests, strength of concrete filled into a joint
between precast concrete elements, amount of introduced prestress and
then existence of penetrated vater through concrete surface vere chosen
as the main test variables and their influences on structural damages
vere studied by carrying out fatigue loading tests on beam models.

1. INTORODUCTION

In September 1988, an accident occurred on the Hanshin Expressvay. A
part of the paving covering an area of 45 cm in length and 54 cm in width
collapsed at the joint of the bridge slab, The bridge slab  wvas
constructed by filling cast-in-situ concrete into an aperture between
flanges of two adjacent post-tensioned prestressed concrete T-girders and
by connecting them monolithicly with transverse prestressing. This type
of slab joint is referred to as the ”joint” hereafter. The accident vas
detected initially as a dislocation ~at the joint, and some concrete
pieces of approximately 10 cm in thickness were found under the concerned
expressv¥ay, The pieces vere made both of prestressing steel (12-¢ 5) and
sheath for transverse prestressing, and vere severely corroded and broken.
The cast-in-situ concrete filler in the joint was completely separated
from the flange of the T-girder, and therefore the structural soundness
of bridge slab was considered to have been lost significantly.

The deteriorated bridge slab was reinforced immediately, in a manner
so that the lover face of the joint wvas bonded with steel plate and then
vas supported against the web of main glrders through a pair of rib and
diagonal struts,

.There are- tvo methods of re1nforc1ng the damaged Joint: 1) to
introduce prestress - by wusing  external tendons, and 2)  to increase
flexural rigidity of .the main girder by 'bonding it vith steel plate.
Considering the simplicity of work, the time spent for work and the



necessity of traffic regulations on the main line of the expressvay, the
rib-strut method vas adopted in combination with the steel plate bonding
technique in this case, On the other hand, a more simple and practical
reinforcing method has been investigated to mitigate the time spent for
vork and some problems of spoiling the appearance.

In this study, the causes of the above mentioned damage, as vell as
the effectiveness of reinforcement by means of steel plate bonding, vere
examined by carrying out a series of fatigue tests on the beam model
specimens,

2, STATE OF DAMAGE OF BRIDGE SLAB VITH JOINT

In 1965, the Jjoint of a bridge slab composed of flanges of
prestressed concrete T -girders was dealt wvith in such manner that
concrete wvas filled into an aperture without steel bars located betwveen
tvo adjacent upper flanges and then an appropriate amount of prestress
vas introduced to make a full monolithic connection, In this case, as
shovun in Fig. 1(b), the joint had -tvo perpendicular surfaces without
shear keys for transmitting shear force.

After 1980, hovever, the joint wvas provided with steel bars and their
surfaces vere tapered as shown in Fig., 1(a).

A total of 73 spans of post-tensioned prestressed concrete girders
vere constructed on the Loop Line of Hanshin Expressway, 22 of which have
the joint of old type described above. There are a total of 404 panels,
each being surrounded by two main girders and transverse diaphragas.

The results of the inspection done according to ”Inspection Standard
of Road Structures”, severe types of damage, such as scaling, spalling or
cave, are scarcely recognized, although some cracks occurred in nearly
half of all panels, On the contrary, wvater leakage and free -lime
exudation can be found on 348 panels, which corresponds to 86% of all
panels. The significantly damaged panels have a high possibility of
concrete falling at the Jjoint as mentioned above, and therefore
reinforcing shoud be done without delay.

3. OUTLINE OF FATIGUE TESTS

Test Progranm

Firstly, in order to identify the causes of damage induced at the
Joint, the strength of concrete filled into a joint between precast
concrete elements, the amount of introduced prestress and the existence
of penetrated water through the concrete surface wvere chosen as the main
test variables, and their influences on structural behavior vere studied
by conducting fatigue tests on beanm models.

The folloving parameters vere prepared for each test variable.

i) strength of filler concrete : two kinds of design strength
fck=300kgf/cn® and 180kgf/cm®, in which the former wvas equal to
normal design value, ;

ii ) amont of introduced prestress : three levels of o p=40kgf/cn?,
20kgf/cn? "and 10kgf/cm?, in which the first corresponded to
normal design value, o o

iii ) existence of penetrated vater ! two kinds of wet and dry

conditions with and vithout penetrated vater, respectively.

Next, the effect of wvaterproof coating against penetration of water
through the concrete surface and then the strengthening effect by means
of steel plate bonding for deteriorated beams wvere examined by the bean
model tests, : c :
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As shovn in Fig. 2 the dimensions of the test beams are 500mm in vidth,
200mn in height and 2300mm in length.
A total of 17 beams were programmed in combination with the test
variables and their parameters, as listed in Table 2.

Fabrication of Test Beanms

A prestressing bar of ¢ 23me wvith eccentricity ep= 15 mm through a
metal sheath wvas tensioned 10 days after filling concrete into the 500mn
vide Jjoint part between precast concrete elements of design compressive
strength 400kgf / cm? . Immediately after stressing the bar, the
prestressing duct wvas grouted with an expanded cement paste in a vater/
cement ratio of 40%,

Some beams were strengthened by steel plate of 4.5 mm in thickness
bonded on the tension face by means epoxy adhesive and by supplementary
anchor bolts extending through the beam at appropriate intervals. The
steel plate bonding wvas done according to the specification for
strengthening concrete slabs of bridges of the Hanshin Expressway Public
Corporation.

Fatigue Tests

Each beam wvas simply supported over a span of 2000mm and vwas
repeatedly loaded up to 2X 10° cycles at maximum under symmetrical tvo
-point loads, in vhich the loading rate wvas set to be 5.5 Hz using a
hydraulic servo-jack systen,

In the fatigue tests, the minimum load was one ton for all beams and
the maximum load vas varied considering the objective of each test as
listed in Table 1. The load value of three tons in Table 1 indicates the
design load of the normal beam being fck=300kgf/cm® and o p=40kgf/cn?,and
being set at the decompression state.

The deflections and concrete strains vere measured at the center- and
quarter-points of the span by using electrical tranducers and electrical
resistance strain gauges, respectively, The widths of crack opening vere
also measured by using = -shaped gauges at the joint surfaces. And then,
the strain of prestressing bar was measured at the center-point of the
beam span.

4, RESULTS AND DISCUSSION

The results of tests are listed in Table 2. The beams which survived 2
X 10° cycles of fatigue loading were again tested at higher levels of
repeated ‘loads or loaded up to failure under static loading.

Some typical midspan deflection-repeated cycles relations are shown -
in Fig. 3. And, in Fig. 4, the crack pattern and failure mode inside the
Joint part of the beams vwhich failed due to fatigue are illustrated.
Cracks scarcely occurred in the precast concrete elements.

It is found from the results of beams H2-3, H2-7 and H4-1 that the
joint can sufficiently endure 2X10° cycles repetition at a load level of
approximately 2,3 times the design load, even under wvet conditions, in
the case where both the amount of introduced prestress and the strength
of filler concrete satisfy each design requirement ( ¢ p=40kgf/cn?, fck=
300kgf/cm®). In such beams, as shovn in Fig. 3, an increase in deflection
vith repeated cycles as wvell as its absolute value is significantly small.

The results of beams H2-1, H2-4, H2-5 and H2-8 indicated that the
fatigue failure did not occur up to 2 X 10° cycles repetition of the
design load, even vhen either of amount of prestress or strength of
filler concrete wvas reduced to 50% of each normal design value. And then,



even if both of them are dovn to 50% of the normal value as done for beanm
H2-6, similar behavior wvas recognized as the normal beam H4-1 when
subjected to 2X 10%° cycles of the design load.

As far as these tests are concerned, the failure due to fatlgue is
not likely to occur at the design load, until the strength of filler
concrete and the prestressing force fall to . about 50% and 25%,
respectively, of each prescribed design value, The fatigue strength of
the  joint, in particular, was found to be significantly affccted by an
existing amount of prestress,

: Comparing, a dry beam vith a vet one, for instance, beans H2-1/H2-5,
H2-4/H2-8, and H3-7/H3-7, the fatigue life of the former vas confirmed to
be 1/100 ~ 1/10 of the latter,

As shown in Fig, 4, the Jjoint part of tested beams without steel
plate reinforcement failed finally in concrete crushing due to flexure
after the predominant flexural <crack at the joint surfaces grew
vertically up to the mid-height of the beam section and thereafter
extended almost horizontally, vhereas a kind of  punching shear failure
vas observed in an existing bridge slab.

Even in beam H4-2( o p=10kgf/cm?, fck=180kgf/cm?), satisfactory
fatigue strength could . be attained at 2,3 times the design load by
bonding steel plate on the tensile surface of the section. Therefore,
the steel plate bonding technique wvas confirmed to be very effective for
improving the fatigue strength of the joint,

Beam H3-3 failed finally by breaking of the steel plate near the
center-point of the span at about 10° cycles under loading equal to 65%
of its static wultimate flexural strength, of which repeated 1load
corresponded to 4,3 times the design load without plate bonding.

5. CONCLUSION Q

The results of the series of tests are summarized as follovs,

1) The stcel plate bonding technique wvas considered to be very
effective for reinforcing the joint of a bridge slab. And, the joint was
found not to become a weak point in the concrete slab of br1dge uhen
strengthened with steel plate

2) VYhen both the amount of prestress and the strength of concrete
for filling the joint satisfy the design requirement, the joint was
confirmed to have sufficient fatigue strength even under a loading level
of about 2,3 times the ' design load, which corresponded to’ the
decompression state of the prestressed section.

3) Even if the amount of introduced prestress and the strength of
filler concrete are reduced down to 50% of each normal design value, the
Joint was found to possess sufficient fatigue strength at the design load.

4) The amount of - existing prestress’ was recognized to have a
particularly important effect upon the fatigue strength of the joint.

5) VWhen beam concrete wvas kept in a dry condition by applying an
appropriate waterproof coating, the fatigue life of the joint could be
extended up to 10~100 times that under a vet condition.

In  addition to the beam model tests as done in this study,the
effectiveness of reinforcement due to steel plate bonding shoud also be
examined - on the basis of fatigue loading tests using - the slab models
simulating the actual bridge decks. :
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Table. 1

The paxiun load

in Fatigue test

naxiun load 3.0 ton 5.5 ton 7.0 ton 13.0 ton
renarks design load 65% of static 65% of static 65% of static
ultinate flexural | ultinate flexural | ultimate flexural
strength strength strength with steel
(Pu=8.5 ton) (Pu=11.2 ton) plate (Pu=19.9 ton)
conditions deconpression using 112-6 using H2-7 using 113-5, 6
state for for =180kgf/cn fox =180kgf/cn? for =180kgf/ca?
nornal bean op= 20kgf/cn® op= 40kgf/cn? op= 20kgf/cn®
Table. 2 Details of tesl variables and test results
specleen fek’ S conditions §rein- paxiaun repeated failure | final deflection
No. (kef/co®) | (kgf/ew?) | of concrete | Forcereat load(ton) | cycles aode initial deflection
dry - 3.0 2,000,000 - 1.00
H2-3 300 L O SCAREEt EARTESUTEPRS PRRRECRRRN Rttt DUSONSRRURRNE SRRSO
dry - 1.0 2,000,000 - 1.58
- 3. 2,000, - .
R U R O R O X N
vet - (11.2) static | crushing of -
test concrete
Ri-1 300 40 vet 1.0 2.000.999‘ - 1.52
d - .0 ,000, - .
B2-1 180 0 0T ]380 - )18
dry - 7.0 1,990,000 | breaking 2.41
of IC-bar
vet - 3.0 2,000,000 - 1.02
n2-5 180 L IOttt BERRCIITRRON PR Ritoesiuul JUNSSOORIN BN RR
. vet - 7.0 17,130 | crushing of 2.14
concrete
d - .0 2,000,000 - 2.00
n2-4 300 0 fTf T 20 R0 f |l
dry - 1.0 78,000 ] crushing of 1.20
concrete
vet - 3.0 2,000,000 - 1.10
H2-8 300 v B R VRN EETTNNRROINE B A ot st F ] R e
vet - 1.0 2,430 crushing of 1.39
concrete
t - 3. 2,000, - 1.09
-8 | 180 /I SRS S B L L 000 )
vet - (8.5) slatic | crushing of -
test concrete
H3-1 180 20 vet - 5.5 3,470 crushing of 1.22
) concrete
dry steel plate| 5.5 2,000,000 - 0.84
13-5 180 2 Feeeeeef e e e
dry steel plate 1.0
wet steel plate 5.5 2,000,000 - 1.00
H3-8 180 R R ettt LS tortsl PSRN Bibtoe il DOUUURIINNE RSN ASOSOO
vet steel plate| (19.9) static [ peeling off -
test of plate
H3-7 180 20 dry - 5.5 39,000 | crushing of 1.38
) concrete
 dry ) - 1. 3.0 2,000,000 - 2.04
#3-3 180 10 diy steel plate 1.0 2,000,000 - 1.02
dry - 13.0 1,026,000 | breaking of 1.18
steel plate
B34 180 10 vet’ - 3.0 197,000 | crushing of 2.11
) concrete
-2 180 0 vet stee)] plate 3.0 2,000,000 - 1.18
vet steel plate 7.0 2,000,000 - 1.08
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STRENGTHENING OF STEEL-STRINGER BRIDGES BY POST-TENSIONING
‘F. W. Klaiber, K. F. Dunker, T. J. Wipf, F. S. Fanous

- Department of Civil and Construction Engineering
Iowa State University
Ames, Iowa

ABSTRACT

The need to upgrade a large number of understrength bridges in the United States has
been well documented in the literature. Through several research projects which involved
testing of strengthening schemes on scale model bridges in the laboratory as well as the
testing of strengthening systems on existing bridges, the concept of strengthening simple-span
and continuous-span bridges by external post-tensioning has been developed. A post-
tensioning strengthening design manual for simple span bridges has been developed for use
by practicing engineers. A similar manual for continuous-span bridges is currently being
developed. In addition to the: post-tensioning system, the authors have developed
superimposed trusses which currently are being tested on a continuous steel-stringer bridge.
This paper will briefly review these strengthening procedures which have been successfully
employed in the field.

INTRODUCTION

-+ Of the large percentage of the nation’s bridges classified as deficient and in need of
rehabilitation or replacement, many are deficient because their load-carrying capacity is
inadequate for today’s traffic. Strengthening can often be used as a cost-effective alternative
to replacement or posting for restricted loads.

For the past 12 years, the authors have been investigating the use of external post-
tensioning for strengthening existing steel-stringer bridges. - Although this work involved
numerous projects, for clarrly in this paper, it will be presented as two projects with several
phases

-ZPrOJect I Strengthenmg of Exlstmg Smgle-Span Steel- Strmger Concrete-Deck
Coe Bndges Phases I-1, I-2 and I-3.-

Iv’roject,.II: ' Strengthemngof Exrstmg Contmuous Span Steel-Strmger Concrete—Deck
S - Bridges: Phase II-1, II-2 and II-3

This paper briefly describes the laboratory portions of the study (Phases I-1 and 1I-1)
and emphasizes implementation and testing of the post-tensioning strengthening systems on
existing structures. References are provided on all phases of the investigation (except Phase
II-3 whlch is still in progress) for those desmng additional details.

_.37'__



PROJECT I

As previously noted, Project I consisted of three scparate phascs: Phase I-1--
Laboratory Investigation, Phasc I-2--Field Study, and Phase I-3--Development of a Design
Methodology. Results of these three phases will be presented in the following sections.

Phase I-1

One of the objectives of this phase was to determine a procedure for strengthening
single-span, composite steel-stringer concrete-deck bridges (Klaiber, et al., 1981, 1982). In
most cases, only the exterior stringers of these bridges required strengthening. After
reviewing several possibilities, post-tensioning the exterior stringers was determined to be the
most promising. The feasibility of this strengthening technique was verificd analytically and
experimentally through the testing of various post-tensioning schemes on a half-scale model
bridge [L = 26-0" (7.925 m), W = 15'-8 3/8" (4.785 m)]. Various post-tensioning schemes
were investigated to obtain data on the lateral distribution in the bridge; as previously noted,
in most cases only the exterior stringers actually required post-tensioning to reduce the
overstress. Due to lateral distribution, when the exterior stringers are subjected to post-
tensioning, significant stress reduction results in the interior stringers. The bridge model was

fully instrumented for determination of strains and deflections at critical locations. Excellent

agreement was found beiween measured strains and deflections and the respective
theoretical values.

Phase 1I-2

As a result of the success of the Phase I laboratory investigation (Phase I-1), Phase 1-2
(Klaiber, et al., 1983; Dunker, et al., 1985b) of the investigation was undertaken. This phase
consisted of field strengthening and monitoring two existing bridges. One of the bridges,
[Bridge 1: L = 52 ft (15.849 m), W = 31 ft - 10 1/2 in. (9.715 m)] (see photograph of bridge
and bracket used in Fig. 1) was a prototype of the model bridge tested during Phase I-1.
The other bridge, [Bridge 2: L = 72 ft (21.945 m), W = 31 ft - 10 1/2 in. (9.715 m)] (see
photograph of bridge and bracket used in Fig. 2), was considerably longer and had a 45°
skew. In both these bridges, the exterior stringers are smaller than the interior stringers.

Theoretical analyses indicated Bridge 1 needed two, high strength tendons [2 - 1 1/4 in.
(32 mm) in diameter] and Bridge 2 needed four high strength tendons {2 - 1 1/4 in. (32 mm)
in diameter plus 2 - 1 in. (25 mm) in diameter] for the required post-tensioning force. Post-
tensioning brackets were attached to the stringers using high strength bolts as shown in Figs.
1 and 2. The concern that the type of steel in some bridges requiring strengthening is
unknown prompted the decision to use bolts rather than welding. Although only the exterior

stringers in both bridges were post-tensioned, significant stress reduction was also obtained
in the interior stringers because of lateral distribution.

For composite action, both bridges had angle-plus-bar type shear connectors. Analyses
indicated that for the bridges to carry additional live load, the exterior stringers of Bridge 1
and all the stringers of Bridge 2, needed additional shear connectors. “The unknown type of
steel concern previously noted prompted the decision to add shear connectors by bolting
rather than by welding. High-strength bolt shear connectors tested in the laboratory were
found to be slightly stronger than shear studs of equivalent size (Dedic and Klaiber, 1984;
Klaiber, et al., 1983). In the field, cores [4 in. (102 mm) in diameter] were drilled in the
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Fig. 1. Photographs of Bridge 1

and bracket used.

Fig. 2. - Photographs of Bridge 2
and bracket used.



bridge deck above the stringers in the two bridges, and high-strength bolts were double-
nutted to the stringers. Later the cores were filled with nonshrink grout.

Both bridges were instrumented to determine strains and deflections. To determine the
bridges’ response to post-tension strengthening, they were both load tested with heavily
loaded trucks prior to and after post-tensioning. The two bridges were initially strengthened
and tested during summer 1982 and were retested during summer 1984. During the
intcrvening time period and the time period since, the bridges have been periodically
inspected; no changes have been noted in either bridge.

Bridge 1: During the original post-tensioning of Bridge 1, each exterior stringer was
subjected to an average force of 182.0 kips (810 kN), to produce a strain reduction of 218
MII in the lower flange coverplates of the exterior stringers. However, because of the
presence of end restraint, a strain reduction of only 145 MII was obtained. When the post-
tensioning force was removed from the bridge during summer 1984, a magnitude of 172.0
kips (765 kN) was measured. This decrease in force (5.5%) is primarily due to a decrease
in the amount of end restraint present, however, a small percentage of the decrease is due
to relaxation of the post-tensioning tendons. A post-tensioning force of 196.8 kips (875 kN),
which produced an average upward displacement of 0.18 in. (5 mm) in the exterior stringers,
was reapplicd to each exterior stringer during summer 1984. The midspan bottom flange
coverplate strains resulting from this post-tensioning force are shown in Fig. 3. Also shown
in the figure are theoretical curves, obtained from finite element analysis, for both simple
support and fixed end conditions. The measured strains are essentially midway between the
two theoretical curves, thus indicating the presence of significant end restraint. An additional
verification of the presence of end restraint is the sizable magnitude of strains that were
measured at instrumented sections 9 in. (229 mm) from the centerline of supports. Although
the desired strain reduction was not obtained, end restraint was also found when live load
was placed on the bridge. Thus, end restraint reduced the effectiveness of the post-
tensioning and also reduced the strains produced by live load.

Bridge 2: Initially, each exterior stringer of Bridge 2 was subjected to an average post-
tensioning force of 305.6 kips (1359 kN) that, based on the assumption of simple supports,
was to produce a strain reduction in the lower flange of 212 MII. However, when this force
was applied, a reduction of slightly less than half that amount (102 MII) was obtained
because of the skew effect and the presence of end restraint. During summer 1983, this
bridge was resurfaced and had major portions of the curb sections removed and replaced.
Because the post-tensioning forces were still in place, large upward displacements were
visible upon removal of the dead load and the associated reduction in the effective section.
When the post-tensioning force was removed from the bridge during summer 1984, a
magnitude of 271.5 kips (1206 kN) was measured. This decrease of 11.2% is thought to be
primarily the result of losses incurred during the rehabilitation of the bridge which took place

the previous summer. A post-tensioning force of 371.2 kips (1651 kN) was then reapplied

to cach exterior stringer, resulting in an upward displacement of 0.33 in. (8 mm). Shown in
Fig. 4, along with the theoretical curves assuming simple supports and fixed ends, are the
midspan bottom flange coverplate strains resulting from this post-tensioning force. Because
of the skew, the end restraint present in this bridge was greater than that observed in Bridge
1. Note, the measured strains on the exterior stringers shown in Fig. 4 are closer to the fixed
end theoretical curves than to the simple span theoretical curves. As in Bridge 1, significant
strains were measured in the vicinity of the supports which verified the presence of end
restraint. End restraint again reduced the effects of live load. In effect, the live load tension
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strains, which were lower-than-cxpected, compensated for the lower-than-expected post-
tensioning compression strains.

Phase I3

The third phase of the investigation (Dunker, et al, 1985a, 1986) involved the
development of a simplified design methodology for practicing engineers so that they could
avoid use of orthotropic plate theory and/or finite-clement analysis.

By analyzing an under-capacity bridge, an engincer can determine the oversiress in the
interior and exterior stringers. This overstress is based on the proccdurc of isolating cach
bridge stnngcr from the total structure. The amount of post-tensioning required to reduce
the stress in the stringers can then be determined if the amount of post-tensioning force
remaining on the exterior stringers is known, this forcc can be quantified with force and
moment fractions. A force fraction, FF, is the ratio of the axial force that remains on a post-
tensioned strmger at midspan to the sum of the axial forces for all bridge stringers at
midspan, while a moment fraction, MF, is the moment remaining on the post-tensioned
stringer divided by the sum of midspan moments for all bridge stringers. Knowing these
fractions, the required post-tensioning force may be determined by ultilizing the following
relationship:

st ]

desired stress reduction in stringer lower flange.

post-tensioning force required on each exterior stringer.

cross-sectional area of exterior stringers.

eccentricity of post-tensioning force measured from the bridge’s neutral axis.
distance from neutral axis of stringer to lower flange.

= moment of inertia of exterior stringer at section being analyzed.

1l
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Distribution factors were determined by a finite element analysis, the accuracy of which was
determined through use of the data obtained in the laboratory and field tests. A series of
experiments was conducted with the finite element model to determine the sensitivity of the
distribution factors to the various bridge variables. These experiments demonstrated that
variables such as the stiffness of shear connectors, cover plate length, bridge skew, and deck
crown had no significant effects. Those variables having significant effects on the distribution
factors are end restraint, span and anchorage location, and relative beam stiffness:

® Through analysis it was found that end restraint increased the amount of post-
tensioning force and moment retained by the exterior stringers. However, because
of the difficulty in quantifying end restraint existing in actual bridges, partial end
restraint was conservatively neglected in the design methodology.

® Span length was found to be the most significant variable in the moment fractions;
exterior stringers were found to retain less moment as the span length was
increased. The distribution was also determined to be dependent on the length of
the stringers subjected to post-tensioning (i.e., distance between anchorages).




® Moment distribution was found to be dependent on relative stringer stiffness; stiffer
exterior stringers retained more post-tensioning moment.  Thus, if the exterior
stringers were smaller than the interior stringers, the exterior stringers retained
considerably less of the post-tensioning moment than if the stringers were all the
same size.

Utilizing the finite element model, bridges having various combinations of the previously
noled variables were analyzed to determine the midspan force and moment fractions. By
using a multiple lincar regression procedure, relatively simple equations with high degrees
of accuracy were derived for the distribution fractions.  For the distribution fractions and
other details on the design methodology the reader is referred to Dunker, et al., 1985a.

The strengthening procedure and design methodology just described have been used
on several bridges in the states of lowa, Florida, and South Dakota. In all instances, the
procedure was employed by local contractors without any significant difficultics.

PROJECT 11 -

In addition to the problems with single-span bridges that were addressed in Project I,
there are a large number of continuous composite bridges that are also structurally
inadequate. Some of these bridges arc overstressed in the negative moment regions, some
in the positive moment region, while a large number are overstressed in both regions.

Phase 11-1

On the basis of Project I results, it appeared that post-tensioning could also be used to
strengthen continuous bridges. Thus, the primary objective of this phase of the investigation
was to determine the feasibility of strengthening continuous span composite bridges by post-
tensioning. More specific objectives of the study were to determine: the distribution of post-
tensioning forces and moments in the positive and negative moment regions, the best tendon
arrangement, and the contribution of the deck to composite action in negative moment
regions. ’ :

The objectives of this project were fulfilled through testing of a continuous span model
bridge (Dunker, et al, 1987, 1990). * Because of space limitations in the Structural
Engincering Laboratory, it was necessary to limit the size of the bridge model. After
reviewing various possibilities, it was decided to construct a one-third-scale four-beam, three-
span continuous bridge. The overall diménsions of the bridge are total length = 41 ft - 11
in. (12.776 m), width = 8 ft - 8 in. (2.642 m), deck thickness = 2.25 in. (57 mm), and
individual span lengths = 12 ft - 8 in. (3.861 m), 16 ft - 4 in. (4.978 m), 12 {t - 8 in. (3.861
m). To acturately model the stringers, the stringer sections were fabricated from steel sheet
and plate. The exterior and interior stringers were 6 in. (15 mm) and 7 in. (18 mm) in depth,
respectively. ’ ' '

- The bridge model was instrumented for strain and deflection measurements at critical
sections; each’ tendon was strain gaged so that accurate post-tensioning forces could be
determined. Post-tensioning continuous bridges is considerably more complex than post-
tensioning simple-span bridges because longitudinal and transverse distributions must both
be determined. Tendons were mounted on the bridge so that the positive moment regions
of all stringers (12 areas) and the negative moment regions of all stringers (8 areas) could



be post-tensioned. This arrangement of tendons made it possible to investigate'essenlially
any combination of post-tensioning.

Experimental strains and deflections measured were found to be in excellent agreement
with those obtained in the finite element analyses. Post-tensioning the positive moment
rcgions of the stringers produced beneficial strains (i.e., opposite to those produced by dead
load) both at midspan and at intcrior supports. Similar results were obtained when the
negative moment regions of the stringers were post-tensioned. Thus, depending on the
bridge, it may be possible to strengthen it (both in the positive and negative moment regions)
by post-tensioning only the positive moment regions of the stringers. Because of the
presence of the deck, post-tensioning the positive moment regions is obviously simpler than
post-tensioning the negative moment regions of a given stringer.

. In the strengthening of a continuous span bridge, the engineer has so many variables
(stringers to be post-tensioned, regions of stringers to post-tensioned, magnitude of post-
tensioning force, post-tensioning length, etc.) that in cssentially all cases it is possible to "fine-
tune” the bridge--that is, reduce strains at the critical locations the desired amount.

Phase 1I-2

This phase of the investigation (Klaiber, et al, 1990a, 1990b)--post-tension
strengthening of an existing continuous-span bridge--was undertaken as a result of the
successful laboratory investigation (Phase 1I-1). A photograph of the bridge selected for
strengthening [Bridge 3: L = 150 ft (45.719 m), W = 26 ft (7.925 m) individual span lengths
= 45 ft - 9 in. (13.944 in.), 58 ft - 6 in. (17.831 m), 45 ft - 9 in. (13.944 m)] is shown in Fig.
5. Exterior stringers in this bridge are smaller than the interior stringers. An analysis of the
bridge indicated that the bridge required strengthening to reduce flexural stresses; additional
shear connectors were also needed to improve composite action. - The additional shear
capacily was obtained by adding high strength bolt shear connectors which were previously
described.

The post-tensioning scheme designed involved post-tensioning the positive moment
regions of all stringers: 106 kips (472 kN) for all end span stringers, 138 kips (614 kN) for
the exterior middle span stringers, and 160 kips (712 kN) for the middle span interior
stringers. This post-tensioning system will reduce flexural stresses to the desired level in all
but a few locations. To obtain these forces, two 1 1/4 in. (32 mm) diameter high strength
tendons were attached to the positive moment region of each stringer.

Bridge 3 which was instrumented for deflection and strain measurement was originally
strengthened and tested during the summer of 1988 and was rctested one year later. Shown
in Fig. 6 are the bottom-flange strains in an interior stringer (Fig. 6a) and an exterior stringer
(Fig. 6b) resulting from the post-tensioning. Also shown in these figures are the theoretical
bottom-flange strains (obtained from a finite element analysis) assuming simple end supports.
Except for the middle span, bottom-flange strains, there is excellent agreement between the
experimental and theoretical strains. Although only the positive moment regions were post-
tensioned, strain reduction in the negative moment regions is readily apparent. - Also
apparent is the presence of end restraint--considerably more at the north abutment (pinned
end) than at the south abutment (roller support).
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Fig. 5. Photograph of Bridge 3.

Phase 1I-3

As previously noted, this phase of the investigation is still in progress and thus will only
be briefly discussed. In this phase, a fourth bridge (Bridge 4) is being strengthened and
tested; also a continuous span design methodology for practicing engineers is being
developed. Bridge 4 is identical to Bridge 3 except for the type and size of diaphragms.
During the summer of 1992, post-tensioning tendons were attached to all stringers in the
positive moment regions. In addition to the post-tensioning tendons, superimposed trusses,
shown in Fig. 7, werc installed on the exterior stringers at the piers. At cach location, there
arc trusses on both sides of the beam web for a total of 16 superimposed trusses on the
bridge. By tensioning the tendons in the trusses, upward forces are produced at the upper
truss joints. The combination of trusses and post-tensioning of the positive moment regions
makes it possible to reduce stresses the desired amount at all locations in the bridge. Also,
the addition of the trusses significantly reduces the required post-tensioning forces in the
positive moment regions. Bridge 4 is fully instrumented and will be strengthened and tested
during summer 1993.

Development of the proposed practical design methodology for strengthening
continuous span bridges is cssentially completed. By using an accurate finite-element
analyses, variables which significantly influence the longitudinal and transverse distribution
of moment and force between the stringers have been identified. These variables include:
stringer spacing, deck thickness, bridge length, ratio of adjacent span lengths, post-tensioning
location, degree of skew, and ratio of external and internal beam stiffness. Simplified
analysis techniques that provide essentially the same answers as the finite-clement analysis
have been developed. The simplified analysis, however, requires the use of computer
spreadsheets. Depending upon the location and magnitude of the overstresses determined
in a given bridge, the engineer using the design methodology and spreadsheets developed will
be able to design the required strengthening system. The procedure developed will indicate
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b.) Photograph of trusses in place on Bridge 4.

Fig. 7. Superimposed trusses.

to the engincer the required magnitude and location of post-tensioning, if superimposed
trusses are required, or some combinations thereof, to obtain the desired stress reductions.

SUMMARY -
The results of the research outlined in this paper indicate that post-tensioning is a
viable, economical technique for flexurally strengthening simple-span and continuous-span

steel-stringer and concrete-deck composite bridges. The post-tensioning systems employed
on the single-span bridges and the continuous-span bridges essentially reduce dead load



strains (stresses) in the bridges, thus making it possible for the bridges to carry additional live
loads. Post-tensioning will slightly increase the ultimate strength of the bridge and in most
cases induce a small upward camber. It does not, however, significantly reduce live load
deflections or significantly influence live load distribution.
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Abstract

Expansion joints of bridges play an important’ roles to kccp the smoothness and the
continuity of road surface but they have been worn out duc to live loads. They also have been
damaged by recent heavy traffic and vchicle vibrations. Especially in snowy and cold region
such as Hokkaido, the sharp drops on road surface have spoiled the joints or snowplows. To
take measures against these ciyrcumsta'nccsi, buricd joints have been improved and applied to real
bridges. In this study, the characteristic of the buried joint was investigated under various
conditions and a new type superior to customary types in point of strain-diffusing performance
was developed in indoor tests.

1. Infroduction

The cxpansion joints of bridges play an important role to keep the smoothness and the
contmmty of road surface and securc the safety and the amcmty for driving, absorbing
dlsplaccmcnt accompanied by expansion and contraction of the superstructure. However the
expansion joints have directly suffered from the influence of live loads of passing vehicles, so
that they have been worn out violently. The frequency of repair work or maintenance work has
rapidly increased with the recent increase of traffic volume and heavy vehicles, and traffic
controls under the repair work have bccomc a delOl’ of traffic j jam. Bc51dcs the expansion
joints in themselves dircctly influence thc amenity for driving and cause vanous problems such
as vibrations and noiscs to the circumference of them because they are dlrcetl)' sct up on road
surface. Espccially in snowy and cold region such as Hokkaido, the sharp drops or the pot
~ holes on road surface tend to be produced between an cxpansion joint and the pavement before
and behind the joint, by. using studdcd tires in winter. In snow-removing work, a snowplow
or the joint itsclf has been damaged by thc sharp drops



To take countermeasurc against present circumstances, a varicty of idcas are under
consideration. For instance, they arc to improve the durability of cxisting cxpansion joints, to
adopt the bridgc structure that has few expansion joints, and to design the buricd joint that was
rcformed in the dummy joint or the cut-off joint )~6), The buried joint can unify the joint
surface itsclfand the pavement surface before and behind the joint surface, and the expansion
and contraction of girders can be absorbed by asphalt mixture in itsclf because it applics the
asphalt mixture as a material covered above the joint. Therefore it has many advantages to
sccure not only the amenity and the safety for passing vehicles but also the workability and the
managcability in snow-removing work during winter. In addition to these facts, it can bring on
constructive and cconomical advantage.

In this paper, the characteristic of customary buricd joints was investigated under various
conditions and a new type superior to the customary types was developed especially from a
viewpoint of strain-diffusing performance.

2. Experimental Outline

2.1 Experimental Devices

The testing machine uscd in these cxperiments consists of two units, an actuating unit for
cxpansion and contraction of specimens, and a manipulation panel for control. The allowable
temperature rage of the machine is from -30°C to +60°C, the permissible load to the machine is
10,000 kgf, the maximum stroke is +150mm, the speed for expansion and contraction is
180~0.024mm/min with four gears, and the cxternal size is 1,000mm wide, 780mm high, and
2,438mm long. Photo 1 shows an cxternal appcarance of the machinc on which was sct up
specimens and measuring instruments. All the experiments, to make the strict control of
tempcrature, were conducted in a laboratory for low-temperature experiments. This means that
the characteristic of asphalt mixture strongly depends on rises and falls of temperature 789, so
that the temperature of specimens has influence on behavior of expansion and contraction of the
specimens !9, The low- temperature laboratory consists of a prefabricated laboratory at the
inside size of 2,000mm wide, 2,000mm high and 4,000mm long, a refrigerator, two
supplementary coolers, a control board, a program rcgulator, and a tcmperature recorder. -
Photo 2 shows the extcrnal appearance of the laboratory. It is programmable for sctting of
random repetition and random temperature setting from +5°C to -30°C. As for the
temperatures, the refrigerator and the coolers are automatically controlled by the program
regulator with the accuracy of £1°C and dcfrosting is also automatically executed by a defrost

timer.

2.2 Specimens

Eight specimens used in this test were manufactured to compare the characteristic with each
specimen from the viewpoint of cxpansion speeds, sctting temperatures, and structures of the
joints. Table 1 shows differences between cach specimen. The fine-graded asphalt concrete
was uscd as the upper asphalt mixture in all specimens, so that the table shows only the lower
mixture in the columns. The cach structurc of specimens is drawn in figure 1. A customary
type was used in specimen A-1 to D-1, and a new type developed for these tests was used in
specimen E-1 to F-2. Figure 1 shows the central structure of the specimens. A customary type
was adopted as spccimen A-1 to D-1 and the new type, reflected test results for the past two




ycars, uscd as spccimen E-1 to F-2. Here the specimen E-1 and E-2 to F-2 used asphalt mixturc
of 2cm thick and 3cm thick respectively. The feature of this new type, specimen E-1 to F-2, is
to install a laycr in order to absorb the displacement of joint clearance accompanicd by
cxpansion and contraction of girders, and to adopt the bituminous shect spread on the layer in
order to diffuse the strain with the displacement. As for the structure, the rubber sheet that was
fixed by anchor bolts and anchor plates at both ¢nds of the sheet was sct up on a box dug down
to concrete blocks, the rest of the box was filled up by asphalt mixture, and the bituminous
sheet was spread on the box in the same way as the customary type. Morcover the asphalt
mixture covered with the anchor bolts and anchor plates is effective to supplement the structural
defect, and the bituminous sheet is useful to shut down cracks in here and to keep away water
intrusion to joint clearance or bearings.

2.3 Experimental detail

The expansion and contraction tests to grasp the behavior of the buried joint and fatiguc tests
were performed in the refrigerator.  First, the expansion and contraction tests were conducted
oncce in contraction of Smm and in expansion of 5Smm, being kept at +5°C (only in specimen B-
1 at-10°C). The spced of expansion and contraction was sct at 0.10mm/min (only in specimen
A-1at0.05mm/min). As for this spced sctting, it is cquivalent to the speed that is about scven
times as one cycle of a day, assuming that expansion and contraction revolve once a day in real
bridges. This cxperiment supposcs that it takes one cycle a year to make expansion and
contraction, so that the valuc of the speed is approximately 2,600 times as the valuc of rcal
bridges. Actual bridges rotatc the expansion and contraction of a great extent through a year,
repeating the motion of a small extent once a day. In addition to that, the bridges repeat random
motion under the influcnce of vibrations by passing vehicles and of expansion and contraction
with the change of temperature. Therefore it is difficult to reproduce the complex behavior of
recal bridges in a laboratory.

Next, a temperature gradicnt was sct up to +0°C to -20°C (+5°C to -25°C only in specimen
A-1) at the same speed of expansion and contraction as the first time in the second experiment.
In this condition, the temperature gradicnt was linked up with the speed of expansion and
contraction, and was fixed at 12°C/hr (6°C/hr only in specimen F-type). This sctting is quite
severe becausc the maximum temperature gradient is 5°C/hr in an intense cold region of
Hokkaido.

After the second experiment was finished, the specimen was let alone until they were scttled
down at +5°C, and the fatigue tests were conducted at the speed of 1.00mm/min (3.00mm/min
only in specimen A-1). The fatigue tests were quitted in case that specimens were cracked
completely, being anticipated to repeat ten times or more from the test results for past two
years. In this measurement, twelve displacement gauges and one load cell were set up on the
specimens. The data acquired through a switch-box and a data-logger was rcad as an ASCII
file into a personal computer, also the data was analyzed and visualized by a graphical software.
Figurc 2 shows the size of the specimens and the arrangement of measuring instruments. The
absolute displacement was measured at an obscrvation point on fixed pedestal of the machine,
and the relative displacement was observed at the other points except it.



3. Experimental Results

3.1. Comparison with Difference of Setting Speed

The sctting speeds of specimen A-1 and D-1 are 0.05mm/min and 0.10mm/min respectively,
as shown in Table 1, so the speed of specimen A-1 is a half of the speed of specimen D-1. On
horizontal displacement near the center of the joint, specimen A-1 has a smaller burden rate than
spccimen D-1 in the maximum contraction. On the other hand, therc is no conspicuous
difference in cach obscrvation point between specimen A-1 and D-1 in the maximum
cxpansion. According to Moriyoshi, et al, it is proved that the breaking of asphalt mixture
depends on the strain speeds 7)8), and the dependency was confirmed especially in contraction.
From a viewpoint of load, as the strain speed increases, the burdening load on a specimen
decreases.  Thus the speed control in experiments affects the cxpansion and contraction
behavior of specimens, so that the speed control has to manage severely. Figure 3 shows the
strain distribution with diffcrence of sctting speed in the maximum contraction and cxpansion,
and Figurc 4 shows the change of burdening load with that.

3.2. Comparison with Difference of Setting Temperature

The temperaturc dependency on breaking strain of asphalt mixture was certified in many
disscrtations 121314 and the dependency was also confirmed in the last indoor cxperiments.
As the temperature becomes low, the stress that increases according to the temperature decline
remains into asphalt mixture beyond the speed of stress relaxation. When the residual stress
cxceeds expansion strength of asphalt in itself, visible cracks break out. The invisible micro
cracks are produced in an carly stage of expansion but the visible cracks occur comparatively
late after gencration of micro cracks.

Specimen B-1 cracked at 3mm of cxpansion and the strain burden in the center of the joint is
larger than that of specimen D-1 in both maximum contraction and breaking point of expansion.
Figurc 5 shows the strain distribution with difference of setting temperature in the maximum

contractionand the breaking point. Here in the breaking point of expansion, both of them arc -

comparcd with the values at 3mm of expansion. Also in Figurc 6, the change of burdening
load with that is shown.

3.3 Comparison with Difference of The Number of Bituminous Sheet

In the strain distribution in thc maximum contraction and cxpansion, specimen A-2 that usced
two bituminous shects shares the strain in wide range as compared with specimen D-1 that used
onc bituminous sheet. Also in a change of burdening load, specimen A-2 showed smaller value
than specimen D-1 in contraction and expansion, and it was clearly proved that using two
sheets had a good effect on strain diffusing. However distribution of strain itsclf was irregular,
and it happencd to be scen that metal fittings became slack especially in expansion. Figure 7
shows the strain distribution with difference of the number of the bituminous sheet in the
maximum contraction and cxpansion . From this comparison between two specimens, it was
confirmed that the strain accompanicd by cxpansion and contraction of a girder can diffuse in
wide range of the upper asphalt pavement by using a proper structure in the center of the joint.
Figurc 8 shows the change of burdening load on the number of the biturninous sheet.
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3.4 Comparison with Difference of Lower Asphalt Mixture

Through specimen C-1, C-2 and D-1, there is no remarkable difference but specimen C-2
uscd open-graded asphalt concrete including rubber chips was a little superior to specimen C-1
and D-1 in the elasticity. The same results as this experiment was accepted from the last year’s
tests 13). However it was certificd that the higher the percentage of void becomes, the more it
has a harmful influence on propertics of asphalt mixture by frcezing and thawing action 16),
Therefore it scems that a rapid application of the open-graded asphalt concrete is too casy
going, granted that the clasticity is attached importance. Especially in actual construction of a
new bridge, its workability is lost by using different mixture from the pavement before and
behind the joint, so that the balance between its workability and its performance such as the
clasticity becomes important. Figurc 9 shows the strain distribution with difference of the
lower asphalt mixture in the maximum contraction and cxpansion, and Figure 10 shows the
change of burdening load with that. :

3.5 Comparison with Difference of Structure of Joint

Specimen E-1 and E-2 arc newly developed in this test, as stated above, and its structural
difference from the customary type, was reflected distinctly upon this experimental result.
From a vicw-point of the strain distribution in cach observation point, both of specimen E-1
shows the same behavior as specimen E-2 and the strain was diffused widely in all over the
specimen. As for the change of load, both of them were lightencd conspicuously as compared
with specimen D-1, especially in expansion. Therefore it was certified that a rate of strain
burden in the center of the joint was lessencd and shared in wide range by installing the strain-
diffusing laycr. Figurc 11 shows the strain distribution with difference of structure of the joint
in the maximum contraction and expansion and Figurc 12 shows the change of burdening load
with that.

By the way, as to the sccond experimental result of expansion and contraction in which the
temperature gradient was set up from +0°C to -20°C, a change of pavement rigidity with a
decline of temperature caused a slide on the adhesive surface between a pavement itsclf and a
pair of concrete blocks. The quantity of the slide differs with cach specimen, so that it is
difficult to compare with all the specimens. Therefore a discussion about that is omitted in
here. In regard to the test results of specimen F-1 and F-2 set up at the expansion stroke of
15mm, any visible crack was not obscrved on the specimens.  From these good results, it was
cstimated that the buried joint of this type can apply to bridges with the span of about 30m long.

3.6 Results of Fatigue Tests

The fatiguc tests were carried out in five specimens, A-1, A-2, C-1, C-2 and D-1, and the
appearance of visible cracks delaycd comparatively in'specimen A-2 and D-1. Specimen A-2
made no visible cracks after 25 repetitions but it is hard to say that specimen A-2 has better
clastic performance than specimen D-1. Actually some kind of the slack or the slide, as pointed
out in 3.3, brought about between metal fittings and concrete blocks. Therefore it is impossible
to discuss the fatigue performance of cach specimen from these results. Figure 13 shows a
histerisis loop of load and displacement in specimen D-1. For a common feature to cach loop, a
load acted on a specimen remarkably decreased after an end of the first cycle and then the load
became smaller gradually. Thus the loops showed the stress relaxation of asphalt mixture well.
Figure 14 shows the change of horizontal displacement in the fatigue test of specimen D-1.



4, Conclusions

The results obtained from these experiments and analyscs arc as follows:

1) According to increase of the expansion speed, the asphalt mixture lost its clastrcrty and the
stress tended to concentrate in the center of the joint.

2) Temperature is the most important parameter to determine the propertics of asphalt mixture
and its clasticity decreased notrccably accompamcd by a declinc of temperature, especially in
the range below 0°C. :

3) Laying two bituminous sheets can improve the clasticity of the buried joint as compared w ith
using one bituminous sheet. :

4) In these experiments the same mixture, the finc and gap-graded asphalt concrete was used as

- an upper asphalt mixture, so that there is no remarkable difference between cach specimen.
However to pave the open-graded asphalt concrete with rubber chips is a little helpful to
improve the clasticity of the buried joint.

5) Adopting the new type to cxpansion joints is effective to utilize the maximum elasticity that
asphalt mixture possesses in itself, and it was confirmed that the new one can apply to
cxpansion and contraction of 15mm stroke cven at low temperature. :

The buried joint is eventually dominated by the characteristics of asphalt mixture, for that the
buricd joint has a structure of which expansion joint is installed under the pavement. However,
itis possible to delay an outbreak of cracks if a new structure is adopted so that its expansion
and contraction can be acted within the rage of breaking strain. To attain this performance
considering the workability or the economical advantage, it is essential to take the bituminous
sheet superior in the elasticity with the strain-diffusing layer filled up by asphalt mixture.
Morcover in actual bridges, the strain speed is so slower than the speed set in these
cxperiments, and the stress relaxation of asphalt and the kneading action by traffic loads
interacts advantagcously to pavement itself. Therefore application of the buried joint will
cxtend to longer-span bridges from a consequence of which ficld measurement has been
continued in actual bridges. As matter of fact, the buried joint that was stated through this
paper is now functioning in real bridges constructed by Hokkaido Development Bureau. In the
future, more detailed examination about the effective length of bituminous sheets, the thickness
of strain-diffusing layer, and the width of joint clearance is required to promote extensive
application of the buried joint.
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Photo 1 External Appearance
of Testing achine uscd in Expan-

sion and Contraction Experiments

Photo 2 External Appearance of
Low-Temperature Laboratory

Table 1 Structural Differences between Each Specimen

Specimen Lower Asphalt Mixtare B““;;‘:c‘;i“ T‘g;;.‘n’:)‘ ¢ |'specd (mavmin) | 701t 8;;"’“ Exp '"?;fn)smh i
A-l Fine and gap-graded 1 5 0.05 15 . 10 :
A2 Finc aad gap graded 2 5 - 0.10 : 15 10 ‘
B1 - Finc and gap-graded 1 : 10 010 15 10
C-1 Coarse-graded 1 5 0.10 15 10
Cc2 Open-graded with Rubber Chips 1 5 0.10 15 10
D-1 Fine and gap-graded 1 5 0.10 15 10
E-1 Finz and gap-graded 1 5 010 15 10
E-2 Finc and gap-graded 1 5 0.10 15 10
F-1 Finc and gap-graded 1 5 0.10 20 20
F-2 Finc and gap-graded 1 5 0.10 20 20
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US-Japan Brldge Workshop May 1993, Tsukuba, Japan

An experimental study on aerodynamic sound generated
from handrails of flat plate cascades

K. Kimura, Y. Fujino and S. Hiejima

" Department of Civil Engineering, The University of Tokyo, Tokyo 113, Japan

ABSTRACT -

To clarify the charactenstlcs of the wind- mduced sound from handrails of flat plate
cascades, a series of wind tunnel experiments is conducted. Pure loud sound is
observed when the wind is oblique to the plates. The relation between the sound
frequency and the wind speed as well as the result from the flow visualization
experiment suggests the cause of the sound as follows; the flow separated from the
windward edge of the plate impinges the other windward edge of the same plate,
generatmg large pressure fluctuations. It is observed that the sound frequencies
increase in a step-wise manner as the increase of the wind speed, and they are
shown to correspond to the resonant frequencies of acoustic oscillation of the space
enclosed by the flat plate cascades. The step-wise increase of the frequencies
indicates that there is a feedback between the sound generation and the acoustic
resonant oscrllatton ~

1. INTFIODUCTION

In flexible structures such as long-span bridges and tall buildings, wind is one of the
critical loadrngs since it potentially induces catastrophic or intolerable vibrations. In
these structures, servuceablllty can be also affected by wind-induced vibrations.
Although it is not widely recognized, wind often induces intolerable sound through
the interaction between structures (or their elements) and wind. Wind-induced

sounds in transmission cables or handrails in tall residential buildings are typical
examples. This ‘paper is concerned with one of the wind-induced sounds ’

Handrarls that consrst of many very thin flat stamless steel plates (Fig. 1) have been
often used in brrdges and burldrngs It has been reported, however, that wind-
induced sound (noise) is generated in handrails of thrs type under moderate wmd
causing an envrronmental issue. . , .

There are a few expenmental studies dealing with the wind-inducéd noise in the
handrails (Refs. 1 and 2). Their studies seem to place an emphasis on clarifying the
characteristics of the wind-induced noise in the prototype handrails mainly using the
~ wind tunnel tests, and’ parametnc experiments have not been made to elucrdate the
mechanism of the norse ‘induced in the flat plates cascades. :

g9



The objective of this study is to conduct a series of wind tunnel experiments of the
flat plate cascades and to attempt to clarify the mechanism and characteristics of

wind-induced noise.

2. WIND TUNNEL EXPERIMENTS

The model used in the wind tunnel experiments consists of a steel frame and many
thin aluminum flat plates as shown in Figs. 2 and 3. The flat plates which have
rectangular sections are placed in parallel. The width, b, and the thickness, {, of the
plates and the spacing intervals between the plates, p, were parametrically varied in
the experiments as shown in Table 1. The length of the plates is 700 mm.

The wind tunnel used has a working section of 16 m width and 1.9 m height, and the
smooth flow with thé turbulent intensity of less than 1% was employed in the
experiments. The wind speed was increased in a step-wise manner from zero to 15
m/s which is the maximum possible in the wind tunnel used. The horizontal angle of

wind attack relative to the flat plates, 8, was varied by an interval of 15 degrees.

The sound was measured by a microphone which is covered with a wind shielding.
The microphone was placed very close to the plates. The signal was sent through
an octave band pass filter. A spectrum analyzer was used to obtain the sound
intensity, which was computed from the area under the spectrum peak of the sound.

3. EXPERIMENTAL RESULTS

It was observed that sound is indeed generated from the flat plate cascades under
certain horizontal angles of wind attack within a certain wind speed range. The
spectrum of the induced sound shows one or two very sharp peaks, indicating that
. the sound was harmonic or a combination of two harmonics. The sound was felt as a
noise since it was loud and very unpleasant.

Two experimental results are presented as examples in Fig. 4 where the sound
frequency and the sound pressure level are plotted as a function of the wind speed.
In both cases, sound with very high intensity was observed. The frequency of the
sound increases as the increase of the wind speed, but the increase is step-wise.
We define the Strouhal numbers as
S=fFft/U ‘ (1)

where U : the wind speed, f: the frequency of the sound and t : the thickness of the
plates. The average value of S for each experimental case is computed. Although
the value S is somewhat scattered, it is found that S is approximately 0.75 in most
cases. In a few cases itis 1.5 and in other few cases S is 0.75 as well as 1.5 as
shown in Fig. 4(b). In Eq.(1), if the width of the plates, b, is used instead of the
thickness of the plates, t, a consistent value(s) of S can not be obtained. This
suggests that the frequency of the sound is associated with the thickness of the plate

rather than its width.

The horizontal angle of wind attack, 6, was varied from 0° to 90° by an mterval of
15°. The loud sound was not observed when the angle was either 0°,15°, 30° or 90°.
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The cases in which the wind-induced sound was observed are presented in Fig. 5. It

appears in Fig. 5 that in order that the sound is induced, larger angle 0is required
when the ratio of the width to the spacing interval, b/p, becomes larger.

4. DISCUSSIONS

As shown in Fig. 4, the sound frequency doesn't increase monotonically as the
increase of the wind speed. As well known, the same phenomenon is observed in
the vortex-induced vibrations and is called as 'lock-in'. This indicates that there is a
feedback between the sound generator and acoustic oscillation which magnifies the
sound. We think that the sound from the flat plate cascades can be explained as
follows.

Periodic eddies are generated in the flow around the flat plates and consequentiy
periodic pressure fluctuations are radiated. Note that this frequency of generated
eddies is basically in proportion to the wind speed unless any disturbance is applied.
The pressure fluctuation is magnified in the resonant mechanism if the frequency of
the pressure fluctuation coincides with one of the resonant frequencies of the
acoustic oscillation. This magnified pressure fluctuation affects the generation of
eddies, i.e., sound source. This is a feedback; the eddy frequency becomes so-
called the lock-in state, resulting in the step-wise increase of the sound frequency for
the increase of the wind speed. In the following, mechanism of the generation of
sound from the flat plate cascades is discussed in more detail.

4.1 Sound Generator

Ref. 1 gives an explanation of the generation of the sound source; the eddies
separated from a windward edge of a plate are impinging at the leeward edge of the
adjacent plate (Fig. 6(a)) and large pressure fluctuation is induced. To confirm this, a
flow visualization experiment was conducted in this study and one of the result is
shown in Fig. 7. It appears in Fig. 7 that the eddies in the separated fiow from the
windward edge are conveyed in parallel with the plate rather than are impinging at
the leeward edge of the adjacent plate. As aforementioned, Fig. 5 indicates that the

wind-induced sound occurred in larger angle @ for larger b/p ratios and this fact
doesn't support the explanation given in Ref. 1.

Hara (Ref. 4) experimentally studied the sound generation from flat plate cascades.
His explanation is that the eddies which are separated at a windward edge of a plate
are impinging at the other windward edge of the same plate and this is the source of
the sound.

It can be easily accepted that the approaching flow is more distorted as the ratio b/p
increases and the separated flow at a windward edge tends to be reattached at the
other windward edge of the thin plate as shown in Fig. 6(b). Indeed when the ratio
b/p is larger, larger angle @ is required to induce the sound; this is consistent with
Hara's explanation. As mentioned, the sound frequency is related to the thickness of
the plates; this also supports Hara's explanation.



4.2 Acoustic Resonance

Magnmcatlon mechanlsm is necessary to make the generated sound become
intense. An enclosed space has many resonant frequencies and the sound can be

magnified at these frequencies.

The wind tunnel has a floor and ceiling although the width of the tunnel is very large.
A sound-absorber mat was placed on the floor of the wind tunnel and the sound was
measured. It was found that the sound induced by the plate cascades was
practically not affected by the presence of the sound-absorber mat. This confirms
that the wind tunnel itself is not contributing the sound magnification.

The flat plates themselves form enclosed space. The resonant frequencies of the
space enclosed by the plates are tabulated in Ref. 5 and are used. Fig. 8 shows an
example where the computed resonant frequencies of the enclosed space as well as
the measured sound frequencies are plotted. The agreement is good. In order to
divide enclosed space between the plates into two, thin plates were horizontally
placed at the middle of the flat plates (Fig. 9) and the induced-sound was measured.
It was found that the sound frequencies are alternates of those in Fig. 8 and this fact
supports that the frequencies of the sound are the resonant frequencies of the
acoustic oscillation of the spaces enclosed by the plate cascades.

5. CONCLUDING REMARKS

A series of wind tunnel experiments of handrails which consist of thin flat plate
cascades has been conducted under smooth flow; the thickness of the plates, the
spacing interval of the plates, the horizontal angle of wind attack and the wind speed
were chosen as parameters. It is found that wind-induced sound is indeed
generated under certain conditions.

Most lmportant finding is that, when the plates are densely spaced, larger horizontal
angle is required to induce the sound. This as well as the results from the
experiment of the flow visualization suggest that the sound source is due to the flow
which is separated from the windward edge of a plate and impinging at the other
windward edge of the same plate. It is also suggested that the sound is magnified by
the resonances of the acoustic oscillation enclosed by the plate cascades. The
wind-induced sound is due to the separate flow that is impinging at an edge, and it
may be classified as the edge tone (Ref. 5). It is known that the edge tone has a
feedback mechanism. ,

To identify the source mechanism of the sound more clearly needs, more detailed
experiments will be made in the near future. To find engineering remedies in order
to suppress the wind-induced sound is also an important subject. :
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Table 1 Experimehtal parameters

b (mm)| 30, 50, 70
T (mm) 1,38, 5
p (mm) | 15, 30, 50, 70, 100, 150

b : width, t: thickness and p : spacing interval of the plates
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"Fig. 1 A handrail of flat plate cascades



Fig.1 A handrail of flat plate cascades Fig. 2 The flat plate cascades model

(continued) in the wind tunnel
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Fig. 3 Parameters of the model
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S8imulation Techniques for Bridge Aerodynanic Investigations
at the Turner-Fairbank Highway Research Center.

by
Okey U. onyemelukwe' and Harold R. Bosch®

ABSTRACT

This paper presents methods currently employed at the
Federal Highway Administration’s (FHWA'’s) Aerodynamics
Laboratory, to study wind effects on bridges. The discussion
focuses mainly on techniques for 1nvest1gat1ng the aerodynamic
characteristics of 1long-span brldges, as opposed to the
aeroelastic behavior, an area in which researchers at the
FHWA’s Aerodynamics Laboratory have also made major strides
over the past several yearsf*

Two approaches used at the Laboratory, herein dubbed
"Experimental Simulation" and “Numerical 'Simulation", are
discussed as they pértain to wind flow around brldge deck
sections. For a majority of long-span bridges , the bridge deck
is one of the most critical bridge elements (aerodynamlcally
and aeroelastlcally), ~and ' as such, it receives the most
attention. First, the more establlshed and w1de1y used
experlmental SJ.mulatlon technique (model testing in the wind-
tunnel) is briefly presented. Next, emphasis is placed on
procedures for the more recently developed technique of
numerical simulation (computer modeling), which at its current

developmental stage 1s intended to complement wind-tunnel
testlng A

Flnally, the advantages and shortcomlngs of using either
simulation technique are discussed. It is evident from this
discussion that the use of both techniques to varylng degrees,

in a long-span bridge wind des1gn program, is beneficial to
the brldge englneer.

! Post Doctoral Fellow, George Vmcent Memorlal Aerodynamics Laboratory,

) Federal Highway Administration, T urner-Fairbank nghway Research
Center, Mclean, Virginia, 22101.

Research Structural Engineer, George Vincent Memorial Aerodynamics

. Laboratory, Federal Highway Administration, Turner-Falrbank nghway Research
- - Center, Mclean, Virginia, 22101.



INTRODUCTION

For almost 4 decades, researchers at the George Vincent
Memorial Aerodynamics Laboratory located at the Turner-
Fairbank Highway Research Center (TFHRC) in Mclean, Virginia,
have focused their efforts primarily on investigating wind
effects on bridges. Of course, long-span bridges such as
suspension bridges and modern cable-stayed bridges, are most
susceptible to wind-induced instability, and have received the
most attention. The motion of wind around any body in its flow
field produces pressure and velocity variations, which produce
aerodynamic forces and moments on the body. If the body moves
or deforms appreciably under the induced wind forces, these
deflections will affect the wind forces, which will in turn
influence the deflection, giving rise to succeeding
deflections of oscillatory and/or divergent nature
(instability).

It has become common place in wind engineering, to
categorize wind-induced effects on structures as being of
aerodynamic consequence or aeroelastic consequence. Simply
stated, aerodynamic effects relate more to the determination
of wlnd induced forces on the bridge, and the description of
wind flow characteristics around the bridge components.
Aerodynamic considerations are highly dependent on the body
geometry, and tend to occur wholly within the flow. alone.
Phenomena such as vortex shedding and galloping, which are
characterized by the production of trailing vortices from
separation points or a rapidly diverging wake, are
aerodynamics related. The wind-induced aerodynamic forces can
be expressed in terms of 1lift, drag, and pitching moments. It
is important to note that these aerodynamic forces (1lift,
drag, and pitching moment) are required, for both static and
dynamic wind analysis of long-span bridges. In consideration
of - the static stability of bridge structures under steady
wind, excessive 1lift or drag forces may cause an unstable
brldge to undergo lateral buckling or tor51onal divergence.

On the other hand, aeroelastic con51derat10ns arise when
conditions are present which permit interaction between wind
forces, structural deflection, structural damping, structural
inertia, and stiffness of the bridge. Hence, the aeroelastic
classification is a structural response type investigation.
Aeroelastic investigation of long-span bridges can either be
a random vibration type problem (buffeting), as a result of
the turbulence in the wind, or may be concerned with an
1nstab111ty resulting from '‘a self-excited oscillation of
growing amplitude called flutter.

However, it is only the simulation procedures associated

with aerodynamic considerations that are pursued further:in
this paper. There are two fundamental approaches to the




simulation of wind flow around bridges nanmely, experimental
and numerical simulations. The correct use of both of these
methods requires a proper understanding of the fluid-
mechanical descriptions of wind, and the physical description

of wind effects, which will be discussed in the sections that
follow.

EXPERIMENTAL SIMULATION (MODEL TESTING IN WIND-TUNNEL)

The wind-tunnel at TFHRC is a low velocity, open circuit
tunnel designed primarily for study of wind loads on long-span
bridges. This wind-tunnel can generate extremely smooth flow
(laminar flow condition) at speeds up to 50 ft/s (15.2 m/s).
For experiments where turbulent flow simulation is desired, an
active turbulence generator is inserted into the circuit,
between the wind-tunnel nozzle and the test frame where the
bridge model is suspended in the flow.

Modeling Technique

The bridge testing technique almost always used at the
TFHRC wind-tunnel is the section model approach. A section
model of a long-span bridge superstructure is a small, but
geometrically faithful copy of a typical length of the
prototype bridge deck. Cables and hangers are generally not
modeled, because the aerodynamic effects from their profile
are considered negligible relative to the bridge deck. A
typical bridge deck section model tested at the TFHRC wind-
tunnel is shown in Fiqure 1la.

In order to construct a truly representative model, the
model length and structural properties are usually scaled from
the known prototype values. As in most model testing, the
first parameter considered is the geometric length scale or
ratio, A;, model to prototype. To ensure that all significant
structural details can be adequately reproduced, the length
scale recommended is usually between 1:100 and 1:25 inclusive.

It has been shown that Froude number (Fr) similarity and
Reynolds number (Re) similarity between model and prototype
conditions, can not be simultaneously satisfied for wind-
tunnel simulation [1]. For bluff bodies such as bridge decks
though, where drag is primarily pressure drag and flow
separation occurs at sharp corners, lift, drag, and moment
forces are relatively insensitive to Reynolds number
variation, as long as it is beyond the 300-500 range [2].
Experience has shown that for aerodynamic tests of bridge
models, Reynolds number similarity criterion may be violateg,
provided that A, is selected such that local Reynolds numbers
do not become too small (less than 300).



Force Measurement

Wind-tunnel force measurements are conducted by placing
the section model in the wind flow, with the section model
rigidly attached to a high frequency dual force-balance. The
two balance mechanisms, which are outside the direct influence
of the wind, enable accurate measurement of the 3 force
components (in x,y,z directions) at each end of the model. The
electronically measured force data is then recorded
automatically using a data acquisition system, from which the
data is further processed and reduced to mean values of lift
(L), drag (D) and pitching moment (M). These static mean drag
and lift forces can also be transformed to chord (X) and

normal (2) forces according to Equation (1) :

X
VA

Dcosa - Lsina (1)
Dsine + Lcosa

]

The orientation of these forces is indicated in Figure 1b. All

the aerodynamic forces are normally represented in terms of
the dimensionless coefficients defined in Equation (2) :

2D
Cp, = >
pV°B
C, = _2L
pV?B
c, - 2M (2)
p V2B?
sz 2X
p V2B
27
c, = 22
pV°B

The values in Table 1, are typical force measurements from a

wind-tunnel experiment conducted at the TFHRC Aerodynamics
Laboratory [3].

Flow Visualization

For experimental aerodynamic studies, smoke jets in air
and dye or bubbles water are two commonly used -flow
visualization methods. In both cases, a small-scale model of
the bridge deck is immersed in the flow field (a stream of dye
in water, or smoke in air), and the flow patterns or flow
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characteristics around the bridge model are captured using
various still or motion photographic techniques.

In the past, flow visualization studies have also been
accomplished by installing various velocity sensors on a
motorized traverse system, and surveying the flow field around
the section model. The vectors of the measured velocities are
then plotted, and the flow streamlines traced such that they
are at all times parallel to the vectors at adjacent data
locations. The plot of Figure 2a shows the streamlines
obtained by this method, during a wind-tunnel study at the
TFHRC Aerodynamics Laboratory ([4].

NUMERICAL STIMULATION (COMPUTER MODELING)

This computer simulation approach uses a numerical
scheme, that employs the finite-difference procedure in
solving the governing 2-D, unsteady, incompressible, laminar,
Navier-Stokes equatlons, in a Dbody-fitted curvilinear
coordinate system [5]. The grid generation technique used, the
governing equations both in the physical and transformed
planes, the finite-difference scheme, and results from

application to an actual bridge deck section are now
discussed.

Grid Generation Technique

The body-fitted curvilinear coordinate system is one in
which, at 1least one coordinate 1line coincides with the
boundary surface of the body in the flow field ([6]. This
automatically eliminates the need for interpolation in the
finite-difference implementation of boundary conditions for an
irregularly shaped body. This grid generation technique
involves the solution of an elliptic partial differential
system in the physical plane. To solve the system of
equations, a coordinate transformation from the physical plane
(x,Y), to a uniform rectangular computational plane (§,73) is
necessary. Mathematically, this transformation is stated as,

& =&y
n = n(xy) 3)

where the transformed coordinates (§¢,%) are the independent
variables, and the physical coordinates (x,y) are the
dependent variables. The elliptic system of equations solved
are either of the Laplace type or thé Poisson type, which are
both stated below:

non



Laplace Equation-

V2 g

=0
Poisson Equation-

After transformation of these equations to the computational
plane by wusing the chain rule. of differentiation, the
resulting form of the Laplace equation that is actually solved
for the grid point values are,

aX“ hd 2bX£q + Can = 0

aYVge = 2DYgq + CYyy = 0 (6)

Dirichlet boundary conditions, consisting of - the physical
coordinates of the body geometry and the outer flow boundary,
must be specified before the solution can proceed. The
coefficients a, b, c, are transformation metrics given in
terms of the following difference expressions,

a=xz+y’
X Xn ¥ YiVy (7)
. -

The functions P(£,7) and Q(£,7) in the Poisson equation are
chosen to enable the control of the grid lines within the flow
field. Thus, the grid lines can be clustered towards the body
surface where high flow gradients exist.

Flow Equations

Physical Plane - In the physical plane, the governing  flow
equations are the 2-dimensional, incompressible, laminar
momentum equations, and the continuity equation. . The
dimensional form of the flow equations are usually non-
dimensionalized with respect to the flow parameters of the
undisturbed flow region. The primitive variable form of the
non-dimensional flow equations are :

u, + v, =0

- - V2u
u, + uu, + vu, = -p, + To _ :
' | Yy | - (8)
Vv, + uvk*'VV&’f*Py+'ja; : :

Instead of solving the continuity equation, a new poisson
equation in pressure form is solved. The need for the poisson
pressure equation is to eliminate the pressure-velocity
coupling that exist between the momentum and continuity




equations. In the physical plane, the poisson pressure
equation solved is:

Vlp = 5, - 8, (9)

where,
— 2 2
Sp = —(u)? - 2vu, - (v)
3 =u, +v,
The derivation of this pressure equation ensured the
satisfaction of the continuity requirement. However, the

temporal term 6 is purposely not set to zero, to avoid
numerical instabilities that would otherwise occur [7].

Transformed  Equations - Before the flow equations can be
solved in the computational plane, the equation of motion must
be transformed accordingly. After introducing the applicable
transformation metrics into the equations, the form of the
transformed momentum equations solved are :

u-momentum-

uly, u; - ygu,) + vixuy - x,u) = TP
t J J J
10
YeD (aug; - 2buy, + cu.. + du, + euy) (10)
LSt I £¢ £n 1 n £
J Reg?
v-momentum-—
uly, ve - v vy) . vxev, - X,v) _ _ XDy
¢ . J J J
(11)
X, Dg . (aV“ - 2th +ovy, + qu + evg)
J ReJ?
Pressure Equation-
d Vip =5, - 8, (12)
where, Vepo (ap“—szh+cp'm+dpn+epc)
D= - 72
5 - - (Ve - yeu)?  (xv, - x,v)?
P J? o Jgz
z(ynVE - YeVy) (Xtun ~ X Ug)
~J2 .
5 = (YoUg = YeUy = X, Ve + X v,)
J



Boundary Conditions - The boundary conditions used for the
momentum equatlon at the body surface are the no-slip boundary
conditions i.e. u=0, v=0, and u=1, v=0 are specified at the
outer flow boundary. For the pressure equation, a Neumann type
boundary condition is specified at the wall surface, i.e.
specify dp/dn, and p=0 is specified at the outer flow
boundary.

Finite-Difference Scheme

The finite-difference formulation is based on an upwind-
implicit scheme. A backward difference is used in time, and
central difference expression used for the space derivatives,
except for the convection terms where a third order upwind-
difference expre551on is used instead [8]. For the u-velocity
convection term in the transformed momentum equations, this
third order upwind finite-difference expression is :

(59U au - e * 8 (u;,; — u;,) + u;,
281" 8 12A%F
(13)
Uz, — duy,, + 6u; —4u;, + u;,
Iu_il 4AE

The a; refers to the transformed form of the non-linear
velocity term in the flow equations of motion.

Wind Force Coefficients

The bridge engineer is often interested in obtaining the
wind-induced forces on a bridge deck section for design or
analysis purposes. The numerical simulation technlque just
presented, provides the force coefficients in 3 different
forms - pressure, mean forces, and instantaneous forces.

First, solving the time-dependent equations of motion
enables the instantaneous pressure coefficients, C_(t), to be
computed. The mean pressure distribution, C,, around the body
surface can then be obtained by calculating the time-average
of the body surface instantaneous pressures. Integrating the
mean pressures along the body surface, yields the so called
static mean force coefficients (C,,C ) - Summing the moment of
these forces about a given locatlon on the body produces the
mean pitching moment (C,). On the other hand, integrating the
instantaneous pressure coefficients over the body surface,
directly yields the corresponding instantaneous force
coefficients C,(t), C (t), and C,(t).

In addition, a fourier analy51s of these fluctuatlng and

time-dependent force coefficients, provides the engineer with
wind loading frequency data, useful for dynamic analysis in a




frequency domain. The data in Table 2 show an excerpt of
numerically computed instantaneous force coefficients, on a
bridge deck section model for a proposed cable-stayed bridge
across the Chesapeake and Delaware canal.

Computer Flow Visualization

The generation of computer flow visualization plots,
provide the bridge engineer with intricate details of the wind
flow characteristics at different stages of the flow
development. The velocities computed from the numerical
modeling are used to generate the flow streamlines, velocity
contour plots, and velocity vector plots. The contours of the
pressure distribution can also be plotted when this technique
is used. This pictorial representation of the distribution of
the flow parameters, allows the engineer to make appropriate
adjustments and modifications to the bridge model, in order to
minimize or possibly eliminate undesirable aerodynamic
effects. The plots in Figure 2b show computer simulation of
the flow streamlines around the Chesapeake and Delaware canal
bridge deck model.

CONCL,UDING REMARKS

Both of the wind flow simulation techniques employed at
the TFHRC Aerodynamics Laboratory have been presented. Since
traditional wind-tunnel testing involves a rigorous process,
that can be time consuming and expensive, the researcher must,
by necessity, be extremely selective in deciding the model
configurations to be investigated. The numerical simulation
approach was introduced to take advantage of remarkable
advancements in modern computer technology. Thus, providing
the engineer with another means for effective and rapid
evaluation of bridge model alternatives, and changes in
geometric details.

The limited availability of unsteady wind load data over
long periods of time from experimental simulation, can be
alleviated by the use of numerical simulation techniques. The
unsteady wind-induced forces and pressures most useful for
dynamic response analysis, are directly provided by numerical
simulation. Both techniques yield mean force and mean pressure
coefficients, commonly used for static wind analysis of long-
span bridge response. '

Comparison of the flow streamlines of Figures 2a & 2b,
clearly illustrates the inability of the experimental flow
visualization procedure to capture the details of the wind
flow patterns or wind flow characteristics. This is, perhaps,
one of the most useful features of computer simulation. By
visualizing the flow patterns on a computer at different



stages - of the. flow development, the engineer can make
appropriate modifications to the bridge model with greater
ease. ,

Since extensive verification of numerically simulated
aerodynamic force data has not yet been accomplished, use of
this technique is currently limited to a preliminary
investigative role. The computer modeling technique is
normally used to evaluate a wider range of alternative bridge
models, while wind-tunnel tests are reserved for the chosen
"final" configurations.
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EYMBOLS

X,Y,2 physical plane coordinates

body-fitted coordinates

velocity vector magnitude

horizontal & vertical velocity vector components
pressure

grid clustering forcing functlons
characteristic length-

length scale ratio

time

non-d1mens1ona1 time (V*t/B)

Jacobian of transformation ‘
transformation metrics or ‘scale factors
Reynolds number (pVB/pu)

gravitational acgeleratlon

Froude number (V /B#*qg)

resultant chord force per unit length
resultant normal force per unit length
drag force per unit length

lift force per unit length

pitching moment per unit length

-static mean force coefficients ;
Instantaneous force coefficients denamlc)
mean pressure coefficient (2Ap/pV°B)
Instantaneous pressure coefficient

right hand side of Poisson pressure equation
temporal term in Poisson: pressure equation
flow angle of attack :
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Table 2 . hamuml:aa Cosliciania for Cheapeake and Delaware Canal Bridge Deck (Re = mos,a a 0.0)

* Mean Force Coefficients

Section Model.

Body Ot Flow Paramaeters| Compulational Puamelers Force Coellicionts
of Fiow Angle Reynoldy Number | Non- Expenmontal
Seclion o | number ol Oim. c c c o
type Boundary | o ack Neration | Time L o] M AASHTO
{NDT) € Mean Valus
Chesapk.| Cucle NA NA o' | .0166 | 0019
and o ] . erma .-
Dolewars | @ C = 030
, 0.0t1 0. X ‘
Canal o Degiees] 3000 02 118 0.011 L
8000 00 0,363 0.082 0.026
Body 5 .
x10 0. 15000 1.5 0.355 0.090 0,115
Length ) P DI,
30000 3.0 0.951 0.052 0,082
a5x30 . - .
0.109
GRD s0000 | so0 | osw0 | <o | o6 | "
85000 65 0.279 <0.004 0.014
80000 8.0 0817 0074 0.073
100000 10.0 0.630 0.135 0.139
125000 | 125 | -oesz | ocwes | 0036 |G 0076
140000 14.0 0.507 0.320 0.141
150000 15.0 0.760 -0.009 0.033
from Wind=-Tunnel test of same Bridge
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Analytical Study on
Flutter of Suspcnsion Bridge

Hiroshi SATO') Ryuichl TORIUKI®

ABSTRACT

Flutter of a suspension bridge was numerically analyzed. In this
study, multi-mode flutter analysis was used instead of conventional 2-mode
(2-degree of freedom) flutter analysis. Unsteady wind forces acting on the
deck were taken into- account for the analysis. Conclusions are summarized
as follows:

(1)By employing wmultiple modes into analysis, a conplicated vibration
shape can be expressed. ‘ : )

(2)Critical flutter wind speed can be controlled by a combination of 3 or
more modes,

(3)The critical flutter wind speed depends on normal mode shape.

I. INTRODUCTION

.Yhen a suspension bridge is designed, aerodynamic stability of the
bridge is of the first fmportant item to be checked. Usually, wind tunnel
test in wuse of spring mounted model is used to evaluate the aerodynanmic
stability of the bridge. Analytically, 2-degree of freedom flutter analy-
sis is used., In these methods, the critical flutter wind speed is evaluat-
ed under following assumption: .

*Critical flutter wind speed is controlled by coabination of the Ist
symmetric bending mode and Ist symmetric torsionel mode.

*The node shape of these two modes should be similar to each other.

However, result of full model wind tunnel test shows that the shape of
vibration 1is not so simple. For exanple, the full model wind tunnel test
result of the Akashi-kaikyo Bridge is shown in Fig.1(ref.1). It shows the
shape of vertical vibfation is not similar to that of Ist syametric verti-
cal bending mode. In such a case, the critical flutter wind speed can not
be evaluated properly through conventional wind tunnel test , nor through
2-degree of freedom flutter analysis. The multi-zode flutter analysis can
be applicable to evaluate such aerodynamic characteristics of a suspension
bridse because rather complicated vibration shape can be expressed as a
result of combination of multiple modes. .. .

This paper outlines the method of multi-mode flutter analysis used in
this study, and presents some results of analysis to discuss the effect of
coupllng of lultlple lodes '

2. OUTLINE OF KULTI HODE FLUTTER ANALYSIS
2.1 BASIC EQUATION

The following aerodynaxic forces are assuled _
(1) Unsteady aerodynamic lift and zoment of deck due to vertical
bending and torsional displacezent of the deck.
. (2) Quasl steady aerodynamic drag force due to horlzontal bending dis-
placelent of . the deck ,

1) Or. of.- Ens . Head, Stchture Dlvlslon, Struéture and Bridge Department,
Public ¥orks Research Institute, Ministry of Construction, Japan
2) Ms. of Eng., Senior Research Englneer, ditto :
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In this analysis, aerodynamic force acting on the cables ¥xere not
taken 1into account. So, natural vibration modes where <cables’ anmplitude
doninate were eliminated intentionally. Otherwise, very low critical
flutter wind speed was calculated because aerodynamic damping due to aero-
dynamic forces acting on cables were neglected.

Unsteady aerodynamic lift and moment, quasi-steady aerodynamic drag
force are expressed as follows:

L=zpB*(Laxw?utL;ywu]l t+ rpB*[Lex w® ¢ t Loy 0w ¢ ']
M=rnpB*[Mix w*ut Mz 0ou'l + 7pB*[Mex @ ¢ t Moy 0 ¢ ')
D=—-—pH Cp U Y
vhere L :Lift M :Moment D :Drag
p *Air density B :Deck vidth H :Deck depth
w:Circular frequency Co:Drag coefficient U:Yind speed

sz\ Lu\ Len\ LOI
L{ll\ r\1ZI\ Mex\ B‘O]
" :Differentation vith respect to time

u. v. ¢ :Displacement (Yertical, Horizontal, Torsional)

:Unsteady aerodynamic force coefficients

The aerodynamic force coefficients are function of reduced frequency
k=f8/U (where fifrequency, U:wind speed) and angle of attack. For this
analysis, these coefficients were derived from the Theodorsen functions.

Displacement vector of deck of suspension bridge consists of u,v,$ as
vertical bending, horizontal bending and torsion of the deck. The dis-
placement vector and the equation of motion are expressed as follows:

u = (u.v. ¢)°
Mu tCuv tKu = F
there M_ C_ K : Mass,Darping, and Stiffness matrix
F: VYector of aerodynanmic forces (Lift, Homent, Drag)

The analysis wmethod of multi-mode flutter analysis is based on the
xodal flutter analysis method. For flutter analysis, 3-dimensional =model
of deck was used. For flutter analysis model, cables and towvers were not
included.

2.2 PROCEDURE OF THE FLUTTER ANALYSIS
Fig.2 shows a flow chart of this analysis.

At first, the structursl data, shapes of natural vibrational modes of
the deck, unsteady aerodynamic force coefficients(in this case, Theodorsen
function), and range of wind speed to be analyzed are inputted. [f neces-
sary, static torsional displacewment of the girder due to wind force can be
inputted and used so that aserodynamic forces corresponding to the angle of
attack may be applied. - . L

After calculation of reduced mass, wind speed is assumed, and static
torsional displacement due to the assumed wvind is calculated.

Rext, circular frequency is assumed. By calculating all the unsteady
aerodynamic forces acting on the deck under the assumed circular frequency,
all the coefficient of the equation of motion are given. The equation is
solved as a complex eigenvalue analysis and results complex frequency and
complex normal mode. The real part of the complex frequency gives the
circular frequency. |If the calculated circular frequency is not equal to
or near the assumed one, the assumed circular frequency is changed to the
calculated one, and we go back to the step of calculation of aerodynamic
forces (loop A). [If the calculated circular frequency is equal ‘or near the
assumed one, the imaginary part of the complex frequency gives the damping

£
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of the structure under assumed wind speed.
The assumed wind speed is Increased step by step (loop B) The lowest
wind speed of negative damping gives the ceritical flutter wind speed.

3. RESULTS OF HULTI-DEGREE OF FREEDOM ANALYSIS
3.1 OUTLINE OF SUSPENSION BRIDGE MODEL

In this study, a single-span suspension bridge:with box-girder whose
span length is about 1,000s was used as a analysis model (Fig.3). The deck
is divided 1into 85 elements longitudinally. Table.l and Fig.4 show the
gtructural properties and dynamic characteristics of the model.

3.2 CASES TO BE ANALYZED

Table.2 shows the cases to be analyzed., In the Case 1, 18 modes out
of the lowest 25 modes were used. The 7 modes where cables' amplitude
dominated were eliminated. In the case 2, only 2 modes were used i.e. Ist
syametric vertical bending rode and lst synmmetric torsional mode. The case
2 is equivalent to conventional flutter analysis with 2-degree of freedon.
In the case 3, 2nd‘symmetric torsional mode were added to the case 2. Frox
case 4 to case 6, some of the mode shapes are changed 1into sinusoidal
shape 1in order to discuss the effect of mode shapes. From the case T to
case 9, the frequency of 2nd symmetric torsional mode is changed into 0.25
Hz from 0.21Hz in order to discuss the effect of natural frequency. Fig.4
showvs the shapes of natural modes and sinusoidal shapes used in this study.

Table.2 also shows the critical flutter wind speed calculated.

3.3 EFFECT OF CHOICE OF MODES

Fig.b shows the result of case 1,2, and 3. The critical flutter wind
speed of Case 2 , 104.5 B/s is much higher than that of .case 1 , 85.2 afs.
The ecritical flutter wind speed of Case 3, 84.8 E/s is very close to that
of case 1. These results indicate that the critical flutter wind speed of
this bridge is controlled by the combination of 3 mode, i.e. lst symmetric
torsional mode, Ist and 2nd symmetric vertical bending modes. The flutter
vibration shape of casé 1| (Fig.6) also suggests that the 2nd symmetric
vertical bending mode dominates together with the lst symmetric torsional
and vertical bending modes. From the flutter vibrational shape shown in
Fige.6, it seems that the multi-mode flutter analysis can represent a con-
plicated vibration shape.

3.4 EFFECT OF MODAL SHAPE

Fig.7 shows the result of case 2,3,4,5 and 6. The wcritical flutter
vind speed of case 4, 89.0 u/s is lower than that of case 2. This wmeans
the coupling effect of the Ist torsional mode and sinusoidal shaped Ist
sysmetric vertical bending mode Is stronger than that of the 1st torsional
sode and Ist symmetric vertical bending mode (original shape). The criti-
cal flutter wind speed in case 5, 81.8 n/s, which is lower than that of
case 3, Indicates that the coupling effect of the 3-modes in case 5 is
stronger than in case 3. On the contrary, the critical wind speed of case
6, 89.0 n/s is higher than that of case 3, 84.8 8/s and near that of case
4, 89.0 n/s. This means that the 2nd symmetric vertical bending =mode is
not effective when the shape of the Ist and 2nd syametric vertical bending
nodes are changed into sinusoidal shape.

Froe these results, it seems that the shape of natural wmodes are
strongly affect the critical flutter wind speed, and affect the combination
of modes which control the flutter vibration.



3.5 EFFECT OF NATURAL FREQUENCY

In case 7,8,9, the natural frequencies of the 2nd symmetric vertical
bending =®ode were changed from 0.21 Hz to 0.25 Hz, almost =iddle of those
of Ist synwmetric torsional mode and Ist symmetric vertical bendins pode.
Fig.8 shows the results of case 7,8 :and 9. ‘

The differences in critical flutter wind speeds betreen case 17,(82.4
B/s) and case 3,(84.8 u/s), case 8,(82.0 n/s) and case 5(81.8 ®/s) ‘and case
9,(89.0 u/s) and case 6,(89.0 I/S) are small respectively. The rodal
shapes in.the couple of cases compared above are .the same. .

From these results, It seems that the effect of the natural frequency
of 2nd symmetric vertical bending mode on the critlcal flutter vind speed
is not so strong In this case. . :

4. CONCLUSION

Flutter characteristics of a suspension bridge was évaluated through
nulti-node flutter analysis. .Through this analysis, the coupling effect of
multiple modes, effect of modal shapes; and effect of natural frequency on
the critical flutter llnd speed were studied - The conclusion obtained are
as follows:

(1) Kulti-node flutter analysis can express the co-plicated vibration-
al shape as 8 result of cosbination of multiple modes. . .

' (2) - As far as the suspension bridge anaslyzed in ‘this studv ‘is c¢on-
cerned, the critical flutter vind speed and flutter vibration shape &are
controlled by <coupling of. 3 natural amodes i.e. _Ist sylletrlc torsional
sode, and Ist and 2nd symmetric vertical bending modes.

(3) As far as the suspension bridge analyzed in this study is con-
cerned, the critical flutter wind speed depends on the shape .of  natural

modes.
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Table 1

Properties of the Model

1,030 o

Span Length
Type of Deck BOX
Weight of Deck - 17.49 ton/m
Width of Deck 32.3 m
Depth of Deck 4.3 m
: ' Natural Frequencies -
Horizontal Bending 1st symmetric 0.068 Hz
Vertical Bending 1st symmetric 0.158 Hz
' 2nd_symmetric 0.211 Hz
Torsional - 1st symmetric 0.366 Hz
Table 2 Cases to be Analyzed
Combination of modes used in analysis Critical Flutter’
Torsional Vertical Bending Wind Speed
1st symmetric | 1st symmetric l 2nd symmetric (m/s)
Case 1| 18 modes including above mentioned 3 modes 85.2
| Case 2| - O _______|_______ O JEN S R 104.5 ________
(Case 3) O _______|_______ O . j.....O | _ .88 .
[Case 4 O _______|_____: Sine_____ | ... |......89.0 ____ ___
| Case 5| O 4l ] Sine.____y O ____.|._._.8.8 .
| Case 6 O _______|_____ Sine ___ | ____Sine_____ | __ _.89.0_ _______
(Case T4 O _______|_______ Q. ._...J..O_(0.25 Hz) | 824 __ ____
(Case 8| O _______|_.___. Sine._____|. O _(0.25 Hz) | 820 ____ ___
Case 9 O Sine Sine (0.25 Hz) 89.0
Note d — + not used

: used
Sine : changed the shape into sinusoidal shape
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Fig.2 Procedure of Flutter Analysis
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Abstract

In Nagoya, Japan, three long-spanned cable-stayed bridges are
taking shape.- They are named, respectively, West Bridge, Central

Bridge, and East Bridge, or collectively Nagoya Port Bridges. The
latter two are in the process of construction of their substructures

where as West Bridge, or more exactly Second West Bridge to be paired
- off with First West Bridge completed in 1984 and now in use, is going
to be built standing side by side with the senior. All of these
bridges are scheduled for completion in 1997.

As for Central Bridge, which is the largest of the three in span
length, its aerodynamic stability was carefully evaluated at the design
stage through a series of wind tunnel test using the scale models of
its girder, tower, and entire bridge structure. This paper reviews
specifically the experimental studies made of Central Bridge for the
evaluation of its’ aerodynamic stability.

1. INTRODUCTION

Nagoya is one of the promlnent cities in Japan. JH ( Japan
Highway Public Corporation ) is currently engaged in the construction
of Nagoya Port Bridges there. They consist of three cable-stayed
brldges, named Hest Brldge, Central Brldge and East Brldge, as shown
in Figure 1.

First West Brldge, already.ln-place built back in 1984, is a
cable-stayed bridge measuring 405 m in center-span length. In the
evaluation of “its aerodynamic stability- at the de.ign stage, scale—
model testlng of the girder and tower was carried out in laboratory
wind tunnel..  In the scale-model testing, the" girder was fitted with -
a parapet equlpped with a vortex generator and also the tower of open-—
top construction was employed as showed in. Figure 2. 1In the process
of construction: at- the ‘site, -the bridge 'stay cables were found to

vibrate from the effects of wind accompanied by rain, which phenomena
was called as "Rain-Wind Induced Vibration". This stay cable vibration
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problem is resolved now by tying with wire the stay cables different
in length and hence in mode of vibration.

Second West Bridge, included in the Nagoya Port Bridges
construction project now under way and planned to stand side by side
with First West Bridge, is to be paired off with the latter bridge and
together called simply West Bridge. These two bridges are very similar
to each other in their shape.

In designing Central Bridge and East Bridge, the bridge girder
was increased in width to accommodate the increase in traffic as well
as to provide a space for installing the cable-vibration damper. And
as for the tower, the shape is different in these bridges depending on
the span length. Then a series of wind tunnel test was to be conducted
as described in the following chapters [1].

2, AERODYNAMIC CHARACTERISTICS OF GIRDER

The girder of Central Bridge and East Bridge was planned to have
the same shape. To determine the girder design required, the wind
tunnel test with a two-dimensional model representing the girder cross
section was performed mainly in the uniform air flow. After a series
of wind tunnel testing, the girder was designed to have the cross
section of the type shown in Figure 3, with due reference to the design
employed for Ikuchi Bridge, which had been constructed by Honshu-—
Shikoku Bridge Authority. Then at the last stage of wind tunnel
testing, it was found that a small rail track for the maintenance car
would effectively restrain the girder resonance with vortex excitation.
This chapter reviews the effect of this small rail track.

2.1. Model for wind tunnel test

The sectional model shown in Figure 4 was employed in the wind
tunnel testing was 1/35 in scale, measuring 2.7 m in cross—sectional
span. The model was fitted with a side plate at either end and
supported by eight coil springs from the wind-tunnel wall outside the
path of air flow. Vibration parameters were adjusted as shown in Table
1. The ratio between the torsional frequency and heaving frequency was
exclude from simulating conditions employed, because the ratio between
the two frequencies with the actual bridge was so large that coupled
vibration of these modes was assumed not to occur.

Since it was considered that with the girder cross section of
streamlined profile, provision for a small vortex generator on the
girder bottom surface would effectively restrain the girder resonance
with vortex excitation, the rail track for maintenance car was
installed at the bottom of the girder.

2.2, Effect of rail track fitted at the bottom of the girder

Table 2 shows for comparison the response of the girder cross
section of basic design and that of the girder modified for restraining
the vibration. The cross section of basic design remains free of
flutter but resonates with vortex excitation depending on the angle of
attack. More specifically, heaving mode of resonance with vortex
excitation occurs when the wind blows upward at 0° to 7° in angle of
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attack and at the speed of about 7 m/s. Also, torsional mode of
resonance with vortex excitation takes place at the wind speeds of
about 10 m/s and 25 m/s, with its amplitude reaching 0.2 degrees when
the angle of attack is less than 7 degrees upward.

With the maintenance car rail track on the girder bottom surface,
however, the resonances with vortex excitation are almost restrained.

3. AERODYNAMIC CHARACTERISTICS OF TOWER

The tower of Central Bridge, measuring about 190 m in height, is
of construction flexible in the direction perpendicular to the bridge
axis not only in the construction process but in the completed state
as well, In the direction of the bridge axis, however, the tower
becomes rigid once the stay cable are connected to the bridge girder.
Accordingly, the wind tunnel test was performed to determine the tower
aerodynamic stability under exposure to wind blowing the direction of
the bridge axis in the completed state [2].

3.1. Model for wind tunnel testing

The model employed to represent the bridge tower was 1/100 in
scale and of aeroelastic construction as shown in Fiqure 5. To
simulate the modes of vibration of the completed tower, .dd-on spring
was attached to the top of the tower. The logarithmic decrement of the
model was adjusted to 0.02. )

3.2. Test results

The test results obtained are shown in Table 3. The originally
designed tower, which had a rectangular cross section in its column,
experienced the galloping vibration when subjected to the wind blowing
in the direction of bridge axis at the speed of about 35 m/s.

However, the tower with its column modified to have an octagonal
cross section restrained the galloping vibration, and the vortex-
induced oscillation was also not observed. Then this type was decided
to be adopted for Central Bridge.

3.3. Tower of East Bridge

In East Bridge, its tower is about two thirds the size of that
of Central Bridge. The galloping oscillation was also found to occur
in this tower, and it was restrained by changing the tower lateral beam
position showed as Table 4 [3].

4. AERODYNAMIC CHARACTERISTICS OF CENTRAL BRIDGE IN CONSTRUCTION STAGE

The construction of Central Bridge consists of suspending the
bridge girder with cables from the tower on either side and extending
the girder length progressively without midway supports and with care
“for the balancing. At the final stage, the suspended girder length
reaches near 300 m on either side of the tower.  The entire bridge
structure becomes flexible and the natural frequency of the 1st heaving
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mode decreases to about 0.1 Hz in this state,.
4.1, Model for wind tunnel testing

A 1/120 scale aeroelastic model of the entire bridge structure
shown in Figure 6 was used in the wind tunnel test. This model was
made up of wooden blocks simulating the bridge-girder structure and a
length of metallic rigid bar simulating the girder axial rigidity. Two
each of cables used for the actual bridge were bound into one for model
application for simulating the cable extensional rigidity and, besides,
the cables were covered with the silicon tube for simulating the drag

cause on the cable, At the base of the tower, a truss—stiffened
support, with attention in greatest possible detail to the model
design.

The model vibration characteristics were found to satisfy the
Froude Number similarity as well, as shown in Table 5, with the girder
deformation being subject to the gravity.

4.2. Turbulence in the wind tunnel

The topography surrounding the Central Bridge construction site
is relatively free of undulations. In the wind tunnel test, therefore,
two types of air turbulence were generated, one of which was the
boundary—-layer turbulence produced by means of spires and roughness
blocks which were installed up-stream of the model and the other was
the active turbulence produced by oscillating into irregular pitching
motion the rows of airfoils at the wind tunnel air nozzle (4}.

The turbulence characteristics of these two kind of turbulent
flow is showed in Table 6. Though these turbulence were almost the
same in intensity, the boundary-layer turbulence was slightly smaller
in scale than the active turbulence. Figure 7 shows the distribution
in height of air speed and intensity of turbulence of the boundary-
layer turbulence. The power exponent of the air-speed distribution was

adjusted to 1/6 of what actually would be, with due reference to the:

wind speed measured at the construction site.

The most significant difference between the abovementioned two
types of turbulence is in the span-wise correlation of the vertical
component of turbulence as shown in Figure 8. The span-wise
correlation of the vertical component of koundary-layer turbulence
greatly varies with the distance, and when tns distance is in excess
of 0.5 m in the wind tunnel the region indicating the negative
correlation is created.

With the active turbulence, on the other hand, the span-wise
correlation of the vertical component can be controlled. That is,
oscillating all the rows of airfoils into pitching motion at the same
time relative to the entire span of the bridge model produces a high
level of correlation whereas oscillating the rows of airfoils
independently relative to five spans of the bridge model results in a
low level of correlation.

4.3. Response in uniform air flow

As shown in Figure 9, the response in uniform air flow indicates
vertical 3rd and 4th modes of resonance with vortex excitation. Any
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destructive phenomena characterized by divergence or flutter was not
observed.

If the resonance had been the result of exciting force acting on
the girder, the 1lst and 2nd modes of vortex—excited resonance also
should have taken place. According to the estimation of the wind speed
of resonance, the 1lst mode may occur at the wind speed lower than the
minimum value which can be examined in this wind tunnel testing.
However, the 2nd mode, whose wind speed of resonance should be high
enough to be observed, could not be found. To explore the mechanism
of such a resonant vibration, the wooden blocks fitted to the tower
were taken away. Then, the vortex-excited resonance did not occur any
longer, and it was decided that the cause of the vibration had been the
exciting force acting on the tower.

4.4. Response in turbulent flow

Table 7 shows the response that took place in boundary-layer
turbulent flow when the horizontal angle of air flow B was changed.
The change in horizontal angle of air flow did not cause appreciable
change in the amplitude of buffeting that is claimed to occur by
Reference [5]. Table 8 shows the response that took place in active-
turbulent flow. The span-wise correlation of the vertical component
of turbulence was varied to find out its effect on the buffeting
response.

The vertical 1st mode of buffeting response in which the girder
extensions on both sides of the tower vibrate in the opposite direction
was found to decrease with the increase in coefficient of span-wise
correlation of the vertical component of turbulence. However, the
vertical 2nd mode of buffeting response in which the girder extensions
on both sides of the tower vibrate in the same direction was found to
increase with the increase in coefficient of correlation.

It was found, in other words, that the amplitude of buffeting
response varies with the coefficient of span—-wise correlation of the
vertical component of turbulence and that the effect of the correlation
coefficient also varies especially with the modal shape such as in-
phase or out--of-phase mode.

As stated in the foregoing, it was found that the buffeting
response would be sensitive to the change in coefficient of span-wise
correlation of the vertical component of turbulence. The most
important consideration concerns just what natural wind spatial
distribution characteristics are like.

In this case, since the topography surrounding the construction
site is relatively free of undulations, the bridge buffeting response
was calculated employing the Karman’s coherence function and taking
into account the three—-dimensional effect of the admittance function
on the girder. The calculated response is shown in Figure 10 together
with the results obtained through the wind tunnel testing for
comparison,

5. CONCLUSION

1. Through the wind tunnel testing performed to ensure the girder
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aerodynamic stability, it was confirmed that appropriately streamlining
the girder basic cross-section profile and fitting a small member of
rail track to the girder bottom would produce the girder capable of
offering a fairly high level of aerodynamic stability.

2. As for the tower aerodynamic stability, it was confirmed that
employing the tower column with octagonal cross section would prevent

the galloping vibration that could otherwise take place even after the
completion of the bridge.

3. The wind tunnel testing with a scale model of the bridge in
construction process with the girder extensions on both sides of the
tower confirmed that though destructive vibration characterized by
divergence or flutter would not occur, the tower could cause the
vortex—excited vibration of the whole bridge in smooth flow.

In turbulent flow, the buffeting-vibration amplitude was found
to be highly susceptible to the spatial correlation of the vertical
component of turbulence, and the wind tunnel testing showed that the
vibration amplitude would greatly vary with the boundary-layer
turbulence or active turbulence generated. in the wind tunnel.

It is also planned that the bridge construction by progressive
girder extension be carried out avoiding the typhoon season and that

architectural precautions be taken to readily cope with unexpected
accidents.,

In particular, among others, is deemed as an important
consideration for the construction of large cable-stayed bridges now
on the drawing board in Japan. In cases where the projected
construction site topography features rugged undulations, very careful

study in warranted as regards the effect of spatial correlation
characteristics of wind on the bridge.
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Figure 2. The cross section of girder of First West Bridge
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?igure 3. Cross section of girder. Figure 4. Sectional model of
' girder.
‘Table 1 _ ‘
Test conditions of 2D sectional model of girder
Item Prototype | Hodel
Bridge - Required Measured
Height 271,7 kN/m -598.8 N/model  598.9 N/model
Ineteria Moment 27.62 MN-m  49.69 N-n?/model 49.69 N-n2/model
Natural Heaving 0.177 Hz —_ 1.920 Hz
Frequency  Torsional 0.668 Hz 5.134 Hz
Logarithmic Heaving unknown 0. 02 0.02
Decrement  Torsional  unknown 0.02 0.02
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Table 2
Response of girder sectional model

Angle of gy ' . .
attack (deg. ) Basic design Hith maintenance car rail track

Arplitude
(1n/8) (deg.)

«—— ] Torsional (dez.)

+7 - Heaving (n/B: B=35.5¢)
o / 1 N\ ~ M
0.000 WA - ——— Asn : ; .
0 20 40 60 80 0 20 40 60 80
¥ind speed(e/s) ¥ind speed(n/s)
45 0.011 1 . ]
0.000 £ v Y y v v ¥
0 2 40 60 80 0 20 40 60 80
¥ind speed(n/s) i ¥ind speed(a/s)
43 0.01 17
0.00 oLl e . . ' r ;
20 40 60 80 0 D 4 60 80
0.01 L ¥ind speed(n/s) | Xind speed(n/s)
0.00 oL fA_ A . r . ' ; T
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Yind speed(u/s) Yind speed{n/s)
-3 0.01 H .
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2 Xind speed(u/s) ¥ind speed(n/s)
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00— Y ‘(—'—-’;; 0 I?o [ 60 80
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Figure 5. Reroelastic model for tower.
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Table 3
Response of the tower in uniform flow

Response of the tower
Original Modified

Mode of vibration

— + Perpenudicular to the Asplitude Asplitude
Bridge axis (o)

) (n)
0 . Ar’//}\‘“ ol AN
2 4 60 __ 8 0 2

0 60 80
Yind speed(v/s) Yind speed(n/s)
——— : Along the bridge axis $am
S.2m | Smm T ]Lom I F:
I 1 :‘ r I 1
: | 33 U
] 3 \_J
I &l i
Table 4
Response of the tower of East Bridge
Type _ Original Modified
Shape 8
i
Upside down - Y type
HAS
Mode of vibration f i
(free standing state) i :
£L
A:zpl(imt)ude A.'apl(llasude
4 4
-t ]
Response )
(Along the bridge axis)
ol . . , 0 . .
) 20 40 60 . 0 © 20 40 60
Hind speed (m/s) Wind speed (m/s)
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Figure 6. Aeroelastic model.

Table 5
Characteristics of vibration of model

Natural Frequency (Hz) Logarithaic

¥ode Yodol f Decrement &
il neasure
Prototype (Required)
Yertical st 0.0948 (}.8}) 0.023
2nd < 0.4167 (‘;'gg) 0.015
L | 0. 4744 (g' gg) 0.017
IS W"n»a" '_1 .
4th e, | . 6.75
- qs 06465 o 0.017
HOI‘iZOﬂtal lst S { . ."-. - 0.1280 (11-433) 0-016
2nd —— 2.44
| . . 0.2321 (2. 54) 0.010
forsional st ([ peies 0.5784 3% 0.015
Table 6
Turbulence Characteristics
Turbulence Turbulence Intensity (%) Turbulent Scale (m)
Longitudinal Vertical Longitudinal Vertical
Boundary Layer 14 7 130 20
Rotary airfoils 13 7 470 50
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Table 7

Response in boundary layer turbulence

B8=0 deg. 8=30 deg. 8=90 deg.
ICi G} Cl
§ g Peak §
21 31 =3 Peak
g 8 F e
11 11 11
o Res Res
0 . . . 0 . . . 0 “ . .
0 20 40 60 20 40 60 20 40 60
¥ind speed(e/s) ¥ind speed(a/s) ¥ind speed{n/s)
Table 8

Response in turbulence generated by rotating airfoils

Vertical 1st

Vertical 2nd

Pask Rus
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I K
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s g e * Boundary layer
= -<
' / 1

-’-‘-—
. /..
-:P’.
0- 0 y A
0 0 20 40

60 80
¥ind spsed(n/s)

60 80
¥ind speed(n/s)

C In boundary layei/;vn\_7,’
g ' anadl
3 [
£ JRotary airfoils-i /
o . o
& | (independent) Al/
1.01 i

i

Calculated

Rotary airfoils
(sicultaneous)

04 20 10

Figure 10.
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SUMMARY

An asymmetric girder cross section and an H type tower are employed for the
construction of Nakajima bridge (provisional name). From the structural characteristic of the
bridge and the condition of the bridge site, wind tunnel tests and natural wind observations
were carried out to verify acrodynamic stability of the bridge. The paper describes an outline
of the section & full bridge model tunnel tests and field observation of natural wind.

INTRODUCTION

Nakajima Bridge (provisional name) is planned to be built at the mouth of Nakajima
River. Its bridge type is a three-span continuous (336.5m = 84.5m + 163m + 89m) cable-
stayed bridge (Fig. 1). The characteristics of the bridge are as follows:

- 1) It may be expected that wind blows at the right angle to the longitudinal direction of
the bridge.

2) As the deck is located at about 26m above sea level, there may be less wind
turbulence, however the turbulence may become stronger by the surrounding
condition of the site.

3) The condition of the bridge site restricts the cable arrangements at certain poruon

"~ above the center span.

4) The configuration of the girder is asymmemc and the glrder helght changes in
longitudinal direction of the bridge.

5) Bent erection cannot be applied for all spans due to river conditions, adoption of
balancing construction method is planned as its alternative. -

- Considering above conditions, it was planned that aecrodynamic stability of the bridge
would be conﬁrmed by the ‘wind tunnel tests and natural wind observauon should be carried
out. : oo : :
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The paper describes an outline of the section & full bridge model wind tunnel tests and
field observation of natural wind to verify acrodynamic stability of the bridge [1].

SECTION MODEL TESTS OF THE GIRDER

Section model tests were carried out using 1/40 scale girder models (Fig. 2). Type 1 is an
original section with cable anchor brackets and Type 2 is its alternative with fairings. Type 3
is a section of the side span without cable anchor brackets.

Asymmetry of the girder section and discrepancy of the shear center and the gravity
center (Fig. 3) may affect the aerodynamic stability. Therefore the aerodynamic responses
were examined changing the following test conditions respectively.

1) Configuration of the model (e.g. Type 1, Type 2, Type 3)

2) Position of rotational center (e.g. Rotational center as shear center, gravity center, 1/2

point between shear and gravity center)

3) Direction of the flow (e.g. Upstream, Downsiream)

4) Angle of attack (e.g. 15, £3, 0 degree)

Fig. 4 shows the typical test results of Type 1. The vortex-induced oscillation of bending
mode appeared at about 15m/s and that of torsional mode appeared at about 40m/s. Flutter
occurs at the high wind speed of about 90m/s. Following results were obtained from the tests.

1) The larger oscillations appeared in case of the upstream wind and 3 or 5 degrees of
angle of attack in Type 1, 2-3, 3.

2) The vortex-induced oscillation for bending mode appeared in Type 1, 2-3, 3.

3) The vortex-induced oscillation for torsional mode appeared in Type 1, 3.

4) Except Type 2-3, fairings could be expected to suppress oscillation sufficiently.

5) Wind tunnel tests were carried out using such kinds of rotational center as shear
center, gravity center and 1/2 point between gravity center and shear center. There are
few differences in the response among them, therefore shear center was adopted as
rotational center.

3-DIMENSIONAL WIND TESTS OF THE TOWER

To investigate the aerodynamic instability and the vibration of the tower for erection
stage, 3-dimensional tower model (scale: 1/50) tests were carried out. The effect of structural
damping was investigated to use a mechanical damper.

Fig. 5 shows the principal vibrational modes and frequencies of the tower. The first and
the 5th mode are out-of-plane modes; the second and the 4th mode are in-plane modes; the
third mode is torsional mode.

Fig. 6-(a), (b) show the typical responses of the test. As structural dampings of these tests,
0.01 in logarithmic decrement was employed. The first, second and third mode oscillation
were appeared in the wind perpendicular to the bridge axis. The second and 4th mode
oscillations were appeared in the wind parallel to th bridge axis. Fig. 7-(a), (b) show the
relation between structural damping and responses. Each response was suppressed on
condition that structural dumping = 0.04 or more.

The tests were also carried out using the tower model that has one type of aerodynamic
damping device as shown in Fig. 6. The Aerodynamic damping device suppresses the second
and 4th mode oscillations, however it could not suppress the first and 3rd mode oscillations. It
is known that two rectangular cylinders that arranged in tandem have some complex
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oscillations. Therefore, the oscillations of the tower of Nakajima Bridge may be affected by
the arrangement in tandem.

FULL BRIDGE MODEL TESTS

Test Conditions

The test conditions are as follows:

Model:  Full bridge model with scale 1/50 were used.
Fig. 9 shows the girder section and it corresponds to Type 2-2 in Fig. 2.
The dimensions of the model is shown in Table 1.
The frequencies and modes of the model, which are important to verify
aerodynamic stability, are shown in Table 2 and Fig. 10, respectively.

Wind: Smooth flow & Boundary layer turbulent flow

Wind direction: Upstream & Downstream (Fig. 2)

System:  Bridge completion step and the following erection steps (Fig. 9):
Erection step 1 (maximum canti-lever length in the center span)
Erection step 2 (maximum canti-lever length in the side span)

Facilities: Hitachi Zosen’s wind tunnel (W x Hx L =8 x3 x 23m)

Test Results

Some examples of V-A (i.e., Velocity vs. Amplitude) curve are shown in Figs. 11~14.
Fig. 11 shows the 5th mode of vertical bending oscillation of the girder. This vortex
excitation occurs only in the upstream flow and it disappears when the fairings are installed
along the all edge girders.

Fig. 12 and 13 show the galloping oscillations which contain the first and third in-plain
modes evoked by the wind of the bridge axis direction.- The oscillation will completely
disappear when the corner cut (b/D=1/7) is attached.

The Fig. 14 shows the buffeting oscillation which mainly consists of the vertical bending
mode in the turbulent flow. The balancing erection method is used for the erection step 2. The
amplitude of the first vertical bending mode was 74cm at the design velocity 38.5 m/s. The
stress by the oscillation is not high however the erection machinery on the girder may become
unstable. Therefore the oscillation must be reduced.

The following countermeasures are decided to reduce these harmful oscillations: the
comner cut is applied for the tower and the active control device with fuzzy control will be
installed on the tower top not only to resist tower oscillation during its free-standing stage but
also to resist girder oscillation during its erection steps.

NATURAL WIND OBSERVATION

Natural wind has been observed by the ultra-sonic anemometer at the bridge site. The
observation hut is installed near the pole with the anemometer. Wind records have been kept
in opt magnetic disk files automatically. Observation starts at regular time and at strong wind
(above 10 m/s). The observation started from the middle of October in 1991. Measurement
items are as follows:

1) maximum wind velocity, 2) mean wind velocity, 3) gust factor, 4) mean wind
direction, 5) mean angle of attack, 6) intensity of turbulence (horizontal and vertical) and
etc.
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RESULTS OF OBSERVATION

Examples of observation results during the period from March 1992 to February 1993 are
shown in Figs. 15 ~ 17. Wind possibility of NE direction is high (Fig. 15) therefore careful
attention should be paid for wind resistant design. All data were divided into 16 wind
directions and for these directions Weibull parameters were identified (Fig. 16). Intensity of
turbulence has strong relationship to both wind direction (Fig. 17) and Weibull parameter (C).
The relationship between inverse of Weibull parameter (C) and intensity of turbulence (I) is
shown in Fig. 18. U is along-wind. Fig. 18 indicates that 1/C is proportional to I,, therefore
Weibull parameter (C) is influenced by the surroundings of the bridge site.

CONCLUDING REMARKS

Aerodynamic stability of Nakajima Bndge is being assessed by wind tunnel tests and
observation of natural wind.

Wind stability of the bridge is confirmed for both the completed brldge and during
erection by the section & full bndge models.

ACKNOWLEDGEMENT

The authors extend sincere appreciation to Prof. N. Shiraishi, Department of Civil
Engineering, Kyoto University, for his valuable suggestions on this study.

REFERENCE
[1] M. Kamei, M. Kawakami, K. Ikushima, M. Hosomi and H. Tanaka, “Wind Tunnel Test

& Natural Wind Observation for Nakajima Bridge” the Second Japan-Korea Joint
Seminar on Steel Bridges, Tokyo, Japan, July 20-21, 1992, pp.229-234.

— 126 —

. il
s L G2 st g o e XN
TRV A T e T s i e S Y

Atk




Side View

22 500 - 336 500
2500 8{ 500 16) 000 88 £00
8 8)8

4

L a Fairway i
Cross Section Tower
- 14 500
wa} 000 10 500 600
T :
O] 2
[ ) JE——
2 g
P al“
el P
<
[ e )
a
:21.

Figure 1 Nakajima Bridge -

— 127 —



Figure 2 2-D Model Sections
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Table 1 Dimensions of model

Unit Required values Realized values

Length mm 6.730 6,730

Girder height mm 48 ~ 80 48 ~ 80

Girder width mm 290 ~ 306 290 ~ 306

Tower height mm 1,420 1,420

Girder weight gf/mm 5.13~17.81 5.13~7.81

Girder mass moment gf-mm%/mm | 47.533 ~ 136,363 47,533 ~ 136,363

Girder vertical stiffness gf-mm? (1.73~8.52) x 1010 | (1.88,3.13)x 1010

Girder lateral stiffness gf-mm? (3.12~16.7)x 101! | (4.08,5.96)x 10 11

Girder torsional stiffness | gf-mm? (1.43~9.97)x 1010 | (1.60,2.54) x 10 10

Tower mass gf/mm 0.74 ~2.11 0.74~2.11

Cable (EA) gf 235,000 ~ 412,000 330,000

Table 2 Frequencies of completion system
Prototype Model
Required values | Realized values

1st vertical bending mode of girder 0.502 2.37 2.39
Sth vertical bending mode of girder 1.841 8.68 8.54
1st torsion mode of girder 2.249 10.60 11.40
1st in-plain mode of tower 0.759 3.58 342
3rd in-plain mode of tower 2.219 10.46 9.13
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Aerodynamic Stability of Trans—Tokyo—Bay Highway Bridge

Y.Shioi!?.Y.Yoshida?’,K.saga3’
1)General Manager of Design Department,
Trans-Tokyo Bay Highway Corporation,Tokyo, Japan
2)Manager of Bridge Design Division,
Trans-Tokyo Bay Highway Corporation,Tokyo.Japan
3)Bridge Design Division,
Trans-Tokyo Bay Highway Corporation,Tokyo, Japan

Summary

Trans-Tokyo Bay Highway Corporation carried out an investigtion of
aerodynamic stability of 10-span continious steel box girder. which has
maximum main span length 240 m and the girders length 1630 m.

A wind tunnel test of 2-dimensional model showed that the galloping
and the vortex-induced oscillation shall occor, as had been predicted by
computer simulation. In order to obtain more precise data, a wind tunnel
test of 3-dimensional aero-elastic model was carried out, representing
the entire 10-span box-girder. Contrary to the result of 2-dimensional
model test , only the heaving mode of vortex-induced oscilation was
observed without galloping vibration. It is considered that the aero
-dynamic oscilation of the adjacent span had restrain the main span of
the bridge.

Therefore, Tuned Mass-Dumpers are designed to decrease the vibration of
the girder. The measurement of aerodynamic response of the actual girder
nust be done before the opening. of the whole Trans-Tokyo Bay Highway,
and the TMDs shall be installed into the box girder if such a vibration
will occur.

1. Introduction

The Trans-Tokyo-Bay nghway ~is a 15 km toll highway which runs across
the central part of Tokyo Bay from east to west connecting Kawasaki city
and Kisarazu city. The Highway consists of an approximate 10km tunnel
and a 5 km bridge. Two artificial islands, one at the midpoint of
undersea tunnel, another at the: junction of the tunnel and the bridge.
The Bridge is 4.4 km long with 42 piers. The navigation areas are where
the water depth is about 20 m, and the bridge span is extended up to 240
m. The layout of the bridge is shown in Fig-1 and Fig-2. The steel box
girders with orthotropic steel decks. have been adopted as super
-structure of ‘the bridge, because of. its 1light weight and short
construction period. The maximum web height is 10.5 m and the deck width
is 22.9 m, which serves dual two lane carriage ways in the first stage,
and extra two lanes are planned to-be attached in the future. The cross
section of the super-structure is:shown in Fig-3.

The Bridge is de81gned to be long contlnuous girder in order to improve
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both seismic stability and road surface smoothness. Then., ultra long 10
-spans continuocus girder was adopted, culminating 1630 m total length.

The bridge structure may experience strong typhoon wind which may cause
aerodynamic problems. So. a series of theoretical and experimental
studies have been carried out to investigate the aerodynamic stability
of the 10-span continuous girder which has the longest span 240 m. This
paper reviews the outline of these theoretical and experimental studies.

2.5ite ¥Wind Characteristics

Ultrasonic anemometer was installed near the bridge construction site
in Kisarazu,in order to obtain the characteristics of natural wind which
would act on the bridge. The wind data measured in the past two years
was analyed for tubulence factor. Figure-4 shows that the intensity of
turbulence is small and turbulence scale is long when nothern wind blows
from the sea. On the other hand, the characteristics of southern wind

shows that the turbulence intensity is greater than that of nothern wind.

Since the Trans-Tokyo Bay highway bridge is lacated on the sea, it is

reasonable to adopt the nothern wind data for examining the aerodynamic -

stability of the bridge.

In the three dimensional wind tunnel test of the 10-span continuous
girder, turbulent air flow is employed simulating the natural wind. in
accordance with the site wind measurements.

3.Computer Simulation by Air-Flow Analysis

In the initial design stage, 1-box and 2-box girder structure were
compaired by computer simulation, with a stand point of aerodynamic
stability.

With these girder cross sections. two types of oscilation shall occur,
vortex-induced oscillation and galloping oscillation. The Applied Votex
Method was adopted to examine these vibration phenomena. For the vortex
-induced oscillation. the air flow around the stationary girder is
simulated, and the flucturing lift force is calculated. From the lift
force spectrum, the exciting wind speed and the vibration amplitude is
estimated. Next for the galloping oscillation. employing the periodic
forced displacement, time-averaged exciting is calcurated. The results
of the calculations are in Table-1. » :

Two types of oscillation shall occur with both cross sections of the
girder. The difference of the cross section profiles does not become a
significant factor, which cause the aerodynamic response. But the 1-box
girder system with larger bracket offers a slightly better aerodynamic
stability than the 2-box systenm.

4.Wind Tunnel Test of 2-Dimensional Solid Model

After thorough comparison of designs advanced. 1-box girder system was
adopted. The advantages of l-box girder system ' are the minimum steel
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weight, the minimum painting area. and aesthetic merit. So. wind tunnel
test of 2-dimensional solid model was carried out for analyzing the aero
-dynamic characteristics of 1-box girder.

4.1 Model Design

The scale of 2-dimensional solid model is 1/30. and the length is 2. 7m.
Two different cross sections of the longest span were selected. because
the girder height progressively varies in the longitudinal direction. The
bridge has 4 lanes carriageway with full shoulders at the opening time,
and extra 2 lanes shall be attached in the future.The model was arranged
to represent both cross section 4 lines and 6 lanes. The test conditions
are shown in Table-2. The model was supported by coil springs. and aero
-dynamic response was measured in uniform air flow.

4.2 Test Results

Both vortex-induced oscillation and galloping are observed.as have been
predicted by air-flow analysis. The vortex-induced oscillation occured
at the wind speed of 20m/s. and the galloping at 40m/s. These air speeds
are within the range of desighn wind speed. It was found through the
test that the galloping can effectively be restrained by fitting small
horizontal plate to lower position of each web of the girder. Tablg-3
shows that the galloping was restrained nearly completely by use of the
stabilizing member.Such a additional stabilizer has already been adopted
for quite a few box girder bridges in Japan. In case of the expanded 6
-lanes deck. the galloping was found to tend toward the better stability
compared with 4-lines case,because of consequential increase of width by
height ratio. The vortex-induced oscilation must also be restrained. But
it was considered that 3-dimensional model test is more appropriate for
detailed studies about the turburence and the effects of dynamic mode
form.

5.%ind Tunnel Testing with 3-Dimenional Model

5.1 Model Scale Effect

In the 3-dimensional wind tunnel test, model size must be as large as
possible,- in order to represent the aeroshape and the dynmic modes of
actual bridge. However, the model scale was restricted within 1/170
according to the dimensions of wind tunnel. Therefore, preliminary 2
-dimensional model tests using three different scales 1/30,1/90.1/1170,
were carried out in order to research the model scale effect.

Figure-5 shows the critical air speed of galloping and maximum ampli
-tude of vortex-induced oscillation, in reference to model scale. And it
shows each scale 'models indicated almost no differences.
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5.2 Model Design

3-dimensional model was made with aluminum spine and wood blocks ,
representing the whole 10-spans continuous girder. Aluminum spine
~represents the rigidity, and wood blocks represents aeroshape of the
girder. (Figure-6) Natural frequencies and vibration modes of the 1/170
model are successfully obtained as shown in Table-4.

5.3 Generation of Turbulence

Two types of turbulent air flow were generated in the wind tunnel
providing the swinging flaps at the air inlet, in addition to the union
air flow. Characteristics of the turbulences are shown in Table-5. Type

-A was simulated the minimum level of natural wind turbulence, and Type
-B was of average level.

5.4 Test Results

Aerodynamic responses of the 3-dimensional model were measured as shown
in Table-6. Contrary to the 2-dimensional model test, the gallopinging -
did not occur and only the vortex-induced oscillations were observed at
each natural modes. This results can be briefly explained by the
following logic. The cross section of main span must be aerodynamically
excited and adjacent spans effectively serve to reduce the oscillation
of main spans. This logic was proved by the fact that the galloping did
occur when the adjacent spans were coverd from air flow. Therefore, it
was concluded that the galloping oscillation should not occur in actual
bridge, and the stabilizer plate should not be attached.

Then the only problem left 1is the vortex-induced oscillation. The l1st
mode of vortex-induced oscillation occurs at the wind speed of 15m/s,
and the higher modes occur at each corresponding wind speed. Then.
fatigue of bridge structure was examined in case of the vortex-induced
oscillation occur. and concluded that the cumulative fatigue damge by
the aerodynamic vibration should be under the allowable level. However,
if the vibration occurs at the wind speed of 15m/s, driving stability of
the vehicles might be effected. So, Tuned Mass Dumpers are designed in
order to decrease such an undesired vibration. TMDs are intended to be
installed into the box girder if the vortex-induced oscillation is

measured on the erected bridge, before the opening of the Trans-Tokyo
Bay Highway. : '

6. Conclusion

Aerodynamic stability of the 10-span continuous box girder of Trans
-Tokyo Bay Highway was investigated through a series of theoritical
studies and wind tunnel tests. The 2-dimensional wind tunnel test showed
the vortex-induced oscillation and galloping occurs at the wind speed of
about 20m/s. and 40m/s in each case. Then the 3-dimensional model test
was carried out in order to estimate more accurate aerodynamic stability.
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The results of 3-Dimensional test showed the galloping did not occur
and the vortex-induced oscillations were observed at each natural modes.
Tuned Mass-Dumpers are designed to decrease the vibration of the girder.
The measurement of aerodynamic response of the actual girder must be
done before the opening of the whole Trans-Tokyo Bay Highway., and the
TMDs shall be installed into the box girder if such a vibration will
occur.
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Figure 4. Characteristics of natural wind.

Table 1

Results of Calculation (Section 1, 4-lane)
Type Plov pattern Yortex-induced osciliation Galioping
Angle of Yind speed Applitude Critical Aerodynaeic darping
Attack vind speed 409 o/5 82 n/s
15 19 8/s . 0.33n
One-box 0 Uels 0.65 2 32 o/s 0.20  -0.49
' - Logarithelc
-5 16 s/ T 0le decrecent
5 12 o/s ©0.19a
Tvosbox 0 9¢/s 0.12a 32 o/ -0.60  -0.58
’ - Logaritheic
-5 ‘9 ufs : 0.05 s decrerent
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Table 2
Test conditions of two-dimensional mode! (Section 1, 4-lane)
[ten Prototype Hodel
| _ Required Measured
Scale 1/1 1/30 1/30
Height | 249 kN/n 277 N/n(nodel) 277 N/n(nodel)
Natural frequency 0,30 Hz - 2.02 Hz
gizggigtgz?glggcrement) _____ o 0.02 . 0'02
Table 3 o N _
Critical wind speeds of galloping obtained in two-dimensional test (4-lane)
Type of section - Basic section

With horizontal plate
(Nithout horizontal plate) .

Wird speed(n/s) Xind speed(n/s)
' b
Section 1
Critical wind speed
proposed in design ™~
1 - 1 1 n 1
-5 0 5 | - .5
Angle of attack : : » Angle of attack
Wind speed(n/s) Yind Speed(qés)

Section 2

150

% 1 ]
..5' . 0' . 5' - -51 ] 0. 5.
Angle of attack Angle of attack

e
Ll et e AN Y, ORI

T L R A A AR S e
P B e e 1 vl g d B
. ol e L

IR i oMol

R
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Nind speed(n/s) Auplitude(n /8)

10.04 Scale
O: 1/30
A 1/90
‘ 10.03 O 1 1/170
50
Ol 02';%/0
0/6/10.01
1 l [y ]
5 .0 5 - -5 0 15
Angle of attack(des) Angle of attack(deg)
a) Critical wind speed b) Maxinun amplitudes of
exciting the galloping vortex-induced oscillation

Figure 5. Effects of model scale(Sectioni,4—lanc).

Figure 6. Three-dimensional mndell

Table 4 - _
Test conditions of three-dimensional model
Mode No. Natural frequency ~ MHodal shape
Prototype Model (---: calculated, O: measured)
Ist 0.335 Hz 7.76 Hz =

e 0.502 Hz L4 e (=R T T

3rd 0.600 Hz 14.51 Hz

4th 0.628 Hz 15. 15 Hz

5th 0.681 Hz 16.45 Hz
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Table 6 _ ‘
Test results of three—dimensiqnal model

Type ) Natural dacping (lozaritheic decrecent, &)
3 %0.02 3 %0.05 3%0.15
g 8
s g $
4-lane $9 ¥ o9 R
Unifore flov =zt = {"\a 3
3 ¢ 3 2 [

(i —
! ¥ied 1;eed(n/s) ¥ied 2;0030s/0) ¥ied 3:403(e/n)

g { g 8
H :
4-lane 3o ‘& o g
Turbulent flov (Type A) z 7 3‘:»” = 2 ° o250
3 ¢ . :- S Y S B 2 0 { 5 2 oo L} 35 ) 5
? v ¥isd 6lo;ushh) ¥ied 1ee3ess) : . Yied spead{a/n)

{-lane N
Turbulent flov (Type B

Aeotivuse(n/m)
2
L) T
°
e
o

[}
Viz8 s;eadln/e)

=d

L3 k]
1

gt it 2
6-lane S.oof @ 30 o 30
. 3 jﬁ %4 o 2 ': & Cepd E
Uniforn flov S F :hl A L= =
3 [ 1 l-i&iol ] }I.‘&n 3 ¢ lﬁ%l@ [} 1 [ 8 k] ) 1
oﬁ n ® llr;d?;usbh) Lo R ® ¥isd 15003 (0} Tind aes(Us)
n: Heaving arplitude of oscillation )
B : Total vidth of 6-lane deck (=29.9 &)
Table 5
Turbulence generated in wind tunnel
Type of air flow Intensity Scale length
u-component w-component u-component w-component
Type A 4.0 % 2.5 % 390 & 140 0
Type B 8.1% 5.2 % , 260 m 110_ n
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An Ekperlmental Study of Horizontal Displacement Behavior
U31ng Large-Size Model Pier

‘By

1 2 3

Kenji Kosa Yoshiyuki Hashimoto Kazuo Koba&ashi

1) Senior thlneér, Design Séctlon, Englneerlng Department,

, Hanshin Expressway Public Corporation ,

2) Section Chief, Design Sectlon, Engineering Department Hanshin
Expressway Publlc Corporation

3) Professor, Osaka Institute of Technology
ABSTRACT

An experimental study using three types of specimens (1/10
scale and flexural failure, 1/3 scale and  flexural failure, 1/3
scale and shear . failure) . was conducted to assess their
deformation behavior and strength and reinforcement pull-out.
The ‘specimens ‘were - subjected. reversed cyclic lateral
displacement with the axial load kept constant. The results of
flexural tests show W-¢ .curve and the ultimate strength are well
in agreement with the results based on the non-linear numerical
analysis. The results of shear failure tests show the calculated
values from the "Specifications for concrete making" can be
applied to the large-sized specimens.

1. Introduction

The cross. section of reinforced concrete bridge piers is
generally determined by an earthquake loading. Japan’s current
"Specifications for  Highway Bridges" specify that ~the seismic
resistance of bridges against general-scale earthquakes shall be
achieved by designing with the allowable stress method and
against large-scale:earthquakes it shall be achieved by designing
in accordance with the requirements for lateral inertia force of
bridges for seismic design by the bearing capacity method. This
means that seismic safety within the plastic range  beyond the
elastic "range, ‘- namely, the:deformation performance of bridges
under severe seismic loadings should be predominately taken into
account ' to'make structures earthquake resistant. Therefore, the
behavior of ‘RC  bridge piers within the plastic range shall
properly be grasped, which will eventually lead .to the design of
structures with sufficient ductility.

To date, a . number of experimental -studies have been
conducted to investigate the ultimate strength and toughness of
RC' bridge piers:' under earthquake loadings, and considerably
accurate’ estimation ' of :fracture -behavior has already been
obtained. However, since most of:.the experiments were made using
small - specimens, the derived results were deviated from the
results’ obtalned from real structures. -The nature of  small
spe01mens dlffer from that of ex1st1ng brldges 1n the following
- points: : :
(1) The- ratlo of relnforcement s dlameter to: the w10th of - column
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differ in small specimen from that of a real structure. For
example, in a 1/10 model, the diameter of a reinforcement is
about 5 % of the 30 cm long width of the specimen. Whereas, in a
real pier whose width is, say, about 3 m, the diameter of a
reinforcement will be about 1 % of the width of the specimen.
This factor may give a serious influence to the pull-out behavior
of reinforcements.

(2) Small specimens are made of relatively simple assemblage of
reinforcements. However, in the urban-type elevated RC bridge
piers like those of the Hanshin Expressway, column reinforcements
are multi-layers, and they are placed closely. The formation may
be give influence to the fracture patern of the structure.

(3) In a real bridge pier, shearing type fracture induced by
the presence of the cut-off point occurs. Shearing type fracture
in a small specimen is different from that of large specimen due

to the size effect.

In order to investigate the effects the above points may
cause, a comparison test was made according to the flow chart in

Fig.l. Relatively large-sized RC bridge pier models (1/3 scale)
containing the same bar arrangemént as the ordinary RC bridge

piers of the Hanshin Expressway were produced. And they were
compared with a conventional small size model (1/10).

2. Experimental program
2.1 Description of specimens

Experiments were conducted on three bridge pier models
produced in accordance with the Hanshin Expressway standard
design code. Specimen No. 1 (1/10 model) was made to be
equivalent to a conventional model, and was intended to find the
characteristics of small specimens. Specimen No. 2 (1/3 model)
was a large size model containing the same reinforcement
arrangement with a real bridge pier and was designed to let its
base area fracture. The comparison between the test results of
No. 1 and No. 2 specimens showed the difference associating with
fracture Dbehavior and the size effect of reinforcements. No. 3
specimen, whose cut-off point in . the axial direction was
positioned to be lower by 1d (d: effective width) compared with
an actual bridge so that fracture occurred first at the cut-off
point. The comparison of the test results of specimens No. 2 and
No. 3 revealed the ultimate strength and fracture progress at the
cut-off point associating with the difference of failure type.

2. 2 Preparation of specimens

The design concrete strength was 270kgf/cn? for all three
specimens, and the actual concrete strength was 289gf/co’for No. 1
specimen, 283kgf/cn? for No. 2 specimen and 304 kgf/ca® for No. 3
specimen. The cement used was high-early-strength portland
cement. No. 1 specimen was prepared with ready mixed concrete
whose maximum size of coarse aggregate was 20 mm, and No. 2 and
No. 3 specimens with microconcrete whose maximum coarse aggregate
size was 10 mm. 16 mm-diameter reinforcements- were used as
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reinforcements in the direction of axis in a 1/10 model and 1:
mm—diameter reinforcements were used in a 1/3 scale model.
Lateral ties with the diameter of 6 mm, corresponding to SD 35,
were used. The 6 mm-diameter reinforcements were used aftel
applying annealing because their quality had severely altered.
The main reinforcement ratio is 2.20 %. The tie reinforcements
ratio is 0.21 % at the column end and 0.10 % in other areas.

2.3 Method of load application

Specimens were bound to the reaction floor with steel bars.

Using two-way actuator, horizontal load was applied at the top of
the column. Horizontal load was applied under the 1load control
until a 1little before reaching the yield point and after that

point with displacement being controlled. The specimen were
subjected to a series of step-wise increasing symmetric
displacement cycles at §y,26y,36y,.48y . At each step, 10 cycles of
loading with the same displacement amplitude were applied. The
yield displacement ( dy) corresponding to ductility factor one
was defined as the displacement at loading point at which
reinforcing bars at the extreme tension fiber firstly reached
yield strain. The experiment was continued until 1load being
applied dropped to either the yield point or 70 % of the maximum
load. Fig. 3 shows measurement locations of typical items such as
load cell, strain gages and concrete gages.

3.Experimental results
3.1 Experimental results of No. 2 specimen

Experimental results derived from No. 2 specimen are shown
in Fig. 4 and Fig. 5. Fig. 4 shows a load-displacement curve and
Fig. 5 shows development of cracks. Experimental results derived
from No. 1 specimen were excluded in this paper because our
results were similar to those hitherto reported in 1literature.
Distinctive behaviors observed in the course of load application
were as follows:

(1) Cracks occurred (35.5 t).

(2) Flexural cracks that appeared in the middle area of the
column transformed to gentle diagonal cracks (yield 1ioad
:90.3 t).

(3) Clear diagonal cracks appeared at the bottom area of the
column (26y ).

(4) Load decréased and the spalling of cover concrete increased
(46y ).

(5) Load dropped significantly and concrete spalled off markedly
(5 6y ).

As is ghown in these results, No. 2 specimen made a flexural
fracture in the bottom end, not making a fracture at the cut-off
section. Also, the specimen was confirmed to have an excellent
deformation performance with the toughness ratio 5 or 6.

3.2 Exverimental results of No. 3 specimen

n

Fig. 6 shows the load--displacement curve and Fig. 7 10WS
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the development of cracks derived from No. 3 specimen. Typical
behaviors observed during load application were as follows:

(1) Cracks occurred in the corner area (13.3 t).

(2) Flexural cracks that appeared in the cut-off area shifted to

diagonal cracks (yield load: 75.2 .t).

(3) Spalling off of cover concrete increased at the cut-off area

and its range enlarged (368y -,n=3).

(4) The buckling of column reinforcement (34y ,n=6).

(5) Marked drop of load at the P- envlopment line and the

progress of damage (4 6y ,n=1).

Tie reinforcements reached the yield point at the cut-off point
and the members - fractured in the same section. Although the
maximum load and ductility decreased in No. 3 specimen compared
with No. 2 specimen, the specimen still retained toughness ratio
4 and did not bring a brittle fracture.

4. Analysis of experimental results
4.1 Analysis of ultimate flexural strength

A numerical analysis was conducted on a model in a monotonic
loading condition, utilizing material  test results of
reinforcements and concrete that were used for the preparation of
the three specimens. .  The flexural load-deflection curve was
calculated from the stress-strain respone of the compressive
concrete and the tensile steel. Then the analytical results were
compared with the experimental results derived from the reversed
cyclic condition, in order to investigate the validity of the
model. A model proposed by Inoue et al. was adopted as a model
for the stress—-strain response in concrete, for in the test
conducted 1last year on a real bridge and the results using this
model well in agreement with experimental results [1}. Their
model, shown in Fig. 8, takes into account the effect of 1lateral
confinement of ties. As a stress-strain model for reinforcements,
Park—-Paulay model that considered strain hardening . of
reinforcements was adopted. As to the distance from yield point
to strain bhardening, 8.5 e£sy was selected from pull-out test
results. Table 1 shows the comparison of maximum horizontal ' load
at the time of Mmax between the analysis results and experimental

results obtained in both the cut-off area and the bottom area.
Fig. 9 shows the growth of bending moment versus horizontal

displacement obtained through analysis and - in experiment
(calculated from the strains @ of reinforcements measured on
compression and tensile sides). Fig. 4 compares the 1load-
horizontal displacement of both experimental and analytical
results. According to }-¢ curve in Fig. 9, the analytical

results are well in agreement with the experimental results, and
the difference at the time of maximum load remains within a few
percent. JIn contrast, a marked difference is observed .in
deformation behavior with an increase of load in the P - 6. curve
in Fig. 4. This is considered due to a serious effect of a
repetitive loading and the pull-out of reinforcements.

4.2 Analysis of ultimate shearing strength
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The wultimate strength of No. 3 specimen that had made a
shearing failure at the cut-off point was evaluated using
shearing strength Vy for the bar members. The value is shown as
follows in the "Specifications for concrete making"”:

Vy = Ve + Vs (1)

V c¢: nominal shear strength attributable to concrete.

V s: nominal shear strength attributable to shear reinforcement.
When safety coefficient (coefficient of materials and members)
is 1.0, Vc and Vs are calculated as follows: '

Vc = fve bw d (2)
bw : the width of web
d : effective ‘depth

fvc : 0.9 8d+*Bp*Bn3y f'c

Bd : *y100/d, when Bd > 1.5, Bd is taken as 1.5.
Bpo 3 100pw, vhen Bp > 1.5, B p is taken as 1.5.
Bn =11 H./Us, when Bn > 2, Bn is taken as 2.

Vs = (Aw fwy / Ss) Z ~ (3)
Aw : area of shear reinforcement with a distance Ss along a
member.
fwy : yield strength of shearing reinforcing bars.
Ss : the interval of the placement of shearing reinforcing bars.
yA : the distance from the acting point of resultant force of

compressive stress to the center of compressive
reinforcements (=d/1.15).

Table 2 shows shearing strength calculated from material
test results. Fig. 10 shows strain-displacement curve of lateral
ties in the web area of No. 3 specimen. As is shown in this
figure, almost no cracks occurred in lateral ties until reaching
Ve point. After reaching Ve, strain increased with an increase
of load and came to the yield point at the time of maximum load.
This verifies that the value Ve is nearly adequate and the load
applied at the maximum strain (104.7 t) 1is approximately in
agreement with the ultimate shearing strength (V y: 105.6 t).
Based on the above results, it can be said that an equation for
‘the evaluation of shearing strength described in the
"specifications for concrete making" can reasonably be applied to
No.3 specimen which is large-sized.

4.3 Evaluation of the pull—out of reinforcements

~ The present section evaluates the influence of reinforcement
pull-out on the horizontal displacement {2, 3]. The rotational
angle was first obtained from the displacement curve plotted by
a dial gage which was installed near the bottom end of the
column. The horizontal displacement at head of the column induced
by the rotatory deformation was then obtained. The ratios of
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horizontal displacement due to the reinforcement pull-out to the
whole horizontal displacement volume are shown in Table 3. The
table indicates that No. | specimen was significantly affected by
the pull-out of reinforcements as is seen from 50 % at the yield
point and 70 % at the ultimate state. It can be said that the
results of No. 1| specimen are nearly alike to the conventional
experimental results. Compared with this big influence, No. 2 and
No. 3 specimens as well as the actual bridge test conducted last
year show a relatively less degree of influence. One of reasons
for such variation 1is attributed to the difference of
reinforcement’s diameter versus pier’s width, a big ratio in No.1
specimen and a small ratio in No. 2 and No. 3 specimens and the
real bridge pier. As to the degree of the pull-out effect during
the period from the yield point to the ultimate state, it
increased in No. 1 and No. 2 specimens with the increase of load,
but it decreased in No. 3 specimen and the real bridge test in
the past. The contrasting behavior shown in Fig. 11 is presumed
to be resulted from the difference of fracture position. In the
case of fracture at the cut-off section, when load was continued
to apply after the yield point, the displacement occured
concentrated around the cut-off section, making the displacement
ratio due to the pull-out conversely small. In contrast, in the
case of fracture at the column’s bottom area, the displacement
occured around the bottom area, and the pull-out of
reinforcements also increased, bringing a relatively large
displacement ratio compared with that at the time of yield point.
In this way, the influence of reinforcements’ pull out increased
on the whole in all three specimens up to the point of yield
strength, although a small variation was observed. However, after
the yield point, the influential ratio increased in case of a
fracture at the bottom area while showing a decreasing tendency
in case of a fracture at the cut-off section, indicating that the
difference lay in the position of fracture.

5. Conclusion

The following conclusions can be drawn from the present
experimental study conducted with large-size model piers.

(1)The M-¢ curve and the wultimate strength obtained from
experiments are nearly in agreement with the analytical results
that were derived using stress-strain curve based on the
strength tests of materials such as reinforcements and
concrete. S

(2)The yield strength of a specimen that was induced a shearing
failure is approximately equivalent to values Vc and Vy that
were calculated from the "specifications for concrete making."
This indicates that the above-mentioned equation can be
applied to large size specimens. , , . ‘ .

(3)The ratio of the displacement due to pull-out to the total
horizontal displacement was 10 strong percent up to the yieid
point. However, after the yield point, the ratio increased in
the case of a fracture at the bottom area and in the case of
fracture at the cut-off section the ratio showed a decreasing
tendency, indicating that the tendency varies depending on the
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area of fracture.
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Fig.11 Influence of pull-out displacement
on horizontal displacement

Table 1 Horizontal load
at the ultipate flexural strength(unit:tf)

Specimen | No.l | No.2 | No.3
Cut-0ff]Analysis - 155.8] 99.1
Experiment] — - - 104.7

Column |Analysis 9.95] 117.7§.118.3
base Experiment{ 10.51} 122.1} -

Table 2 Calculated shear strength (unit: tf)
Specicen No. 1 No. 2 No.3
Y. Y, Yo Y, Y Y,
Cut-0ff - - 57.4 ) 108.0 § 55.0 § 105.9
Column base| 8.00 § 13.67 | 64.4 ] 163.9 | 65.9 | 165.4

Table 3 The ratio of pull-out displacement
to horizontal displacement

Yielding|Ulticate

No. 1 50 X 70 %
No. 2 18 ¥ 30 X
“No.3 16 ¥ 13 X

Actual pier| 12% | 9%
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COMPARISON OF THE SEISMIC DESIGN OF HIGHWAY BRIDGES IN
CALIFORNIA AND IN JAPAN

By
Mohsen Sultan, P.E, and Kazuhiko Kawashima, D. Eng.
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California Dept. of Transportation Public Works Research Institute
Sacramento, California, U.S.A Tsukuba Science City, Japan

1. INTRODUCTION

This paper presents prehmlnary results of a study on the comparative seismic design of
highway bridges designed usmg both the California Department of Transponatlon
(Caltrans) and Japanese seismic design spectﬁcatlons Such comparison is aimed at
providing a better understanding of the two seismic design methods and structural
differences. The research project this paper is based on included two bridge design
examples. A typical California highway bridge was designed using the Caltrans Bridge
Design Specifications (BDS), and keeping the superstructure unchanged, it was
redesigned using the Japanese specifications. Similarly, a typical Japanese bridge was first
designed using the Japanese specifications, then was redesigned using the California
method. Where appropriate, this paper highlights basic seismic design considerations and
differences between the two design methods. In this paper, an emphasis on the Caltrans
design details and seismic loading is provided.

2. GENERAL ASSUMPTIONS

Differences in the seismic design approach for highway bridges, between California and
Japan, include the predominant structure type, the design method and seismic force levels.
California bridges typically consist of a moment resisting frame system with monolithic
joints connecting the superstructure to the substructure, whereas, in Japan, bearing type
supports are typically used for those connections. Load factor (ultimate strength) design
with force reduction, based on displacement or curvature ductility and risk factor, is the
California approach. In Japan, the seismic force coefficient method based on allowable
stresses is utilized. The ultimate capacity check of reinforced concrete piers or columns is
performed using a ductility approach where force levels of up to 1.0 g are applied to
vertical support members.

In the process of redesigning the U.S. bridge using the Japanese method, the
superstructure is kept unchanged, whereas, substructure components can be different, i.e.
column or pier size, and their reinforcement, footings, number of piles, including size and
capacity, and abutments are all permissible changes The focus is to narrow the differences
down to a minimum and concentrate on the seismic approach of both Japan and California.
The maximum traditional design seismic force in both places is assumed, i.e. ground
acceleration of 0.7 g in California, and force coefficient k = 0.3 in Japan.
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3. BRIDGE DESCRIPTION

The California bridge as shown in Fig. 1, referred to in this paper as the U.S. bridge, is
assumed to be a freeway connector having straight alignment and the following span
configuration: 130 ft, 3 spans at 175 ft, 130 ft. It consists of a five span continuous,
prestressed concrete box girder with single column bents. The girder is 7'-0" (2.13 m)
deep and 42'-6" (12.95 m) wide as shown in Fig. 2.

Columns are fixed-fixed (top-bot) and are 65 feet long (to C.G.) supported on pile
footings. Abutments are "seat type" supported on pile caps. As for foundations, driven
piles with 100 ton service load capacity (Caltrans Class 100) for the bents and 70 ton
capacity (Class 70) for the abutments were assumed, although the size in the equivalent
Japanese bridge may differ. Only vertical piles are used, as battered piles are rare in Japan.

Soil type, as shown in Fig. 3, used in thedesign was based on soil conditions found in the
vicinity of the Los Angeles area. It consists of a mixture of sand and silt slightly compact
to dense with unit weight of 115-125 pcf. Standard penetration index ranges from 11 to
70. The internal friction angle is 25-35 degrees, cohesion is 0 - 1000 psf and the shear
strength is 2.0 - 2.9 tsf. The predominant period of vibration of the ground is 0.35 second
and the depth to rock like material is greater than 300 feet.

To increase the ultimate moment capac:ty of the box girder, the typlcal section is flared
over a distance of 20 ft (6.10 m) to reach its maximum at the face of supports. This is
done only at the bents not the abutments, since seat type abutments do not resist moments.
Table 1 below shows the section properties at those locations. Fig. 4 shows the global axis
designation.

Table 1- TYPICAL SECTION PROPERTIES

Location Area (i2) 127 (fi%) IYY (fi%)
At Supports 83.77 634.93 10086.61
Minimum Section 74.69 554.79 9449.00

Columns are round 8 feet in diameter, with the area A= 50.27 fi2 and Izz=lyy= 201.06 fit.
Since column size is a permissible change in the redesign, the Japanese version utilizes a
9'- 2" by 19'- 7" (2.8X6 m) rectangular cross section with an area A= 180.74 fi2(16.8 m?).

Table 2 lists dead load reactions. Trial (0) refers to the dead load portion present at time
of prestressing, trial (1) refers to added dead load, such as overlay and barrier rail. These
numbers do not include the bent cap portion that is not necessarily modeled in the static
model. The Caltrans terminology utilizes the terms "column" and "bent" where the
Japanese version refers to the same thing as "Pier". The term "Pier" has a specific -
definition according to Caltrans and therefore will only be used where appropriate.
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Table 2- Dead Load Reactions* (Kips)

Loading

Bent §

Abut 1 Bent 2 Bent 3 Bent 4 Abut 6
Trial (0) Top 566 2058 2138 2138 2058 566 -
Trial (0) Bot - 2548 2629 2629 2548 -
Column Weight - 490 490 490 490 “
Trial (1) 64 229 238 238 229 64

(*) Does not include additional dead load due to bent cap weight at the bents.

4. SEISMIC LOADING

In designing the column (Fig. 5), all load cases prescribed by the specifications are

analyzed at all critical locations. The loading at the top of column did control the Caltrans
design with the maximum longitudinal seismic load case being the controlling group (Grp.
VII case 2). A summary of seismic load input is presented in Table 3.

Table 3- SEISMIC LOADING

(a) Top of Column
ARS UNREDUCED FORCES
CASE 1 CASE 2
MY trans 116257 348717
MX Long 28339 94465
P Axial 104 347

P/S Moment = 3325 k-fi, P (DL)= 2589 k

(b) Bottom of Column
ARS UNREDUCED FORCES
CASE | CASE 2
MY trans 61520 18456
MX Long 27423 91432
P Axial 104 347

P/S Moment = 4472 k-ft, P (DL)= 3079 k

Earthquake forces were reduced by the ductility and risk factor Z=5.30. Applied factored
moments (reduced) and axial loads are summarized in Table 4.

Table 4- Applied Earthquake Loads

Grp My Mx CombM | P Mu Mu/M
VII-I | 21935 | 8974 23700 2693 | 24603 | 1.04
VII-2 16581 | 21451 22437 2936 | 24942 | 1.11
Boundary conditions are essential to the modal behéyior of the structure. In the Caltrans

design for the subject bridge, all column connections are modeled as fixed top (to the
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superstructure) and bottom (to the footings). Abutments possess transverse fixity which
means they are restricted only in the transverse direction. However, soil stiffnesses in the
longitudinal and transverse directions are used to mode! the embankment behind the
abutment wall.

S. RESPONSE SPECTRUM ANALYSIS RESULTS

Generally, Caltrans utilizes a linear multi-modal dynamic analysis method in calculating
maximum forces and displacements, where, an appropriate ARS curve is selected
depending on the foundation conditions at the proposed site. The designer may choose the
number of vibration modes to be utilized in combining modal maxima and thus computing
maximum displacements and forces. The Caltrans analysis is based on the Complete
Quadratic Combination (CQC) method as reported by the program "SEISAB". The U.S.
bridge dynamic results are concluded from 15 modes of vibration. The Japanese bridge
results are reported as 15 modes in the longitudinal direction and 15 modes in the
transverse direction. Table 5 summarizes the modal response of the U.S. bridge.

Table §- Bridge Medal Response (Caltrans Method)

MODE PERIOD SPECTRAL | DIRECTION
(sec) VALUE (g)

1 1.344 0.84 Transverse
2 1.014 0.93 Longitudinal
3 0.737 1.01 N.P.

4 0.547 1.08 Vertical

5 0.463 1.08 Longitudinal
6 0.400 1.07 Transverse
7 0.382 1.06 Vertical

8 0.301 1.01 Longitudinal
9 0.296 1.01 Vertical
10 0.247 0.96 N.P.
11 0.167 0.88 Longitudinal
12 0.166 0.88 Transverse
13 0.166 0.88 Vertical
14 0.151 0.86 Vertical
15 0.137 0.85 Longitudinal

Table 6 lists the maximum displacementsj (in feet) at various locations of the structure
using the Caltrans method. Design displacements are derived from this list and combined
in accordance with the loading combination criteria.

Table 6- DISPLACEMENTS (CALTRANS METHOD)

Direction Abut 1 Bent 2 Bent 3 Bent 4 Bent 5 Abut 6

Max Lng 0.791 0.788 . | .0.786 0.786 0.788 0.791

Max Tra. 0.019 0.811 1.521 1.521 | . 0.811 0.019
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Table 7 shows the natural period and mass participation factors of the Japanese design.
Table 7- BRIDGE MODAL RESPONSE (JAPAN METHOD)

A- LONGITUDINAL DIRECTION

MODE PERIOD Ratio of Mass
(sec) Participation
1 0.685 76.14
2 0.452 0.00
3 0.424 0.20
4 0.396 0.00
S 0.300 0.00
6 0.298 ' 221
7 0.178 0.00
8 0.127 0.45
9 0.123 0.00
10 0.113 9.70
11 0.108 0.00
12 0.079 0.03
13- 0.056 0.00
14 0.044 0.01
15 0.040 0.00

B-TRANSVERSE DIRECTION

MODE PERIOD Ratio of Mass

(sec) Participation
1 0.661 64.25
2 0.539 0.00
3 0.370 7.54
4 0.254 0.00
5 0.173 3.73
6 0.140 0.00
7 0.121 2.18
8 0.108 0.00
9 0.097 2.14
10 0.080 1.37
11 0.080 0.00
12 0.069 0.00
13 0.066 1.85
14 0.059 0.00
15 0059 | 1.78
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Design of the footings by the Caltrans method was controlled by the probable plastic
moment (Mp), when applied at 45 degrees angle to the footing. The maximum pile
compressive load is 335 kips (max allowable 400 k)and maximum uplift force is -163 kips
(max allowable -200 k). For pile layout see Fig. 6.

Table (8) below summarizes the resultant design

Table 8- COLUMN DESIGN COMPARISON |

DESCRIPTION CALTRANS METHOD JAPAN METHOD
COLUMN SIZE 8'-0" b ' 2.8X6.0 m (Rectangular)
COL GROSS AREA ' 50.27 sq. ft (4.67 sq. m) 16.8 sq. m (180.74 sq. f)
COLUMN REINFORCEMENT - #14 total 44

Ag=99in? (1.368 %)
#6 Spiral @ 4 1/4 " (0.45 %)

FOOTING DEPTH 4'-3" (1300 mm) 2200mm minimum

FOOTING SIZE 21'X21" (6400mmX6400mm) 9000mmX9000mm
FOOTING REINFORCEMENT Top #6 total 52 (both ways) - '

Bottom #10 total 65 Transverse

#10 total 48 Longitudinal ‘ :
PILES 40 -15" Diam. Piles/Length (60°) - - 28 Piles
100 Ton Capacity @ 600X18.3 m

The abutment footing required a total of 24, 15 inch diameter, piles with 70 ton capacity
(Class 70) using the Caltrans method (Fig. 8). By comparison, it required 8, 600 mm
diameter, piles using the Japan method. Under the California method, abutments are
designed such that no earthquake loads can be transferred into their foundation.
Therefore, abutment footings and piles are not designed to withstand seismic forces .

6. CONCLUSION

Design data for an example bridge were presented along with factors affecting the final
design. One of the most obvious results of the comparison is the size of substructure
components (columns), size of foundations (footings), and the natural period of the
structure. In this example, the Japanese bridge uses a rectangular pier three times larger
than the Caltrans round column. The Japanese footing area and depth are approximately
75 % larger than the Caltrans footing. Length of piles used with both approaches is very
similar. Finally, primarily due to the larger substructure, the Japanese bridge has about half
the natural period of its Caltrans equivalent, and as such, is twice as stiff.
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ABSTRACT

Two dimensional response analyses of ground are conducted to
study the effects of geometric lrregularltleq of subsurface layers
on the seismic ground motion characteristics. The relation be-
tween the maximum acceleration, displacement and acceleration re-
sponse spectrum on the ground surface and their distribution and
geometric irregularities of surface layers is discussed and two
dimensional responses are compared with one dimensional ones of
the horizontally stratified layers.

INTRODUCTION

The seismic ground motion characteristics in the surface strata
were malnly studied by one-dimensional approaches, assuming ver-
tical propagation of shear waves. However, it has been well rec-
ognized that the ground motions are strongly affected by two- or
three-dimenslonal ground irregularities basing on the recent ac-
cunulation of strong motion records and development of analyti-
cal procedure. For example, 1t was reported that the ground mo-
tion in the Mexlco City was much amplified by the soft basin sedi-
ment in the 1985 Mexico Earthquake [1] .

 From this point of view, two-dimensional earthquake response
analyses for subsurface ground models are conducted to study the
ground motion characteristics induced by irregular soil profiles.
A computer program FLUSH [2] Is employed In numerical calcula-
tions for tow-dimenslonal ground models. Two kinds of subsurface
ground models are consldered; Inclined Base Model and Basin Mod-
el, and the dimensions of geometric Irregularities: inclined base
gradlent and spread of surface layer are parametrically changed.
The maximum acceleration, dlsplacement and acceleratlon response
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spectrum are considered as representatives of ground motion
characteristics. The distribution characteristics of these quanti-
tles on the ground surface are studied considering the effects of
geometric Irregularities, and furthermore two-dimensional re-
sponses are compared with the one-dimensional ones of horizontal-
ly stratified layers using a computer program SHAKE [3] .

ANALYTICAL GROUND MODELS

The two ground models shown in Figure 1: Inclined Base Model and
Basin Model are considered for two-dimensional response analysis
of ground. They are designated to simulate typical soft alluvial
soll profiles with geometric Irregularities. The Ac, Ds and Dg
layers represent the alluvial clay, diluvial sand and diluvial
gravel layers, respectively. As shown in Figure 1, the thickness
of the Ac layer and As layer is ranging from 0 to 30 m and 30 to 60
m, respectively, according to the inclined base gradient: tan@é.
The length of the As layer with equivalent thickness from the
right-hand boundary of the ground model is assumed constant to
be 600 m, and the one of the Ds layer with equivalent thickness
from the right- and/or left-hand boundaries of the ground model

400m ok 600m 5

\;7\\i - Ac 30m

- Ds 30m
V3

(1) Inclined Bése Model

400n

. (2 BasinModel .,
Figure 1: Analytical ground models
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Table 1: Soll properties for modeled layers

Layer Unit Welght Shear Wave Polisson
(gf/cm®] Velocity [m/s] Ratlo

Ac 1.60 150 0.45
Ds 1.85 270 0.40
Dg 2.10 : 500 : 0.40

Table 2: Input ground motions recorded in past earthquakes

Record Earthquake Date Magnli Epicentral

-tude Distance [km]

PWRI Ibaraki- 2/27/83 8.0 22

Ken Nanbu
Kathoku Miyagi-ken  6/12/78 7.4 83

Oki
Kannon- Chiba-ken 12/17/87 6.7 69
zakl Towho-0kli
Rincon Loma Prieta 10/17/89 7.1 95
Hill

is assumed constant to be 400 m. The horizontal coordinate; X in-
dicates the length from the lefthand boundary -of each ground
model. The gradlent of the Inclined base of the As layer: ¢- is
changed for three cases in the case of Inclined Base Model: taneg
= 1/5, 1/2 and . In the case of Basin Model, the gradlent (¢) is
changed same with the Inclined Base Model, and the length of cen-
tral horizontal base of the As layer: L is changed for two cases:
150 and 300 m. The Dg layer is considered the base layer for
earthquake response analyses, and the viscous boundary is at-
tached between the Ds and Dg layers. Vertical moving is re-
strained for the nodal points on the lateral boundaries. The soil
properties assumed for modeling layers are listed in Table 1.

INPUT GROUND MOTIONS

The four recorded ground motion data shown in Table 2 are em-
ployed as input motions for the analyses in this paper. The PWRI
record was obtained In the diluvial gravel layer at the depth of
46 m from the ground surface (4] , and the other three records
were obtained on the rock sites: the Kaihoku record [5] , the
Kannonzakl record [6] and Rincon Hill record [7] . Figures 2
and 3 show acceleration time histories and acceleration response
spectra of these four records, respectively. As seen from these
figures, strong motion records with -different predominant fre-
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quencles are selected as Input motions. " In the following selsmic
response analyses, the maximum peak acceleration of recorded mo-
tions Is modified so that the peak acceleration at the bottom of
Ds layer is 100 gals or 150 gals.

SEISMIC RESPONSE ANALYSES OF GROUND

Computer program FLUSH (2] and SHAKE [3] are employed for two-
dimensional and one-dimensional response analyses of ground mod-
els, respectively. Nonlinear behavior of soils aré considered by
the equivalent linear method. Flgures 4(1) and 4(2) show the shear
modulus reduction and damping ratio relationships with shear
strain for the Ac layer and As layer, respectively [8,9] .
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Flgure 2: Time historles of lnput ground motions
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DISTRIBUTION OF MAXIMUM GROUND ACCELERATION ON GROUND SURFACE
IN TWO-DIMENSIONAL ANALYSES

Inclined Base Model A

The upper figures of each Figure 5(1), 5(2) and 5(3) show the
distribution of maximum ground acceleration on the ground sur-
face calculated by four kinds of input motlons using maximum ac-
celeration amplitude of 100 gals In the case of Inclined Base Mod-
els with tané = «, 1/2 and 1/5, respectively. On the other hand,
the lower figures of each Figure 5(1), 5(2) and 5(3) show the dis-
tribution of the mean and the standard deviation: S.D. of four dif-
ferent maximum ground acceleration ratios normalized using the
maximum ground acceleration at the point of X = 200 m..

From these figures, it can be seen that the maximum ground ac-
celerations on the ground surface are affected by the geometric
irregularity of subsurface layers and the charaeterlstlcs of each
result are shown as follows:

1) In the case of ground model with tan8 = « as in Flgure 5(1),
the maximum ground accelerations are amplified largely in the re-
gilon: of ground surface neighboring the boundary between Ac layer
and As layer: horizontal coordinate X of about 400 to 490 m. The
maximum ground acceleration ratios on the ground surface compos-
ing by both Ac and As layers: X = 490 to 1000 m are almost constant
and about 1.1 to 1.2 times as large as those composing by As layer
alone: X = 0 to 400 m. The peak value of maximum ground accelera-
tion ratio on the ground surface: X = 400 to 490 m is about 1.5.

2) In the case of ground model with tan8 = 1/2 as In Figure 5(2),
the maximum ground accelerations are amplified largely in the re-
glon of the inclined base with the horizontal length of 60 m and
neighboring it: X = 400 to 520 m. The maximum ground acceleration
ratios on the ground surface composing by both Ac and As layers:
X = 520 to 1060 m are almost constant and about 1.1 to 1.2 times as
large as those composing by As layer alone: X = 0 to 400 m. The
peak value of maximum ground acceleration ratio on the ground
surface: X = 400 to 520 m is about 1.4, ‘ _
3) In the case of ground model with tan6 = 1/5 as in Figure 5(3),
the maximum ground accelerations are amplified largely in the re-
glon of the Inclined base with the horizontal length of 150 m and
neighboring it: X = 400 to 580 m. The maximum ground acceleration
ratios on the ground surface composing by both Ac and As layers:
X = 580 to 1150 m are almost constant and about 1.1 to 1.2 times as
large as those composing by As layer alone: X = 0 to 400 m. The
peak value of maximum ground acceleration ratio on the ground

surface: X = 400 to 580 m Is about 1.4.

Basin Model ,
The upper and lower figures of each Figure 6(1), 6(2) and 6(3) also
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show the distribution of maximum ground acceleration and their
ratios similar to Fligure 5 In the case of Basin Models with the
basin bottom length of 150 m and tané = o, 1/2 and 1/5, respec-
tively.

From these figures, it can be seen that the maximum ground ac-
celerations on the ground surface are affected only in the region
of the basin and the characteristics of each result are shown as
follows; -

1) In the case of ground model with tané = « and the basin sur-
face length of 150 m as in Figure 6(1), the maximum ground
accelerations are amplified largely and symmetrically in the
region of the basin: X = 400 to 550 m. The peak value of maximum
ground acceleration ratio on the ground surface in the basin re-
glon composing by Ac layer alone: X = 400 to 550 m is about 1.5.
Although the maximum ground acceleration ratio in the center of
the basin decreases, the rate of the decrease is very small and its
ratio is about 1.4.

2) In the case of ground model with tan8 = 1/2 and the basin sur-
face length of 270 m as in Figure 6(2), the maximum ground
accelerations are amplified largely and symmetrically in the re-
gion of the basin: X = 400 to 670 m. The peak of maximum ground
acceleration ratio on the ground surface in the basin region: X =
400 to 670 m appears outside of the inclined region and its value
is about 1.4. The maximum ground acceleration ratio decreases in
the center of the basin: X = 535 m and its minimum value is is about
1.1 to 1.2.

3) In the case of ground model with tané = 1/5 and the basin bot-
tom length of 150 m as in Figure 6(3), the maximum ground
accelerations are amplified largely and symmetrically in the re-
glon of the basin: X = 400 to 850 m. The peak of maximum ground
acceleration ratio on the ground surface in the basin reglon: X =
400 to 850 m appears inside of the inclined region and its value is
about 1.4. The maximum ground acceleratlon ratio decreases in
the center part of the basin and its minimum value is about 1.1 to

1.2: X = 580 to 670 m.

Considering the maximum ground acceleration ratio on the
ground surface composing by both Ac and As layers as shown In
Figure 5(3): about 1.1 to 1.2, the results of Figure 6(3) Indlcates
that the Influence of geometric Irregularity by the inclined base
appears In the ranges of X = 400 to 580 m and X = 670 to 850 m, and
the center part of X = 580 to 670 m i1s not influenced by the geo-

metric Irregularity.

Flgure 7 shows the case of ground model with tané = 1/2 and
the basin bottom length of 300 m. The maximum ground accelera-
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tions are amplified largely and symmetrically in the region of the
basin: X = 400 to 820 m. The peak of maximum ground acceleration
ratio on the ground surface in the basin region: X = 400 to 820 m
appears inside of the inclined reglon and its value is about 1.4.
The maximum ground acceleration ratio decreases in the center
part of the basin and its minimum value is is about 1.1 to 1.2 in
the range of X = 520 to 700 m.

DISTRIBUTION OF MAXIMUM GROUND DISPLACEMENT ON GROUND SURFACE
IN TWO-DIMENSIONAL ANALYSES

Inclined Base Model

The upper figures of each Figure 8(1) and 8(2) show the distribu
tion of maximum ground displacement on the ground surface calcu-
lated by Tour kinds of Input motions using maximum acceleration
amplitude of 100 gals in the case of Inclined Base Models with tan
6 = o and 1/5, respectively. The lower figures of each Figure
9(1) and 9(2) show the distribution of the average/mean and the
standard deviation of four different maximum ground displacement
ratios normalized using the maximum ground displacement on at the
point of X = 200 m on the As layer.

As Is evident from Figure 8, the maximum ground displacements
and its ratlos are not affected clearly by the geometric irregu-
larity of the subsurface layers comparing with the maximum ground
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acceleration as in Figures 5 to 7. The maximum ground displace-
ment ratlos on the ground surface composing by both Ac and As
layers are almost constant and about 1.35 to 1.4 times as large as
those composing by As layer alone: X =0 to 400 m.

Basln Model

The upper and lower flgures of Figure 9 also show the distribution
of maximum ground displacements and their ratlos using maximum
- acceleration amplitude of 100 gals In the case of Basin Models with
tan@ = 1/5 and the basin bottom length of 300 m, respectively.
Although the maximum ground displacement ratios on the ground
surface are large in the basin region and the peak value appears
not at the Inclined Ac layer but at the horizontal one composing
by Ac and As layers, the peak value Is about 1.4 times as large as
that cbmposlng by As layer alone:X =0 to 400 m and 1000 to 1400 m.

Considering the maximum ground displacement ratio on the
ground surface composing by both Ac and As layers as shown in
Figure 9: about 1.35 to 1.4, the results of Figure 9 indicate that
the Influence of geometrlc irregularity by the basin base is very

small,

COMPARISON WITH ONE-DIMENSIONAL ANALYSES ON ACCELERATION RE-
SPONSE SPECTRA

Figure 10 show the >g‘round acceleration response spectrum ratio:
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SA(2D)/SA(1D) basing on the results of one-dimensional analysis
and two-dimensional analysis for the Inclined Base Model with tan

= 1/2 at the typlcal points of ground surface: X = 220 m, 400 m,
430 m, 460 m, 500 i and 600 m, respectively. The points of X = 220 m
and 500 m, 600 m locate on the surface of Ds layer and Ac layer,
respectively. The point of X = 430 m locates on the surface of Ac
layer at the Inclined base, and the two points: X = 400 m and 460 m
locate at the boundaries of the inclined base.

As In Figure 10, the acceleration response spectrum ratios are
different each other according to the location of points and the
natural periods: T. For example, the acceleration response spec-
trum ratio is about 1.3 to 1.4 at the point of X = 430 m for the
natural period of around 0.2 and 1.3 to 2.5 sec. This result indi-
cates that because the acceleration response spectrum is applied
in the seismic design for such structures as highway bridges bas-
ing on one-dimensional ground model, it is necessary to conslder
the two-dimensional influence of geometric Irregularity of
subsurface layers for practical design methods in the future.

CONCLUSION AND FUTURE REMARKS

From the analytical studies in this paper, the followlng results
have been obtalned

1) The maximum ground accelerations on the ground surface are af-
fected by such geometric irregularities of subsurface soft layers
as the inclined base ground or the basin ground.

2) The inclined base gradient of a soft surface layer is important
factor to discuss the Influences of geometric irregularities on
maximum ground accelerations: the locatlon of a point where the
peak ground acceleration appears and the spread of inﬂuenced
region.

3) Roughly estimating, the Influences of the inclined base gradl-
ent can be classified into two types as follows: -

(1) In the case of small Inclined base gradient: tané = 1/5, the
peak ground acceleration appears Inside of inclined base reglon
and the influenced region spreads at the inclined base region and
neighboring soft layer within the spread almost same with the
thickness of a soft layer. -

(2) In the case of large gradient of lncllned base' tan@ = o to
1/2, the peak ground acceleration appears outside of inclined
base reglon and the:influenced region spreads at the inclined
base reglon and neighboring soft layer wlthln about 2 to 3 times
the spread of inclined base region. .
4) The maximum ground displacements on the ground surface are
not affected clearly by the geometric irregularity of the
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subsurface layers comparing with the maximum ground acceleration
in this studles.

5) The acceleration response spectrum at the ground surface ob-
talned using two-dimensional analysis consldering the geometric
irregularities of subsurface layers are different from that ob-
tained using one-dimensional analysis. The two-dimensional influ-
ence of geometric irregularities of subsurface layers should be
discussed for practical design methods of structures.
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SEISMIC BASE ISOLATION OF CURVED HIGHWAY BRIDGES

K. H. Chen! and D. A. Foutch?

1.0 lntroduction

The collapse of several highway bndges durmg the San Fernando earthquake of February 9, 1971,
démonstrated the potential for damage and loss of life associated with modern highway bridges during carthquakes.
This was further demonstrated in the October 17, 1989, Loma Prieta earthquake which resulted in the collapse of
the Cypress Street Viaduct with a loss of 70 lives (Nim et a.l, 1939).

One method of i merovmg seismic performance is to increase the strength of the piers and provide more
ductlle details. Another is to provide passwe control such as base isolation. For this method, special devices are
needed to reduce seismic forces taken by plers

: Most of the world’s 1solated structures are bndges Inthe Umted States, at least sixbridges are constructed
by using isolation systems, such as the Sierra Point Overhead, the Santa Ana River bridge, the Eel River bridge,
the Main Yard and Shop access bridge, the All American Canal bridge in Southern California, and the Sexton
Creek bridge in Illinois (Buckle and Mayes, 1989). All of these bridges adopted the lead rubber isolation system.
Inaddition, the Foothill Communities Law and Justice Center in Rancho Cucamonga, California is the first building
in the United States to use a base isolation systemi. At present, there are 26 buildings in the United States (Kelly,
1993) where base isolation has been or will be used to control response during earthquakes. In New Zealand,
energy dissipation systems and full isolation systems, such as steel dampers or lead rubber devices, are widely used
in highway bridges.’ New Zealand is probably the leading country in the world in the development and
implementation of 1solatlon and energy dissipation systems

The objectwes of thls mvesnganon are as follows

1) Develop a tune history method for seismic analyms of curved bndgcs under uniform
and variable earthquake ground motion; :

'2)  Investigate the feasibility of using various base isolation strategies for curved lnghway
bndges,

| 3) Develop aresponse spectrum method for predn:tmg the response of molated curved
bridges to simplify the design procedures.

This paper is a research-in-progress report. The purpose is to outline the objectives and the approach that
the research will take. No results for curved bridges are available yet, but some preliminary results for straight
bridges have been obtained in our pilot study.

'Graduate Research Assistant, Department of Civil Engincering, University of Illinois at Urbana-Champaign,
Urbana, Hlinois. ~

?professor of Civil Enginecring, University of Illinois at Urbana-Champaign, Urbana, Illinois.
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20  Translent Dynamic Analysis of Curved Highway Bridges
2.1 Description of Bridges and Isolation/Dissipation Systems to be Studied

Typical bridges will be studied in this investigation. The bridges adopted here have span numbers from two
to six with span lengths of 30 m per span and a pier height of S m for short piers and 15 m for tall piers. Both
straight and curved bridges will be examined. The ratio of radius-to-span length from 1 to 3 will be used for the
curved bridges. The bridge deck will be assumed to be rigid in its plane, but flexibility in the vertical direction will
be considered.” Effects of pier and support flexibitity also will be investigated. Schematics of several bridge
configurations are shown in Figure 1.

The performance of standard bridges, bridges without isolation but with energy dissipation devices and those
with both isolation and dissipation devices will be evaluated. Several isolation and/or encrgy dissipation systems,
shown schematically in Figure 2, will be included in this research. The three isolation systems to be studied are the
lead rubber bearing system (LRB), the high damping rubber system (HRB) and the sliding bearing with helical steel
spring system (SHSS). We also plan to include a sliding bearing to be used in conjunction with different energy
absorbing systems such as the tapered steel system. The energy dissipation devices that will be considered in this
study are the tapered steel system (TS), the lead extrusion system (LE), the viscous damping system (VD) and the
shape memory alloy system (SMA) in addition to the LRB and HDR systems., All isolation systems use multi-
direction isolators in the horizontal direction. The LRB system is the most widely used for bridges and buildings.
The LRB system includes a laminated rubber bearing which serves as a recentering force device and a lead core
which dissipates energy through hysteretic action (Turkington, 1989). The HDB system is a low modulus and high
damping laminated rubber bearing (Kelly, 1991). The HDB system, like all isolation systems, would lengthen the
entire system natural period to avoid resonance damage. This hasbeen demonstrated to be effective even for long
period excitation forces such as the 1985 Mexico City earthquake. The TS system uses mild steel to dissipate the
input energy by yielding hysteretic action. The TS system has been effectively used in the Dunedin bridge in New
Zealand (Tyler, 1978). The SHSS system consists of a teflon disc bearing and helical stecl springs. The helical steel
springs act as a recentering device. According to results of experiments, this system has been proven to be
insensitive to frequency of ground motion (Constantinou et al, 1991). The lead extrusion system (Robinson et al,
1975) and the shape memory alloy system (Witting et al, 1992) dissipate energy through hysteretic force-
displacement behavior.

Generally, there are two types of arrangements of isolator systems in highway bridges (Buckle and Mayes,
1990). One method is to only attempt to achieve energy dissipation for the bridge. The other is to achieve full
isolation, with or without energy dissipation, for a continuous bridge. For full isolation, the isolators are arranged
so that the deck is isolated from all piers and abutments, In the systems that use only energy dissipaters, the
isolators are placed only at the abutments to dissipate energy through the isolators. '

2.2 Modeling of Earthquake Ground Motions

Both artificial earthquake and real earthquake records will be used as input excitation. The artificial
earthquake is based on the Levy-Wilkinson model (Levy and Wilkinson, 1976). This model uses a given horizontal
design response spectrum as the target response spectrum. Then, with iterations, the response spectrum of the
simulated ground motion in the horizontal direction can match well with the target response spectrum. After the
first time history in the horizontal direction has been generated, the second time history in the horizontal direction
can be easily generated with low correlation to the first one by the mid-frequency shift approach (Levy and
Wilkinson, 1976). The same procedure may be used to simulate vertical motions. For the real earthquake records,
several recorded motions will be used including the high frequency 1940 El Centro earthquake and low frequency
1985 Mexico City earthquake. ‘
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. For variable ground motion as the excitation force to the bridge, the system response may be significantly
different from the response to the uniform ground motion. First, the anti-symmetric modes are unable to be excited
by uniform ground motion excitation. Second, quasi- or pseudo-static responses only appear in variable ground
motion excitation. (Johnson and Galletly, 1972; Abdel-Ghaffar and Nazmy, 1991).

23 Bridge Models and Analysis Method

The initial pilot study will include only two-span straight highway bridges. These will be modelled using the
simple mechanical systems shown in Figure 3. A bilinear degrading hysteresis model (Saiidi, 1979) will be used to
model the piers. Simple elastic springs will be used to model the soil structure interaction. Combinations of elastic
springs and nonlinear springs will be used to model the isolators and energy dissipators. Schematics of some of
these are shown in Figure 3. ‘ »

All of the isolation systems, except for the friction system, have recentering capacity. The modelling of
restoring helical springs in the teflon friction systems uses a hardening bilinear model. This model has been shown
from the experiment to exhibit no interaction between the helical springs and the teflon friction system
(Constantinou et al, 1991).

Upon completion of these preliminary studies of one-dimensional behavior of straight two-span bridges,
more realistic models will be used to study the more complicated three-dimensional behavior. A bi-axial hysteresis
model will be used for the piers. Two to six span straight and curved bridges will be studied. Some of the energy
dissipation systems and/or isolation systems will require two or three dimensional hysteretic rules for their behavior.
Others will only require one dimensional response rules.

3.0  Aresponse spectrum method for predicting the response of isolated curved bridges

The response spectrum methods are widely used by engineers to reduce the calculation effort. Three main
techniques have been developed to do response spectrum analysis. These are the square-root-of-sum-of-square
(SRSS), the complete quadratic combination (CQC) (Wilson, Kiureghian, and Bago, 1981), and the multiply-
supported excitation spectrum method (MSES) (Kiureghian and Neuenhofer, 1991). The SRSS method leads to
erroneous results when the structure has closely spaced natural frequencies or when it is highly asymmetric. The
CQC method will give reasonable results by comparison with response from time history analysis. The CQC
method differs from the SRSS method by accounting for the additional response that will come from the cross-mode
term which is a function of the duration of earthquake, modal frequencies, and damping ratio. Unfortunately, the
SRSS and the CQC methods only consider uniform ground motion. As for the variable ground motion, the MSES
method may be used to calculate the response from spatially varying ground motions.

- For base isolated structures, the response spectrum for bridges has been developed for preliminary design
purposes (Turkington et al, 1989). This method considers effects of period shift and additional hysteretic damping
resulting from the inelastic deformation of lead-rubber bearings. After these two modification factors have been
applied, the procedure is the same as the regular structural analysis by the response spectrum method. The
limitation of this method is that it is only valid for the fundamental mode response and for uniform ground motion.
Therefore, the response spectrum method with isolation and with varying ground motion will be developed for
design.

4.0 ' Results of preliminary studies |
The mechanical ﬁ:odels ofa straight two-span bridge are shown as in Figure 3. The two-span bridges with
span lengths of 30m and a pier height of 5Sm and with sliding in longitudinal direction at the abutments will be used

to study the efficiency of various isolation systems, described above. The excitation force is the 1940 El Centro
earthquake. The linear acceleration method is used in the time history analysis. The bridge decks are assumed to
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be rigid in the longitudinal direction. The total weight of superstructure is 5S100kN. The inelastic behavior of the
piers is represented with a bilinear model. The yielding force of the pier is 1307kN, which approximately equals
t0 25.6% of the weight of the superstructure. The bilinear model is also used for modeling the post-yield behavior
of the isolators and the encrgy dissipaters. The yielding forces of the isolation and the energy dissipation systems
are at least 5% of the weight of the bridge deck. In AASHTO, the choice of yielding forces of isolators is open to
the designer (AASHTO Subcommittee, 1990). However, 5% of the weight of the bridge deck has been
demonstrated to be an optimal value for the yiclding force of isolators in the lead rubber full isolation systems
(Ghobarah, 1988). This is used to resist minor forces, such as wind, minor earthquake, and traffic braking forces.
Both energy dissipater systems and full isolation systems will be used to compare the efficiency of the different
hazard mitigation systems.

The performance criteria for evaluating the four systems is based on the maximum displacements of the
bridge deck, the minimum yielding forces of the isolators, and the amount of yiclding in the piers. First, the
constraint of maximum bridge deck displacement is to avoid the large displacement of the deck which might result
in the failure of the back wall of the abutment through impact. In addition, the maximum 100% shear strain of
isolators and energy dissipaters is used to avoid the roll-out failure of the isolators and damage to energy dissipaters.
Also, the minimum yielding force of the isolators is set to fuse only under the excitation forces greater than the
minor forces such as wind forces, minor earthquake excitation, and traffic braking forces. Finally, one of the major
objectives of isolation systems is to limit damage to the piers so that the bridge may be repaired shortly after an
earthquake. Therefore, the displacement limitation of the bridge deck, the minimum yield force of the isolators
and the pier damage limitation are used to determine the number of isolators and energy dissipaters that are
required.

41  Shear demands in piers

The main effects of energy dissipation and/or full isolation are to reduce the shear forces in the piers. The
maximum responses of several structures with non-isolation, energy dissipation and/or full isolation are presented
in Table 1. These results indicate that plastic hinges occur in the piers in the non-isolation systems, whereas no
plastic hinges appear in the pier if a full isolation system or an energy dissipation lead rubber system is used. The
displacement ductility factors of the piers are 1.85 for the non-isolation system, whereas the displacement ductility
factors of the pier varies from 0.89 to 1.62 for the energy dissipation systems and from 0.20 to 0.31 for the full
isolation systems. The damage of the pier depends on the ductility of the pier and the hysteretic energy dissipated
by the pier (Park et al, 1986). In addition, the shear demands in the pier are reduced by using the four different
devices from 0.89 V, to 1.03 V, (V, = the yiclding force of the picr) with energy dissipation systems and from 0.20
V, t00.31V, with full isolation systems. The yielding forces of energy dissipaters used 14.07%, 13.80%, and 13.50%
of the weight of the bridge deck for the lead-rubber systems, the high damping rubber system, and the tapered steel
system, respectively. The yielding forces of the isolators in the full isolation systems used 5.45%, 5.50%, and 4.50%
of the weight of the bridge deck for the lead-rubber systems, the high damping rubber system, and the tapered steel
system, respectively. With these yielding forces for the isolators and energy dissipaters, the shear strains of the
isolators in both systems are lcss than 100%, and vary from 8% to 23% in the energy dissipation systems and from

24% to 33% in the full isolation systems. The low shear strain in the energy dissipater systems, 8% and 23%, are
smaller than those of the isolated systems because the pier limits the displacements of the deck. The cost of this,
however, is damage to the piers as demonstrated by the ductility factor greater than one.

42  Effects of period shift and additional damping in full isolation systems

The period shift that results from the full isolation system lengthens the original natural periods of the
structures and reduces the shear carried by the picrs. The results of time history analyses, presented in Figure 4
and Figure 5, indicate that the non-isolated bridge pier will yield under the El Centro 1940 earthquake. The
ductility demands shown in Figure 6 arc the result. However, in the full isolation system, the natural periods of the
bridge shifts about 120%, from 0.681 sec. (non-isolation elastic structure) to 1.501 sec. (post-yielding isolation
structure), and the demand ductility of the pier is reduced as shown in Figure 7.
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The natural periods of the bridges with full isolation systems are continuously changing during an earthquake
due to the nonlinear behavior. The exact period shift is not a fixed value but depends on the intensity of the input
excitations, the flexibility of the piers, and the post-yicld stiffness of the isolators. The additional damping from the
inelastic deformation of isolators is also varied from one time step to another time step. Therefore, simplificd
methods have been developed to take into account the two main effects: effective period and effective equivalent
viscous damping. A schematic illustrating this simplified model is shown in Figure 8. The advantages of the
simplified approach allowed these newdevices tobe incorporated into the conventional response spectrum methods
and to reduce the cost of computation in the preliminary design.

The simplified methods have been used in AASHTO subcommittee (1990) and by Turkington et al (1989)
for bridge design and Andriono et al (1991) for building design. The common assumptions of these three
approaches use the maximum displacement to define effective stiffness of isolators and the area of corresponding
hysteretic loop as the equivalent viscous damping, as shown in Figure 8. In the AASHTO approach, the effcctive
periods of vibration are obtained from the effective linear stiffness of all bearings supporting the supcrstructure,
as presented in Figure 8. The effects of flexibility of piers are not considered in this approach, so that significant
errors may occur for tall piers. In the Turkington approach, the effects of the piers have been included, but design
curves of additional period shift and additional equivalent damping are only valid for specific earthquakes and
specific isolators. In Andriono’s approach, the maximum displacement is obtained by an assumed displacement
ductility for the isolators, then the corresponding effective period and equivalent viscous damping are estimated.
Finally, the response is read from the conventional response spectrum to evaluate and compare the calculated
displacement ductility of isolators with the assumed value. If the bias is not within the tolerance, iterations are
required to approximate the maximum response of the isolators. Results can usually be obtained within one or two
cycles of iterations. Unfortunately, this method assumes that the isolators are on rigid foundations. For a bridge
with flexible foundations the effect of this flexibility on the response should be included in the analysis.

43 Proposed simplified method

The proposed method will use aniteration scheme to determine the effective period and effective equivalent
viscous damping. Some assumptions in the proposed method are made to simplify the analytical model. First, the
response of the pier is assumed to contribute only to the first mode response, as depicted in Figurc 9. This canbe
demonstrated in Figure 5 with the deck and pier having in-phase vibrations. Second, the effective mass is the
summation of the first modal mass of the pier and the mass of the superstructure. The mass of the isolators is
neglected in comparison with the total mass, Third, the deck is rigid in the longitudinal direction and the effective
stiffness of isolators is affected by the flexibility of foundation as shown in Figure 9. The effective stiffness of the
system is the combination of the effective stiffness of isolators and the elastic pier. The stiffness of the abutment
is rigid, but this is not mandatory. The abutment can be modelled as the elastic foundations if the flexibility of
abutments needs to be incorporated into the analysis. Fourth, the effective equivalent viscous damping is
proportional to the energy dissipated as represented by the area of the hysteretic loop as shown in Figure 9. The
advantage of the proposed method is that it is similar to conventional structural analysis. The only required design
chart is the response spectrum. This has been widely implemented in the design of non-isolated structures.
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Table 1. Comparison of response of bridges with and without isolation and/or energy dissipation

(1) abutments with energy dissipaters

system non-isolation (a) high damping (b) lead-rubber (c) tapered steel "
rubber
max. disp. (cm.) 540 472 261 : 4.69
max. vel.(cm/sec.) 5491 39.91 33.29 34.81
max. accel. (g.) 0.53 0.71 0.66 0.66
max. shear 027W 026 W 0.23W 026 W
in pier (kn) 105V, 103V, 089V, 103V,
displ. ductility 1.85* 1.62* 0.89 1.61*
factor
shear strain of 2% 10% 8%
encrgy dissipaters
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" (2) pier and abutments with full isolation and energy dissipation

system non-isolation lngh dampmg lead-rubber
K : - rubber
max. displ. 5.40 (deck) 7.46 (deck) 6.83 (deck)
(cm.) 5.40 (pier) 0.59 (pier) 0.92 (pier)
“maxvel. | 5491 (deck) 3833 (deck) 41.68 (deck)
(cm/sec.) - 54.91 (pier) 7.14 (pier) 15.27 (pier)
max. accel, 0.53 (deck) - - 043 (deck) 0.43 (deck)
(g) 0.53 (pier) - 0.57 (pier) 1.08 (pier)
- max. shear 027w 005w 0.08 W
in pier (kn) 105V, 020V, 031V,
displ. ductility 1.35° 020 031
“factor ‘ s
shear strain of 33% 24%
isolators

(W = the weight of the superstructure = 5100 kn, V, = the yielding force of pier = 1307 kn)
*pier yiclding (yiclding displacement = 2.92 cm.)
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Notation for Fig. 9

Ag=max. displacement of superstructure”

L it

Ay= displacement of pier
A; = displacement of isofator

Fmax= max. shear force of isolator with ﬁgid pier

F* .= max. shear force of isolator with elastic pier
Fy=yielding force of isolator

K= initial stiffness of isolator

uaK= post-yielding stiffness of isolator

xeti= effective stiffness of isolator with rigid pier
ko= effective stiffness of isolator with elastic pier )
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EVALUATION OF MODAL DAMPING RATIO OF BRIDGES BASED ON
STRAIN ENERGY PROPORTIONAL METIOD
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ABSTRACT

Presented in this paper is a model free oscillation test and an analysis for
clarifying the strain energy proportional damping method which is widely
adopted for evaluating modal damping ratio of structures. Because damping
ratio of structural components is sometimes different even in the same
structure, it is required in the modal dynamic response analysis to evaluate
the damping ratio for each mode. In this paper it is presented from the
experiment and analysis that the strain energy proportional method is qQuite
accurate for evaluating the modal damping ratio of structures for seismic
analysis.

Key Words : Seismic Design, Damping Ratio, Energy Dissipation, Bridges
INTRODUCTION

Damping ratio is an important parameter for evaluating seismic response of
structures. Although the mass and stiffness can be accurately computed from
mass and stiffness distribution of structures, the damping ratio can not be
evaluated in the similar manner because prediction of energy dissipation in
structures is very complex. Therefore instead of directly evaluating energy
dissipation in structures it is generally adopted to evaluate the energy
dissipation of structures in terms of damping ratio. The damping ratio is an
appropriate parameter for assigning the damping characteristics of
structures. But it should be keep in mind that the damping ratio can be
defined only for a single-degree-of-freedom oscillator. From the analogy of
the orthogonal condition of modal matrix with respect to stiffness and mass
matrix, the damping ratio has been assumed for seismic analysis of
structures. : : :

Damping ratio Is sometimes different depending on structural components
even in the same structure. Therefore it is required to evaluate the modal
damping ratio based on the different damping ratio assigned for each
structural component. The strain energy proportional méthod has been
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widely used for such purpose'’. Because most of energy dissipation is
developed due to deformation of structures, it has been considered
reasonable to assume this method. But theoretical verification was not yet
fully made.

This paper attempts to verify the strain energy proportional method for
application to seismic design of structures. Based on a model oscillation
test which is carefully made for evaluating energy dissipation of structural
components as well as whole structure, accuracy and application of the
strain energy proportional method is clarified. A bridges is considered for
analysis. : S

ENERGY PROPORTIONAL DAMPING

For a linear discrete structure, the equations of motion may be written as

Mu+Cu+Ku=M {1,0,0, ---1, 0,00 T Zox_ (D
where '

M : mass matrix »

C : damping matrix

K : stiffness matirix

'd, u, u: displacement, velocity and acceleration vector

Z ox : ground acceleration in x axis

Denoting w: and ¢: as the undamped angular natural frequency and mode

shapes for i-th mode, u, u , u may be expressed as

K s

u=x¢iq: (t)
=1

. K - A Co .
u=32¢iq: (t) ' . o -(2)

i=1

K
u=3¢iq: (t)

i=1

in which q ; represents the generalized coordinate-for i-th mode and K
represents number of freedom. :

From the orthogonal condition, the stiffness matrix K and mass matrix M
become as

: ¢mTK¢n= 0 . . o o B
o (n#n) - ' : )
mTM ¢ n= -0 : s - i :
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Assuming that the damping matrix C can be also orthogonalized as
¢ mTC ¢ n= O 7 (4)

one can have k sets of uncoupled equation of motion as

'q.:--+2hsw:(iﬁwxzqm—I‘n:.Z.gx (5)

in ‘which h : and T ix represent the mbdal damping ratio and mode
participation factor for i-th mode, respectively.

It is important to note here that the modal damping ratio h ; which is
defined only for a single degree of freedom oscillator has been adopted in a
dynamic response analysis of multi-degree-of-freedom system in the form of
Eq. (5) because there is not a practical definition for energy dissipation for
multi-degree-of-freedom system.

It is then required to evaluate the modal damping ratio of Eq. (5) based on
the energy dissipation mechanism of the structure. For such purpose it is
assumed to divide a structure into several structural segments in which
energy dissipation has the same mechanism as shown in Fig. 1=, The segment
is designated hereinafter as a substructure. The substructure may be a deck,
a pier and a foundation as shown in Fig. 2 in the analysis of a bridge.

Fig.1 Substructures
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Fig.2 Substructures for Bridges
Strain energy in j-th substructure for i-th mode may be evaluated as
Ei; = 2 ¢UT‘kJ'¢u (6)

where
E i; @ strain energy of j-th substructure for i-th mode
¢ 15 : mode shape of j-th substructure for i-th mode
k ; : stiffness matrix of j-th substructure

Denoting the energy 'dissipation in j-th éubst;ructur(_e for i-th mode as A E i3,
the damping ratio of the j-th substructure may be evaluated as

1 AEj; ‘ :
2 n E i; (M

hi; =

Because the damping ratio of substructures depends on the mode shape and
boundary condition, it ne‘éds to be the f()ne developed when the substructures
deform as a part of the structure in the i-th mode shape.

Then the strain energy and energy dissipation of the whole structure for
i-th mode can be evaluated as
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Ei = 3% Eij

i=1
(8)
) n
AE:i = 3% AE;;

i=1

in which n represents number of substructures. The damping' ratio of whole
structure (modal damping ratio) for i-th mode may be written from Eq. (8) as

1 AE;

R = S T E, ()

Substituting Egs. (7)' and (8) into Eq. (9), one obtains an equation for
evaluating the modal damping ratio as

n

2Eijhi;

Jj=1

h;= (10)

n

2 Eq;

J=1

Eq. (10) is called as the strain énergy proportional damping because the
averaged damping ratio over each substructure is taken with the strain
energy of the substructure being the weighting function. Substituting Eq.

(6) into Eq. (10), Eq. (10) can be modified in the form which is more
appropriate for computation

n .
S s chis-Ki-@ayg

i=1

h;= : | (11)
S5 Ky P

3=~1

MODEL FREE OSCILLATION TEST

Fig. 3 shows the model bridge studied for verifying the effectiveness of the
strain energy proportional damping method. Photos 1 and 2 show the bridge
model and the bearing. The girder is of a rigid steel plate so that energy
dissipation during excitation is negligibly small. The girder has the span
length of 2.1 m and the weight of 611.7 kgf. Each column with the height of 95
cm is of four steel plates with the top of each two plates being rigidly
connected. The bottom of the columns are rigidly connected to base frame
for preventing energy dissipation at the bottom.
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Fig.3 Model Bridge used for Free Oscillation Test

Four bearings were used for supporting the deck. Two types of bearings as
shown in Fig. 4 were adopted for the test. One is the laminated natural
rubber bearing, which is called hereinafter as RB. This was made by
laminating 25 natural rubber plates with thickness of 0.9 mm and 24 steel
plates with thickness of 0.3 mm. Total thickness of rubber is 22.5 mm. It has
elastic restoring force characteristics The other is the laminated high
damping rubber bearing, which is called as HDR in this paper. This was made
by laminating 37 high energy absorbing rubber plates with thickness of 0.5
mm and 36 steel plates with thickness of 0.3 mm. Total thickness of high
energy absorbing rubber is 18.5 mm.

In the model bridge, energy dissipation is developed at bearings and
columns. Therefore, bearings and columns are regarded as the substructures
for evaluating modal damping ratio of the model bridge by Eq. (11). Because
little energy dissipation is developed at the rigid deck, it is disregarded in
the analysis. The modal damping ratio only for Ist mode is evaluated in the
test for making the excitation simple and easy.

For evaluating the damping ratio of each substructure, free oscillation test
was made for two types of bearings (RB and HDR) and two columns (Column A
and B). Free oscillation test of the model bridge was also made for
evaluating the modal damping ratio of whole structure.
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Fig.4 Model Bearings for Free Oscillation Test

In the free oscillation test of the model bridge, the deck was displaced in
longitudinal direction, and by releasing it from the displaced position, free
oscillation was developed. The 1st mode shape of the model bridge in
longitudinal direction is of lateral movement of the deck with flexural
deformation of cantilevered columns. Similarly the free oscillation test was
made separately for the column A and B. In the free oscillation test of the
bearings, four sets of bearings were directly placed on a rigid steel frame
and the deck was placed on them. Then the deck was displaced laterally and
released smoothly so that shear deformation was developed in the four
bearings. Because the steel frame and deck are rigid, energy dissipation
developed in, this test represents that developed in the bearings The test
was made separately for RB and HDR.

Because the stiffness of the bearing depends on temperature, the tests were
made in a room with the constant temperature wlth 20 °C. Displacement of the
deck and columns was measured Acceleration was measured so that the
inertia force of the deck be evaluated. It will be used to evaluate the
stiffness of bearings. Each test was made twice to verify the stableness of
the test results.

FREE OSCILLATION OF MODEL BRIDGE
Fig. 5 shows the decay of free osclllatlon of the brldge model. It is apparent
that the free oscillation decays much faster in the model supported by HDR

than the model supported by RB. Logarithmic damping ratio & can be
evaluated from the free oscillation as

d=10o0 ge (a',n/am+|) (12)
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Fig.5 Decay of Free Oscillation of Deck Displacement Amplitude
of Bridge Model

where
6 : logarithmic damping ratio
aw : displacement amplitude of m-th peak of free oscillation

Damping ratio h may be evaluated from the logarifhmic damping ratio as
6=2nh/y1—-n< (13)

Fig. 6 shows the dependence of the 1lst mode damping ratio of the model
bridge thus evaluated on the displacement amplitude of the deck. Some
scatter is seen at small displacement in the bridge model supported by HDR.
HDR shows low damping ratio at small displacement. Therefore disregarding
such part, damping ratio was evaluated for the displacement range of 6.3 mm -
27.9 mm in the model supported by HDR and 23.8 mm - 33.0 mm in the model
supported by RB. The averaged damping ratio over this range is 11.4 % in the
model supported by HDR and 1.69 % in the model supported by RB.

Fig 7 compares the decay of free oscillation of RB and HDR. It is apparent
that the oscillation decreases faster in HDR than RB. Fig. 8 shows the
dependence of damping ratio of RB and HDR on the lateral displacement
developed in the bearings. Decrease of damping ratio at small displacement is
seen, especially in HDR. This is the reason for causing the decrease of the
damping ratio of the bridge model as shown in Fig. 6. The damping ratio of
both RB and HDR has less displacement dependency. The averaged damping
ratio over the displacement range developed during the above described free
oscillation test of the whole model bridge is 3.27 % in RB and 25.4 % in lIDR.
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Fig. 9 shows the decay of free oscillation at the top of of a column. Fig. 10
shows the displacement dependence of the damping ratio thus evaluated.
Because the displacement amplitude developed at the column top during the
free oscillation test of the whole bridge model is 13.4 - 18.2 when the deck is
supported by RB and 3.0 - 10.9 when the deck is supported by HDR, the
damping ratio of the columns A and B is 0.708 % and 0.954 % for RB and 0.459 %
and 0.544 % for HDR.
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Fig.9 Decay of Free Oscillation of Column
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ACCURACY OF STRAIN ENERGY PROPORTIONAL METHOD

Because the damping ratio of each substructure was evaluated, the damping

ratio h ,of the the whole bridge model for 1st mode may be evaluated from
Eq. (10) as

Eicahicat Ertoehics+ Enihin

h, = (14)
EicatEjrest+ Ers

where : . :
E10a. E 108 : strain energy of column A and B for 1st mode
E 1v : strain energy of bearings for 1st mode

h 154, hice: damping ratio of column A and B

h 1v : damping ratio of bearings

Because the damping ratio of the whole bridge model was obtained from the
test, accuracy of Eq. (10) is clarified by co_mparlng the damping ratio
predicted by Eq. (14) with the one evaluated from the test.

Strain energy of the columns and bearings may be evaluated as

E 1on= '_;‘“ K onu o™  (N=A. B) (15)
Eiv = ';_kbsz (16)
where

E1:a, Ei2s: strain energy of column A and B for 1st mode

E v @ strain energy of bearings for 1st mode

K ca, Kk oe:stiffness of column A and B

k v : stiffness of bearings

Uoca, Uoss: lateral displacement at top of column A and B
: shear displacement of bearings

The stiffness of the columns K ca and k oe can be evaluated based on the
dimension of the columns and elastic modulus. The stiffness of the bearings
was evaluated from the hysteresls loop of the force vs. displacement
relation -as the equlvalent stiffness. Fig. 11 shows the stiffness of the
bearings thus evaluated VS, shear dlsplacement relation. Because the
stiffness ‘of the beallngs has some displacement dependency, it was
approxlmated as

kp%ZZ."T*O.ZU@ ®B) | (17)
kKv=8.0-0.2us  (HDR)

In the free oscillation test of the whole bridge model, the deck displacement
can be evaluated as
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Ua='u

where
u 4 : deck displacement

u p : displacement at column top

u » : shear displacement of bearings

p+Ub

(18)

Because u s and u e were measured during the test, uw can be computed from
Eq. (18). Then the stiffness of the bearings can be estimated by Eq. (17).

Thus the damping ratio of the model bridge was evaluated from Eq. (14) for

several peaks of free oscillations as shown in Table 1. Fig. 12 compares the
predicted and measured damping ratio of the bridge model.
values are very close with the measured ones. They are within 4 20 % of the
measured damping ratio. -
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Table 1 Comparison of Predicted and Measured Damping Rétio of Model Bridge

Tyoe of Number |_ Displocemef\t of Bridge !ﬂodel Domping Ratio and Strein Energy‘of Strqcluml‘MmberslMu{olDorvrpirgd Bridge
’P"‘ of Free |DisplacementDisplacement |Displocement Pier A Pier B 7 Bearing Esbmolei Measured
Bearing - ot Girder  |ot Pier Top ot Bearing " - = ————1 bytalil

Oscilotio ™ dg{mm) | dp(mm) | dplmm)” | hpal%) | Epn | hysl®%) Epp_ b_ﬂlJ 6 ha he
Rubber 1 33.0 18.2 14.9 10708 1.437 |0.954 | 1.424 |3.273 | 2.192 | 1.890 | 1.690
Boars 2 29.6 16.5 | 13.3 |o0.708]1.181 |0.954 | 1.170 | 3.273 | 1.775 1.881 | 1.690
(RB')'Q 3 26.5 14.8 11.8 |0.7080.950 |0.954 | 0.944 [3.273] 1418 | 1.877 ] 1.690
L 4 23.8 13.4 10.5 | 0.708]0.779 |0.954 | 0.772 |3.273 | 1.137| 1.864 1690
&9};;9 i 21.9 10.9 18.2 10.459]0.516 |0544 05111254 |o0.710]10.7 |11.4
gubb:u 2 13.4 5.7 8.2 | 0.459|0.141 |0.544 |]0.140 25.4  |0.213 | 11.2 |11.4
A E 6.3 30 3.5 |0.459 [0.039 |0.544 |0.039 {25.4 |o0.045] 9.6 1.4
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Fig.12 Accuracy of Predicted Damping Ratio

CONCLUSIONS

The effectiveness of the strain energy proportional damping method was
verified through the free oscillation test of a model bridge. Damping ratio
only for lst mode was analyzed because of simplicity of the free oscillation
test. It became apparent that the damping ratio of the bridge can be
predicted by the strain energy proportional method with enough accuracy
when the damping ratio of substructures is correctly evaluated.
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DEVELOPMENTS IN SEISMIC PRIORITIZATION
OF BRIDGES IN CALIFORNIA ‘

ANN D. GILBERT
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California Department of Transportation
Division of Structures

ABSTRACT

Proposed is a risk based rﬁethodolog'y to systematically pn'britize bridges in California
according to their need for seismic retrofit. The proposed procedure is based on the multi-
attribute decision theory. Objectives of the prioritization program and procedural details are
discussed. ,

INTRODUCTION

A highway system is a complex network of vulnerable links. Bridge structures are by far
the most critical links because of their vulnerability to damage when subjected to earthquake
loads. Itis crucial that transportation agencies in seismic regions evaluate bridges for
potential deficiencies. The California Department of Transportation has an ongoing
program to develop risk based methodologies for prioritizing existing bridges according to
their need for seismic retrofit. Upgrading efforts to reduce seismic risk have continued at
an unprecedented rate since the Loma Prieta Earthquake. A logical procedure to
systematically rank all bridges according to their need for seismic hazard mitigation has
been an essential tool. = 4

California poses a unique atmosphere with special demands on any prioritization _
procedure. The California highway system contains over 12,000 bridge structures with a
wide variance in the seismic loads and hazards applied to each bridge. Extreme demands
are placed on the highway system with usage over 20,000 vehicles per day. Furthermore,
bridge types, configurations, and details are inconsistent throughout the state. Engineers
must remain cognizant of these challenging issues when developing a seismic prioritization

procedure.

This paper presents an overview of the latest developments in the seismic prioritization of
bridge structures in California. The recent advances have been significant and will be
discussed in terms of overall objectives.

RECENT ACHIEVEMENTS

The seismic retrofit prioritization scheme utilized by Caltrans prior to 1992 employed a
simplified judgment based risk assessment. In this scheme, each bridge received an overall
score computed as the weighted sum of 12 factors. The real merits of this system was its

simplicity and the speed of computation.

This ranking scheme employed an ‘Léiidi‘t:i‘\i'éaappioabﬁ where the weighted factors affecting
the probability of failure were added to the weighted factors affecting the consequences of
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failure. The overall ranking score as previously computed may produce inconsistent
evaluations of relative risk.

Risk is properly evaluated by multiplying the probability of failure by the consequences of
that failure. Recent investigations to revise the prioritization scheme has lead to some
significant advances. The development work in this area has meant a redefinition of goals
and accompanying limitations. Some cognizant and deliberate trade off decisions were
necessary in an effort to make measurable progress and improvements in short periods of
time. A conventional seismic risk evaluation for all 12,000 bridges in the 15,000 miles of
California state highways, although ideal, would be extremely detailed and time-
consuming. It has always been imperative that the screening procedure to prioritize for
seismic retrofit be efficient and capable of rapidly assessing a large number of bridges.
Thus, it was decided that the merits of the previous scheme in terms of its simplicity and
speed of computation should not be compromised for an enhanced methodology.

The objective was to develop a logical framework to systematically combine those factors
which evaluate relative risk for ranking purposes. It became essential to migrate toward the
proper multiplicative definition of risk as the product of the probability of failure multiplied
by the consequences of that failure. These goals have been achieved by the employment of
the multi-attribute decision theory [1].

PROCEDURAL DETAILS

The development of a prioritization scheme based on the multi-attribute decision theory has
resulted in many positive outcomes. This procedure utilizes a risk-based methodology and
therefore provides a rational criteria for evaluating the relative priorities of existing bridges.
This procedure does not assess absolute risk but only determines relative risk. It remains
simplistic in nature and serves only to produce a preliminary ranking. The resultant
ranking provides a framework for selecting bridges to undergo a detailed seismic evaluation
and retrofit design. Perhaps the single most important achievement in this prioritization
scheme is that it incorporates the advantages of previously developed methodologies while
employing a multiplicative formulation. The multi-attribute decision procedure provides a
systematic method for treating preferences and values in the prioritization process. The
hierarchical nature of this procedure has the distinct advantages discussed below.

The multi-attribute decision procedure assigns a priority rating to each bridge in order to
determine those structures which are more vulnerable to seismic activity in their current
conditions. The prioritization is based on a two-level approach which separates the seismic
hazard from the impact and structural vulnerability criteria. The severity of seismic
exposure is considered independently from the vulnerability and importance. The
prioritization risk rating estimates the seismic hazard to a bridge from various sources and
then subsequently assesses the impact and structural vulnerability resulting from those
hazards. The details of this formulation allows a bridge with low seismic hazard to receive
a lower overall risk rating than a similar structure with higher seismic hazards. This effect

was not as achievable with previous prioritization methods which rely on a point-score
summation procedure.

Figure 1 presents an overview of the mulii-attribute decision procedure. A priority risk
rating is computed for each bridge in the California highway network. Itis a two level
approach with the first level assessing the seismic exposures to a bridge and the second
level assessing the impact and structural vulnerability criteria.
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The first level criteria directly assess the seismic activity and hazard to each bridge. The
second level criteria jointly define the performance of each bridge and potential losses of a
bridge. Each of the following four criteria (c,, €2+« 0y €;): seismic activity, hazard,
impact, and vulnerability depend on a set of attributes (a3 .. a,4). A setof
weights (wy, w,,. .., W;) are assigned to each criterion at every level to reflect their
relative importance. Attribute weights (x;, X,, . . ., X,.;) are also assigned to each
attribute to define their relative importance within each criterion [1]. The details are
illustrated in Figure 2. The criteria weights and attribute weights are based on a 1991
expert opinion survey work of engineers and managers within Caltrans [2].

A global utility function, g(a,,), was created for each attribute. They are essentially weight

functions defined between 0 and 1 in Figures 3 through 9. These global utility functions
are the same as those used in previous algorithm work.

A prioritization rating, R ,,, is thus computed for each bridge such that:

Riz2R, 2R, =2...>2 R,

The prioritization rating is computed by multiplying the global utility functions with the
weights of the attributes. That is:

Rar= E. wi(ci) ZEj(aj)g(ai)

lic;

where,

¢, = seismic activity w(c;) = w, = 1.0
¢, = hazard criterion w(cy) = w, = 1.0
¢; = impact criterion w(c;) = wz = 0.6
¢, = vulnerability criterion w(e,) = wy, = 04.

The seismic activity criterion is based on some preliminary assessments and a recently
developed activity map by L. Mualchin, Seismologist with the Divisi on of Structures.
Fault activity has only recently been incorporated into the prioritization and stems from the
recognition that the sources of maximum credible earthquakes [3] have different seismic
activities. Since absolute seismic activity is quite difficult to ascertain, relative differences
of fault seismic activity were determined utilizing slip rate, seismicity, and recency of
movements. The ground shaking effects from each fault were captured by delineating a
distance to 0.2g acceleration. The entire state of California was divided into areas affected
by high active, active, moderate active, and low active faults. However, only three activity
zones resulted because the effects from moderate faults were practically overshadowed by
the active and high active faults [4).

The seismic hazard criterion includes three principle components: soil site conditions, peak
rock acceleration, and duration of strong ground shaking. The peak rock acceleration is
presumed to be produced by maximum credible earthquakes. Duration is a newly
considered component and is currently divided into three groups: long (bracketed duration
greater than 25 seconds), intermediate (bracketed duration of 15 to 25 seconds), and short
(bracketed duration less than 15 seconds). Bracketed duration was employed as the
approximate function of magnitude and source distance [4].

The impact criterion utilizes eight attributes to assess the consequences of bridge damage on
public safety. The importance of bridge structures as vital lifeline links is determined in
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terms of socioeconomic impacts and the effects on the users of the transportation system.
In addition to considerations for traffic capacities on and under the structure, potential
property damage and loss of life beneath the structure is accounted for by including the
residential leased air space and storage leased air space attributes. The importance of each
bridge as part of an overall transportation system is evaluated in this criterion.

The final criterion is structural vulnerability. It is defined by six attributes which examine
structural details and components to define potential damage. The six attributes generally
remain unchanged from previous prioritization procedures [5].

It is useful to compare the ranking which results from the multi-attribute decision procedure
with the ranking produced by the previous additive procedure. Figure 10 presents the
different ratings for a sample of 100 representative bridge structures. It represents
approximately a 30% variation in rank ordering. It is believed that this 30% change
produces a more consistent and accurate ranking.

FUTURE OBJECTIVES

There are several areas to address when considering potential enhancement issues. Some
efforts are currently underway and others are only poteatial long term goals. Any
refinements which can be achieved have merits in optimizing the allocation of retrofit funds
and serve to enhance the prioritization tools which need to be in place in the event of a
major earthquake.

Each enhanced prioritization method which has been adopted over the past several years
has continually brought Caltrans closer to a methodology based on structural reliability
theory. This is a very important concept and provides a defensible and theoretically sound
approach to prioritization. Consideration is being given to the application of rigorous
structural reliability principles to specific critical bridges with the eventual extension to all
structures. A key component will be the development of empirical fragility curves. The
ATC-13 [6] structural classifications currently available are inadequate. Work needs to be
done in the area of extrapolating extremely limited damage data and correlating it with
ground acceleration.

The California highway system is a complex network of critical and potentially vulnerable
bridges. Itis increasingly important to evaluate the seismic reliability of the lifeline from a
network systems point of view. Each critical element, or bridge, must be considered as
part of a global system. Some modest attempts have been made to address this concept in
the current work. However, additional work is needed.

Further refinements of the current method may eventually include subdividing each attribute
into sub-attributes. Possible correlation and interrelationships between attributes must also
be addressed. A few of the global utility functions need to be reevaluated, modified, and
subjected to a sensitivity analysis. Also, an investigation is needed to evaluate the
possibility of saturation of several of the global utility functions. Seismic duration is a ‘
complex function of soil conditions, characteristics of sources, and propagation paths. The
necessity of improving duration assessments has already been recognized but needs to be
implemented.

Improvements in the seismic hazard definitions including refinement of the soil condition
attribute and seismic activity maps need to be addressed. Likewise, continued emphasis
should be placed on data development efforts. This includes further documentation of .
leased air space sites and other collocation issues. :
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Finally, an additional level of sophistication should incorporate a cost-benefit analysis. In
this way, the overall highway system vulnerability can be reduced by optimally allocating
limited resources. Consideration needs to be given to the fact that a sequentially ordered
prioritization list provides an imperfect framework in which to optimally select retrofit
projects. The selection of alternatives and optimization exercises must be formalized.

CONCLUSION

Relative seismic risk computations for bridge structures are currently based on a large
number of assumptions and judgment. The origin of much of this is the uncertainty and
randomness of the earthquake process, as well as, the absence of defensible fragility
curves. Yet, the current multi-attribute decision procedure has proven to be a successful
tool for prioritization. The heavy reliance on empirical experience through past seismic
damage of highway bridges coupled with a logical decision process has served Caltrans
well in meeting its current challenges. With research efforts already in place empirical
experience can be combined with statistical data to advance towards state-of-the-art
structural reliability procedures.
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MULTI-ATTRIBUTE DECISION PROCEDURE

PRIORITIZATION |

RATING

ACTIVITY
First -
Level
Criteria

HAZARD

0% 40%

Second IMPACT VULNERABILITY
Level
Criteria

Prioritization = (Achvnty)(Hazard) [ (0. 60)(Impact) + (0. 40)(Vulnerab1hty)]
Rating

Where,

Activity=  (Global Utlhty Functlon Value)

Hazard = 2 (Attnbute Welght)(Global Utlhty Functxon Value)
Impact = 2 (Attribute Weight)(Gldbal Utility Function ’Val-ue)'

Vulnerability = 2, (Attribute Weight)(Global Utility Function Value)

Figure 1
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CRITERIA AND ATTRIBUTE DETAILS

¢; = ACTIVITY CRITERION:

Activity Attributes Activity Weights
a; = Seismic ACliVity X = 100%

¢, = HAZARD CRITERION:

Hazard Attributes Hazard Weights
a,; = Soil Conditions X; = 33%
d;, = Peak Rock Acceleration Xz = 38%
323 = Seismic Duraﬁon X3 = 29%

¢; = IMPACT CRITERION:
Impact Attributes Impact Weights
ay; = ADT on Structure X3y = %
az;, = ADT Under/Over Structure X3 = 12%
az; = Detour Length X3; = 14%
aj, = Leased Air Space (Residential, Office) X34 = 15%
azs = Leased Air Space (Parking, Storage) x3s = 07%
a3 = Rte Type on Bridge X3 = 07%
az; = Critical Utility - X;; = 10%
az; = Facility Crossed X33 = 07%

cy = VULNERABILTY CRITERION:
Year Designed (Constructed) X1

341 = = 25%

a,, = Hinges (Drop Type Failure) Xy = 16.5%

a,; = - QOutriggers, Shared Column X3 = 22%

a,, = Bent Redundancy Xe¢g = 16.5%

Ays = 'Ske\v V Xys = 12%

a,s = Abutment Type : X = 08%
Figure 2
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AT AR
o A et

GLOBAL UTILITY FUNCTION DEFINITIONS
ACTIVITY CRITERION 1=
Seismic Activity 1.00*(0. 25—low 0. SO—moderate 0. 75—actlve, 3
' . 1.00= hlgh) 3
4
HAZARD CRITERION
Soil Conditions : 0.33*(1=high risk zone; else 0)
Peak Rock Acceleration 0.38*(linear, normalized to 0.7g) :
Seismic Duration 0.29%(0.5=short;0.75=intermediate; l—long)
IMPACT CRITERION E
ADT on Structure 0.28*(parabola for a max ADT of 200000)
ADT Under/Over Structure 0.12*(see ADT above)
Detour Length 0.14*(linear, normalized to 100 miles)
Leased Air Space 0.15*%(1=present; else 0)
(Residential, Office) o
Leased Air Space 0.07*(1=present; else 0)
(Parking, Storage) S S
Rte Type on Bridge 0.07*(1.0=interstate; 0.8=US , ST rte, or
stream; 0.7=RR; 0.5=fed funded Co
rte or city str; 0.2=nonfed funded Co
_ rte of city str; 0.0= fed land, ST land,
L - other) - :
Critical Utility 0.10%(1=present; else 0) »
Facility Crossed 0.07*(see Rte Type on Bridge)
VULNERABILITY CRITERION
Year Designed (Constructed) 0.25%(0.5=yr<1946; 1.0=1946<yr<1971;
: . 0.25=1972<yr<1979; 00-yr>1979)
Hinges (Drop Type Failure) 0 165*(0 0O=no hinge; 0.5=1 hinge; 1.0=2 or
o _ : more hinges) -
Outriggers, Shared Column 0.22*(1=present; else O)
Bent Redundancy 0.165*(0.0=no col.;0.25=pier walls; O 5
multi-col bents 1.0=single col bents)
Skew . 0.12*(linear, normalized to 90) - .-
Abutment Type 0.08*(0=monolithic; I=nonmonolithic)
- Figure3
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GLOBAL UTILITY FUNCTION

GLOBAL UTILITY FUNCTION

GLOBAL UTILITY FUNCTIONS
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+ Structural Modeling Implications from Snap-Back Tests
on a Slab-on-Girder Bridge

by

S. S. Chen
J. B. Mander
D. S. MacEwan
D-K. Kim

Dept. of Civil Engineering
State University of New York at Buffalo

Abstract

A new type of sclf-equilibrating snap-back (quick-release) test setup is employed to investigate
the transverse dynamic response of a two-span continuous slab-on-girder highway bridge. Stick-slip
behavior of the expansion bearings was observed to have a measurable effect on the frequency content
of the dynamic response of the structure and should be accounted for in inclastic modeling of bridges
supported on such bearings. Experimental results from field tests are compared with predictions from
both a detailed elastic 3D finite element mode! of the bridge and a nonlinear quasi-3D-2DOF model.
Both models account for the ficld-observed frequericies and mode shapes of the structure under the
transverse snap-back excitation. The quasi-3D-2DOF nonlinear model - also provides reasonable
agrecment with observed displacement and acceleration amplitudes and time-histories. It can thus be
utilized directly in inelastic time-history studies of bridge response to various earthquake ground
motions. Both field and analytical results indicate that the current across-the-board recommendation of
single-mode analysis and design methods for this class of bridge needs to be re-examined.

Introduction

~ For common highway bridges in the US, current recommended seismic
analysis procedures for bridges [ATC-6, 81] and computer programs such as SEISAB
[Imbsen 84] have been formulated based on research performed mostly with
~ Californian-type bridges in mind. Such bridges are often characterized by concrete
superstructures with a monolithic connection between superstructure and
substructures, The modeling recommendations suggested in ATC-6 are based on this
type of construction and are thus of questionable relevance to bridges, common to
many eastern states and Japan, whose superstructures are composed of concrete deck
slabs on steel girders and seated on a variety of bearings. Especially now that the
ATC-6 approaches and philosophy have been applied nationally via the 1991 (and
subsequent) AASHTO specifications, it is essential that they be re-evaluated in the
light of behavior that might be expected from typical slab-on-girder (SOG) bridges

that were not necessarily designed for seismic loads. ~~ ,

" _The need for full-scale validation of analytical modeling assumptions has led
to the development of the quick-release method of field experiment [Buckle et. al.
87, Douglas and Reid 82, Douglas et. al. 90, Werner et. al. 90). Such tests are of
importance not just to fine-tune the transverse dynamic behavior predictions of
detailed analytical models but also to evaluate the appropriate level of detail to
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recommend in analytical methods suitable for design office use. Current code-based
provisions stipulate that for "regular” bridges in any Seismic Performance Category
(SPC), only a single mode method of analysis is required [Buckle 92].

Regular two-span continuous slab on plate girder structures are often used for
overpass bridge replacements due to the use of autostress design methods for the
superstructure and the elimination of shoulder piers near the traffic lanes passing
beneath the bridge. The bridge examined in this paper is an example of a new
structure of this type. The focus of this study is on the appropriateness of a quasi-3D-
2DOF nonlinear model proposed by the authors. It is shown that this approach gives
a reliable prediction of the transverse linear and inelastic dynamic behavior of this
bridge when subjected to a new self-equilibrating method of snap-back field testing.
Since most previous snap-back tests have been conducted on bridge types other than
the SOG type, new insight is also gained into the transverse dynamic behavior of this
class of bridge.

Bridge Description and Field Test Setup

The Hopkins Road bridge over Interstate 990, shown in Fig. 1, is a two-span
continuous right SOG structure. Located in western New York (SPC B), the bridge
was constructed with an 8-1/2 inch (216 mm) thick reinforced concrete deck cast
compositely on four 60-inch (1.52 m) deep steel plate girders spaced at 10 ft (3.05
m) centers. The central pier consists of twin reinforced concrete 3 ft (910 mm)
square columns supporting a transverse cap beam. The pier and abutments_ are
seated on reinforced concrete pile caps which are founded on battered steel piles.
The piles are driven to a depth of 33 ft (10.0 m) at the pier, and 50 ft. (15.2 m) to
56 ft. (17.1 m) at the north and south abutments, respectively. Site test borings
indicate the presence of generally firm soil conforming to AASHTO soil type III
down to the level of the bedrock at the base of the piles. The bridge appears to have
been designed and detailed in accordance with the 1983 AASHTO Seismic Guide
Specifications [AASHTO 83]. Constructed in 1990, the bridge was less than two years
old at the time of testing in August 1992,

Accelerometers were placed on the pier and superstructure in all three global
directions as shown in Figs. 1a and 1b. Static and dynamic transverse displacements
of the pier and deck were measured against the reference frame shown in Fig. 1c. An
accelerometer was also placed on the reference frame to record its movement during
the test and to enable noise-filtering adjustments of the displacement readings from
those instruments placed on the reference frame.

The snap-back jacking system used to load the structure is shown in Figs. 1c
and 1d. The apparatus was erected in a modular fashion to utilize the mechanical
advantage of the lever beam and avoid permanent attachments to the structure. The
base bearing wedge, constructed of concrete, was clamped to the west column and
included a bearing pivot for the bottom lever beam. The loading beam at the top of
the pier rested freely on the end of the cap beam against the pedestal under the
fascia girder.

The mechanical advantage achieved by the lever beam magmfled the apphed
diagonal jack force by 6.4 times. This permitted the use of a small 60 kip center-hole
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Fig. 1a Plan

Fig. 1b Elevation

Fig. 1c

Fig. 1d
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Fig. 1 The Hopkins Rd, Bridge over the 1-990 Highway Showing the Instrumentation.
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hydraulic jack, potentially delivering up to 324 kips diagonal load. Instantaneous
release of the static applied load was provided by a fuse-bar connected in series with
the jack, as shown in Fig. 1c. Machined to a specified diameter, the fuse bar was
designed to break at a prescribed load, allowing subsequent transverse free vibration
of the structure. A principal advantage of this type of quick-release setup is that it
is self-equilibrating. The complications of soil-structure interaction are thus
conveniently avoided in the investigation reported herein, with the focus placed on
the above-ground structural response. Two snap-back tests were conducted; one with
an equivalent horizontal load of 122 kips, the other with 82 kips; the results of the
latter test are reported herein.

The superstructure is supported on fixed bearings at the pier and expansmn
bearings at the abutments. Bearings over the pier are of the circular elastomeric "pot”
type, which consist of an elastomeric pad sealed completely between the piston and
the pot. Abutment bearings are shown in Fig. 2 and consist of stainless steel plates
on PTFE (Teflon) sliding surfaces supported by elastomeric pads identical to those
at the pier. The construction drawings for the bridge called for the fixed pot
bearings to supply a 10% horizontal bearing load capacity and the coefficient of
friction not to exceed 5% at the expansion bearing locations, while the
manufacturer’s specifications indicate that the coefficient of friction will be less than
2%. The outer girders at the expansion end were instrumented for displacements as
shown in Fig. 2.

During the free vibrations excited following the "snap" of the fuse bar,
horizontal and vertical motions were measured at various points in the bridge
superstructure and substructure, as shown in Fig. 1. Accelerometer and displacement
transducer results were recorded at a sampling rate of 200 Hz in two synchronized
PC-based data acquisition systems, one located near the pier and one near the
abutment. This system minimized wiring and noise corruption.

oli:oi;f:r;eﬂg('x:g:r' ¢ of girder :Diophr‘ugn conn. plate
H
Stiding interface 10" ——to— 10° Sole plate
Elastomeric bearing @54nm) | @54nm ‘ Top bearing plate
—— — — Bearing ‘keeper’
Potentiometer measures
\\ / transverse bearing
o e S72mm \ disptacement
-chn
' 7 — 1" (@5mm) dia. anchor bolt
— t I\ [ }+—— Masonry plate
¢ ulsem | / \ ~—— Concrete pedestal

Potentiometer measures longitudinal
bearing displacement

Note: 1/8" lateral clearance specified (ea. side)

Fig. 2 Expansion Bearings and DlsplacementInstrumentatlon -
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Experimental Results

Fig. 3 presents sample time histories of accelerations and displacements
obtained from the field records. It is immediately evident from the acceleration time
histories of the deck and pier that more than one mode is present and that different
modes dominate the transverse vibration of the deck and pier, respectively. Peak
transverse accelerations achieved by the 82 kip snap are approximately 0.065g at the
deck, 0.25g at the pier cap, and 0.03g at the girder end above the expansion bearing.

"The displacement records at the expansion bearings indicate in the transverse
direction that some movement occurs within the confines of the side shear
key/keeper plates shown in Fig. 2, while movement in the longitudinal direction
indicates mobilization of the expansion bearing. While confirming that these
relatively new bearings had not yet frozen, this behavior also indicates the inherently
nonlinear behavior alternating between "pinned" and "fixed" abutment support
conditions that have been assumed in the companion stick-slip analytical modeling.
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PIER RESPONSE DURING BEARING SUDING
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Fig. 4 Sample Snap-Back Frequency Spectra

Fig. 4 shows these selected time histories converted into normalized frequency
domain autospectra. This figure shows the spectra for transverse accelerations at the
deck and pier, respectively, for the brief period while the bearings were in motion.
As suggested by the acceleration records in Fig. 3, higher mode effects are more
dominant in the pier, with a frequency of 15.4 Hz. Also shown in Fig. 4 are the
frequency spectra for transverse accelerations at the same locations based on the
decaying portion of the time history occurring after bearing seizure occurred.
Stlffemng of the bridge deck due to sticking of the bearings is mdlcated by an
increase in the fundamental frequency from 3.3 Hz to 3.5 Hz.

Rigorous Analytical Modeling

Two distinct models are developed for comparison with the snap-back
experimental results. Both models were generated from the construction drawings.
Geometry and section properties information was obtained from these, while
concrete material properties were obtained from actual 28-day cylinder test data
whose results were averaged and increased to account for the approximately 2 ye..
period elapsed since the cylinders were tested. The flexural stiffness of the reinforced
concrete plers was based on 60% of the gross uncracked section. Zero displacement
clearance is assumed in the transverse shear keys/keepers provided at the abutments,
while longitudinal translation at the expansion bearings is permitted. The abutments
and foundation below the pile cap are considered to be rigid.
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Model 1, shown in Fig. 5, is a rigorous 3-D finite element model intended to
capture any effects of nonzero member depths while investigating the dynamic
characteristics of the bridge. Tetrahedral shell elements are used to model the
concrete deck slab and steel plate girder web, while 3-D truss elements are used for
the diaphragm trusses and 3-D beam elements are used for the pier cap beam, pier
columns, steel plate girder flanges and stiffeners. Rigid link beams account for the
finite depth of the concrete deck and pier cap beam. Full composite action is
assumed between the deck and top flange of the girder. Masses are lumped at every
node using the weight density option. The complete model of the Hopkins Rd. bridge
consists of 185 truss elements, 213 beam elements and 108 shell elements, resulting
in a total of 1358 degrees of freedom.

Although Model 1 is much more detailed than currently required for
code-based seismic evaluation of structures of this type, the distinction between
response at the deck level and response at the pier cap level can be striking, as
shown in Fig. 6. This figure shows the mode shapes determined from modal analysis
for Model 1 along with the experimental modal amplitudes obtained from the actual
field test. As is evident, the first mode presents reasonable agreement between
analytical prediction and the field experiments. The predicted 2nd, 3rd, and 6th
modes were not observed in the field, probably due to the method of excitation
utilized. The predominant higher mode observed in the field appears to correspond
most closely to either the 4th or Sth mode predicted by Model 1 and the second
principal mode in Model 2, described below.

Modeling Simplifications

There are, of course, unavoidable tradeoffs between modeling simplicity and
prediction accuracy. It is desirable to provide analysis methods which are highly
simplified but also reliable for seismic evaluation of SOG bridges. The common
simple models, however, have the following serious drawbacks:

(i) In the "lollipop" method ([Imbsen et. al. 79), [ATC6-2]), the in-plane stiffness
of the deck is ignored and the analytical model is based on the resulting
simple SDOF idealization.

(ii)  In the single mode method advocated by AASHTO, the in-plane stiffness of
the deck is considered, but no distinction is made between the superstructure
DOF and the substructure DOF. Thus, diaphragm flexibility is not accounted
for, and evaluation of diaphragm strength is problematic since the diaphragm
does not even exist in such a simplified model. Furthermore, the magnitude
of the lateral inertia forces to be transmitted between the deck and the
substructure via the bearings is not considered.

The second model, Model 2, is shown in Fig. 7a. It is an intentionally simplified

quasi-3D-2DOF analytical model for linear and nonlinear time-history analysis in the

transverse direction, intended to address the above two principal drawbacks of the
lollipop and single mode analysis methods. The principal two degrees of freedom
correspond to the transverse displacement at the deck and the pier cap beam, while

the stiffnesses K, K,, and K, correspond to the stiffness of the pier, the stiffness
of the pier diaphragm, and the in-plane stiffness of the deck, respectively. Deck

— 250 —

.
s

AT

g I T ST

e gk e

’munm




PLAN VIEW OF MODE SHAPE PLAN VIEW OF MODE SHAPE

PLAN VIEW OF MODE SHAPE

- 1ST MODE
PINNED = 3.3 Hz, FIXED = 3.76 Hz

ol
— DECK
BOTTOM OF GIRDER
o EXPERIMENT - BECK

N.ABUT PIER S. ABUT

2ND MODE
PINNED = 6.7 Hz, FIXED = 6.87 Hz

3IRD MODE
PINNED = 11.4 Hz, FIXED = 122 Hz

PLAN VIEW OF MQODE SHAPE PLAN VIEW OF MODE SHAPE

PLAN VIEW OF MODE SHAPE

4TH MODE
PINNED = 15.6 Hz, FIXED = 16.0 Hz

N —— DECK

\\ w EXPERIMENT - D

BOTYTOM OF GIRDER

STH MODE
PINNED = 17.3Hz, FIXED = 17.4Hz

-1 T ¥ T T

N. ABUT PIER

6TH MODE
PINNED = 21.4 Hz, FIXED = 22.0 Hz

N, AsuT T PIER

Fig. 6 Theoretical and Experimental Mode Shapes

— 251 —

S. ABUT



stiffness K, is obtained based on beam theory including the effects of shear
deformation. From solving the eigenproblem, the frequencies obtained from Model
2 are 3.5 Hz and 15.0 Hz, in substantial agreement with the field-observed values
shown in Fig. 4. :

Model 2 needs only slight modification, as shown in Fig. 7b, in order to
evaluate nonlinear response using either a seismic limit (push-over) analysis or a
nonlinear dynamic time-history analysis. Such analyses are considered to be
preferable to the code-based elastic R-factor approach, which does not account for
redistribution of forces due to nonlinear behavior and does not predict the areas of -
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maximum ductility demand. Programs such as DRAIN-2DX [Powell et. al. 92]
adequately account for relevant nonlinearities such as bearing stick-slip, diaphragm
truss member yielding or buckling, and pier column plastic hinging.

In Model 2, a bi-linear truss element with stiffness K, accounts for the in-
plane deck flexibility. The non-sliding fixed condition stiffness is given by

(k). - AEy,) | 12El,, )
2 stick L crick L3

and the during- sliding condition by

(%), ;[_‘i’fej) - 2Hua @
slip stip L3

where I, has been modified to include the effects of shear displacements. A post-
yield to elastic stiffness ratio (Kz.)slip / ( K, )m':k = 0.25 is implied in this analysis.

The ultimate capacity can be determined for this Model 2 analysis using a
pseudo-static seismic limit analysis based on a static collapse (push-over) mechanism.
Following expansion bearing slippage at a transverse load of S kips, a pier
mechanism forms with four column hinges at a transverse load of 230 kips.
Theoretically, structural collapse does not occur until the complete formation of a
deck mechanism; a hinge forms in the middle of the deck when the transverse inertia
load reaches 1800 kips. These three lateral loads represent base shear capacities of
0.5%, 21%, and 169% respectively, of the gravity load on the pier foundation. Due
to a lack of capacity design procedures, it is apparent that the bearing anchorages
would fail prior to the formation of the complete mechanism.

A comparison of frequencies obtained from the field test and the various
models is given in Table 1. Substantial agreement is evident between the simplified
quasi-3D-2DOF model (Model 2) and the field-observed mode shapes and
frequencies. '

Transient Analyses

The program DRAIN-2DX is used in conjunction with Model 2 to simulate the
effects of the snap-back test conducted in the field, as shown in Fig. 7c. Comparison
of the predicted and measured time-history response is presented in this section.

Fig. 8 presents a comparison of the transverse time-history response of the
pier cap and deck for both the Model 2 (DRAIN-2DX) prediction with 5% damping
and the field-measured response. Substantial agreement is obtained in the
displacement response and the pier accelerations. The computer simulation
somewhat overestimates the acceleration response at the deck level, but still
adequately reflects the frequency content of the response. This difference is
attributed to the simplifications inherent in the Model 2 analysis.
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Table 1

Ist mode 2nd mode
1.0 0.15
[;7 0.73 1.0
Field Test
33-35Hz 15.5 Hz
1.0 0.1
3-Dimensional 9 0.8 b 1.0
Modeling
3.3Hz 17.3 Hz
Lollipop ‘3.1 Hz -
Uniform Load 3.7Hz . -
Half Sine Wave Load 3.2Hz -

, 1.0 0.3
2 DOF for 7 0.85 }1.0

Modal Analysis

3.5 Hz 15.0 Hz
2 DOF for 1.0 0.24
f 0.83 ‘bl.o
Plastic Analysis
35H:z 150 Hz

Conclusions

The self-equilibrating test setup provides a useful way of performing transverse
snap-back tests of SOG bridges supported by pier bents, although some vibration
modes predicted from a rigorous 3D flmte element model do not appear in the
experimental results.

Reasonable agreement is achieved between the transverse displacement and
acceleration. predictions of the simplified analytlcal model (Model 2) and the
snap-back field test results at both the deck and pier cap beam levels. The quasi-3D-
2DOF model accounts for field-observed frequencies and mode shapes as well as
displacement and acceleration amplitudes. It is thus shown that the quasi-3D-2DOF
analytical model accounting for both deck stiffness and diaphragm flexibility is
necessary and reasonably sufficient for prediction of both linear and nonlinear
aspects of dynamic response of a 2-span continuous slab-on-girder steel bridge. A
clear implication of this result is that the current across-the-board recommendation
of single-mode analysis methods for this class of bridge needs to be re-examined.

The following avenues for further investigation are also recommended:

1. Although the self-equilibrating experiment setup precluded the mobilization
of additional soil strains prior to the snap, dynamic (post-snap) soil-structure
interaction effects should be considered in a more refined analysis.

2. Pier and abutment dlaphragms in SOG bridges should be designed and/or

~evaluated for transverse seismic loading, as should their connections.

3. Modal participation of the higher mode(s) needs to be quantlfled for purposes
of capacity evaluation of the dlaphragms bearings, piers, and foundations.
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ABSTRACT

Presented are the seismic response characteristics of C-shaped reinforced
concrete bridge plers which is subjected to eccentric loading by the dead
weights of superstructure and cantilevered beam. The shaking table test and
dynamic loading tests of model piers were made to investigate the seismic
response characteristics. It is found that the response of pier increases only
in one direction in which the bending moment increases and that the excessive
residual displacement was developed. It is also found that the ductility

significantly decreases with increase of bending moment by the eccentric
loading.

1. INTRODUCTION

Recently, new types of structures have been constructed in urban aréas by
land use restriction and other construction conditions. A C-shaped reinforced
concrete (RC) bridge pler as shown in Fig.l Is one of the typical examples.
However, the seismic response characteristics of this type of RC piers have not
yet been studied. The C-Shaped RC piers is subjected to eccentric loading by
the dead weights of superstructure and cantilevered beam to support the
superstructure. Therefore, since it is anticipated that the seismic response
increases only in one direction during a severe earthquake, it is an important
subject : to Investigate the strength and ductility characteristics and to
develop the seismic design method against large-scale earthquakes. :

This paper presents the seismic response characteristics of C-shaped
reinforced : concrete bridge pilers through the shake table test and dynamic
loading tests of model plers. :

2. 'DEFINITION OF ECCENTRIC LOADING

¥hen RC piers are C-shaped and subjected to eccentric loading in the
transverse direction to the bridge axis, the load-displacement relation of RC
piers may be illustrated as shown in Fig.2, in which load-displacement relation
is assumed as tri-linear. In'case in which dead weights of superstructure is
concentrically loaded, displacement by seismic loading is developed from the
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origin. The pler is deformed In nonliecar region as crack and yielding and
ultimate stages with Increase of the seismic loading. However, when the dead
weights of superstructure is loaded eccentrically, the pler is initially
deformed and the origin of displacement developed by the seismic loading is
shifted. Therefore, it Is anticipated that the seismic response increases only in
one direction during a severe earthquake.

In order to define the amount of the eccentric loading, bending moment
ratio is assumed as

_ Me '
™ = "M + Me (1)

where
1 ¢ bending moment ratio
Me : bending moment by design seismic load, and
Mo : bending moment by eccentric loading of superstructure and
cantilevered beam
Eq.(1) shows that when the eccentric loading increases re: deceases, on the
other hand, when the eccentric loading decreases rm increases. rm = 1 means
concentric loading.
Fig.3 shows distribution of the bending moment ratio res based on the survey
of 45 existing C-shaped RC bridge piers in Metropolitan area, bending moment
ratio r:1 is in the range of 0.4 - 0.9. Averaged bending moment ratio rw. is 0.55.

3. SEISMIC RESPONSE CHARACTERISTICS OF C-SHAPED RC PIER
BASED ON SHAKING TABLE TESTS

3.1 Bridge Pier Model Studied

In order to Investigate the seismic response characteristics of a C-shaped
RC pier, shaking table test was made at the Public Works Research Institute.
Objective of the shaking table test is to investigate how the C-shaped pier
responds and behaves iIn the transverse direction to a bridge axis during an
actual earthquake. _

Fig.4 shows a C-shaped bridge pier model used for the shaking table test.
Details of the pier model was determined based on the actual bridge pier. The
actual pier with average bending moment ratio, rm, of 0.55 was selected as a
prototype. The height of pler is 10.2m and the height of girder is 1.5m. The
similarity ratio of the pier model with the prototype pier was assumed as 1/4.6.

The specimen has an effective height, h, of 2.55m and cross section of 52cm
X 42cm (width in bridge axis : 52cm). The shear span ratio h/d, which is defined
as the effective height divided by the effective depth, d, of the cross section
of 37cm, is 6.9. Longitudinal reinforcing bars are arranged by 5 reinforcing
bars with diameter of 16mm (D16) in the initial compression side by the eccentric
loading, 5 reinforcing bars with that of 22mm (D22) in the tension side, and 3
reinforcing bars with that of 16mm (D16) in the other sides. The reinforcement
ratio is 0.45,-1.06 and 0.27, respectively. Tie reinforcement was arranged by
17.3cm pitch by reinforcing bars with diameter of 10mm (D10).' Tie reinforcement
ratio 1is 0.16. Averaged ylelding stress of the longitudinal and tie
reinforcement was 3,608kgf/cm® for D16, 3,500kgf/cm® for D22 and 3,552kgf/cm®
for D10. Averaged compression strength of the concrete was 335kgf/cm=.- It
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should be noted here that since weight of the superstructure supported by the
pler model is 40.1tf, seismic coefficlent of the pier model can be regarded as
0.27. Axial stress by the dead weight of superstructure was 9.2kgf/cm<.
Computed yield displacement, & v, corresponding to one displacement ductility
factor and yield strength of the pier in the direction In which the bending
moment increases are 7.7tf and 20.5mm computed from the shifted origin. On the
other hand, in the direction in which the bending moment decreases they are
11.8tf and 91.3mm, respectively.

3.2 Shaking Table Test

Photo 1 shows the set up of shaking table test. A pier model is fixed at the
center of the shaking table and two spans of simply supported girders with
total weights of 40.1tf and length of 15m were placed on the pier model. Because
two ends of the girder could not be supported by the shaking table, they are
supported by the two steel frames placed outside of the table. The pier model
and girders were connected by fixed bearings. The steel frames and girder were
connected by movable roller bearings so that inertia force developed at the
girder during excitation be directly applied to the pier model. It should be
noted here that although the direction of the eccentric loading is assumed to
be transverse direction, the girder axis was set up in parallel direction with
transverse direction of the pier model. However, since the two girders was to
load the weight of superstructure and to simulate the Inertia force, the
direction of the girders is not important.

The shaking table was excited along transverse direction to bridge axis
(direction to the girder axis of model bridge). An acceleration record
triggered at the Hachirogata during the Nihon-kai-chubu, Japan, Earthquake of
1983 was used as an input motion by reducing the time axis one half so that the
predominant frequency of the record matches with the fundamental natural
frequency of the pier model. Intensity of the record was assumed as 3.5 times
the original.

Extensive instrumentations were made to measure basic parameters including
accelerations at the foot of pier and at the girder as well as relative
displacement of the girder with reference to shaking table. Inertia force of the
superstructure was computed by multiplying the acceleration developed at the
girder by the mass of girder. ‘

3.3 Seismic Response Characterlistics

Fig.5 shows acceleration of shaking table, response acceleration and
displacement of girder. Although measured peak acceleration of shaking table
is 812cm/s%, this is spike-like response and effective seismic intensity to excite
the pier model is about 0.35G as assumed. The pier model developed residual
lateral displacement with an amount of 16cm at the pier crest in the direction
in which eccentric weight Is loaded. However, the stopper for preventing
falling-off of girders worked at this moment. If the stopper was not installed
the iarger residual displacement would be developed. Such a permanent
displacement Is clearly observed in Fig.5 from biased inelastic response
displacement. The drift of response displacement was developed at time 12sec
when the first large excitation, which exceeded the yielding displacement,
loaded. However, after the excitation with larger displacement at time 17scc,
the residual displacement reached to about 16cm. Therefore, accumulation of
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drifting of response displacement after the first large excitation scems to be
less significant. It should be noted here that although the residual
displacement was developed in the shaking table test of RC pier model
subjected to concentric loading, the amount was much smaller than that
mentioned above. Photo 2 shows the residual deformation of the pier model
after excitation.

Fig.6 and Photo 3 show the failure mode of the pier model after the
excitation by shaking table. Compression failure was found in the compression
slde by the eccentric loading. Only horizontal tension crack was found in the
tension side.

Fig.7 shows the hysteresis loop of the load-displacement relation obtained
through the shaking table test. The biased displacement response was clearly
developed after the first significant excitation with larger displacement
exceeding the yield displacement. The degradation of the stiffness in
accordance with nonlinear response can be clearly observed.

4. DYNAMIC LOADING TEST OF RC PIER MODELS

4.2 Bridge Pier Models Studied

In order to investigate the strength and ductility characteristics of
C-shaped RC pier, dynamic loading tests were made. Fig.8 shows a C-shaped
bridge pier model used for the dynamic loading test. The pier models are
basically the same as the shaking table test as mentioned in the above. Five
pier models in total were tested, in which bending moment ratio, rm, and loading
direction was varied as a parameters to be investigated.

All pier models have a loading effective height, h, of 2.55m and cross
section of 52cm X 42cm (width in bridge axis : 52cm). The shear span ratio, h/d,
is 6.9. The bending moment ratio, rw, was assumed as 0.69 (P-60; small eccentric
loading), 0.55 (P-62; medium eccentric loading) and 0.51 (P-64; large eccentric
loading), in which the specimen number is the serfal number of pier models
tested at the Public Works Research Institute. P-62 has the same condition as
one used for the shaking table test. More two piers (P-65 and P-66) are for the
purpose to investigate the effect of longitudinal loading. The detail of the
piers is the same as P-62. Eccentric weight in transverse direction was not
loaded for P-65. Axial loading was assumed as 20tf which is the same as the
shaking table test. Therefore, axial stress by the axial loading is 9.2kgf/cm=.
It should be noted here that the axial force to P-60 was assumed as 13tf (axial
stress is 6.0kgf/cm®) because of limitation of loading apparatus.

4.2 Dynamic Loading Test

Photo 4 shows the set up of the pier model for the dynamic loading tests.
The pier model was anchored to the reaction wall with bolts. The large-stroke
dynamic actuator, which was installed to the reaction wall in such a manner, was
fixed to the head of the pier model. Also, axial loading apparatus was fixed to
the head of the pler models so that the necessary eccentric loading be applied.
At the pler crest the steel-made apparatus was set for the purpose to
eccentrically impose the axial force.

Fig.9 shows the pattern of loading displacement for dynamic loadlng tests.
The yleld displacement corresponding to one ductility factor was assumed as an
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unit loading displacement. However, the pier models subjected to ecccentric
loading is initially displaced by displacement of & o. Therefore, unit loading

displacement, & 1, was assumed with the assumption of that the origin is shifted
to the initial point as

61 = 6v-460o (2)

where
61 : unit loading displacement
0 + ¢ yielding displacement
6 o : Initial displacement by eccentric loading
The pier models were subjected to a series of step-wise increasing symmetric
displacement cycles as shown In Fig.9. At each step, 10 cycles of loading with
the same displacement amplitude was carried out. It should be noted here that
the yield displacement was determined by computation with the strain of main
reinforcement at the base. The loading velocity was assumed as lcm/s. The
loading direction was assumed as transverse and longitudinal directions
depending on the test objectives.

4.3 Failure Mode of Pier Models

Fig.10 and Photo 5 show the failure mode of P-62 (rea = 0.55; medium
eccentric loading). Damage of a side parallel to the loading direction is shown.
During 6 : to & = loading cycles, only small horizontal cracks were found on
the concrete surface. This is by the loading in the plus side (the loading in
which bending moment increases, this side is referred to A-side), no cracks was
found at the minus side (the loading in which bending moment decreases, this
side is referred to B-side). After 6 = loading cycles the cracks was initiated to
be developed in B-side. During 6 4 loading cycles, diagonal cracks were
developed from the bottom of A-side to B-side. With increase of loading cycles,
the significant cracks were developed at the bottom of B-side and cover
concrete was spalled-off. During &§ « loading cycles, concrete of the bottom of
pier was failed with a triangular wedge shape and 2 reinforcing bars were
fractured in the B-side. During & - loading cycles, deformation of pier was
significantly extended at the base and the pier was inclined. It should be noted
here that comparing of the failure mode with the shaking table test result, the
failure mode was significantly different between two tests. Although the
diagonal crack was developed in the dynamic loading test, such diagonal crack
was not_develdped during the shaking table test. This is because that although
displacement Iin the minus side was forced to be loaded to the pier in the
dynamic loading test, displacement during shaking table test was developed in
one direction in which the bending moment increases.

Figs.11 and 12 show the failure modes of P-60 (r. = 0.69; small eccentric
loading) and P-64 (r:; large eccentric loading). In case of P-60, from & .
loading cycles, crack was developed also in the B-side. Then the crack
increased In both A-side and B-side. During 6 « loading cycles, cover concrete
was spalled-off in the both sides of the bottom. During & - loading cycles, 3
longitudinal reinforcing bars were fractured. The difference in the failure
mode between P-62 and P-60 {s that the damage was developed in both sides and
the progress of the damage of P-60 with loading cycles became slower than that
of P-62,
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On the other hand, In case of P-64 (rm = 0.51; large eccentric loading),
during 6 s loading cycles the diagonal crack was developed. The cover concrete
in the B-side of the bottom was spalled-off during & 4 loading cycles. During &
s, concrete at the bottom of B-side was failed by compression and one
longitudinal reinforcing bar was fractured. Comparing with the failure mode of
P-62, the progress of damage of P-64 became faster than P-62.

Figs.13 and 14 show the failure modes of the P-65 (no eccentric loading,
longitudinal loading) and P-66 (eccentric loading). The compression side by the
eccentric loading was shown. During & s and 6 & loading cycles cover concrete
was spalled-off. Then during & e loading cycles, 5 reinforcing bars in total
were fracture in the both sides for two model piers. The slight difference
between two pier models was found in the failure mode. In P-66 in which
eccentric loading was applied, the diagonal crack was found more remarkably
than P-65 with no eccentric loading.

4.4 Strength and Ductility Characteristics

Fig.15 shows the effect of bending moment ratio, rm, on load-displacement
relation. In the plus side in which the bending moment increases, the
displacement range in which load reaches to peak and the displacement increase
stably was shorter as the bending moment ratio is smaller. Therefore, the
bending moment ratio is smaller, the ductility becomes smaller.

Fig.16 shows the effect of longitudinal loading on the load-displacement
relation. The load-displacement relations of two plers are almost the same even
if the eccentric loading was applied. Therefore, there is small effect of
eccentric loading when seismic load was applied in the longitudinal direction.

Fig.17 shows the comparison of load-displacement relation between shaking
table test and dynamic loading test results. The load-displacement relation was
the almost close. However, in the shaking table test, the load did not decrease
suddenly with increase of displacement. This is because of the difference of
loading methods. In the dynamic loading test, forced displacement was applied
by the 10 cycles loading.

Table 1 shows the strength and ductility of the tested pier models. The
ductility was almost same when 1w is 0.69 and 0.55, but-when the rw is 0.51 the
ductility decreases to one of half of those. The ratio of peak strength by
yield strength of the P-64 decreases by 10% than P-60 and P-62.

5. CONCLUDING REMARKS

In order to investigate the seismic response characteristics of C-shaped
reinforced concrete bridge piers which is subjected to eccentric loading in the
transverse direction to bridge axis by the dead weights of superstructure and
lateral beam, the shaking table test and dynamic loading tests of model piers
were made to investigate the seismic response characteristics.

According to the above results the following conclusions may be deduced:
(1) When the pler model subjected to eccentric loading, the displacement was
developed only In one direction in which the bending moment increases. The
large amount of residual displacement was finally developed.
(2) When the bending moment ratio is 0.51, the ductility decreases to one half
that greater than 0.55. Therefore, the bending moment ratio is smaller,
ductility becomes smaller.
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Table 1 Strength and Ductility of Pler Models

P-60 P-62 P-64 P-65 P-66

Loéding i)ii‘ection Trans. |Trans. Trans. Longi. Longlf.'
Bending Moment Ratfo 0.»69‘ 0.55 . 0.51 0 0.55 .
r (Eccentric Loading) Small | Medium | Large -- Medium

Yield Strength Py (tf) : 12-.7, .15.0 22.8 . 17.2 : 16.0

Peak Strength Pmax (tf) 148 | 183 | 243 | 213 | 201

Pmax/Py 117 | 22 | 1o 1.24 1.26

Yield Displacement & y(cm) 1.6 1.3 2.0 1.6 1.8

Ultimate‘D\i:s.placemént. 6y(c11i) 8.8 | 7.3 | 5.4 - v7.3 B 7.9

Ductility Factor 6y/6u | 55 | 5.6 27 | a6 | 4.4
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Photo 3 Failure Mode of the Pier Model
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Photo 5 Failure Mode of the Pier Model
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EVALUATION OF THE SEISMIC RESPONSE OF
BRIDGES WITH HINGE RESTRAINERS

by

E. " Manos " Maragakis, M. " Saiid " Saiidi,
Shiping Feng, Daniel O’Connor, and
Saber Abdel-Ghaffar
Civil Engineering Department
University of Nevada, Reno

INTRODUCTION

The use of longitudinal hinge restrainers has been one of the most common seismic
retrofitting techniques used by the California Department of Transportation (Caltrans)
in bridges throughout the State of California. The main goal of the restrainers is to
prevent the slipping of bridge girders off their supports during strong earthquake
shakings.

During the 1989 Loma Prieta earthquake, a significant number of bridges which have
been retrofitted with restrainers were subjected to significant ground excitation.
This, along with the fact that these bridges were in an area densely instrumented,
presented the opportunity for a detailed evaluation of the performance of these
structures.

The California Department of Transportation funded a research project entitled "A
Comprehensive Evaluation of the Performance of Bridge Cable Restrainers During the
Loma Prieta Earthquake" under the direction of the first two authors of this paper.
The goals, scope, and budget details of this project are discussed in the First Caltrans
Annual Seismic Research Workshop.

To this point, five bridges with hinge restrainers are under analysis. In addition to
analyzing the response of these structures to the 1989 Loma Prieta earthquake, the
current procedure for restrainer design has been analyzed by using a nine-span
example bridge which has pre-1971 design details and was retrofitted with restrainers.

In this paper, some of the most important aspects of the analysis of two of the
bridges, the San Gregorio Bridge and the Madrone Drive Undercrossing, are
presented along with some of the main points of the parametric study of the effects of
the restrainers.
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PART A: STUDY OF SAN GREGORIO BRIDGE

BRIDGE DESCRIPTION

The San Gregorio Bridge (Fig. 1) is located in San Mateo County, about thirteen
miles south of Half Moon Bay on Highway 84. Built in 1940, the bridge is a five-
span reinforced structure with an overall length of 265 feet and a height of 56 feet.
Having an average vertical grade of 6 percent, the bridge elevation is higher at the
south abutment than at the north abutment.

The deck (Fig. 2) consists of 8.125-inch thick reinforced concrete slab and three 20-
inch wide variable depth rectangular girders spaced on 10.5-foot centers. The
maximum depth of the girders is 8.25 feet at the center of the span. The two end
spans are 42 feet long, and the three middle spans are 59 feet long. The three
intermediate expansion joints (Fig. 3) are located in spans 1, 3, and 5.

The three columns at bent 2 are reverse-tapered rectangular columns, with the
smallest section at the column base. Each of the bents (3, 4, and 5) consist of three
tapered columns resting upon a 15-foot high wall. The walls continue to taper in both
the wide and deep dimensions (Fig. 4). The seat-type abutments consist of a concrete
seat and a 7.6-foot high backwall. A 2-inch expansion joint gap exists between the
abutment backwall and the bridge deck (Fig. 5).

SEISMIC RETROFIT

In 1982, the San Gregorio Bridge was seismically retrofitted. Two sets of restrainer
cables were installed at each intermediate hinge. Each restrainer set consists of seven
cable units. Each cable unit consists of a 17.2-foot long, 3/4-inch diameter steel
cable with swaged ends and a turnbuckle. Also, two 3-inch diameter steel pipes were
installed as transverse shear keys at each intermediate hinge. The pipes were filled
with concrete and were contained in a 3.75-inch diameter cored hole through the -
hinge diaphragm.

Three reinforced concrete shear pedestals were installed under the girder ends at each
abutment to restrain movement in the transverse direction. Each shear pedestal
contains two shear blocks, one on either side of the superstructure girder. An
expansion gap of 1 inch exists between the shear blocks and the girders.

DAMAGE FROM THE LOMA PRIETA EARTHQUAKE

The San Gregorio Bridge is located approximately 40 miles from the epicenter of the
Loma Prieta earthquake. During the earthquake, both abutments were damaged.
There were 1/8-inch diagonal cracks on the face of abutment 1. The left and right
wing walls at abutment 1 had diagonal cracks, and the joint set at abutment 1 had
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failed. There were Y%-inch wide diagonal cracks on the face of abutment 6. The left
and right wing walls at abutment 6 cracked at the top corner. There were no signs of
instability or settlement of the abutments (Ref. 1). There was no damage reported to
the superstructure of the bridge. Also, the damage report made no mention of any
damage at the intermediate hinges or the restrainer cables.

EARTHQUAKE ANALYSIS MODEL

The computer model (Fig. 6) of the San Gregorio Bridge consists of 85 nodes, 82
linear-elastic straight beam elements, 31 expansion joint elements, and 3 five-spring
bending elements (Ref. 2). The intermediate hinges were modeled with one
expansion joint element representing the actual joint and the cable restrainers and with
other elements to model the shear pipes and shear bolts. Because the restrainer
element is capable of tensile loading only, two restrainers are required to model a
two-way member. The expansion hinge elements were also employed to model
the abutment backfill soil, the piles supporting the abutments, the backwalls, and the
retrofit shear blocks. : /

RESULTS OF ANALYSIS

Accelerograms from the nearest strong-motion station, located at Springs Reservoir
Pulgas in Upper Crystal, were used as the ground motion input for the earthquake
analysis (Ref. 3). Three combinations (0.16g and 0.09g, 0.32 g and 0.18g, and

- 0.60g and 0.34g) of peak ground acceleration (PGA) were used in study cases. The
larger PGA in each combination was applied longitudinally to the bridge, while the
smaller was applied transversely. In all of the figures, each combination is shown by
the value of the longitudinal acceleration (for example, 0.32g in a figure stands for
the combination 0.32g and 0.18g).

Figure 7 illustrates the longitudinal displacement response for three PGA
combinations. The peak displacement for the largest PGA is approximately 5.5
inches. Figures 8 and 9 show the maximum response at the hinges and the abutments
due to the three PGA combinations. The following remarks can be made.

1) The maximum longitudinal relative displacement, 3.88 inches at hinge 2 due to
0.60g and 0.34g PGA, was very close to the movement limit of 4 inches at the
hinges. ‘

2) The maximum cable forces were below the force limit of 492 kips in all cases.

However, the maximum cable force at hinge 2 due to 0.60g and 0.34g PGA
was close to 96 percent of the limit,

3) The forces at the abutment backfill of both the abutment and the piles at

abutment 1 reached the yield limit due to the 0.6g and 0.34g PGA combina-
tions.
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4) The forces at both abutments due to the 0.32g and 0.16g PGA combinations
: were below the yield level, and the abutment movements were relatively small.

35) Since no damage to the intermediate hinges was reported, the analysis with a
lower PGA combination such as 0.32g and 0.18g produced a bridge response
which is more consistent with the actual behavior of the bridge during the
Loma Prieta earthquake.

Figure 10 shows a comparison of displacement response of the San Gregorio Bridge
in the cases with and without the seismic retrofit. Figures 11 and 12 show the
maximum displacement and force responses of the hinges and the abutments in cases
with and without the seismic retrofit due to three PGA combinations. The following
remarks can be made.

1) The longitudinal relative hinge displacements were sensitive to the existence of
the seismic retrofit. The cable restrainers effectively reduced the longitudinal
relative displacements at the hinges regardless of the PGA combination used as
input ground motion.

2) In the case without the retrofit, the combination of 0.60g and 0.34g PGA input
produced a relative displacement at hinge 2; this exceeded the permissible
limit of 4 inches.

3) The seismic retrofit did not play any major role in reducing the abutment
forces. In the case of 0.60g and 0.34g PGA, the abutment yielded regardless
of the presence of retrofit.

In this paper, some of the most important aspects of the analysis of two of the
bridges, the Madrone Drive Undercrossing and the San Gregorio Bridge, are
presented along with some of the main points of the parametric study of the effects of
the restrainers.

PART B: STUDY OF MADRONE DRIVE UNDERCROSSING
BRIDGE DESCRIPTION

The Madrone Drive Undercrossing (Fig. 13) is located about five miles south of Los
Gatos on California State Route 17. Built in 1938, the bridge is a three-span reinforced
concrete T-beam structure with an overall length of 134 feet and a width of 59 feet. The
bridge lies on a 700-foot radius curve with a superelevation rate of 10.4 percent and has
a vertical grade of 7 percent. :

The deck (Fig. 14) consists of a 7. 25 inch thlck remforced concrete slab and eight 15-
inch wide by 41-inch deep rectangular girders spaced on 8.25-foot centers. The south end
span is 43 feet long, the center span is 50 feet, and the north end span measures 41 feet
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The center span is continuous over the two column bents with a short cantilever section
at each end. Each end span consists of a simply-supported deck section resting on an
intermediate hinge (Fig. 15) at the cantilever end and rocker bearings at the abutment.

SEISMIC RETROFIT

In 1985, the Madrone Drive Undercrossing was seismically retrofitted. Two reinforced
concrete shear pedestals were installed at each abutment to restrain movement in both the
longitudinal direction and in the transverse direction. Each shear pedestal contains two
shear blocks, one on either side of the first interior girder; therefore, four shear blocks
act to restrain movement in the longitudinal direction while only two blocks act
simultaneously in the transverse direction.

Two sets of restrainer cables were installed at each intermediate hinge. Each cable unit
consists of a 12-foot long %-inch steel cable with a turnbuckle connector. Two cable
units are looped through holes cored through the girders and diaphragms on opposite
sides of the hinge and connected to form a restrainer set.

DAMAGE FROM THE LOMA PRIETA EARTHQUAKE

The Madrone Drive Undercrossing is located approximately 8 miles from the epicenter
of the Loma Prieta earthquake. Ground acceleration at the bridge site was estimated at
0.65-g, and was strongly transverse (Ref. 4).

During the earthquake, the north abutment underwent slight rotation, as evidenced by
pavement cracking at the backwall, and the rocker bearings were knocked out of plumb.
All of the retrofitted end-span shear blocks were severely damaged, producing large
spalls and exposing the reinforcing steel (Ref. 5). The retrofit, however, appears to have
contained the structure and prevented a catastrophic collapse of the end spans. The
damage report makes no mention of any damage to the intermediate hinges or the
restrainer cables. :

EARTHQUAKE ANALYSIS MODEL

The earthquake analysis for the Madrone Drive Undercrossing was performed using
NEABS (Nonlinear Earthquake Analysis of Bridge Systems) computer software (Ref. 6).

For ease in implementing the computer model, the bridge was assumed to be straight,
with no superelevation, and with no vertical grade. The model (Fig. 16) consisted of 43
element nodes, 20 auxiliary (direction) nodes, 34 beam elements, 4 five-spring bending
elements (Ref. 7), 6 foundation spring elements, and 18 expansion joint elements.

The abutment joints are modeled by three expansion joint elements each, one acting in
the longitudinal direction and two acting in opposite transverse directions. A disadvantage
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of using separate restrainer elements in the longitudinal and transverse directions is that
coupling effects cannot be modeled.

The intermediate hinges were modeled with one expansion joint element representing the
actual joint and the cable restrainers, and other elements to model the shear bolts.
Because the restrainer element is capable of tensile loading only, two restrainers are
required to model a two-way member. Thus, two expansion joints each were required
to model longitudinal and transverse shear in the bolts.

RESULTS OF ANALYSIS

Accelerograms from the nearest strong-motion detector station, Aloha Avenue in
Saratoga, were used as the ground motion input for the NEABS earthquake analysis (Ref.
3). The east-west component of this record was scaled to 0.65-g and applied to the bridge
in both longitudinal and transverse directions.

Two models were used to determine the effects of the retrofit restrainer cables: one
model included the cables, the other did not. A comparison of the structure’s response
give an indication of the effectiveness of the restrainers.

Fig. 17 illustrates the longitudinal displacement responses for both models. The peak
displacement for the model without restrainer cables is approximately 4 inches, compared
to 2.5 inches for the model with cables. In this figure, a positive displacement represents
northward travel while a negative displacement represents southward travel.

Fig. 18 shows a comparison of the shear block longitudinal deformation histories at the
north abutment. In the case with restrainer cables, the damage is greater than actually
observed after the Loma Prieta earthquake. The earthquake was estimated to have been
strongly transverse; therefore, the 0.65-g acceleration record applied to the models both
longitudinally and transversely appears to have been conservative. Cursory analyses with
the acceleration history scaled to 0.5-g produced bridge responses which are more
consistent with the observed damage.

The longitudinal relative displacement histories for the north intermediate hinge are
shown in Fig. 19. A positive value indicates a widening of the hinge gap. A negative
value of 0.5 inch indicates closure of the gap; negative values beyond 0.5 inch are the
artificial results of impact modeled with a finite stiffness. Relative displacements are
comparable for the two models up to the last few peaks of the record; however, the
maximum relative displacement for the model without restrainer cables is nearly 6
inches. Since the width of the hinge is 4.5 inches, the north-end span would have
dropped off its seat if the restrainers were not present. Cable force for the north hinge
restrainer cables is illustrated in Fig. 20. Note that the cables reach their yield load
several times. In the 0.5-g studies, the restrainer cables still reach the yield load;
however, the north span is not in danger of dropping-off its seat.
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PART C: PARAMETRIC STUDY OF THE EFFECTS OF RESTRAINERS

The design of restrainers has been based on a relatively simple equivalent static analysis
method that incorporates many of the primary factors affecting the seismic response of
bridges (Ref. 8). The purpose of this part of the paper is to present some of the results
of a parametric study of the nonlinear response of a nine-span bridge subjected to several
input earthquake records. Details of the study are presented in Ref. 9. Only the
longitudinal response of straight bridges was considered to be consistent with the Caltrans
design method.

EXAMPLE BRIDGE

Figure 21 shows the elevation of the example bridge which is the subject of the study.
No span lengths are specified in Ref. 8 because only the superstructure weight and not
the length enters the calculations. The span lengths shown in the figure were estimated
for the purpose of nonlinear analyses which are presented in this paper. The hinges are
numbered from left to right. The method to determine initial stiffnesses and yield forces
are the same as those used in Ref. 8. It is assumed that the bridge is at an alluvium site
with a peak bed rock acceleration of sixty percent of gravity. The example bridge
represents the pre-1971 designs in which typical hinge width was 6 in. (150 mm). The
hinge gap and the restrainer gap are both assumed to be 0.75 in. (19 mm).

NONLINEAR MODELING

Because the properties specified in Ref. 8 for the example bridge were suited only for
an equivalent static analysis, many assumptions had to be made about the geometric and
section properties of different bridge components in order to perform the nonlinear
analyses. The nonlinear response history analysis of the bridge was performed using
computer program NEABS-86 (Ref. 2). Different time intervals for numerical
integration were attempted on a sample case until the results converged. It was found
that a time interval of 0.005 second is appropriate. Three earthquake records were used
in the nonlinear analyses. These were the north-south component of the 1940 El Centro
earthquake, the north-south component of the Eureka earthquake of 1954, and the east-
west component of the 1989 Loma Prieta earthquake recorded at the Saratoga station.
All the records were normalized to a peak ground acceleration (PGA) of 0.6g which is
the same as that used in the example bridge. The response spectra for these records
showed notable differences.

Variation of Parameters

Two parameters were studied. One was the hinge restrainer cross sectional area and the
other was the restrainer initial gap. Because only 3/4-in. (19-mm) diameter 7-ft. cable
restrainers were considered, the first parameter was studied by changing the number of
restrainers (Table 1). The restrainer gaps included in the study represented the condition
of the bridge during the extreme high and extreme low ambient temperatures. The
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specified restrainer gap of 0.75 in. (19 mm) in Ref., 8 is for the "hottest ambient
temperature.” The corresponding hinge gap is assumed to be 0.75 in (19 mm). During
the extreme low ambient temperature, the restrainer gap is expected to become very
small and even approach zero. Under this condition, the hinge gap will reach 1.5 in. (38
mm). :

RESULTS OF STUDIES WITH RESTRAINER GAP=0.75 IN.

Hinge Movements - Shown in Fig. 23 are the maximum relative displacements of the
two segments of the superstructure adjacent to each hinge. Note the following:

1) The relative hinge displacements were insensitive to the changes in the number
of cables including Case 6 in which no restrainers had been used. This was true
regardless of the input ground motion.

2) The maximum relative movement at hinges varied depending on the earthquake.

3) Hinge 2 experienced the largest relative displacement in all earthquakes. This is
because the proximity of the two other hinges to the abutments helped reduce
their movement and because Hinge 2 has the smallest number of restrainers.

4) The permissible relative displacement at the hinges when restrainer gap is 0.75
in. (19 mm) is 2.25 in. (57 mm). It can be seen that this limit was not reached
even when no restrainers were used.

Restrainer Stresses - Figure 24 shows the maximum restrainer stresses. It can be seen
that the restrainer stresses were generally insensitive to the number of cables. The
~ maximum restrainer stress was well below the yield stress of 176.1 ksi (1214 MPa) in
all cases.

RESULTS OF STUDIES WITH RESTRAINER GAP=0

All the computer analyses discussed in the previous section were repeated for bridge
models without any gap for the restrainers. A reduction in the restrainer gap led to an
increase in the hinge gap to 1.5 in. (38 mm). Because the total seat width is 6 in. (150
mm) (Fig. 22), to maintain a minimum of 3 in. (75 mm) bearing (a criterion set in the
design example in Caltrans, (Ref. 8), the maximum permissible relative displacement
between the two segments of the superstructure adjacent to each hinge is 1.5 in. (38 mm)
when restrainer gap is zero.

Hinge Movements - Shown in Fig. 25 are the maximum relative superstructure

movements at different hinges. The following general observations can be made on this

figure:

1) In most cases, the relative hinge displacements increased as a result of reduction
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in the number of cables. When no restrainers were used (Case 6), the
displacements in Hinges 2 and 3 exceeded the permissible limit. This was true
regardless of the input ground motion.

2) The maximum relative movement at Hinge 1 varied depending on the earthquake.
3) Hinge 2 experienced the largest relative displacement in all earthquakes.

Restrainer Stresses - Figure 26 shows the maximum restrainer stresses. The results
indicate that the restrainer stresses generally increased as the number of cables was
reduced. This is because of the reduction in cross sectional area of the restrainers and
the increase in the relative displacements. The maximum restrainer stresses were below
the yield stress of 176.1 ksi (1214 kN) in all cases. However, the maximum cable stress
in Case 5 was approximately 85 percent of this limit.

CONCLUDING REMARKS

The results presented in Part C of this paper pointed out the need to consider the extreme
low ambient temperature condition (zero restrainer gap) to determine critical restrainer
stresses. The maximum relative superstructure displacements at hinges and abutments,
however, may develop for the case of zero or non-zero restrainer gap depending on the
number of restrainers. Itis therefore recommended that the design of restrainers include
both the extreme high and low temperatures conditions.
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Table 1 - Number of Cables in Different Cases

CASE NUMBER OF CABLES <"
NO- HINGE 1 HINGE 2 HINGE 3

1 8X10 6X10 - ~ 10x10

2 7X10 5X10 9X10

3 6X10 o oaxw0 | 8X10

4 5X10 3X10 7X10

S 4X10 2X10 6X10

6 o | o | o
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DYNAMIC STRENGTII AND DUCTILITY CHARACTERISTICS OF STEEL BRIDGE PIERS

Kazuhiko KAWASHIMA1), Hideki SUGITA2) and Tomoru NAKAJ IMA2)

ABSTRACT

This paper presents a series of loading test results of steel bridge piers
constructing for highway bridges. Even for a significant earthquake, the
bridge has to avoid critical failure. Because the steel pier is the most
important member for preventing critical fallure of bridge, it is desirable
to check bearing capacity for lateral load to prevent brittle failure.
Failure mechanism and effect of longitudinal stiffeners on strength and
ductility of steel bridge piers are presented.

- INTRODUCTION

Steel bridge piers, constructed by the welding together of thin plate, have
been used over past 30 years for constructing highway bridges. Because the
section size of steel piers is significantly less than that of reinforced
concrete piers, it is ideal to use in city locations where there are various
restrictions derived from land use and construction space.

In the 1990 JRA specification for seismic design of highway bridges, ductility
check for the design of reinforced concrete piers was introduced in
addition to the standard design force requirements. In this check, it is
required that reinforced concrete piers be able to resist a level of
earthquake acceleration which is significantly greater than the level of
standard earthquake acceleration by a combination : of strength and
ductility. :

The steel pier is the most important member for preventing critical failure
of bridge. It is desirable to check bearing capacity for the acceleration of
significant earthquake. Because actual damage has not been observed in
recent earthquakes and few tests for earthquake resistance have been
carried out, strength and ductility of steel bridge piers are still unknown.

For aiming to study the strength and ductility of steel bridge piers, a
series of loading tests was made. This paper presents the effect of
longitudinal stiffeners on strength and ductility of steel plers through the
loading tests. : :

DYNAMIC LOADING TESTS OF STEEL BRIDGE PIERS
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Test Specimens

As shown In Fig.l and Table 1, 3 types of specimens of steel bridge piers
were used In the dynamic loading tests. Specimen number presented show
those used to identify specimens in a series of dynamic loading tests
conducted at Public Works Research Institute. Scale of specimens used in
this tests was assumed approximately 1/3 in length to typical highway bridge
piers. The dimension of the cross section is 80.0cm X 81.6cm. The height of
specimens is 7.1m including a footing of 0.7m height at the bottom of the
column. Diaphram and rib are used as:lateral stiffeners alternatively in
longitudinal direction. 3 plates of ribs for each flange and web are used as
longitudlnal stiffeners.

Spacing of lateral stiffeners, size and plate thickness of longitudinal
stiffeners are different in each type of specimens. Spacing between lateral
stiffeners is 35cm for specimen S-23 and S-24, and 60cm for specimen S-28.
Spacing between longitudinal stiffeners is 20cm for all specimens. Plate
thickness of flange, web and lateral stiffeners are 8mm, 8mm and 4.5mm
alternatively. Section size of longitudinal stiffeners are 6 x 64mm for
specimen S-23, 10 X 64mm for specimen S-24 and 6 X 59mm for specimen S-28.
SM490A steel material is used for all flange, web and stiffeners. Average
yleld strength and strain derived from tests of materials are shown in Table
2.

Panel and stiffener were designed according to the Design Specification for
Highway Bridges-part II Steel Bridge(JRA). The stiffness of longitudinal
stiffeners must be - sufficient to ensure that wall buckling does not
prematurely decrease the strength of piers. In:the specification, both
sectional area and sectional second moment of a longitudinal stiffener
should be satisfy the certain values given in equation (1) and (2).

bt®

L2 -——->-- 7 1-rea- (1)
11
bt L

A 2 ————- - (2)
10n

where
b: the width of the section(mm)
t: plate thickness(mm)
n: number of panels divided by longitudinal stlffeners
7 1. req: relative stiffness required

Relative stiffness of longitudinal stiffeners 7 : presents the ratio of
sectional second moment between a longitudinal stiffener and a panel. 7
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t-req Means the minimum 7 . required not to develop overall wall buckling
but local panel buckling which Is, as shown in Fig.2, local buckling of each
banel between the longitudinal stiffeners. Whether the buckling mode of
panel is overall wall buckling and local panel buckling can be estimated by
the gamma ratio(7 1/7 1. ceq). In the case If gamma ratio is greater than 1.0
then buckling mode would be expected to be local buckling. In the case if
gamma ratio is less than 1.0 then overall wall buckling is expected. Because
gamma ratios of specimen S$S-23, S-24 and S-28 are calculated as 4.1, 6.0 and

1.1 respectively, the buckling mode of all specimens is expected as local
panel buckling. '

The box shaped section consists of 4 major plates to which stiffeners and
diaphrams are welded from the inside. Fig.3 shows the weld way between each
materials. Weld between web and flange was carried out by a combination of
fillet weld with leg length of 6mm and V-shape weld with leg length of 5mm.
Longitudinal stiffeners were welded onto both web and flange by fillet weld
with leg length of 3mm. Although there are various way to connect both web
and flange with upper base plate, In these specimens both web and flange go
through upper base plate and are welded onto lower base plate which is the
way adopted in plers of Metropolitan Expressway Publish Corporation. Weld
between upper base plate and both web and flange was carried out by
butt-weld.

Dynamic i,oading Test

Fig.4 shows the experimental set-up of specimen. Specimens were fixed on the
steel footing which was attached on the reaction wall with bolts. The
dynamic actuator installed on the reaction wall was set at the crest of
specimens. 10% of yleld load associate with dead weight was applied in the
axlal direction with use of static actuator. Dynamic loading test was carried
out by controlling the lateral displacement of the dynamic actuator.

Fig.5 shows the loading hysteresis loop of specimens. Because the reaction
wall and steel footing are not completely rigid, it is desirable to estimate
the lateral displacement developed at the crest of specimens due to their
deformation. So, in the first, to determine the loading displacement &, 75%
yield load which was calculated from the result of material test was
statically applied to the specimen. Against the yleld load, Lateral
displacement developed at the crest can be estimated in equation(3).

So=06vtdE" (3)
where _ ) : :
6 »: yleld displacement, is defined as the displacement at which yielding

first occurs in the extreme fiber of the section(cm)
6 e: lateral displacement developed at the crest due to deformation of

— 291 —



reaction wall and steel footing(cm)
é o: loading displacement at the crest(cm)

Because & e is in proportion to the lateral load, & £ can be calculated in
equation(3). Loading displacement & o which:is desirable for applying
lateral displacement 1 6 v to the specimen can be also calculated in
equation(8) with use of & &. But, because § £ becomes larger according with
the increment of lateral load, loading displacement for applying over 26 +(2
6 v,36 v---) can not be determined. In this study, loading displacement né o
for applying né + is calculated in equation(4) based on an assumption that
lateral load does not increase after ylelding of specimen.

nNéo=n6p+6 E(n=1)2’3"') v (4)
where ,
néd o: standard loading displacement at the crest(cm)
é py: calculated yield displacement of specimen(cm)
6 £ : lateral displacement developed at the crest due to deformation of
reaction wall and steel footing(cm) .

Calculated yield displacement & ., are 56mm, 57mm and 53mm for specimen
S-23, S-24 and S-28 respectively. 6 £ is 19mm for both specimen S-23 and
S-24, and 22mm for specimen S-28.

As shown in Fig.5, loading displacement was increased by 16 .- step. Although
the number of cyclic loading for each 6 (16 +,26 +,36 +, - - -) should effect
on the deformation characteristics of steel piers, 10 times cyclic loading
which is the way adopted in the past loading tests at PWRI was carried out.
Lateral displacement was increased up to the ultimate displacement that was
defined as the displacement at which maximum load become smaller than yield
load. Because the effect of loading speed on the deformation characteristics
seemed to be small enough, an unified 0.04Hz loading was carried out for
every specimens.

PROGRESS OF FAILURE

3 types of specimens commonly deformed up to 16 , lateral displacement
loading. Lateral thin 1lines which means the yielding of material were
developed on the flange plates. The lines were developed at the section
between upper base plate and neighboring diaphram, which section is
designated hereinafter as the panel. The 4 panels of each specimen is
designated hereinafter as shown in Fig.6. After 26 ,- lateral displacement
loading, deformation characteristics and progress of fallure of each
specimens were as follows. -

Specimen S-23 (gamma ratio of 4)
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Fig.7 shows the failure mode after 26 , lateral “displacement loading.
Out-of-plane residual deformation was developed. The residual deformation
was extremely large at the section of 20cm from the upper base plate.
Typical point was the buckling mode at the section between 2 longitudinal
stiffeners, i.e., concave deformation and convex deformation developed
alternatively at each 2 sections neighboring a lateral stiffener. The
deformation mode seemed similar to the local panel buckling mode. Also,
concave deformation and convex deformation generally developed
alternatively at each 2 sections nelghboring a longitudinal stiffener.
Although residual deformation was larger at the section between
longitudinal stiffeners, deformation of 2~ 3mm was developed at longitudinal
stiffeners. The amount of residual deformation was about 30mm toward
outside of specimen and about 25mm toward Inside of specimen. According to
the residual deformation at the panel, 8mm decreace of specimen height was
developed.

Fig.8 shows the failure mode after 3 6 , lateral displacement loading.
Typical point on this stage was the transition of the deformation mode.
According to the deformation of longitudinal stiffeners, overall wall
buckling turned from local panel buckling was developed. Overall wall
buckling was developed on 3 panels of specimen. Plcture 1 and Plcture 2 show
the residual deformation of face-2 and face-4 at which local panel buckling
and overall wall buckling were developed alternatively. Picture 3 shows the
residual deformation of longitudinal stiffeners welded on face-2. Large
deformation of longitudinal stiffeners was developed at the section at which
large deformation of panel was developed. Maximum amount of residual
deformation was about 70mm toward outside of specimen and about 85mm
toward inside of specimen.

Most important point on this stage was the fracture of panels. Fracture of
panels was developed at the following section.

(1) Welded section at which large difference of deformation between web and
flange was developed due to the difference of each out~of—plane
deformation. (Fig.8 Q@®)

(2) Knuckle section of buckling mode on which longitudinal stiffener was
welded. (Fig.8 @®)

(3) Crest section of buckling mode (Fig.8 @®)

In these sections fracture of panel was developed by the alternative
tension and compression according with the cyclic lateral displacement
loading.

Speciren S-24 (gamma ratio of 6)

Fig. 9 shows the failure mode after 26 , lateral displacement loading.
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Amount of residual out-of-plane deformation developed at face-4 was about
20mm toward outside of specimen and about 12mm toward inside of specimen.
On the other panel, amount of residual deformation was about 5~6mm toward
both outside and inside of specimen. So, amount of residual deformation
developed at specimen S-24 seems smaller than that of specimen S-23.
Although local panel buckling between 2 longitudinal stiffeners could be
seen, local panel buckling of sections neighboring longitudinal stiffener
which was shown on specimen S-23 on this stage could not be seen. Because
the stiffness of longitudinal stiffeners are larger than that of specimen
§-23, local panel buckling knuckled by longitudinal stiffeners could hardly
be developed rather than overall wall buckling. decreace of specimen height
was much smaller than that of specimen S-23.

Fig.10 shows the fallure mode after 3 , lateral displacement loading.
Residual deformation toward outside of specimen was developed at almost all
panels excepting small part of face-2 and face-4. Residual deformation was
developed in the overall wall buckling mode. As shown in Picture 4,
according to the large deformation of panel, fracture of weld between panel
and longitudinal stiffeners was developed. There were few sections where
fracture at weld between longitudinal stiffeners and upper base plate was
developed. Maximum amount of residual deformation was about 60mm toward
outside and about 35mm toward Inside of specimen. Fractures at weld between
web and flange developed on the 4 corners of specimen could almost
progress up to the lowest lateral stiffener. Decreace of specimen height was
44mm, which was about 40% smaller than that of specimen S-23.

Specimen S-28 (gamma ratio of 1)

Fig.11 shows the failure mode after 26 .. lateral displacement loading.
Residual out-of-plane deformation was developed at the lower panel which
was about 60cm height section from upper base plate. Amount of residual
deformation developed at face-1 was about 32mm toward outside and about
40mm toward inside of specimen. Residual deformation was much larger than
that of the other specimens. Major buckling mode was overall wall buckling.
In the small section of face-1 and face-3, local panel buckling at sections
neighboring with lateral stiffener could be seen. Because the stiffness of
longitudinal stiffener was smaller than that of the other specimens, local
panel buckling knuckling by longitudinal stiffeners could not hardly be
developed. : S

Fig.12 shows the failure mode after 36 ., lateral displacement loading. All of
the residual deformation was developed in overall wall buckling mode.
Almost all of the residual deformation was developed toward inside of
specimen excepting small part of face-1 and face-3. Maximum amount of
residual deformation was about 85mm toward outside and about 110mm toward
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inside of specimen.

Picture 5 shows the fracture at weld between web and flange. The fracture
at weld was, developed at 4 corners with fracture length of 10~ 40cm.

Fracture of panel at the crest of buckling mode was also developed with
fracture length of 3~5cm.

STRENGTH AND DEFORMATION CHARACTERISTICS

Fig.13 shows the comparison of loading hysteresis loops among 3 specimens.
First hysteresis loop for each loading displacement(l 6 ,,26 +,38 ) are
presented. Because of the large stiffness of longitudinal stiffeners,
maximum strength for each loading displacement is larger in the order as 16
v+26 +,36 . But any difference among 3 specimens can not be secen on the
shape of the loading hysteresis loop.

Fig.14 shows the decline of strength due to the 10 times cyclic loadings for
each specimen. The characteristics of decline of strength for each specimen

was as follows.

Specimen S-23 (gamma ratio of 4)

Maximum strength Pma of 61.2tf was shown in the first hysteresis loop for
loading displacement of 246 .. Because any decline of strength due to cyclic
loadings could not be seen for loading displacement of 14 v, it should be
pointed out that specimen deformed elastically in this stage. For loading
displacement of 26 5, remarkable decline of strength occurred after third
cyclic loadings. The reason why should be the residual out-of-plane
deformation developed at lowest panel as was mentioned above. The maximum
strength of 61.2tf for the first cyclic loading was about 30% decreased to
43.0tf after 10 times cyclic loadings.

Specimen S-24 (gamma ratio of 6)

The hysteresis loop for loading displacement of 16 , was similar with that of
specimen S-23. Maximum strength of 67.3tf was shown in the first hysteresis
loop for loading displacement of 26 .. In this stage, maximum strength of
67.3tf was about 10% decreased to 60.4tf after 10 times cyclic loadings. The
extent of decrease was about 20% smaller than that of specimen $-23. The
reason why should be the large stiffness of stiffeners, i.e., large stiffness
of stiffeners could prevent the residual out-of-planc deformation to be
developed, and could reduce the decrease of strength due to cyclic
loadings. But for the loading displacement of 36 ., decrease of strength due
to cyclic loadings had become larger. The maximum strength of 57.8tf for the
first cyclic loading was about 85% decreased to 8.7tf after 10 times cyclic
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loadings. The extent of decrease was rather larger than that of specimen
S-23. In this stage, large stiffness of stiffeners caused concentration of
stress onto the weld between web and flange, and caused fracture at this
section.

Speéimen S-28 (gamma ratio of 1)

The hysteresis loop for loading displacement of 16 , was similar with that of
both specimen S-23 and S-24. Maximum strength of 51.8tf was shown in the
first hysteresis loop for 1loading displacement of 26 .. In this stage,
maximum strength of 51.8tf was about 76% decreased to 12.5tf after 10 times
cyclic loadings. The extent of decrease was the largest of all specimens.
The reason why should be the smallest stiffness of stiffeners, i.e., the
smallest stiffness of stiffeners caused the overall wall buckling to be
developed at the panel, and caused the largest residual out-of-plane
deformation.

Table 3 shows the comparison of strength and ductility for each specimens.
The extent of strength increase after ylelding (maximum load Pnex/ yield
load P.), which is 1.34 for specimen S-23, 1.38 for specimen S-24 and 1.18 for
specimen S-28, is smallest on specimen S-28. The reason why is related with
the smallest section area of longitudinal stiffeners on specimen S-28.
Because the maximum strength of specimen would be developed just after
complete yielding of longitudinal stiffeners, smaller the section area of
longitudinal stiffeners are, smaller the energy absorbed due to yielding
becomes. For developing the extent of strength increase after yielding, it
seems important to study the section shape of longitudinal stiffeners for
developing energy absorbed due to ylelding.

The ductility (yield displacement & y/ maximum displacement & ) is 2.35 for
specimen §$-23, 2.71 for specimen S-24 and 1.90 for specimen S-28,
respectively. The ductility of specimen becomes small according to the
decrease of gamma ratio. The reason why seems to be related with both
maximum strength and the extent of strength decrease due to panel
buckling. Smaller the gamma ratio is, both smaller the maximum strength and
larger the extent of strength decrease would be developed. So, it should be
noted that increase of gamma ratio Is quite effective to increase the
ductility of steel piers. -

CONCLUDING REMARKS
Dynamic loading tests were made on 3 types of steel pier models to study the
effect of longitudinal stiffeners on strength and ductility of steel bridge

pier. From the results presented, following conclusions may be deduced.
(1) Residual out-of-plane deformation of panels were developed at the
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section between upper base plate and lowest diaphram. The buckling mode
was local panel buckling for specimen with gamma ratio of 4, and overall
wall buckling for specimens with gamma ratio of 6 and 1.

(2) Major failure of specimen was fracture at weld. Major fracture was
developed at weld between web and flange. Fracture of panels at the crest
and knuckle part of the buckling mode were also developed.

(3) According to the development of panel buckling and fracture at weld,
decline of maximum strength due to the cyclic loadings was increased.

(4) As the gamma ratio became larger, the extent of strength after ylelding
was Increased. And as the gamma ratio became larger, the decrease of
strength according to the cyclic loadings was reduced. For these reasons,
the ductility of specimen was increased as the gamma ratio became larger.
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Picture 5 Fracture between Panel and Longitudinal Stiffeners (Specimen $-24,
Gamma Ratio of 6)

Table 1 Characteristics of Specimens

SPECIMEN $-24 | $—23 | 5—-28
LONGITUDINAL SECTION SIZE (mm) | 10x64 | 6x64 | 6x59
STIFFENER NUMBER OF PANEL 4
LATERAL PLATE THICK (mm) 45
STIFFENER SPACING {mm) 350 600
RERATIVE STIFFNESS % 23.46 | 14.08 | 11.03
RERATIVE STIFFNESS %..eq 394 | 345 | 10.38
GAMMA RATIO %/ 7.0 595=6/408=4]106=1

Table 2 Average Yield Strength and Strain

LONGITUDINAL | WEB AND FLANGE
STIFFENERS
THICKNESS (mm) 10 6 8
STANDARD SM490A

YIELD STRENGTH 38172 4021 3920 3946
(kgf/cn®)

YIELD STRAIN(x) | 1850 1920 1870 1880
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Table 3 Strength and Ductility of Specimen

SPECIMEN 5-24 | S-23 $-28
GAMMA RATIO %/ Y2.1eq 6 4 1
YIELD LOAD Py (tf) 48.8 45.6 438
MAXIMUM LOAD Pmox (i) 67.3 61.2 51.8
Pmox / Py 1.38 1.34 1.18
YIELD DISPLACEMENT 8y (mm) 65.0 | 66.0 75.1
MAXIMUM DISPLACEMENT 8u (mm) | 176.3 | 155.3 | 1430
DUCTILITY 8u/8y 2.71 235 1.90
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SR5 LAKE WASHINGTON SHIP CANAL BRIDGE
- SEISMIC VULNERABILITY ASSESSMENT

Dr. John H. Clark, Vlce President and Chief Bridge Engineer
ANDERSEN BJORNSTAD KANE JACOBS, INC
v Seattle Washlngton

9th USdapan Bndge Englneenng Workshop
May 1993

Introduction : : :

The Loma Prieta earthquake of October 1989 strongly reinforced the need for responsible agencies
to assess the seismic vulnerabrlrty of existing bridges, parlicularly those whose design pre-dated
current seismic design codes. ~ This paper describes the seismic vulnerability assessment
undertaken for the SR5 Lake Washington Ship Canal Bridge In Seattle. The structure and the
seismicity of the site are described, criteria for assessment Is presented, analysis methodology
descnbed and the results of analyses and assessments to date (May 1993) described.

Descnptlon of the Structure and Site - ‘ : '

This critical bridge carries twelve lanes of highway traffic on the pnncrpal north south route in the
State of Washington. Annual average traffic on the structure is in excess of 160,000 vehicles per
day. The structure was designed in 1958 and constructed between 1959 and 1961. The American
Association of State Highway and Transportation Officials (AASHTO) design code at the time (1958)
required only a pseudo-static design for seismic response loads.

The total structure length of 1350 meters (4430 feet) is divided into the south approach units
(352 m 1156 ft), the truss units (700 m 2294 ft), and the north approach units (299 m 980 ft). See
Figure 1. The north and south approach units are similar and are continuous reinforced concrete
box girder rigid frames. Three of these units are double decked. The box girder units are typically
three span units (27.4-36.6-27.4 m 90-120-90 ft or 27.4-36.6-37.4 m 90-120-90 ft). The south
approach has two 4 span continuous flat slab units (10.4-17.1-17.1-10.4 m 34-56-56-34 ft). End
columns are monolithic with the superstructure with thermal expansion and contraction
accommodated by "split" columns at the juncture between units.

The truss units are two simple spans, a three span continuous unit and a simple span (2 x 106-106-
168-106-106 m 2 x 349-348-562-348-349 ft). The simple span trusses are typically supported on
rocker bearings at one end and pinned bearings at the other end. The continuous spans have .
rocker bearings at the exterior piers and pinned bearings at the interior piers. The plers supporting
the trusses are typrcally portal frame reinforced concrete piers. Each pier carries a pair of pinned
bearings and a pair of rocker bearings except for the two interior piers of the continuous span unit
and lhe end prers Some of the exrstmg portal frame and beanng details are shown in Flgure 2.

Site sonl condmons are generally good Foundatlons are typxcally spread footrngs founded on
glacially consolidated sands and gravels at maximum bearing pressures of approximately 4 tons per
square foot. There are a few foundations on short (35 fi) reinforced concrete piles on the south
approach where some clayey soils were encountered The prles are probably point bearing in the
glac!ally consolldated materral

Selsmlcrty - : o

A site specific sersmlcrty study was performed to confirm that the AASHTO spectrum with a,, =
0.29 g and soil type Il adequately describes the input motions. The source regions for earthquakes
can be divided into three specific areas.
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Shallow (focus < 20 km) earthquakes up to M7.0 have occurred in the State within the last century
although the fault has never been successfully identified. It is believed that these events produce
typical strike-slip motions. It has been assumed that an event up to M7.5 could occur anywhere
in the region in the shallow crustal zone.

Deep (focus > 50 km) earthquakes up to M7.2 have occurred in the Puget Sound Basin in the past
50 years. These events are believed to be the result of tension rupture of the down-going slab.
Motions have tended to be of moderate (~ 30 seconds) duration with sizeable vertical components
with the peak vertical acceleration up to two-thirds of the peak horizontal acceleration.
Seismologists estimate that events up to about M7.5 could occur in the deep crustal zone. Evidence
indicates that a warping fold in the down-going slab concentrates these events in the southern part
of the Puget Sound Basin or within 50 to 80 km of the bridge site.

There is good geological evidence to support the occurrence of large subduction zone earthquakes
off the western Washington coast. Events of M8 to M9+ are believed possible dépending upon the
length of fault rupture involved. Geological evidence indicates a return period of 300+ years for
such an event but the recurrence interval has not been conclusively established at this time. The
source zone for this type of event would probably be greater than 100 km from the bridge site.
These events would be expected to produce the long duration motions typical of thrust fault type
earthquakes even though the peak accelerations at the site might not be greater than for the other
two type events.

The spectrum adopted for this seismic vulnerability assessment was the AASHTO spectrumwitha,,,,
= 0.29 g and soil type Il or

c 1.2a,,,S
sm 7.2,3
where C,,, = response coefficient for the m™ mode

S soil type modifier = 1.2 for soil type 1l
T = period of the m*™ mode.

This spectrum is considered to represent the motions resulting from a deep focus, near source
earthquake of M7.5 and is considered to have a 90% probability of non-exceedance in 50 years.

Liquefaction of the foundation soils does not seem to be possible at this site. There is some
evidence of prior landslides on the south bank but these deposits are not deep and the age of
movement is not known.

Design (Ca 1958)
This structure was designed according to the 1957 AASHTO design specifications. These
specifications required design for 3% of gravity applied as a static horizontal load for structures

founded on spread footings and 6% for structures founded on piles. The latter value was used for

this structure.

Minimum specified concrete strength was typically 28 MPa (4,000 psi) and reinforcing steel yield
strength 275 MPa (40,000 psi). Reinforcing bar sizes through #18 were used in the project.
Structural steel! for the trusses was both 248 Mpa (36,000 psi) and 345 Mpa (50,000 psi) yield
strength material.

S8R5 Lake Washington Ship Canal Bridge
Seismic Vulnerability Assessment 2
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Working stress design methods were used for concrete design with allowable concrete stresses of
f. = 11 Mpa (1,600 psi) and steel stresses of f, = 138 Mpa (20 ksi). Allowable over-stress.up to
133% was accepted for seismic loadings. Main vertical reinforcing in the columns was size #10
through #18 bars. Lap splices of 20 to 30 bar diameters were typical. Confinement reinforcement
in the columns was minimal as was the practice of that time. According to present day standards
there is effectively no confinement reinforcing.

Dynamic Analysis Modelling

"Local® models of the individual concrete units between expansion joints were prepared from
existing record plans. The dynamic analysis program selected was GTSTRUDL. Models are
assemblages of frame members (3D beams). Finite joint lengths were modelled since the member
depth/span ratios were not large. Columns were assigned flexural inertia properties corresponding
to the cracked section. Flexibility of the foundations were explicitly accounted for by providing
springs at the bases of the columns and on the columns where the depth of overburden was
significant. These assumptions were believed to be appropriate for evaluation of maximum seismic
displacements.

In the existing condition, the truss units are separated by expansion joints at each pier except for
the three span continuous unit. A portal frame type pier supports a common bolster which carries
the pinned bearing from one truss span and the rocker bearing for the other. At the joint between
the trusses and the concrete approach units, the rocker bearing is supported on a partially split
column. The truss units were locally modelled to account for each individual member with the
associated concrete piers and foundation springs. The concrete deck was not considered capable
of contributing to the transverse flexural or shear stiffness of the trusses due to the presence of cold
joints over each floor beam and expansion joints at every third loor beam. Transverse shear was
assumed to be carried entirely by the lateral system.

A “global® model was constructed by linking the *local® units together with rigid links to model the
condition where seismic response motions had brought the units into contact (i.e. expansion joints
completely closed). Figure 3 shows such a model for the north approach. The truss units could
be replaced by equivalent single beam members for the global models.

A response spectrum analysis was carried out on each "local” model as well as on the "global*
model to obtain elastic response forces and displacements. Both cracked section stiffness and
gross section stiffness models were analyzed.

A "push-over” analysis was performed on each *local® model of the concrete units to evaluate
ductility requirements. This analysis is conducted by applying a static horizontal loading (in direct
proportion to dead load) in increments while monitoring selected members for possible plastic hinge
formation. As soon as a hinge has formed, the stiffness matrix of the model is altered and the
analysis continued until a plastic collapse mechanism is formed. The resulting force-displacement
relationship is used to perform a single mode dynamic analysis to predict maximum seismic
response displacements. Assessments are then made of the ability of individual members to sustain
the indicated flexural curvatures and shears as well as the ability of splices to develop the required
bar forces. Joint shear is also investigated for premature brittle failure or limited ductility. The ability
of the foundation to develop the plastic hinge moments in the columns was also investigated.

The steel truss units were analyzed using a response spectrum analysis with the seismic motions
applied directly to the truss bearings to determine indicated steel stresses due to seismic motions.
A similar analysis was conducted with the model supported on the piers to check for possible
amplification of ground motions.

SR5 Lake Washington Ship Canal Bridge
Seismic Vulnerability Assessment : 3
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Assessment Criteria

Assessment of seismic vulnerability is measured against the collapse state. Importance
classification is | (essential bridge). Major damage is anticipated; however, access for emergency
vehicles Is required immediately after the design event. Therefore, the damage which can be
accepted is limited. = :

The methodology for assessment is taken from the work of Priestley and Selble [1] and Pnestley.
Seible and Chai [2]

Concrete strenglhs are increased from the design minimum to account for statistical variation and
age of the concrete. The strengths used in calculating nomina! strengths, specified minimum

strengths, and cement content were:

Concrete f. fe Cement

Class Nominal Minimum Content

AX 41 MPa 28 MPa 360 kg/m®
(6,000 psi) (4,000 psi) (6.5 sacks/cy)

A 34 MPa 25 MPa 335 kg/m’
(5,000 psi) (3,600 psi) (6.0 sacks/cy)

B 31 MPa 21 MPa 307 kg/m*
(4,500 psi) (3.000 psi) (5.5 sacks/cy)

Reinforcing steel yield strengths were increased from the design minimum to account for statistical

variation. The values used in calculating nominal yield strengths and the specified minimum yield

strengths were:

N B i

e At

Steel f, -,

Grade Nominal Minimum

40 303 MPa 275 MPa
(44,000 psi) (40,000 psi)

60 455 MPa 414 MPa
(66,000 psi) (60,000 psi)

Structural steel yield strengths were increased from the design minimum to account for statistical
variation. The values used in calculating nominal yield strengths and the specified minimum yield

strengths were:

Steel f, A -, ;
Grade Nominal Minimum
ASTMA36 275 MPa 248 MPa
(40,000 psi) (36,000 psi)
ASTM A242 380 MPa _ 345 MPa
; (55,000 psi) (50,000 psi)
S8R5 Lake Washington Ship Canal Bridge -
Seismic Vulnerability Assessment . o . 4
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Ultimate bearing capacity of soils is 0.96 kPa (20 ksf) for Piers 10 through 17 and 2.4 kPa (50 ksf)
for all others. The ultimate axial load capacity (based on the soil) of the reinforced concrete piling
under Plers 10 through 15 is 890 kN (100 tons) and the ultimate tensile capacity of these piles is
445 kN (50 tons). The piles are not positively connected to the footings, therefore, it was assumed
that the footings cannot transfer tensile loads to the piles. A nominal tensile capacity was assumed
for checking the need for top mat reinforcing in the pile cap.

The applicable shear modulus for calculating stiffness of soil springs were taken from the
geotechnical report and are summarized as follows:

Translation
Pier Torsion
Number Vertical Rocking
1-9,23-35 103 MPa 103 MPa
(15 ksi) (15 ksi)
10,11*,12* . 41 MPa 41 MPa * Spread footings at
(6 ksi) (6 ksi) 11&12
12-15 31 MPa 31 MPa Pile foundations
(4 ksi) (4 ksi)
13,15%*,16,17 21 MPa 21 MPa * Spread footings at 15
(3 ksi) (3 ksi)
18-20 62 MPa 62 MPa
(9 ksi) (9 ksi)
21 20 MPa 90 MPa
' (13 ksi) (13 ksi)
22 138 MPa 138 MPa -
(20 ksi) (20 ksi)

Adjustment of foundation springs for embedment considered embedment into the glacial till only.
(i.e., unconsolidated overburden was neglected for purposes of evaluating foundation springs).

Piers which had a depth of overburden greater than 2 times the column width above the top of the
pedestals were modelled with translational springs representing the overburden. Typically, these
springs were placed one-half of the distance between the ground line and the top of the pedestal.
Where the depth of overburden was large, more than one horizontal spring was used. Piers 21 and
22 have an additional spring at mid-depth of the tremie seal.

Flexural strength, M,,, of concrete section was based on nominal (phi=1.0) strength of member as
shown on the plans and axial load corresponding to nominal dead load plus (or minus) seismic
overturning loads. It is necessary to use trial and error to evaluate the correct axial load depending
upon the frame condition (i.e. number and location of plastic hinges).

Available flexural strength may also be limited by lap splices and bar development length unless
retrofit measures are taken to provide confinement. At locations where bars are terminated, an

SR5 Lake Washington Ship Canal Bridge
Seismic Vulnerability Assessment 5
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assessment of the development of the bar was made by determining the force which could be
developed in the bar at the point where cracking of the concrete cover was initiated. Potential
splitting crack surfaces are shown in Figure 5. The maximum force capable of being developed in
the longitudinal bar is:

T, =fp
where I = splice length
= 4 (f')° direct tensile strength of the
concrete (in English units)
p = perimeter of splitting crack
=2(c +d,) +s
¢ = clear cover
d, = bar diameter
and s = spacing between bars.

if the force capable of being developed in the bar is greater than the ultimate force then the full
plastic moment can be developed. If the force capable of being developed in the bar is greater than
the yield force but less than the ultimate force, then only the moment at first yield can be developed
and ductility is limited. The minimum length of splice for nominal bar diameter "d,." is given as
follows:

f
| e = 0.025 d, L

Jr

This expression gives the length necessary to develop ultimate strength of bar. This minimum
length assumes confinement by tensile stress inthe concrete or transverse reinforcing steel crossing
the fracture planes. If the actual splice (or development) length is less than i ., the nominal
moment strength (M,) will be reduced proportionately.

The residual flexural strength (M,) of columns with lap splices in unconfined potential plastic hinge
regions is taken as the value which can be sustained by the maximum eccentricity of the axial
compression force in the column, using the reduced section defined by the inside of the layer of
longitudinal reinforcement. For rectangular sections, the residual moment capacity based on axial
load alone is

/
M1=N(£2—"§a)

= axial load

depth of reduced section

depth of equivalent rectangular stress block
N/(0.85 f'. b’)
width of reduced section.

where

N
h' =
a =
a =
b =

This residual strength is assumed to be developed at a displacement ductility factor of 3.

SR5 Lake Washington Ship Canal Bridge k
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The shear strength of the columns should be capable of developing the nominal flexural strength

(allowing for 20% over-strength). The shear strength for rectangular columns is calculated as the
contribution of the concrete

V,-p L bd

where beta = a function of the required displacement ductility (See Figure 6)
b section width

d section effective depth.

o

plus the contribution of the transverse steel :

where theta = angle between the shear crack and the axis of the member
A, = area of transverse steel
s = spacing of the transverse steel.

The transverse reinforcing provided by the hairpin bars typical on this project is considered as
effective shear reinforcing only outside of plastic hinge regions since the legs of opposing bars did
not lap nor did they extend far enough to be considered anchored in the compression region.

Joint shear strength is assessed by examining equilibrium conditions at a joint when flexural hinges

have formed in the members framing into the joint. The assessment was carried out separately in
each of the two mutually perpendicular planes. Joint shear strength is given as the minimum of

Vj, = maximumif, h, b , A, 1)
or

V, = maximum(f, hyb, A, 1)
where:

f f
= - !(-éﬁ)2 w2 < 35/t

h, = column width in plane of flexure
h, = beam width in plane of flexure

il

SR5 Lake Washington Ship Canal Bridge
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b = joint width perpendicular to plane of flexure
V,, = vertical joint shear
V,, = horizontal joint shear
= axial stress at mid height of joint
f, = yield strength of joint reinforcement
A,, = area of vertical joint reinforcement
A,, = area of horizontal joint reinforcement

o

Contribution of joint reinforcing steel may be considered only when such steel is fully developed at
the middle of the joint.

Joints in which a joint shear failure occurs prior to formation of the plastic hinges in the beams or
columns are capable of limited ductility as illustrated in Figure 7.

Ductility demands of individual frames (units between expansion joints) are assessed by applying
static loads at deck levels in each direction to calculate force-displacement relationship up to the
formation of the collapse mechanism. This force-displacement relationship is then used in a trial
and error procedure to predict seismic response displacement. The displacement ductility demands
of the individual columns are then assessed. The displacement demand/capacity ratio is
determined as

Seismic ductility demand
Member displacement ductlility capacity

d
c

In some cases member displacement ductility capacity was limited by member shear capacity, joint
shear capacity, bar development, or curvature ductility capacity. Curvature ductility demand is
assessed from the member length to the point of inflection and an assumed plastic hinge length.

l,=0081+yd,

where |, = the length from the point of inflection
chi = 6 (for Grade 40 reinforcing steel)
d, = bar diameter of longitudinal reinforcement.

The relation between displacement ductility and curvature ductility is given by

(e -1)

|1¢=1+
b
/ 2

where mu,; = curvature ductility
mu,.,, = displacement ductility. -

SR5 Lake Washington Ship Canal Bridge
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Limiting curvature ductility is assessed from a strain compatibility analysis of the section considering
the axial load present. Ultimate curvature for a lightly confined section Is taken as the curvature
where the maximum concrete strain is 0.4%. Yield curvature is taken as the curvature at first yield
times the ratio of the nominal ultimate moment to the moment at first yield. The curvature ductility
capacity is then the ratio of ultimate curvature to the yield curvature.

This assessment is made for both longitudinal and transverse seismic motions.

The force-deflection relationship for the double deck units assumes that forces at each deck level
are in proportion to the distribution of mass and act in the same direction.

Results of dynamic analysis : ‘

Natural periods of the linear elastic structure units range from approximately 0.20 seconds to 2.50
seconds. The short period structures are the small flat slab bridges at the ends which have deeply
embedded short columns. The longest period units are the main truss piers in the longitudinal
direction. Indicated seismic displacements range from 0.20 inches to 8 inches for these same units.
The indicated ratio of elastic moment demand to nominal moment capacity ranges from
approximately 5 to 2 for the results to date. The “push-over® analyses of the structural units have
not yet been completed.

- Summary

The seismic vulnerability assessment of one of the most important bridges in the Seattle area will
serve as an important guide for policy making decisions in arriving at a retrofit strategy. The
assessment criteria proposed herein attempts to provide a means for assuring adequate safety while
recognizing all the potential capacity of the existing structure by employing the latest research
resuits.
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Research on adoption of Vane—Dampers
for the Tsurumi Fairwa y Bridge

By Noboru ITto” and Masasumi Okada?

1) Senior Engineer. Special Structural Desngn Division,

Kanagava Construction Bureau, Metropolitan Expresswvay Public Corporatlon
2) Civil Engineer, Special Structural Design Division,

Kanagava Construction Bureau, Metropolitan Expressway Public Corporation

ABSTRUCT :

Connection betveen the girder and the tower of the Tsurumi Fairvay Bridge,
a long span cable-stayed bridge on Metropolitan Expressvay Bay Shore Route,
is elastic support using "Attachig Horizontal Cables’. For stable use of
the Cables during large earthquakes, Vane-Dampers have to be installed.
Reaction of the damper is proportional to square of the relative velocity
between the girder and the tower and the maximum reaction is controlled by
the reaction control valve. From the time-history response anaysis. the
adoption of the dampers have benefitial effects on the bridge. The charac-
teristics of the valve and the half-scale model of the damper was confirmed
from experiments. Tests for the real dampers are also planned.

1. INTRODUCTION™’

The Tsurumi Fairway Bridge is one of the major bridges on Metropolitan
Expressvay Bay Shore Route, a part of the Tokyo Bay Ring Road which, as
sho¥n in Figure 1, will extend approximately 185 km along the Tokyo Bay
Coastline. As shown in Figure 2, the Bridge is a single plane, three span
continuous cable-stayed bridge composed of 510 & center span and tvo 254 m
side spans. The center span length was determined from requirements of the
Fairway for over 400 vessels including 50,000 GT class use the Fairway
daily. In the future the same type bridge for National Highwvay Route 357
vill be constructed along the bridge parallelly and they will become the
twin brldges as shown in Flgure 3.

Conflguratlons of the cables, the towers and the girder were determined
from aerodynamic stability, requirements for durability and aesthetical
consideration at the twin bridges completion stage. Single plane cable
type vas recommended as they would not appear to be entangled at the time
of twin bridges. Basic wind tunnel test results supported the decision.
Seventeen cables from each side of the tower were arranged as semi-fan type.
Streamlined shape of the girder vwith fairings, determined from requirements
of vind resistance and stability, also expected to help adding a slender
image upon the bridge. Shape of the tower, an inverted Y shape, was also

"~ adopted after aesthetical research utilizing computer graphics based on the
decision of single plane cables. Cross section of the tower is determined
as the combination of two trapezoids and a rectangle to add more slender
impression.  For lover part of the tover is thought to be affected from
splash of tides and sea salts, a durable steel reinforeced concrete (SRC)
structure is chosen. Therefore, mriddle part of the tower, a transient part
between steel structure and concrete structure, is designed as a steel
~shell structure with inserted dovel bars based on results of model experi-
rents. Shape of ‘the concrete structure of the tover and the end ‘pier is
determined as octagonal shape based on aesthetlcal research utlllzlng com-—
puter graphics.
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Type of the foundations of the bridge is a pneumatic caisson supported by
the diluvial formation some 30 or 40 m under the sea level. Because the
vater depth is about 12 n, floating construction method utilizing the steel
caisson chamber was chosen as the most economical and suitable method. For
excavation, overhead crawler shovels controlled from the remote operation
roon were adopted to minimize the amount of work under high pressure and to
maintain safety.

2. ANALYTICAL STUDY ON ADOPTION OF VANE-DAMPERS

2.1 Study of the Supporting Condition at Tovwers
Supporting conditions at towvers or connections between girders and tovers
have remarkable effects on vibrational modes and natural frequency of the
cable~-stayed bridges. For the Tsurumi Fairwvay Bridge various supporting
conditions, as shown in Figure 4, were studied and comparison is made as
Table 1.

For the fixed connection, although longitudinal displacement can be mini-
mized, acting forces at the lower end of the tower due to thermal displace-
ment and those due to earthquakes are extremely large. Dimensions of piers
and foundations have to be larger than others to withstand such large
forces and, hence, the structure is thought to be unecononmical.

The floating type, on the other hand, moment of the lower end of the tower
is almost half as the fixed type, however, longitudinal displacement due to
live load is about 30 times larger than that of fixed type. Expansion
joints will be, therefore, extremely large and give drivers unpleasant
feelings. Since the Tsurumi Fairway Bridge is a single-plane cable-stayed
bridge, as large displacement due to live load seems undesirable, floating
type is thought to be unsuitable.

For the Yokohama Bay Bridge?’, located near the site of the Tsurumi Fairway
Bridge, the tower and the girder were connected by tower links, similar to
the one used for suspension bridges. The connection type is thought to be
as 'floating but elastically constrained"® . Adopting the link type for
the Tsurumi Fairway Bridge, acting forces at the lower end of the tower is
almost same as the floating type and longitudinal displacement is rather
small than the floating type. For this conncetion type, hovever, w¥idth of
the tower have to be widened because tower links have to be placed between
the tover and the girder. The fact is crucial because only about 3 m clear
space between the twin bridges is specified in the urban plan for the case
without tower links and, therefore, provided space is thought to be insuf-
ficient for tower links.

For elasic connection utilizing "Attaching Horizontal Cables’, which was
adopted for the Meiko Central Bridge®’, acting forces are almost same as
the link type and longitudinal displacements due to both of live loads and
earthquakes are rather smaller than those of the link type. As the Attach-
ing Horizontal Cables are installed inside the girder, the width at the
towver is same as floating type.  For longitudinal displacement due to live
loads is relatively small, dimension of expansion joint is not so large.

Considering the above results, supporting type at the towers of -the Tsurumi

Fairway Bridge was determined as elastic fixing type utilizing - Attaching-
Horizontal Cables’. .
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2.2 Attaching Horizontal Cables
The Attaching Horizontal Cables for the Tsurumi Fairway Bridge are pre-
fabricated parallel vire strands of 167 mm diameter, the same type as the
main cables. Each cable is composed of 387 galvanized high strength wires
of 7 mm diameter and covered with polyethlene in a factory. Tvwo pairs of
117 m cables are attached from the tover to both the center and side spans
and supported on rollers at 1.8 m intervals.

Attaching Horizontal Cables were designed under following conditions;
® Although stresses of cables are increased for one side and decreased
for the other side, both sides of cables are maintained in tension due
to the combination of live loads and temperature changes.
@ "EA/L’ have to be maintained to prevent excessive force due to temper-
ature change.
® Assuming only one side of cables withstand all the horizontal forces
during the earthquakes and the stress of the attaching horizontal cables
does not exceed the allowable value, 108.8 kgf/mm2.
Cross sectional area, length and initial tension, 690 tf, were determined
from above conditions.

Earthquake responses were computed using the time-history response analysis
for the determined attaching horizontal cables assuming non-linear cable
stress—strain relationship with no resisitance to compression. From the
results, hovwever, it is found that tension of compressed side of the cables
is vanished several times during earthquakes.

Corresponding to this problem with cables only, initial tension must be
increased, hence, 'A’ must be increased from the requirement @® and,
consequently, cable length must be longer to maintain "BA/L’ in certain
range. In other vords, longer and thicker or more cables must be attached.
The method is unrealistic and uneconomical solution because 117 & cables
for 254 n side spans are already long enough and, moreover, without doubt,
it affects the design of the girder itself.

Installing dampers at the to¥er to reduce earthquake responce would be
another solution and Vane-Dampers, which have been installed at end piers
of the Higashi Kobe Bridge® ®’, are proposed. Unless the excessive react-
ion does not occur at the tower base, it is thought to be a good counter-
measure to correspond slack of the cables. Consequently the connection of
the tover and the girder were determined, as shown in Figure 5, as combina-
tion of Attaching Horizontal Cables and Vane-Dampers.

- 2.3 Yane Damper” ®

Structure of the Yane Damper is sho¥n in Figure 6. In order to mininize
its size, relative horizontal motion betveen the girder and the tower is
converted to rotational oscillation oving to the vane and the cylinder.
¥When the vane is rotated, oil pressure of the left and right chambers
become different and, thus, oil is compelled to pass through the orifices
at the center of the damper. Turbulence resistance generated as passing
orifices induces horizontal reaction proportional to square of the velocity.
To prevent the excessive force to the substructure and to avoid excessive
pressure inside the damper itself, pressure control valves are installed in
the partition.

Basic property of the damper is shown in Figure 7. As stated above, the
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horizontal resistance is proportional to square of the relative velocity
between the girder and the tower and after the reaction reaches maximum
value, the resistance is constant regardless to the velocity. The maximum
reaction was determined as 200 tf for prevention of excessive pressure to
the damper. Constant C was determined so as to reduce the horizontal force
of the attaching horizontal cables to prevent the cable slack. After some

trial, it is found that cable slack can be avoided when C = 800kgf/(cm/s)2.

Time-history response analysis adopting two dampers for each towver, the
horizontal forces of attaching horizontal cables during ecarthquakes are
reduced by 20 to 30 ¥ compared ¥ith the case of only attaching horizontal
cables. The example of the response is sho¥n in Figure 8. Since the
longitudinal displacement is smaller than the value vithout dampers, the
additional damping to the superstructure in longitudinal direction is also

found.

After this study, it becomes clear that the installation of dampers with
certain property has beneficial effects for the stable use of attaching
horizontal cables and also for additional damping of the superstructure.

Design of the damper is to design the orifices and the pressure control
valves for the constant C is the characteristic value of the property of
the orifice and the maximum horizontal reaction is of the pressure control
valve. It is, therefore, necessary to confirm the properties of the damper
experimentally.

3. EXPERIMENTAL STUDY ON THE VANE-DAMPER®: *®’

3.1 General
Two series of basic experiments had to be carried out ahead of the tests
for the real dampers in order to confirm the design of Vane-Damper. The
first series of experiments were tests of the pressure control valves in
order to certify the valves to start opening at the specified pressure.
After the function of the valves was verified, the second series tests, the
tests for a 1/2 scale model including the pressure control valves, were
performed in order to find whether or not the damper has speicfied prop-
erties. :

3.2 Tests for the Pressure Control Valves
Basic function of the pressure control valves is, shown as the flat part of
Figure 7, to avoid excessive pressure for the damper and excessive react-
ion for the substructures. In order to obtain such character, the valve
consists of a cranked orifice, much larger than the orifice of the damper,
and a spring to control the pressure to open the cranked orifice. Several
springs of different spring constants vere tested and, as a result, the
valves started to function around the calculated pressure regardless to
spring type. In Figure 9, compariscen of calcurated pressure and measured
pressure to open the valve, it is apparent that both are coincided.

3.3 Tests for a 1/2 Scale Model

1/2 scale damper model, which had been used for the tests for the Higashi-
Kobe Bridge® ., was reformed for the tests of the Tsurumi - Fairway Bridge and
the pressure control valve, which was confirmed in tests described above,
vas tested in order to confirm the basic character of the damper: i.e.,

® Velocity-Reaction relationship

@ The Pressure to open the pressure control valve
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® Properties after opening of the pressure control valve

Setup for the tests is shown in Figure 10. Four types of pressure control
valves vere installled. The damper vas oscillated by adding sine waves
using hydraulic actuater and reaction of the damper, displacements and
pressures of damper’'s chambers were measured. Frequency of the sine wave
is in the range of 0.02 to 1.0 Hz and amplitudes are +2 cn and * 5cm, so
that various velocities can be achieved.

Relationship between the velocity and the reaction is shown in Figure 11.
In this figure, measured results for various valves are indicated by vari-
ous plots, the horizontal lines are the desired pressure to open the valves
and the curve is the objective property of the 1/2 scale damper; i.e.,

F = 200 v2

Measured results for the damper with four types of pressure controls valves
show good agreements of the calculated properties. Pressure control valves
started to open around the desired pressure. Slightly increasing tendency
in reaction can be seen after the valve opening, however, since 10 % toler—
ance for the reaction is already counted for the design, the results seem
satisfactory.

Durability of the damper was also checked by the experiment adding 500 of
+ 5§ cm sine waves in 0.25 Hz. As shown in Figure 12, reaction of the
damper ¥as almost constant through the experiments and increment in temper-
ature is about 26 degrees. From the results of this test, it will be con-
cluded that properties of the damper are almost constant and temperature
rise is negligible for earthquakes expected in the design stage.

4. CONCLUSION
Analytical and experimental studies stated above are summerized as follows.
(® For connection type between the girder and the towers of the Tsurumi
Fairway Bridge, combination of Attaching Horizontal Cables and Vane-
Dampers with certain property is thought to be the most suitable type.
@ Vane-Damper has the property that the horizontal force proportional to
the relative velocity between the girder and the tower. To avoid ex-
cessive pressure for the damper and to prevent excessive reaction for
the substructures, the maximum reaction has to be controlled by the
pressure control valves.
® From the experimental results of a half scale model, the desired prop-
erties for the model are almost satisfactorily. It is expected that
the desired properties will be reappeared for the real dampers.

Based on the results, the real dampers vere designed. Confirmational tests
for the real dampers will be carried out at Tadotsu Engineering Laboratory
of NUPEC using two 250 tf hydrauric actuaters simultaneously. The tests
are scheduled at the end of fiscal 1993.
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Table 1. Comparison of Different Suppoxrting Conditions

Flcating but :
Elastically fixed elastically Fixed at tower
at tower piers Floating constrained at piers
towar piers
R side span Q 503 0 684 a 519 0 450
displacement of | deflection
girder @ center span a 823 Q 830 o 830 Q1779
longitudinal live leoad 0 034 0 833 Q 279 Q 015
displacement
earthquake 0 354 LS54 Q 920 Q172
M(t-m 41930 6061 9673 284600
force of the thermal forces
bottom end of the S 825 40 115 6243
tower pier
Mt -m 229600 226800 220400 434100
earthquakes
S 6815 6999 7054 10230
period of girder longitudinal diflection @ 305 13 53 815 L33

Contole

W=d s

Vartical Bearicq shee

Yaze-trse faxsser

Attactisg BorCzatd Ve

Fig 5. Equipment between the Girder and the Tower
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Seismic Performance and Retrofit
of the Golden Gate Bridge

Charles Seim, P.E., F. ASCE!, Tim Ingham, Ph.D., S.E.2
and Santiago Rodriguez, P.E.?

Abstract

The Golden Gate Bridge has served for over fifty years as a vital transportation link
connecting San Francisco with the area to the north. The Bridge is owned, operated, and
maintained by the Gelden Gate Bridge Highway and Transportation District (District).
Immediately after the Loma Prieta earthquake, the District engaged T.Y. Lin International
(TYLI) to perform seismic evaluation and retrofit studies of the bridge. These studies
concluded that a major earthquake could cause severe damage to the bridge and a prolonged
interruption of traffic.

The seismic retrofit studies consisted of the following five stages: 1) Evaluating the
seismic risk and generation of site specific ground motions and response spectra, 2) defining
performance levels and developing design criteria, 3) performing both linear and nonlinear
seismic analyses, 4) developing conceptual retrofit designs, and 5) preparing construction
plans and specifications. Stages 1 to 4 are completed. Stage 5 is in process and is scheduled
to be completed at the end of 1994. Construction is expected to start in early 1995 extending
over three years.

Introduction

One of the most renowned bridges in the world, the Golden Gate Bridge opened to
traffic on May 28, 1937. Today, the suspension span is greatly admired for its aesthetics as
well as the technology of its design. At the time of its design and construction in the 1930s,
it set new standards for the engineering of long-span bridges. Until 1964, the bridge had the

1Senior Principal, T.Y. Lin International, 825 Battery Street, San Francisco, CA 94111
“Senior Project Engineer, T.Y. Lin International, 825 Battery Street, San Francisco, CA 94111

*Project Engineer, T.Y. Lin International, 825 Battery Street, San Francisco, CA 94111
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longest span of any structure in the world. It is still a famous landmark bridge and stands
as the very symbol of the City of San Francisco. The design and construction of the Bridge
is well documented in the Chief Engineer’s final report [3].

The 2790m overall length of the Golden Gate Bridge consists of a number of different
structure types. The bridge’s major components are the steel truss approach viaducts, the
Fort Point steel arch, the concrete cable anchorage and anchorage housings, the concrete
pylons and the steel suspension bridge. All of the foundations for these structures except the
northern viaduct are supported directly on rock.

The 1280m suspension bridge span is designed using a sag-to-span ratio of 1-t0-9 for
the main cable. This ratio requires towers 227m high to support the length of the span. The
1-t0-9 ratio *fits® the setting of the bridge, emerging as it does from hills on both sides of
the strait, poised majestically between the Bay and open ocean. Visitors viewing the crossing
from the south or north end vistas are uniformly impressed by the beauty of this structure
from virtually every angle of sighting.

- The four struts above the roadway vary in depth and spacing, being thinner and closer
together with height. The two top struts are each approximately 6.7m deep and the lower
two are approximately 9.1m deep, giving a ratio of about 1 to 1.36. From the tower top
down to the roadway, the vertical strut spacing ratios are 1, 1.1, 1.3, and 1.4, respectively.

A lateral bracing system was added as wind retrofit in 1954. The vertical suspenders
were replaced in the mid 1970s. The original concrete deck was replaced in 1985 with a
lightweight orthotropic steel deck with a net reduction in weight of about 11,000 tons.

The Loma Prieta earthquake that occurred at 5:04 pm on October 17, 1989 was rated
at a magnitude of 7.1 and damaged buildings and bridges throughout the Bay Area. The
Golden Gate Bridge was not instrumented, but appeared to be in an area where the bed rock
acceleration was recorded at 0.08 of gravity. Immediately following the earthquake, the
District engaged TYLI to perform a seismic evaluation and retrofit studies of the bridge.
Subconsultants Imbsen & Associates, Inc. and Geospectra, Inc. were also engaged to add
their expertise to the TYLI team. The results of the seismic evaluation were presented in
The Golden Gate Bridge Seismic Evaluation [1] in November, 1990. The evaluation revealed
that a major earthquake on a nearby segment of the San Andreas or Hayward Faults would
likely cause severe damage to the bridge and could cause interruption of traffic and require
significant repairs. The Golden Gate Bridge Seismic Retrofit Studies [2] included
development and evaluation of concept retrofit measures as well as estimation of their
construction costs and schedules.

Governor’s 1989 Board of Inquiry

Following the October 1989 Loma Prieta earthquake, the Governor of California
appointed a Board of Inquiry to investigate the causes and effects of the damage sustained
in other Bay Area structures and to recommend methods to prepare for a major earthquake.
The Board of Inquiry, chaired by George W. Housner, issued its report, Competing Against
Time [4), in May 1990. On June 2, '1990, the Governor issued Executive Order D-86-90
which mandated State agencies to implement all the major recommendations of the report.
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A number of recommendations and findings of the Report are particularly pertinent to
the evaluation and retrofit of the Golden Gate Bridge. The report and the Governor’s
Executive Order specifically refer to the vital iinportance of the Golden Gate Bridge in the
Bay Area transportation system because it is an "essentially nonredundant system having no
satisfactory alternative.” : ‘

Seismic Risk and Ground Motions

The determination of seismic risk and site specific ground motions was based on
evaluations of the geology and topography of the area surrounding the bridge site, seismic
risk analyses, and computer simulations of ruptures on nearby faults. The results of these
studies are presented in Geological, Geotechnical and Ground motion studies for seismic
retrofit of the Golden Gate Bridge in July, 1992 [5] by Geospectra, Inc., Richmond, CA.

Seismic risk was evaluated by applying a probabilistic assessment of ground motion
using the maximum expected earthquake values assigned to the two main faults, the San
Andreas and the Hayward, with a magnitude of 8.5 and 7.3 respectively. The peak ground
acceleration estimated for a maximum credible event comparable to the 1906 San Francisco
earthquake is 0.65g. Site-specific response spectra were developed on the basis of these
seismic risk analyses,

Ground Motion Synthesis

The seismic signals from a major earthquake can be divided into three poruons

The onset of motions portion, tnggermo the recording instruments.

The peak amplitude portion, subjecting the structure to strong ground shaking.

3. A much longer coda portion of lower-amplitude shaking during which the surface waves
and various reflection waves arrive. In the case of magnitude 8 earthquakes, the coda
portion may last up to about 80 seconds.

DN

Seismic evaluation of flexible or lightly damped structures such as long-span bridges
requires careful consideration of the coda portion. The response of such structures at higher
(short-period) modes are excited by the peak amplitude portion of the accelerograms,
whereas their lower (long-period) mode are excited by the longer—duratlon long-period
signals of the coda poruon :

Multiple Support Ground Motion Synthesis -

Ground motions for multiple support excitation contained proper estimates of the phase
delays that are reflective of the wave velocity in the media in which they travel. The ground
motion records also contained the proper degree of incoherency that reflects the rupture
scenarios and wave travel media.

Seismic Performance Criteria

The seismic performance criteria for a retrofitted suspension bridge presents a
compromise between available retrofit measures, - constructibility - constraints, = user
expectations, and cost. Current American seismic codes are based on saving life but not
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necessarily the structure. The retrofit measures for the Golden Gate Bridge must preserve
life and allow the bridge to be used immediately after the largest expected event, first for
emergency vehicles and then for the toll paying general public. To guide the designers in
developing the seismic retrofit measures of the Golden Gate Bridge, seismic¢ performance
criteria were developed based on preserving the use of the bridge after a major earthquake
with limited amount of repairs required.

The bridge structures in their current configuration were analyzed first, finding that the
structures would not meet the performance criteria. In fact, the structures were at risk of
collapse. Retrofit measures were then developed to bring the structures into compliance with
the performance criteria. This required the various bridge components capacities to be
upgraded. A maximum ductility demand of 1.5 is allowed in general, for elements for which
analytical evaluations or testing are not available.

Seismic_Analysis

The seismic response of the Golden Gate Bridge Structures to strong earthquakes would
be nonlinear due to large deformation effects and inelastic behavior. Only the most
important sources of nonlinear behavior were considered in the analysis with the purpose
of capturing the dominant behavior modes.

Due to the complexity of the Golden Gate Bridge Structures, the seismic analysis was
performed with a combination of global and local models. A total of six global models were
created, including the South Viaduct, the South Anchorage Housing, the Fort Point Arch,
the Suspension Bridge, the North Anchorage Housing and the North Viaduct. Local models
were developed for problematic areas such as the base of the main towers, the stiffening
truss, and the horizontal struts between the towers’ shafts.

Suspension Bridge

The characteristics of the suspension bridge which most significantly influence its
seismic response and the analysis requirements related to those characteristics are
summarized below.

Large Displacement Effects
The stiffness of the structure, which is provided mainly by the shape of the cable
adjusted to the-applied loads, is very sensitive to its geometry. The distortion of its geometry

under applied loads causes its stiffness to change as the loads change.

A geometrically nonlinear analysis which considers large displacement effects is required
to capture this behavior. '

Mudtiple Support Excitation
Due to the large di'stance between supports, the ground motion will be different at each

support. These differences are caused by both phase delays due to traveling waves and
incoherence created by the travel media and the rupture scenario.
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The multiple support excitation imposes relative displacements between the towers and
the anchorage blocks that induce both static and dynamic stresses and displacements. The
analysis must consider the multiple support ground motion in order to obtain the actual
earthquake response.

For the Golden Gate Bridge project, additional analyses were performed under uniform
support excitation, to evaluate the importance of the multiple-support excitation on the peak
structural response. The purpose of these analyses was to provide data on the significance
of the multiple support problem in the seismic performance of the bridge. The data revealed
that there are some responses that are larger under uniform support excitations.

Dynamic Characteristics

Due to their dimensions and flexibility, suspension bridges have a long fundamental
period of vibration. The seismic response for long period structures is characterized by large
displacements and low seismic forces.

Obtaining the proper response for long period structures requires an adequate description
of the earthquake’s long period content. Acceleration time histories should be corrected to
assure that they do not have a long period content due to a displacement drift which would
cause an unrealistically high displacement response.

Although often ignored, secondary vibration modes with a shorter period make an
important contribution to the seismic forces. In a response spectrum analysis based on a
mode-superposition procedure, it is necessary to consider a very high number of vibrational
modes in order to include the modes with a natural period in the range of the maximum
spectral acceleration. The high modes have a small mass participation when compared with
the total mass but may actually have a very large participation in the response of local
elements such as the towers.

For example, in the seismic analysis of the Golden Gate Bridge, it was found that the
first longitudinal mode for the towers, with a period of 1.4 seconds, contributed greatly to
the towers’ seismic forces. However, this mode is the 67th mode for the bridge as a whole
and it would be overlooked in an analysis considering less than 67 mode shapes.

A time history analysis performed by direct integration of the coupled equations of
motion avoids the problems associated with the mode-superposition method.

Material Nonlinearity

The main cables and suspenders of the Golden Gate Bridge respond to the maximum
credible earthquake in the elastic range. Yielding of structural elements is confined to local
areas such as towers, pylons and stiffening truss.

The current practice in earthquake engineering is to design for reduced earthquake loads.
This practice is based on the assumption that if the structural members are detailed
appropriately, they have significant reserve displacement capacity beyond the initial yielding.
This approach has a strong theoretical and experimental basis for structures with fairly
uniform distributions of such yielding elements. In the Golden Gate Bridge, however, the
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structural steel components are not expected to yield significantly, however, the seismic
studies of the reinforced concrete pylons suggest that they will yield.

The effects produced by the yielding of the reinforced concrete pylons in the Golden
Gate Bridge were studied by comparing the results of two different analyses. In the first,
the pylons were modeled as elastic members. In the second, the yielding in bending was
modeled with elasto-plastic rotational springs. The results were very similar as far as global
behavior. This fact indicates that an analysis considering elastic material behavior may give

a very good estimate of the actual response, although material nonlinearities will be
considered for final design.

Displacement Compatibility

Due to the long natural period suspension bridges have, the seismic displacements are
large; on the same order of magnitude as the ground displacements. In addition to this,
different parts of the structure are subjected to different ground motions thus creating large
relative displacements at the expansion joints. When the relative displacement at an
expansion joint reaches the maximum displacement capacity, the expansion joint closes and
transmits impact forces. A joint closure changes the dynamic properties and the response
of the bridge. Thus, it is necessary to consider these effects in the analyses by means of
nonlinear gap elements.

Support Conditions

It is also important to watch for changes in the support conditions due to seismic forces.
In the case of the Golden Gate Bridge, the towers are weakly anchored to the underlying
reinforced concrete piers. For service loads, the towers can be considered to be fixed to the
piers because the dead load produces compressive stresses which are not exceeded by the
bending stresses due to wind loads. However, uplift of the towers can be expected in strong
earthquakes. This uplift can significantly change the towers’ response characteristics. The
rocking motion of the towers actually reduces the seismic stresses at the towers but increases
the deflections. The nonlinear rocking behavior was considered in the seismic analysis of
the suspension bridge.

Because of these characteristics, conventional linear theory of structures provides a poor
estimate of the structural response. The seismic evaluation of the Golden Gate Bridge was
performed by using the analysis technology described in the following sections.

Structural Modeling

Several different mathematical computer models of the suspension bridge were studied.
Two-dimensional models of the entire bridge were used for preliminary studies of response
to vertical and longitudinal components of ground motions. Three-dimensional models of
the entire bridge were used for final studies of response to all three components of ground
motions. The underlying idea behind the modeling effort was to attain a global model as
simple as possible but yet able to reproduce all the significant linear and nonlinear modes
of behavior. . ‘

The global moderl was built with the help of more elaborate local models. A detailed
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three-dimensional finite element model of the tower base region was used to study the stress
distributions and moment-rotation relationships of this critical part of the bridge. Other local
models included the stiftening truss, the horizontal struts between the tower’s shafts, and
the bridge approaches.

The global computer models include representations of all major structural components
of the bridge: the main cables from anchorage to anchorage, the suspenders, the towers, the
pylons and the tie-down cables inside, and the stiffening trusses. While most structural
members are modeled explicitly, the suspended stiffening truss system is nevertheless
modeled using superelements to reduce the size of the numerical problem. The three-
dimensional model consisted of 903 nodes and 1,351 elements, which are assembled into
a system of 3,030 simultaneous equations.

Analysis Technology

The analysis of the seismic response of the Golden Gate Bridge required the following
three steps of increasing complexity: definition of the dead load state, modal analysis and
response spectrum analysis assuming linear behavior, and nonlinear time history analysis,
considering multiple-support ground motion.

Definition of the Dead Load State

The dead load state was defined starting with the geometry and dead load corresponding
to the time the construction was completed. The dead load and the construction procedure
determined the initial stresses. A static nonlinear analysis considering large displacement
theory was performed to check equilibrium and to fine-tune the original geometry. The
result of this analysis yielded the dead load state at the completion of construction.

The change in the structure’s dead load due to the addition of the bottom lateral bracing
system and the replacement of the deck were superimposed on the original dead load
situation. The deformations and stresses of this dead load state, computed by geometrically
nonlinear analysis, served as the initial conditions for the dynamic analyses.

The Newton-Raphson method, based on tangent stiffness iteration, was used for this
static load analysis to account for the large displacement effects.

Modal Analysis

Once the dead load state was determined, a modal analysis was performed to compute

the vibrational properties. The modal analysis assumes linear behavior for small

. deformations from the dead load state. The natural frequencies and mode shapes computed

from the analysis were compared with the ones obtained from ambient vibration tests. This
comparison provided a way to verify the computer models.

Following the modal analysis, a response spectrum analysis was performed for the
maximum credible earthquake. The response spectrum analysis did not include the effects
of the nonlinear behavior or the multiple support excitation. However, it gave an initial
insight into the magnitude of the seismic forces, thus redirecting the modeling and analysis
efforts towards the problematic areas. ‘
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Nonlinear Time History Analysis

The analyses of the global response of the bridge to multiple-support ground motion
excitations were performed using a dynamic nonlinear finite element computer program, in
which large displacement effects were considered by establishing the static or dynamic
equilibrium of the structure in its deformed configuration. The effect of a limited
displacement capacity at the expansion joints and the nonlinear uplifting behavior of the
tower’s bases was examined by using "gap" elements. The yielding of the reinforced
concrete pylons was modeled with elasto-plastic rotational springs.

The nonlinear dynamic analyses were performed by integrating the coupled equations
of motion in the time domain by using the acceleration implementation of the average
acceleration method. This method is unconditionally stable and has second order accuracy.
The ground motion excitation was applied as a time-varying displacement boundary
condition at each of the supports. In each time step, the nonlinear system of equations
relating the effective dynamic loads and the nodal accelerations was solved by using the
Newton-Raphson method, based on tangent stiffness iteration. For some models, a modified
Newton-Raphson Method that was based on constant stiffness iteration was also used.

Rayleigh damping was assumed, in which the damping matrix is proportional to a linear
combination of the mass and stiffness matrices. The proportionality factors were computed
to yield a damping ratio of 5% at periods of 0.5 seconds and 20 seconds. The damping
ratios for periods between those two values are smaller, with a minimum of 1.5% at a
period of 3 seconds. These values are consistent with ambient vibration measurements.

Viaducts and Fort Point Arch

The seismic behavior of the viaducts is less complicated than that of the suspension
bridge due to their structural type and dimensions. The large displacement effects can be
neglected and a uniform support ground motion gives a good estimate of their seismic
response. The structural components have little ability to withstand deformations beyond
those which cause yielding or buckling and a linear elastic analysis gives a good estimate
of the seismic deficiencies. The viaducts and the arch were modeled as a three dimensional
frame structure. )

Anchorage Housings

The North and South Anchorage Housings are building-type reinforced concrete
structures which consist of exterior reinforced concrete walls braced with pilasters, internal
reinforced concrete moment frames supporting the roof, and the reinforced concrete roof
slab itself. Linear elastic analysis were performed to assess the ductility demand of the as-
built and retrofitted structures.

Vulnerabilities and Retrofit Proposals

The proposed retrofit measures include both tuning the structures, i.e., adjusting the
local and overall response of the existing structures so they can better respond to strong
ground motions without damage, and strengthening the structures to minimize the damage
caused by the structures’ responses to strong ground motion.
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Suspension Bridge
The vulnerable areas for the suspension bridge and the proposed retrofit are:

1. Connection between Stiffening Trusses and Towers: Impact between the main span
stiffening trusses and the towers is predicted since seismic displacements exceed the
existing displacement capacny The proposed retrofit includes the installation of dampers
at this location.

2. Reinforced Concrete Pylons: New ductile concrete walls inside the pylons are proposed
to increase strength and ductility.

3. Main Towers: Uplift due to rocking motion of the tower would cause high contact
stresses at the toe of the uplifting base, requiring strengthening of the steel plates.
Because uplifting of the tower bases improves the global seismic performance it will
not be prevented with the retrofit.

4. Side Span Stiftening Trusses: There are high tension and compression stresses in the
chords of the side span stiffening trusses. A local nonlinear model of a chord member
shows that the required ductility of two is attainable.

5. Piers: The piers supporting the main towers are subjected to high bearing stresses under
uplift conditions. The installation of post-tensioning tendons at the top of the piers to
provide confinement is proposed.

6. Cable Saddles: The connections of the cable saddles to the tower tops need to be
strengthened for shear stresses due to differential cable tension.

7. Deck Panels: The connections of the orthotropic steel plate deck panels to the floor
beams need improvement due to high horizontal shear forces.

Viaducts and Fort Point Arch

The retrofit proposal for the viaducts includes replacing the existing cast steel bearing
shoes with seismic isolators, connecting each truss span to its adjacent span, strengthening
the girders of the plate girder spans, strengthening the chords and diagonals of the truss
spans, strengthening bents and their footings, and strengthening the connections between the
existing orthotropic steel deck panels and the floor beams.

The proposed retrofit measures for the Fort Point Arch consist of member strengthening,
including rib chord members, spandre! columns, and the chords of the trusses below deck
level, retrofitting of the inner rib deck truss, installation of new sway bracing members
between the inner and outer ribs, installation of energy dissipators, installation of bearing
tie-downs, and strengthening of the connections between exlstmg orthotropnc steel deck
panels and the floor beams.

Anchorage Housings
The anchorage housings have high ductility demands, but they lack the necessary
confinement reinforcement to provide ductility. The proposed retrofit measures include

installation of new internal framing and shear walls, strengthening the connections between
the existing walls and the floor and roof diaphragms, and reinforcing the foundations.
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Seismic Deficiencies to Avoid in a New Design

Advances in seismology have also given the engineering community a better
understanding of seismic risk. There is more information available regarding ground motions
during strong earthquakes and it is thus possible to generate site-specific synthetic ground
motions according to local geological conditions. In spite of these advances, there are still
many uncertainties regarding the description of future ground motions since they depend on
geotechnical conditions that can never be perfectly ascertained, and may be caused by
sources which may not previously be known. The long term structural behavior may also
be aftected by unforseen service conditions or by the degradation of structural materials.

In order to increase the overall seismic performance under unforseen circumstances,
suspension bridges should be designed taking into consideration their seismic behavior
beginning with the conceptual stages. In addition to providing adequate strength for the
predicted seismic forces, the design should be based on the following principles:

1. Ductility: The structural elements, connections and components should be detailed to
achieve ductility and avoid brittle failure. The connections should exceed the capacity
of the members and yielding should occur before either local or global bucking. The
hysteresis behavior of a ductile structure provides an energy dissipation mechanism
which minimizes the probability of member failure or collapse.

2. Redundancy: Alternative load paths should be provided so that the structure can adjust
to loads larger than expected by redistributing the load.

3. Displacement Compatibility: A suspension bridge consists of elements with different
vibrational properties such as cables, stiffening girder, towers, and anchor blocks. The
interface between different elements may have large relative displacements. The design
must address this by either leaving enough free space or by keeping the connections
between different elements to a minimum. Energy absorption devices such as dampers
provide the option of controlling differential displacements but must always include a
fail-safe mechanism.

Conclusion

The seismic retrofit studies for the Golden Gate Bridge have shown that all of the
structure types can be adequately analyzed; retrofit measures can be developed, designed and
constructed to provide adequate capacity to resist the demands from a major earthquake
occurring on the San Andreas fault.

Contract plans and retrofit designs are in preparation and are expected to be completed
in late 1994. The three year construction period is scheduled to start in early 1995.

The seismic retrofit studies for the Golden Gate Bridge have also provided a
methodology which can be applied to the seismic design of other major crossings. These
methodologies consisted of an evaluation of the seismic risk, a generation of site specific
ground motions, a definition of performance levels and design criteria, and finally a seismic
analysis.
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Important factors to consider in the analysis of suspension bridges are: large
displacement effects, multiple support - excitation, dynamic characteristics, material
nonlinearity, the displacement compatibility and support conditions.

The retrofit désign must provide for adequate ductility, redundancy and must at the same
time insure displacement compatibility between different elements.
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ABSTRACT

- Destructive lateral-load tests of a three-span reinforced concrete bridge were
conducted. These tests provided the opportunity to compare measured response with
that predicted by various analytical models. On the basis of these comparisons,
modeling recommendations are proposed.

INTRODUCTION

Seismic design requirements have changed dramatically since the 1950s and
1960s, when much of the United States interstate highway system was constructed.
Bridges built during that period rarely satisfy the prescriptive detailing regulations of
modern codes. In comparison with current requirements, common deficiencies in piers
of that period include (1) bridge columns that have too ‘little confinement
reinforcement, (2) reinforcing splices between the column reinforcement and footing
dowels that are too short and are unconfined, and (3) lack of top reinforcement in
footings.

- To decide whether to retrofit a brittle pier, an engineer needs to estimate the
lateral displacement to which the pier is likely to be subjected and the  displacement at
which the pier will be damaged. Preferably, both of these estimates should be made
with models that have been calibrated on the basis of measured response. The
opportunity to perform such a calibration was provided by destructive lateral-load tests
of a three-span, reinforced-concrete bridge. ' :

DESCRIPTION OF BRIDGE

WSDOT constructed the three-span, reinforced concrete bridge in 1966. -The
two end spans were 41-feet long, and the center span was 60-feet long (Fig. 1). The
abutments and intermediate piers were skewed by 12.8 degrees.

: . ‘Each - abutment consisted of . two wingwalls and a combination
diaphragm/endwall, which . was supported by bearing pads and polystyrene, as
illustrated in Figure 2. The bearing pads, polystyrene, and soil contributed - to
transverse resistance of the abutment. The soil resistance was expected to be large
because the superstructure, endwall and wingwalls were monolithic and heavily
reinforced.

- ... Each pier consisted of a crossbeam and two 3-foot diameter columns, which
were supported :on spread footings. Compacted fill surrounded the 25-foot high
columns to a height of approximately 12 feet (Fig. 1). - A typical pier is shown in
Figure 3. The bridge's details are provided in Reference (1)
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DESCRIPTION OF TESTS

A first series of static tests (Phase I) focused on the response of the entire
bridge, including the superstructure, piers, and abutments. A second phase of static
tests (Phase II) focused on the vulnerability of a pair of piers to large, transverse
displacements. Concurrent with the static tests, dynamic tests were performed on the
structure. This paper discusses only the Phase I static tests and the associated analysis.

During Phase I, researchers imposed six cycles of transverse displacement on
the bridge (Fig. 4) by applying loads to the crossbeams of the intermediate bents. The
loading system consisted of four principal components: prestressing cables, harnesses,
jacking frames and deadmen anchors, as shown in Figure 5. To distribute the load
from the cables to the pier, a steel harness was installed on the ends of each crossbeam.
Each set of cables was pulled by two hydraulic rams that were installed in a jacking
frame located at ground level. Reactions were provided by a second set of prestressing
cables that was anchored by a deadmen anchor (one for each loading system). In the
horizontal plane, all components of the load train were aligned along the 12.8-degree
skew of the bridge. In the vertical plane, components were aligned at an angle of 14
degrees below the horizontal, corresponding to a 4 to 1 slope. The magnitude of the
load at each bent was controlled such that the displacements of the bents would be
approximately equal.

: The first cycle, Test P, was a preliminary test during which researchers
checked the loading system and instrumentation without damaging the bridge. The
following two cycles, denoted as Test I, had a target bent displacement of 0.15 inches,
which corresponded to a drift ratio of 0.05 percent. During Test II, researchers applied
the maximum load that could be applied safely with the loading system. This 800-kip
force was equal to 65 percent of the superstructure's weight. -

The final two tests, EXC and ISO, were conducted to determine the resistance
provided by the soil and the bearing pads at the abutments. Test EXC was conducted
after the soil behind the wingwalls and along the abutment endwall had been removed.
After Test EXC, -the abutment endwalls were lifted, and researchers replaced the
bearing pads and expanded polystyrene with nylon blocks that rested on greased,
polished, stainless-steel plates. The nylon block/steel plate combination was selected to
minimize the abutment's resistance. The final cycle, Test ISO, was conducted to
measure the resistance of the bents. The stiffness of the soil and pads could be
estimated by comparing the results of Tests EXC and ISO with the results of the
previous tests.

The researchers measured the applied load; transverse displacements of the piers
and abutments; and longitudinal displacements of the four corners of the bridge. Forty-
four instruments measured the relative rotations of critical beam and column cross-
sections. Additional instrumentation monitored footing translation and rotation for the
west pier. The electronic instruments were connected to a data acquisition system
located in a trailer near the bridge.

RESPONSE OF BRIDGE
The bridge in its initial state was extremely stiff, as can be seen in Figure 6.
In two cycles to a load equal to 45 percent of the bridge's weight, the maximum bridge

displacement was 0.15 inches.  For a column height of 25 feet, this displacement
corresponded to a drift ratio of 0.05 percent. Displacements were recovered fully upon
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un]loading. Damage in this test was limited to minor flexural cracking at the tops of the
columns.

At a load equal to 65 percent of the bridge weight, the pier displacement
corresponded to a drift ratio of 0.10 percent. At this load, the stiffness decreased
abruptly. This decrease coincided with the formation of a 0.10-inch wide crack in the
north-east wingwall. For the three half cycles of Test II, the secant stiffness of the
pier-displacement response ranged from 25 to S0 percent of the initial stiffness. Upon
unloading, deck deflection was fully recovered, but most of the abutment displacement
was not recovered. In Test II, cracking increased at the tops of the columns, but
cracking was not visible at the column bases.

After the bridge had been excavated (Test EXC), the stiffness reduced to 15
percent of its initial stiffness (Cycle IS1). The stiffness reduced further to 8 percent of
the initial stiffness after the superstructure had been isolated from the abutments (Test
ISO). No new damage was observed during tests of the bridge in its excavated and
isolated conditions.

ANALYTICAL MODELS

To better understand the lateral-load response of the bridge, the researchers
created a series of nonlinear models for the initial, excavated, and isolated conditions
(UW models). These models were developed on the basis of the siructural plans and
the measured material properties. The UW models were compared with the observed
response and with finite-element models developed by the California Department of
Transportation (CALTRANS) and Washington State Department of Transportation
(WSDOT). The CALTRANS and WSDOT models were more objective than the UW
analyses because the engineers in these agencies were not aware of the measured
response. Also, the CALTRANS and WSDOT analyses were more representative of
standard practice because their engineers were not aware of the measured material
properties.

UW Model

To perform nonlinear analysis, the researchers combined a series of linear
SAPI0 analyses (2). The step-by-step combination process was implemented by a
Basic computer program. A schematic of a typical finite-element model is shown in
Figure 7. Equal horizontal loads were applied along the skew to each pier crossbeam.
A total of 278 beam elements modeled the girders; curb and railing; crossbeams; and
columns. The bases of the columns were fixed. A total of 444 four-node, shell
elements modeled the bridge deck, end diaphragms, and wingwalls.

Initial properties of the reinforced concrete sections were calculated on the
basis of gross sections and an elastic modulus of 4,600 ksi. The strength of the
wingwall was calculated based on the measured material properties of the concrete and
steel. The unit weight of the concrete was assumed to be 150 pef.

The analyses reflected the expected nonlinear behavior of the bearing pads,
polystyrene, isolation system, columns, and wingwalls. Initial friction from the soil
behind the abutment endwalls was modeled as perfectly plastic. Linear springs
modeled soil compression behind the abutment endwalls, behind the wingwalls, and
around the bottom half of the columns. The stiffness of the springs near the columns
was the secant stiffness corresponding to the maximum pier displacement.
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CALTRANS Model

CALTRANS created a linear finite-element model of the bridge. The model
was composed entirely of beam elements and linear springs. Model dimensions were
determined from the bridge plans, and the abutment skew was modeled. Gross section
properties were assumed. The soil around the base of the columns was not modeled.
The resistance of the bearing pads, polystyrene, and soil friction was neglected. To
account for possible instability of the soil sloping away from the abutments, only two-
thirds of each wingwall was assumed effective in resisting transverse loads.

WSDOT Model

WSDOT also created a linear finite-element model of the bridge. The
WSDOT model was similar to the CALTRANS model in that it was composed entirely
of beam elements and linear springs. Model dimensions were derived from the bridge
plans. The abutment skew was not modeled. Gross-section properties were used in the
WSDOT model.

The pier crossbeam and diaphragm were modeled as a single beam. WSDOT
modeled only one wingwall to account for the instability of the soil sloping away from
the abutments; the contribution was reduced further to only one-third of a wingwall
because of the flexibility of the wingwalls. The resistance provided by the bearing
pads, polystyrene, and soil friction were neglected.

CALCULATED DISPLACEMENT RESPONSE

Along with the measured load-displacement response for cycles ISOSI,
ISON1, EXNI, and IS1, Figures 8, 9 and 10 show the calculated response for the UW,
CALTRANS, and WSDOT models. In these figures, the vertical axis is the horizontal
component of the total applied load.

The calculated response of the UW model provided a good fit to the measured
response of the isolated piers (Fig. 8). The CALTRANS and- WSDOT models
predicted load-displacement slopes that were 65 and 68 percent, respectively, of the
measured slopes. ~ .

- For the excavated bridge, the UW model was too stiff (Fig. 9). The model
indicated that the polystyrene slipped at a total applied load of approximately 200 to
220 kips. The observed reduction in slope of the measured response occurred at a
lower load, in the range of 100 to 175 kips. The abutment and bent load-displacement
slopes for EXCNI1 were 253 and 194 percent, respectively, of the measured values.

All of the analytical models underestimated the stiffness of the bridge in its
initial state (Fig. 10). The UW model predicted slip of the polystyrene at an applied
load of approximately 320 kips. Though the model predicted a large reduction in
stiffness at this load, no such reduction was observed in test IS1. The load-
displacement slopes of the UW, CALTRANS, and WSDOT models for cycle IS1
varied from 11 to 62 percent of the measured values.

CALIBRATION OF UW MODEL
In general, if an anaIytical'model is compléx, one can 'éasily modify it to

reproduce a few measured load-displacement relationships. - However, the validity of
such a calibration is difficult to establish, because several sets of modifications may
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result in similar calculated response. Fortunately, in developing "UW modified"
models, the calibration procedure was not arbitrary. The following goals guided the
model calibration:

(1) The model should reproduce the measured load-displacement relationship
for the isolated piers.

(2) For the excavated bridge, the model should reproduce the pier load-
displacement relationship.

) (3) For the excavated bridge, the model should reproduce the abutment load-
displacement relationship.

(4) For the bridge in its initial state, the model should reproduce the pier load-
displacement relationship.

(5) For the bridge in its initial state, the model should reproduce the abutment
load-displacement relationship.

(6) The model should predict cracking at the top and bottom of the columns
that is consistent with that observed in the test. ‘

(7) The model should predict wingwall failure at a load and displacement that
is consistent with that observed in the test.

(8) Only model parameters that have large uncertainty should be modified to
reproduce response. '

Isolated Conditions

The measured load-displacement response and the observed damage agreed
well with those the UW model predicted. Therefore, the researchers did not modify
the UW model of the isolated bridge. :

Excavated Conditions

Whereas the UW model of the isolated bridge reproduced the observed
behavior well, the excavated model was too stiff, particularly for small displacements.
The resistance of the abutment bearing pads and polystyrene was the only difference
between the UW models for the excavated and isolated conditions. Therefore, it is
likely that the model overestimated the resistance the polystyrene and bearing pads
provided. Of the two components, it most likely the polystyrene resistance was
overestimated because the properties of the polystyrene were the most uncertain.

The UW model was modified by halving the coefficient of friction for the
polystyrene. The calculated response from the UW modified model of the excavated
bridge provided a good fit to the measured response throughout the load history (Fig.
9). For this model, the polystyrene slipped at a total applied load of approximately
100 kips. The calculated abutment and bent load-displacement slopes were within 15
percent of the measured values.
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Initial Conditions -

For the bridge in its initial state, the UW models were too flexible, particularly
for loads larger than 350 kips. The halving of the polystyrene friction (to fit the
excavated bridge response) further reduced the stiffness of the model and,
correspondingly increased the discrepancy between the measured and calculated
responses. To match measured response, the stiffness of one or more components had
to be increased.

The only differences between the UW bridge models for the excavated and
initial conditions were; the amount of pier column cracking (in cycle IS1, the columns
were assumed to be uncracked initially); and the stiffness of the soil at the abutments.
It was not reasonable to resolve the discrepancy by increasing the stiffness of the bents
because the bent behavior was modeled successfully in cycle ISO. Further, the bent
stifflalless was too small to greatly affect the calculated response for the bridge in its
initial state,

The amount of soil friction was not a good candidate for medification either.
Though soil friction is accompanied with great uncertainty, an increase in soil friction
would primarily affect the calculated response for small displacements. In contrast, the
discrepancy was largest for large displacements.

An underestimate of the stiffness of the soil behind the wingwalls and
abutment was a more reasonable cause of the discrepancy in cycle IS1. The original
UW model was based on Douglas and Davis (3) solution for a rigid plate that was free
to rotate. In the field, the wingwall and endwall rotation was restrained. Further, the
model depended on the laboratory measurement of compressive modulus of the soil,
E;. The measured Eg was surprisingly low for a silty sand with an internal angle of
friction equal to 38 degrees. It is likely that soil disturbance resulted in a low value of
Eg. To model the bridge without using Eg, the researchers followed recommendations
proposed by Bowles (4). For a medium-dense silty sand, Bowleg suggested that a
typical value for the modulus of subgrade reaction, kg, is 175 1b/in.” (4). This choice
of kg increased the stiffness of the soil at the wingwalls and endwalls by an order of
magnitude from that of the UW model.

The calculated response from the UW modified model for the bridge in its
initial state provided a good fit to the measured response, particularly at the abutments.
The model predicted slip of the polystyrene at an applied load of approximately
240 kips. Consistent with the observed response, there was not a great decrease in
stiffness at this load. The UW modified model abutment load-displacement slopes were
within 7 percent of the measured values. The UW modified model bent load-
displacement slopes were within 25 percent of the measured slopes.

DISCUSSION

: Important parameters from the UW, UW modified, CALTRANS, WSDOT,
and. UW. simplified finite element bridge models are summarized in Table 1.
Significant differences among the models include the abutment stiffness, bent stiffness,
superstructure flexural rigidity, EI, and rotational resistance at the abutments.

The UW, CALTRANS and WSDOT models underestimated the stiffness of
the bridge in its initial state (Cycle IS1). It is likely that the UW model overestimated
the resistance of the polystyrene at the abutments and underestimated the stiffness of the
soil at the wingwalls. The CALTRANS model was too flexible because the resistance
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of the bearing pads and polystyrene was neglected. The WSDOT model was too
flexible because the resistance of the bearing pads and polystyrene was neglected; and
the soil stiffness was underestimated.

CONCLUSIONS

Recommendations must be tempered by acknowledging some of the tests'
limitations. During the tests, a slowly varying, transverse load was applied to the
bridge. In reality, earthquake response involves higher loading rates; and longitudinal,
vertical, and torsional ground accelerations. In addition, since only one bridge was
tested, the reproducibility of the results was not established. Nevertheless, the test
results provide a good benchmark with which to calibrate analytical models.

An engineer needs reliable estimates of abutment stiffness to decide whether
piers should be retrofitted. If one neglects components that provide substantial
resistance, such as the polystyrene, the evaluation may be unnecessarily conservative.

For abutment configurations similar to that of the test bridge, the calculated
abutment stiffness depends greatly on the estimated soil stiffness. When combined with
simple soil tests, relatively simple models provided reasonable estimates of soil stiffness
for the test bridge. In this study, soil stiffnesses for the wingwalls were calculated
using a tabulated modulus of subgrade reaction. The soil resistance at the columns was
modeled as if the column was a pile. Complex methods of modeling the soil resistance
may not be justified if soils test data is not available.

Even for relatively low loads, some bridge components have nonlinear force-
deflection relationships. Column cracking; bearing pad and polystyrene resistance; soil
friction; and soil compression are example of such nonlinear phenomena. “Though the
benefits of performing nonlinear analysis may not outweigh its costs, the analyst should
be aware of these nonlinear effects.
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Table 1 - Comparison of Models

Item UW MODIFIED| UW CALTRANS WSDOT
Abutment Transverse Stiffness: 100% 25% 19% 2%
Polystyrene Yes Yes No No
Bearing pads Yes Yes No No
Soil friction Yes Yes No No
Soil resistance at wingwall 100% 11% 89% 10%
Bent Transverse 'Stiﬁness:' 100% 67% 37% 38%
Non-linear column behavior Yes Yes No No
Soil resistance at base of column Yes Yes No No
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RETROFIT OF BRIDGE FOOTINGS FOR IMPROVED SEISMIC
PERFORMANCE

by

Yan Xiao(1)
M.J.Nigel Pricstley(2)
Frieder Seible(2)
Nobuhiko Hamada(3)
Presenting Author: Yan Xiao

SUMMARY

This paper provides theoretical and experimental background for the seismic assessment and
retrofit of bridge column footings. One "as built™ model pier and two retrofitted model piers have been
tested under simulated seismic actions. The test results of the "as built" pier indicated that column/footing
joint shear failure is a potential danger in most existing pre 1971 column footings with only boitom mat
reinforcement. The test results also showed that if there is no dependable tensile capacity in the piles
rocking behavior will dominate pier response, which will result in minimizing damage to footing and
column. Model piers retrofitted using a reinforced concrete overlay developed relatively stable hysteretic
responses up to moderate ductility levels. However, experimental observations and theoretical analyses
based on a strut and tie model and yield line theory indicate that the reinforced concrete overlay can not
develop a fully effective post-cracking mechanism. Improvements to current retrofit designs for bridge
footings are recommended.

INTRODUCTION

The desngns for bridge footmgs in the 1950's to early 1970's typlcally were based on elastic anal)'SIs
under relatively low lateral seismic input compared to current scismic design pl’O\’lSlOI\S As a
consequence of the elastic design practice, the following polentlal problems are likely inherent in many
older bridge footmgs '

Inadequa!e restraint against overturnmg The piles of e\lstmg bridges are often not able to resist
tension and may separate from the footing. While this may be thought to be undesirable, it may in fact be
beneficial as rocking can occur and the forces entering the structure may be significantly lower than if the
columns yield in flexure. This can have significant economic benefits as it is possible that by utilizing this
rocking, a lesser amount of retrofit or even no retrofit may be required.

Inadequate anchorage of longitudinal column reinforcement in’ the footmg This includes the
practice of using 90° hooks with the tails bent outward, thus creating an additional tension field in the
Joint region under the column.

Inadequate footing flexural and shear strength: Inspection of existing older footings shows that the
footing reinforcing steel consists solely of a bottom mat designed based on a low level of earthquake input.
Both positive and negatlve moments induced by severe seismic attack might cause flexural failure of the
footings. Also, because there is no shear reinforcement in most exlstlng footings, the shear strength of the
footing is solely prowded by the plain concrete. Typxcally this is msufﬁcuent to resist the shear force due to
plasilc column input.
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Column/footing joint shear failure: Like beam column joints in frame structures, the
column/footing joint region is subjected to very high shear stress levels. This was not taken into
consideration until recently. Thus, column/footing joint shear failure can be expected in many existing
bridge structures. Also, this deficiency is the most difficult to retrofit and repair.

To address the above problems and to dev elop pracucal retrofit measures for i lmprovmg the seismic
performance of bridge footings, a comprehensive bridge fooling research program sponsored by the
California Department of Transporiation (Caltrans) is being carried out at the University of California,
San Diego. This paper describes the assessment of footing rocking behavior and joint shear and the
verification of footing retrofit designs currently used in California.

ASSESSMENT OF BRIDGE FOOTING

The behavior of an actual pier dominated by rocking behavior can be analyzed by separating the
rocking behavior and the behavior of the column as shown in Fig.1. In the rocking systemn as shown in
Fig.1(a), the major deformations are contributed by the compressive soil deformations at the toe and the
uplifting of the footing. The column can be considered as a cantlle\ er beam with fixed end as shown in
Fig.1(b), while undergoing ngld body rotation.

On the other hand, since there is typically no shear reinforcement in the joint reglon cracking may
be considered as the onset of failure in the joint. The principal tensile stress in the joint region can be
calculated from the joint shear stress ‘vﬁ, and the average vertical stress J, by use of Mohr’s circle for stress
as, :

j;=—j:,12+1,(fa12)2+vj,2 o (1

Priestley has suggested the use of an effective axial compressive stress for the value of Jl1], given
by,

fo= L7 W

Ay (B +df)(D +dy)
where, A ﬂ-ls the effective area over which the total axial load H’ at the column base is distributed, B, and
D, are section width and overall section depth of thé column resPecm ely, and dfls the effective depth of
the footing. As illustrated in Fig.2, the vertical joint shear V, can be assessed by subtracting the hold-
down force due to the tensile capacity of the piles from the total tensile force in the critical section of the
column:

Considering an effective joint width b,; the joint shear stress v, can be calculated as follg\\}s: ‘

@
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where, b, = B, + D, for rectangular and J2—D,_. for circular columns. Joint shear distress is expected

vy =

@

when the principal tensile siress induced in the footing exceeds 3.5,[ J.'psi (0.29,/ J-'MPa).

CURRENT CALTRANS FOOTING RETROFIT DESIGN

Current Caltrans footing retrofit design is based on the procedure for new design as specified in the
Bridge Design Specifications (BDS)[2], and can be summarized as follows:

Determine seismic input to footing: Calculate nominal flexural capacity of the column critical
section, Mp. corresponding to an extreme concrete compressive strain of 0.003[2]. Service dead load plus
axial force due to seismic action should be used as axial force, P, in the calculation. The probable plastic
moment of the column critical section Mp is estimated by the following equation:

A =M, _ )
where, the factor ¢ is taken as 1.3, which considers the approximate over-strength capacity of well
confined columnsj2].

Check capacity of existing pile group and design additional piles: Check the existing pile group
using Mp and P as applied loads, and if necessary, design the additional piles and footing extensions
according to the BDS 4.3.6.1.1{2].

. Design footing shear reinforcement: Check the shear capacity of the footing and design the shear
reinforcement using a strength reduction factor of ¢=0.85[2]. A minimum 1ft overlay thickness is
required(3]. ,

Design flexural reinforcement: Design additional bottom reinforcement and the reinforcement in
the overlay for positive and negative moments, respectively. A strength reduction factor of ¢=1.0 can be
used.

Design dowels for the connection between original footing and overlay: For the vertical interfaces
of the existing footing and the overlay, dowels should be designed based on shear friction desi gnf2].

The main concern with the above Caltrans fooling retrofit design is that it does not take into
consideration the shear in the column/footing joint region. Another potential problem is the
unconservativeness of using the full width of the footing in the flexural design, rather than an effective
width as proposed by Priestley and Seible[4].

"AS BUILT" AND RETROFITTED PIER TEST

The reinforcement details for the "as built” Pier FR-1 are shown in Fig.3. The column had a
19.25in. (489mm) wide and 28.75in. (730mm) deep section and contained 32#6 Grade 40 continuous
longitudinal bars, constituting a longitudinal reinforcement ratio of 2.5%. As shown in Fig.3(b), the "as
built” footing was reinforced only with a #6/@3.25in. (83mm) Grade 40 bottom steel mat, which was
common in the design practice for bridge footings in 1950's and 1960's.

Fig.4(a) and (b) show column details of the retrofitted piers FR-2 and FC-1, respectively. The
rectangular Pier FR-2 had the same column dimensions as Pier FR-1, however contained 5.0%
longitudinal steel ratio. Circular Pier FC-1 had a 24in. (610mm) diameter circular section and was
reinforced with 5246 Grade 40 steel bars, constituting a longitudinal reinforcement ratio of 5.1%. An
elliptical steel jacket and a circular steel jacket were used to retrofit the potential plastic hinge regions.
The upper portion of Pier FR-2 column was strengthened with a composite fiber/epoxy system to prevent
premature shear failure of the column. S ,

Based on the current Caltrans retrofit design approach, the original 76in.x76in.x19in. (1930mmx
1930mmx483mm) footings of Pier FR-2 and FC-1 were enlarged to 108in.x108in.x23.5in. (2743mmx
2743mmx597mm), and retrofitted with additional flexural steel and stirrups, connected with original
footings by deformed #2 Grade 60 bars (noted as D6, nominal diameter = 6mm) dowels, as illustrated in
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Fig.5(a) and (b). Note, that the Pier FR-2 fooling was retrofitted with two layers of top reinforcement
mats, while Pier FC-1 was retrofitted with only one top reinforcement mat
The test setup is shown in Fig.6. Lateral force was applied with a double acting servo controlled

actuator and axial load was applied using two high strength steel prestressing bars. The footing was
supponed on 2.2in. (56mm) thick fiberglass-reinforced elastomeric pads, which were chosen to represent
the flexibility of the pile foundation. In the capacity tests of the "as built” Pier FR-1 and the retrofitted
picrs, the uplift of the footing was restrained by 5/8in. (15.9mm) diameter high strength rods. The rods
were first snug tightened over a piece of 1/8in. (3.2mm) steel packing material. The packing material was

then removed in order to allow the footing to have some uplift before the rods started to stretch and apply

forces. The resulting 1/8in. (3.2mm) gap was provided to allow elastic unloading of the compressed
clastomeric pads simulating the pile compression stiffness.

Two rocking tests followed by a capacity test were conducted for "as built" Pier FR-1, while only
capacity test was conducted for the retrofitted Pier FR-2 and Pier FC-1, respectively.
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EXPERIMENTAL RESULTS FOR "AS BUILT" PIER

Rocking Response

The lateral force-displacement hysteretic response of Pier FR-1 from Test-1, in which the applied
axial load was 150kips (667kN), is given in Fig.7(a). Theoretical predictions for the monotonic behavior
of the pier based on the axial load of 150kips (667kN) plus the self weight of the pier are also shown in
Fig.7(a) by a dotted line. After developing the lateral force required to cause uplift, the hysteretic curves
for both loading and unloading showed a negative gradient due to the effect of P-delta. For an elastic
rocking system, the unloading response should follow the same track of loading. The difference between
the loading branch and unloading branch shown in Fig.7(a) was mainly due to a small drop of the axial
load. Relatively good agreement was obtained between the test results and theoretical predictions.

Fig.7(b) shows the lateral force-displacement hysteretic response of Pier FR-1 from Test-2 under an
applied axial load of 250kips (1112kN). Theoretical predictions for the monotonic behavior of the pier
based on an axial load of 250kips (1112kN) plus the self weight of the picr are also shown in Fig.7(b).
The characteristics of the hysteretic response were similar to that obtained from Test-1. The theoretical
prediction gave relatively good agreement with test results for the capacity of the pier. However, the
theoretical results showed larger stiffness than test results. The main reason for this can be attributed to
the assumption of the footing being considered rigid for computation of the rocking response. A
comprehensive analysis of the behavior of the bridge pier including the consideration of foofing
deformation is under development.

Although flexural cracks spread over lower part of the column, the cracks stayed small and there

was no sign of crushing of the concrete m the column, throughout the various loading stages of the
rocking tests. -

Capacity Test

The lateral force-displacement hysteretic response of the "as built® Pier FR-1 obtained during the
capacity test is shown in Fig.8. The dotted lines in Fig.8 show the theoretical capacity H,, corresponding to
first yield of the longltudmal reinforcement and the theoretical ultimate capacity H of the column,
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an 9 Columanootmg Joint Fallure in "As Bullt" Pier FR-1

calculated using Mander's stress-strain model for confined concrete[5], measured material strengths, and
an ultimate concrete compressive strain of .= 0.005. The hysteretic loops were stable, until a peak
displacement level of 3.2in. (81mm) was achieved. The pier developed a maximum force of 76kips
(338kN) in both push and pull directions, which was slightly lower than the predicted theoretical ultimate
capacity of the column. A sudden drop in the force carrying capacity of the pier occurred due to the shear
failure of column/footing joint region, during the push cycle to achieve a displacement of 4.0in. (102mm).

After this stage, the degradation of the strength of the pier became significant. Fig.9 shows the wide
opening of the joint shear cracks. However, even at this final stage, there was no major damage to the
column,

Based on a theoretical moment curvature analysis of the column section, the total ultimate tensile
force T, in the critical section was calculated as 363kips (1615kN). Assuming that the resultant
compressive reaction force from the bearing pads had a distance of 24in. 610mm) to céntral axis, the total
hold-down force of the rods was estimated as 24kips (107kN). Thus, the principle tensile stress in

column/fooling joint region was calculated as 275psi (1.89MPa) or 4.2‘[ S psi (0.35,/ J.'MPa), only 20%
higher than the expecled lower limit 3.5,/ /' psi (0.29,/ Jo'MPa).

EXPERIMENTAL RESULTS FOR RETROFITTED PIERS

The lateral force - displacement hysteretic response histories for the retrofitted rectangular Pier FR-
2 and circular Pier FC-1 are shown in Fig.10(a) and (b). respectively. The dotted lines in Fig.10 show the
theoretical predictions for the capacities of the pier corresponding to the first yield of the longitudinal
reinforcement and the ultimate flexural strength of the critical section corresponding to an extreme
concrete compressive strain of 0.005, calculated using Mander's stress - strain model for confined
concrete[5). _

The retrofitted rectangular Pier FR-2 developed its flexural strength at a displacement ductility
level of u=1.5. As shown in Fig.10(a), the hysteresis loops of the pier were stable until p=3.0, or a total
drift ratio of 4.8%. However, the degradation of the lateral force became significant during loading cycles
up to a peak ductility factor of p=4.0, due to the excessive opening of the cracks and concrete crushing
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10 12

of the top overlay. The overall shape of the hysteresis loops indicates relatively small energy absorption
capacity. The failure of the pier was caused by the degradation of the footing overlay resistance to the pull-
out force induced by the tensile steel in column critical section. At the peak displacement ductility factor
1=4.0, the top overlay was lifted up about 3/4in. (19mm) at the tension toe of the column. However, there
was no evidence of distress in the column even at the end of the test.

The retrofitted circular Pier FC-1 developed a ductile hysteretic response up to a displacement
ductility factor of p=4.0, or a total drift ratio of 5.8%, where the loading was terminated duc to the
limitation in axial loading system. The hysteretic loops were stable and showed little degradation upon
recycling at the given ductility level. The predicted ultimate flexural strength was first reached during the
loading to p=1.5. The further augmentation in the peak lateral forces was due to the strain hardening in
the longitudinal reinforcement. Although the pier developed an acceptable hysterelic response, excessive
cracks and concrete crushing, localized in the region close to the column end, were observed during the
cycling corresponding to a peak ductility factor of p=4.0, as shown in Fig.11, indicaling the severe
damage of the retrofitted footing.
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fitted Footing in Pier FC-1
STRUT AND TIE MODELS

"As Built" Footing

A strut and tie model, similar to that proposed by Priestley et.al.[6], is developed for the footing of

the "as built" Pier FR-1, as shown in Fig.12. The footing is subjected to the forces, T, C,and V7, from the
column critical section and supporied by the reaction forces, R, R, and Ry, from the simulated foundation.
The compressive force, C,, and shear force, V., are resisted by struts, C; and C,. The resuliant tensile

force, T, of all the tension reinforcement in the column is transferred into the footing through bond, and

resisted by strut C, and the fan shaped ties, T, 7.

Considering the flexural ultimate limit state of critical column section, the resultant tensile force,
T, compressive force, C,, and shear force, ¥, can be calculated as 376kips (1672kN), 776kips (3452kN)
and 78kips (347kN), respectively. It is assumed that the resultant tensile force 7., is reduced to zero by
bond at a depth of 14in. (356mm). The application point of the force, 7,, is taken as 7in., i.c., half the
bond length from the top surface of the footing. The corresponding reaction forces, R,, R, and R;,. can be
determined as 24kips (107kN), 424kips (1886kN) and 78kips (347kN), respectively. Fig.12(b) shows the
cquivalent truss forces.

As shown in Fig.12(b), the principal tension tie, 7;, is required to carry a force of 431kips
(1917kN). Since there was no joint shear reinforcement provided. cracking of the joint region due to the
high tensile stress caused the total failure of the footing. as illustrated in Fig.9.

Retrofitted Footings

The moment curvature analysis for the critical column section of FR-2 indicated that the footing
was subjected to a resultant tensile force, 7,=708kips (3149kN), a resultant compressive force,
C=1108kips (4928kN) and shear force, I/ =136kips (605kN). These input forces are balanced by two tie-
down forces, R,; and R,;, and reaction forces, R, and R, as shown in Fig.13.

' Prior to cracking of the joint region, the strut and tie model considered for FR-2 is based on the
assumption that the concrete in joint region is able to carry tensile force, as shown in Fig.13(a). Resultant
compressive force, C,, and shear force, V,, are mainly resisted by a diagonal strut, C;, to the compression
zone of rubber pads and reaction block. The resultant tensile force, 7, is transferred to the footing and
resisted by a concrete tension fan, T;, and two compression fans, C,, C;. The compression fan C,
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radiates from the compression zone of the critical column section. While compression fan, C;. is
equilibrated by tension ties, T, T;, and T,, which are provided by reinforcement in the fooling extension
part and the top overlay. It is assumed that the hold-down forces, R,; and R, are directly supported by the
concrete at the bottom of the hold-down pockets along the perimeter of the footing cxtension and
transferred to the vertical stirrups. The forces in the vertical stirrups are combined into the vertical tics, T,
and T5.

Fig.13(b) shows the calculated forces induced in the members of the pre-cracking strut and tic
model. Tt is assumed that the resultant tensile force 7, is decreased to zero by bond at a depth of 18in.
(457mm), and the application point of| T, is taken as 9in. (229mm), i.e., half the bond length, below
critical column section. The resultant force, C,, and shear force, V_, are assumed to act at the level of the
top tension ties. As is shown in Fig.13(b), a large tensile force of 848kips (3772kN) is required for
concrete tension tie, 7;. As observed by the joint shear cracking and the prediction of excessively high
principal tensile stress in the joint region, the concrete tension tie, T,, must have deteriorated cventually
as the consequence of inadequate joint shear reinforcement. Unlike the case of the "as built” picr FR-1, in
which only bottom reinforcement was provided for the footing, joint shear cracking docs not necessarily
imply a footing failure for the retrofitted Pier FR-2, due to the presence of the top reinforcement and shear
stirrups in the retrofitted part of the footing.

A post-cracking strut and tic model is considered, as shown in Fig.13(c). The major change duc to
Joint shear cracking is that the compression strut, C,, is split into two compression struts, C, and Cj. For
the selected geometry of the model, forces induced in the members are calculated, as shown in Fig.13(c).
In the post-cracking system, the resultant tensile force, T, is only resisted by compression struts C,and
C;. Thus, forces in strut, C;, and tics, T, T3, have been significantly increased. Since the stirrups are
provided far away from the column, the vertical component of strut force, C;, has to be transferred to the
tension tie, T',, through the slab function of the top overlay.

Assuming a yield line pattern as shown in Fig.14, the capacity of the overlay to resist the pull-out
force at the application node of strut force, C;, can be analyzed based on the virtual work method. In
calculating the plastic moment of the yield lines, an effective depth including the depth of the overlay and
the depth of the dowels should be used. As the result, the capacity of the slab was calculated 1o be equal to
380kips (1690kN), which is slightly smaller than the vertical component of the strut force, C;. or 397kips
(1766kN). This indicates that the top overlay was marginally able to support the vertical component of
strut force, C;. However, the capacity of the overlay would degrade under the action of cyclic loading. and
eventually leading to fooling failure.
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Similar analyses for the retrofitted circular Pier FC-1 indicated that the top overlay capacity of Pier
FC-1 had a larger margin against the pull-out force induced by the tensile steel in critical column section,
which is reflected in the improved hysteretic response, as shown in Fig.10(b).

CONCLUDING REMARKS

The following conclusions from the footing retrofit program to date can be drawn:

(1) If there is no dependable tension capacity in the piles. a rocking behavior is likely to dominate
the response of the pier. With the rocking response of “as built" Pier FR-1, the column and footing
essentially remained clastic, and damage was minimal.

(2) The "as built" pier suffered a brittle column/footing joint shear failure, when rocking of the
footing was restrained. The joint shear failure can be assessed by estimating the principal tensile stress in
the column/footing joint region.

(3) Although piers, retrofitted using the current Caltrans footing retrofit design approach,
developed a moderate ductility, they could not escape from the failure or damage to the footing caused by
column/footing joint shear distress and the potential deformation ability of the retrofiticd column could
not be fully utilized.

(4) Strut and tie models have been employed to investigate the failure mechanism of the retrofitted
footing. With the provision of a reinforced concrete top overlay and extension around the existing footing,
the Caltrans design allows a resisting mechanism to soften the brittle nature of the joint shear failure after
cracking. However, this requires the top overlay to function as a slab to carry the large vertical force
resulting from column tension reinforcement and transfer it to the shear reinforcement far away from the
Joint region. The top overlay capacity can be checked by using yield line theory.

(5) As an improvement to the current Caltrans footing retrofit design methodology, it is
recommended that the analytical model proposed in this paper be used to determine the capacity of the
footing overlay. Alternatively, more effective retrofit details including the use of deep dowels need to be
developed in future studies.
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EARTHQUAKE RESISTA NT CAPACITY OF RC
PIER RETROFITTED WITH CARBON FIBRE
Norio Ogata®’, Yoéhifumi Maeda®’, Akira Murayama?®®,

Hirofumi Andoh*®’, Yoshirou Kobatake**', Satoru Ohno**’

Summary

The retrofitting methods of RC pier are used to be done by use of
reinforced concrete lining or steel plate lining methods. Here, a new
method, in which the retrofitting was done by glueing carbon fibre
sheet or by coiling carbon fibre strand on the surface of pier, was
developed to replace the existing methods.

To certify the effect of the new method and to establish the
design method and construction method, a series of tests has been done.
These experiments include weathering (exposing) test of carbon fibre,
element test and cyclic horizontal loading test on model of pier. The
results showed that (1)there is no aging effect even if the carbon
fibre is exposed in air, (2)the ultimate strain of concrete retrofited
carbon fibre becomes larger and (3) the maximum toughness, the ulti-
mate deformation and the ductility increase after the pier being
retrofitted with carbon fibre. These -indicate that the new method as a
retrofitting is effective. :

1. INTRODUCTION

Usually, the RC piers have the cut-off part of longitudinal rein-
forcing bars because of consideration of economy. Sometimes, in this
part, the longitudinal reinforcing bar is not long enough and the
lateral reinforcing bar is inadequate. In case of large earthquake
occurred, crack or failure might mostly take place at the cut-off part.
To prevent that, the RC lining method or steel plate lining method are
usually used to make reinforcement. For the former method, 1)the cost
is cheap. However, 2)it is necessary to reinspect the footing or
foundation capacity because of the cross section and weight of the
pier body increases. Furthermore, to make the old and new concrete to
be one, it is necessary to do surface treatment of old concrete. It is
needed to insert anchors. These not only have difficulties for const-
ruction but also make noise during execution. As for the latter,
although the increase of cross secltion and weight is not as much as in
the former method. As it is necessary to make anchor and injecting
resin to make the reinforcing material and the existed pier to be one,
the dlfflculty of construction is a problem

‘To solve the abovementloned problems and also to save labor, the
Carbon Fibre Retrofitting Hethod as the replacement of the previous
mentioned two methods has been studied in Research Institute of JHPC.
As the basic experiments, weathering test on carbon fibre and glue

*)Research Institute, JHPC, Machida-shi, Tokyo, JAPAN
**)Technlcal Resarch Instltute, Obayashl Corporation,
- : ‘e - * Kiyose-shi, Tokyo, JAPAN
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have been performed, and element test was conducted to certify the
confining effect of concrete. The pier model loading test was conduct-
ed to certify the efficiency of reinforcement. The studies also inclu-

ded to establish the methods of design and construction. The test
results are present in this paper. :

2. CARBON FIBRE RETROFITTING METHOD

In Carbon Fibre Retrofitting Method, either carbon fibre sheet
(in which the carbon fibre is arranged along one direction and in
sheet shape) or carbon fibre strand (which carbon fibre is tied up
in a bundle) are used. The carbon fibre sheet is pasted on concrete
surface by epoxy resin to retrofit the pier. As shown in PRigure.l,
in case that the longitudinal reinforcing bar is not long enough in
the cut-off part, carbon fibre sheet is pasted along the longitudinal
direction on concrete surface. On the other hand, if the longitudinal
reinforcing bar is inadequate, carbon fibre sheet is pasted or carbon
fibre strand is wound on pier in transverse direction. It is intended

to improve the capacity of resisting moment or ductility in pier by
the above retrofitting methods.

The carbon fibre retrofitting method has following advantages: (1)
the thickness of carbon fibre sheet is only 0.1 mm and the weight of
that is very little, therefore, the increase of cross section and
weight of pier is negligible; (2) it is easy to construct; (3) the
weatherability is no ptoblem and (4) the ductility is good.

3. WEATHERING TEST

In order to understand the aging effect and to estimate the dura-
bility, the tensile strength test and gluing strength test have been

done on the samples that have been exposed in air. The data in this
paper is result of 1 year wethering samples.

3.1 Tensile strength test

The tensile strength test was used carbon fibre samples that be
soaked in epoxy resin. This is based on "JIS K 7073 (Jpapn Industrial
standard)’. The results are illustrated in Figure.2. It is obvious
that there is no strength decrease after one year weathering

3.2 Gluing strength test

Figure.3 shows the results of gluing strength test in which carbon
fibre sheet was pasted on concrete by use of epoxy resin. This is
based on *JIS A 6909°'. The results indicate that there is no reduction
of adhesive strength. On the contrary, it seems the adhesive strength

slightly increases.

4. ELEMENT TEST

For the purpose of appreciating the influence of the retrofftting
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on the compressive strength and ultimate strain, the element tests
were performed on concrete samples that were retrofited in transverse
direction by carbon fibre. The samples were 30 cnm height column with
square cross section (15cm x 15cm). Further, as carbon fibre at corn-
ers is easily repture, four corners of the section was roundly made
chanfer(radius=3cm). The amount of carbon fibre retrofitting is defin-
ed as the volumetric ratio divided the amount of carbon fibre by
volume

of concrete samples and is shown in Table 1. The samples are given in
Figure.4.

4.1 compressive strength

The conmpressive strength of concrete retrofitted by carbon fibre is
illustrated in Figure.5. It is noted that the compressive strength of
concrete slightly depends on the amount of carbon fibre. There is no
difference between the strength of plain concrete and that of confined
concrete (concrete retrofitted by carbon fibre).

4.2 Strain of concrete

Stress-strain curve of the result is illustrated in Pigure.6. In
the non-retrofitted sample,the strength is the maximum value when the
strain of concrete reached about 0.25 - 0.3%. And after that, the
strength goes down saddenly. On the other, In the retrofitted sample,
the gradient after the maximum strength point is the amount of carbon
fibre increases. It doesn’t show sudden deterioration of strength,
sufficient ductility must be obtained.

The relation between the ultimate strain and the amount of carbon
fibre is given in Figure.7. The failure is defined as the state at
which carbon fibre is broken. Purther,ultimate strain is defined as
the strain of concrete at this state. Bvidently the ultimate strain
increases with the amount of carbon fibre increases.

5. PIER MODEL TEST

In order to validate the efficiency of carbon fibre retrofitting
and to establish new methods for design and construction, model test
of pier was performed.

5.1 Specimens

The dimension and bar arrangement of the specimens are shown in
Figure.8. Objects of specimens were square(rectangular) column which
was most popular in existent piers. The longitudinal reinforcement
were D16(16mn) deformed bars, the transverse one were ¢ 6(6mn) round
bars with 20mm spacing. Londitudinal steel ratio are 1.2%, and trans-
verse are 0.047X., Specimens are shown in Table.®, Ho.1, No.2, & No.bH,
there was cut-off part of longitudinal reinforcement at the height of
90cn from the top of footing. the amount of longitudinal reinforcement
of upper part . is half of the lower part(top of footing). In specimens
No.3, No.4, there wasn't cut-off part to investigate performance of
retrofitting the top of the footing.The length of carbon fibre retro-
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fitting is listed in Table 2. To investigate the efficiency of after
earthquake retrofitting, specimen No. 5 loaded up,to 38y(é8: The
displacement of top of pier when the reinforcing bar yields.) and were
.given damaged to the cut-off part. Then, the cracks were filled with
epoxy resin and the injured (damaged) parts were retrofitted by carbon
fibre. Specimens No.2 - No.b were made chamfer at the corner of column
to prevent carbon fibre from rupture. the results of materials test on
this test are shown in Table.3 - 5,

5.2 Loading method

Specimens were acted for horizontal cyclic load under constant
axial force(6kgf/cm?) which is corresponding to dead load reaction of
superstructure. The loading apparatus is shown in Figure.9 and the
loading pattern is shown in Figure.10.

5.3 The amount of carbon fibre

1) Retrofitting to bending moment
Amount of carbon fibre against bending moment at cut-off part can
be calculated based on EBquation (1).

A H=Nur-MH, (1)

where,

AH : is the bending moment difference at the cut-off part;

Mur : is the bending moment at the cut-off part, which correspon-
ding to state that the bending moment at the top of footing
arrives the ultimate value; and

M, -: is the yielding bending moment at cut-off part.

This difference of bending moment will be born by carbon fibre
(Figure.11). The amount of carbon fibre is computed according to Equ-

ation (2).
Acr = As (06 sv/0 cF) (2)

in which, :

Acr : is the amount of carbon fibre needed to bear the bending
moment difference AMN;

As : is the amount of reinforcing bar needed to bear the bending
poment difference AN:

o sy: is the yield stress of reinforcing bar; and

Ocr: is the allowable tensile strength of carbon fibre during
earthquake.

Figure.12 showes flow-chart in this process.

2) Retrofitting to shear force »
In this experiment, shear force is carried only by transverse

carbon fibre. In a similar way, converted the needful amount of trans-

verse reinforcing bars to the amount of transverse carbon fibre. The

amount of carbon fibre to shear force were computed as in equation (3).
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Acr = 1.16 X S X a/(d X 0 cr) (3)

where,

Acr ¢ is the amount of needful carbon fibre.
S : is shear force acted on specimens.

a : is the pitch of carbon fibre; and

d : is the effective depth of pier.

5.4 Test results

The load-deformation curves are illustrated in Pigure.13. The
results are listed in Table.6. In the results, the cracking is defined
as the state at which the crack is visible to the naked eye, the
yielding is the state at which the longitudinal reinforcing bar at
tension side is yield, and the ultimate is the state at which concrete
fails or carbon fibre tears up. Ductility rate was obtained as divi-
sion of the ultimate displacement ¢ . by the yield displacement O y.

The failure of Specimen No.l occurred at the cut-off part. On the
other hand, the failure of Specimen No.2 (in which carbon fibre is
stuck in longitudinal direction) occurred at the top of footing. This
indicates that the resistance to bending moment increases as the
carbon fibre retrofitting is done along longitudinal reinforcing bar.

The failure type of Specimen No.2 is bending shear failure. How-
ever, the failure type changes to bending failure when pier is wound
by carbon fibre in transverse direction (Specimen No.3).

In Specimen No.4, the amount of carbon fibre is the double of that
of Specimen No.3. Although test was done until the maxinmum capacity of
loading device, failure did not occur. This further indicates that the
ductility of pier increase by the wound carbon fibre.

As mentioned in previous paragraph, Specimen No.5 has already
failed before carbon fibre retrofitting and reloading. As a result,
the position of failure moved from cut-off part to the top of footing
and the failure type changed from bending shear failure to bending
failure. The ductility rate was also increased.

6. DISCUSSION
6.1 Expdsing Test
According to the results of tenSile strength test and gluing
strength test, it can be concluded that there is no deterioration
after the sample was weathered for only one year in air. It is intend-
ed to continue this exposing test for another 9 year to see whether

there really is aging effect or not.

6.2 Element test
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The results of compression test show that the compressive strength
of concrete retrofitted by carbon fibre is almost independent of the
amount of carbon fibre. For the carbon fibre sheet was just pasted on
concrete and there was no pre-tension in the sheet, it is considered
when concrete arrives the maximum compressive strength, carbon fibre
sheet does not work effectively yet. However, the results at ultimate
state showed that the ultimate strain increases significantly as the
amount of carbon fibre increases. This means that carbon fibre plays
the confining effect. It therefore comes out that the ultimate compre-
ssion strain depends on the amount of carbon fibre but the compressive
strength is independent of the amount of carbon fibre.

In real case, it is usual that 1 to b sheets are used in trans-
verse carbon fibre retrofitting. This corresponds to a volumetric
ratio of 0.09% to 0.45X. From FPigure.7, it can be seen that the ulti-
mate compression strain is larger than 0.4%. FPigure.14 shows the re-
gulation on concrete "Design Specification for Highway Bridges, Part 5
Seismic Design, 5.4.2. Ultinate Displacement and Holizontal Load
Capasity’. It is assumed that ultimate compression strain of concrete
is 3.5X. But it is considered that this value (0.4%) can be used in
design of carbon fibre retrofitting.

6.3 Pief mode];test

1) Retrof1tt1ng eff1c13ncy

. The test results showed that as carbon flbre is pasted on cut off
part along longitudinal reinforcing bar, the failure position moved
from cut-off part to the top of footing. If carbon fibre was stuck
transverse direction, the failure type changed from bending shear
failure to bending failure, the concrete of the column was confined,
and boththe shear resistance and the toughness were improved. This

means that as a retrofitting method, carbon fibre retrofitting is
efficient.

2) Characteristics of energy absorbing

It is well known that the area between load-displacement curve and
abscissa (usually displacement) represents the energy absorbed. The
larger the area, the higher the absorbing energy, further the safer
the structure against earthquake. The absorbed energy before failure
and after carbon fibre retrofitting is illustrated in Figure.15. It
can be seen that for the same cumulative displacement, the energy
absorbed is slightly larger before filure than after carbon fibre
retrofitting. The slope is almost the same in the both cases. This
slope does not change until the displacement of 60 ,. This indicates
that the energy absorbing doesn't decrease until ultimate state. This
further proves that this new method as a retrofitting method is very
effective.Also it is considered that energy absoabing after carbon
fibre retrofitting was recovered to the level before fallure. ‘this
method is effectlve for damaged pier.

7. CONCLUSION

From this study, it is understood that carbon fibre pasted on pier
surface along longitudinal reinforcing bar increases the bending
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resistance of pier and transfers the failure position from cut-off
part to the top of footing. On the other hand, carbon fibre stuck in
transverseAdirection improves the ductility of pier.

In this report, we had defined shear force was carried only by
carbon fibre of transverse direction, but now, we define that shear
force is carried by concrete, lateral reinforcing bars and carbon
fibre because of consideration for economy.

For the ultimate strain of concrete, the value of 0.4% might be
used in design without any problen.

The above results validate that the carbon fibre retrofitting is
effective enough for after-earthquake repairing.

The authors wish that this method can be widely used.
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Table.1 Sample for element test

Samples Shape * Scale Amount of Space of Number
- carbon fibre  carbonfibre  of test
. ~ = ~
No.1 cross seclion 0.00% 2
No.2 16cem x 16cm _ 0.07% 22.7mm 6
No.3 Height 0.13% 14.4mm 6
No.4 30cm - 0.26% 0.0mm 6

300

Amouh@of Carbon Fibre (%)
Figure.5 Element test (Compressive strength)
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Concrete Ultimate Strain ecu (i)
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Table.2 Specimens of pier model
Length of carbon fibre retrofitting Sheet of carbon fibre
Spec. Height of :
cut-off part Length of upper Length of lower  Total Top of  Cut-off part Top of footing
carbon fibre froa carbon fibre froa footing
cut-off part (m) cut-off part (ea) (va) (ma) Longitudinal Transverse Transverse
] 900 - - - - - - -
2 800 450 450 800 - 2 2 -
3 - - - - 600 - - 1
4 - - - - 600 - - 2
5 800 530 400 930 500 .2 2 2 ,

Frane.: t | _U
11T

Roller bearing, —>

01 jack 100 tonf : Actuater
- — sl lE:q ; |
§ Specizen
g
High strength steel bar :.
Floor a
N\ '

'xrj_sooi_ 150 'Lmin‘;_ 10 J

Figure.9'Loading apparatus
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Table.3 Material test of reinforcing bar

Specimens D10 ($0295) D16 (50295) A ¢ 6(SR2065)
yleld tensile  stalic yield tensila  slatic yield . lensils  static
strength  srength  modulusol  stiength  strength  modulus of stength strength modulus of
: elasticity elasticity elasticity
(kgtem?® (kgem?) (kglom?  (kgom? (kglem?) (kgUem?  (kgtlom?) (kgtlom?) (kglom?)
3600 5200  y.ox10® 3600 5300 1.9xi0® 3700 - 4800  1.9xi0®
3600 5070  1.9x10® 359 5110  4.9x10® 3400 4600  1.9x10°
3,760 5,350 2.1x106 3,770 ~ 5,480 2.0x10% 3,370 4,430 1.9x10%
Table.4 - Table.5
Material test of concrete Material test of carbon fibre
. Compressive  Static modulus Specimens  Tensile Static modulus
Specimens strength of elasticity strength of elasficity
2 2
(kgtem?) (kgl/cm®) (kg/cm?) (kgl/cm?)
5
1 369 24x10 2.4 29,300 25x 106
2 381 24x10° 6
3 29,100
3 296 23x10° ’ 23x10
4 366 26x10° 5 29,000 2.4x 10°
5 287 22x10°
Table.6 Results
Cra‘ckbing ' Yield Ulfilate | Haxieua load
. i il
Spec Load Displacesent Load Displecesent Load Displacesent load Displacement m%wty Fg;pgre
Pc 6c Py Sy Pu 6u Prax & pax u
{tonf) {ex) (tonf) (um) (tonf) (pa) (tonf) (ng)
1 2.8 2.6 10.4 20.6 1.5 61.7 1.5 61.7 3.0 bending
2 2.8 2.8 12.6 21.6 . 113.0 13.9 55.3 4.1 shear
3 2.5 1.9 13.0 26.2 14.5 131.0 13.8 52.1 5.0 bending
4 3.0 2.2 1.8 22.0 15.5 244.2 15.5 244.2 1.1 -
5 3.5 6.7 10.0 22.3 11.7 1.7 14.0 63.8 5.0 bending
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ABSTRACT

Inadequate anchorage of column bars into pler caps is a common problem
in older reinforced concrete bridges, especnally in seismic regions. This study
presents retrofit details for the column-pier cap region that shift the hinge
location down the column. ' (Details are developed explicitly for box-girder bridges
with integral pier caps.) Shifting the hinge location provides sufficient
development length and ductility at the hinge location. The portion of the column
above the new hinge location is reinforced to prevent failure. Two alternatives
are presented, a steel cone and a concrete drop panel.  Details for this alternative
are presented in the paper. Retrofit procedures discussed in this paper do not
effect the riding surface of the structure and do not interrupt the traffic on the
bridge surface. In addition, the retrofits limit the amount of on-site fabrication
and labor. The number of holes to be drilled into the existing structure was a
major consideration. The retrofits designate a critical location for hinging that is
easy to observe and repair if necessary. The retrofit also provides flexibility '
depending on'the amount of strength capacity that is necessary. This paper relies
heavily on information presented in reference 9.

BACKGROUND

~ Many of the older remforced concrete bridges, before 1970, have
1nsuff1c1ent development length for the column bars as they extend into the
footing and the pier cap.” The reason for this is two fold. One reason is that
development length equations used by bridge designers have change substantially.
This especially true in zones where there is little distance between the bars or
confinement around the bars is inadequate. The second reason is that in order to
ensure that anchorage failure does not occur, anchorage for the excess capacity of
the bar must also provided. This excess capacity is typically around 25% This
paper focuses on the column-pier cap connectlon

The details shown in Flgures 1 and 2 are from a box-glrder bndge
constructed in 1964. - The bridge was constructed with 3000-psi (21 MPa) specified
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concrete. Based on the conservative nature of the concrete mix designs of the
1960’s and the time since construction, the concrete strength used in the analysis
of the section was 5000 psi (35 MPa) [7]. The development length provided for
the Grade 40 (275 MPa) #11 (36 mm) column bars is 34 inches (864 mm). The
basic development length required to develop the yield level of the reinforcement
is 35.5 inches (902 mm). If it is assumed that the reinforcement can reach an
overstrength stress level of 1.25f, a development length of 44 inches (1118 mm) is
needed. Therefore, from a strength perspective, the bars are 10 inches (254 mm)

too short.

In addition to the strength deficiency, the ductility capacities of the existing
joint and column are very poor. The column confinement consists of #5 (16 mm)
Grade 40 (275 MPa) ties at 12 inches (305 mm). This is typical of bridges that
were built without considering seismicity or before current detailing standards
existed. Columns in bridges built in the 1960’s had only a minimal number of
ties. Integral pier caps typically had no reinforcement designated for confinement
of the joint. There usually was some shear reinforcement in the pier cap. This
reinforcement could be potentially be mobilized for confinement. Bridges with
these deficiencies in detailing and in development length exist not only in high
seismic regions but also in moderate and low seismic regions. The degree to
which modifications are necessary is a function of the seismic event that the
bridge is being designed to withstand as compared to the original design.

Extensive research has been done on retrofitting columns. Only two of the
many references are given [4,7]. Steel jackets have been extensively used by the
California Department of Transportation for retrofitting columns to increase the
ductility and the shear capacity and to provide confinement for splices. Retrofits
can be either half-height or full-height jackets. Gaps are provided at the top and
the bottom of the steel jackets to prevent the bearing of the steel jackets against
the integral pier caps and the footings, respectively. The gap also prevents too
much moment from being transferred into the footing or the pier cap. This
technique works well when the existing column has sufficient bending strength.
The gaps provided are small enough that the jacket confines the concrete in that
region. Therefore, the column concrete can reach the confined column moment
capacity as long as there is sufficient development length for the reinforcement.
Figure 3 compares the strength capacity and the strength demand at the maximum
force level for a jacketed column that has a gap at the top. In many cases, the
strength of the existing bridge is sufficient and only the ductility capacity is a -
problem. If the bridge column shown in Figure 1 had sufficient development
length and the column was jacketed to satisfy ductility requirements, it would
require a ground acceleration of 0.3 g to hinge the columns. This assumes that
the pier cap will perform adequately. The columns in the prototype bridge do not
have enough development length, and many other existing bridges do not have -
sufficient development length and/or strength,

The purpose of this paper is to present options for retrofitting beam-
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column joints in box-girder bridges (integral pier cap to column joints) which have
the following characteristics: 1) adequate strength but insufficient development
length for column reinforcement and inadequate ductility capacity and 2)
inadequate column hinge strength and ductility. The key to a successful retrofit
program is the use of retrofit procedures that are not only effective but also
economical. In the development of the retrofits discussed in this paper, emphasis
was placed on making them economical.

ALTERNATIVES

Insufficient development length can be addressed by several techniques.
One technique is to increase the length of the bar. This is possible in older
bridges because designers often did not extend the column bars to the top of the
pier cap. Adding bar length can be done with mechanical connectors or by
welding. Another method for increasing the anchorage length is to weld plates
onto the ends of the bars. In cases where welding new material on to the existing
bars is chosen, the engineer must be very careful. Steels used in making
reinforcement is often difficult to weld without have problems such as weld
fracture or incomplete fusion of material. Another problem with the techniques
discussed is the possible difficulty in accessing the end of the bar. Accessing the
column reinforcement would require the removal of concrete and more than likely
cutting the top mat reinforcement in the superstructure. In the case of the
prototype bridge, this would be very difficult (see Figure 2). A large amount of
longitudinal negative reinforcement is present in the top flange over the column.
All the longitudinal bars that were cut would need to be spliced back together to
restore the negative moment capacity.

Another option for providing sufficient development length is to alter the
parameters of the section surrounding the reinforcement to increase the
effectiveness of the existing reinforcement length. Depending on the accessibility
to the area surrounding the column reinforcement in the pier cap, this may be a
reasonable solution. Parameters that could be altered include the amount of
concrete cover, confining reinforcement (spirals and ties), and/or confining
pressures (post-tensioning). In the 15th Edition of the AASHTO Bridge
Specifications [1], the basic development length can be modified by 0.75 if the
reinforcement is enclosed within a spiral of not less than % inch (6.4 mm) in
diameter and not more than 4 inches (102 mm) in pitch. The prototype bridge
and many others built in that period have little or no confining reinforcement in
the pier cap. Therefore, concrete material would have to be removed to add the
confining bars. This is very impractical. Another choice would be to develop
confinement with an active confining pressure (post-tensioning). To provide
adequate confinement in a column, a confining pressure around the column
reinforcement of 300 psi (2.1 MPa) is needed [7). This could be accomplished by
provided 700 kips (3.11 N) of prestress force (five 1-1/4 inch (31.8 mm) Dywidag
bars stressed to 0.7f,,) transverse to the pier cap and along the -axis of the pier
cap. The effectiveness of this alternative needs to be tested. If there is
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significant concrete cover on two opposite sides of the column reinforcement, the
post-tensioning in that direction could be eliminated. Since it is difficult to know
the exact location of the column bars, passing the post-tensioning bars through the
section may be quite difficult. In addition, development of the prestress force is
difficult because of the very short bar length.

The AASHTO Bridge Specification also provides for the confining effect of
concrete when calculating the development length. The specification states that if
the lateral spacing between the bars is at least 6 inches (152 mm) center-to-center
and the bars have a clear cover in the direction of spacing of at least 3 inches
(76.2 mm), the basic development length can be modified by 0.80. In the
prototype bridge, some columns have 21 bars on a 16.17 inch (411 mm) radius.
The center-to-center spacing for these column bars is 4.8 inches. Other columns
(see Figure 1) only have 11 bars, which corresponds to center-to-center spacings
of 9.2 inches (234 mm). In the pier cap, the clear cover over the column bars is
6.5 inches (165 mm). Therefore, the 0.80 factor could be used on the
development length for main longitudinal bars in the 11-bar columns. This
reduces the required development.length for the overstrength stress level from
44.1 inches (1120 mm) to 35.3 inches (897 mm). The available development
length is 34 inches (864 mm). This may make the requirement for retrofitting the
11-bar columns in the prototype bridge marginal. The project will use 11-bar
columns because the columns are being used to verify the constructibility of the
retrofit procedures. In addition, when the 11-bar column section is scaled down
for the test specimens, the 0.80 factor is not valid for calculating the development
length. The 21-bar column is not being used because it would be too expensive to
fabricate and retrofit due to the larger section capacity.

SHIFTING THE HINGE LOCATION

The alternatives discussed so far have the same critical section as the
original design (the hinging location for maximum loading at the interface
between the column and the pier cap). Another alternative is to shift the hinge
location down into the column. By shifting the hinge location, the ductility
demand on the pier cap is decreased and the required development length is
satisfied. For this retrofit to be successful, a hinge must be prevented from
forming above the designed location, and the increased column moment resulting
from the column retrofit must be transferred into the pier cap.

A seismic retrofit was just completed on the Interstate 80 bridges in
Sparks, Nevada, USA [6]. One component of this retrofit was the shifting of the
hinge location down into the column. Shear resistance in the plastic hinging zone
was also a problem. Concrete drop panels were used that were designed to be at
least thirty percent stronger than the original columns. The drop panels were
reinforced and dowels were provided between the panels and the existing columns
and pier caps (see Fig. 4). The pier cap was strengthened and a 3/8" steel jacket
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for the column was specified for increasing the ductility and shear strength of the
hinge region. The jackets were placed just at the top of the column for a distance
of 54 inches (1372 mm) below the panels. The jackets were estimated to increase
the column ductility capacity by at least six. In the final design a high-strength
fiber wrap was used instead of the steel jacket. The fiber wraps were up to 0.459
inches (11.7 mm) thick (nine layers). This alternative was presented for reference
and is not the primary focus of the paper.

For the prototype bridge, the hinge location needs to be shifted at least
one foot down from the top of the column, when the confinement factor of 0.80 is
not used, in order to provide sufficient development length. Figure 5 shows the
retrofit details for the prototype bridge. A steel alternative was selected for the
prototype. A gap is provided at a location two feet below the pier cap (no gap at
the top of the column) to prevent too much moment from being transferred into
the pier cap. This is the new hinge location of the column. A gap of 2 inches
(50.8 mm) provides sufficient confinement to the concrete in the hinge region to
allow it to reach the confined capacity (1630 ft-kips, 2210 N-mm) and ductility but
is large enough to prevent the two separated steel shells from bearing against
each other. Figure 6 shows the effect of the hinge shift on the moment demand
and capacity for the column.

The major components of the retrofit are the steel jacket, steel stiffeners to
transfer the increased moment and shear into the bearing plate, the bearing plate,
anchor bolts, and modifications to the existing pier cap. The hinge location was
shifted down two feet instead of the minimum required one foot, because this
ensures sufficient development length with very little additional cost in materials
and in the maximum moment at the top of the column. When the hinge is at two
feet from the pier cap, the maximum moment at the pier cap-column connection
is 1800 ft-kips (2441 N-mm). If the hinge was at one foot from the pier cap-
column connection, the maximum would drop to only 1715 ft-kips (2325 N-mm);
this is only a 4.8 percent drop. The deeper placement of the hinge provides a
transition zone so that the section can be enlarged to transfer the increased
moment into the pier cap. To provide sufficient column confinement, 300 psi
(2.1 MPa), a steel jacket thickness of 3/16-inch (4.8 mm) must be used. This
thickness provides sufficient ductility and good construction characteristics. The
moment capacity of the jacket section is 2800 ft-kips (3796 N-mm). The steel
jacket is more than adequate for carrying the moment above the hinge location.

To transfer the increased moment into the pier cap, anchor bolts must be
utilized to carry the tension, since the column steel can not be fully developed.
The steel jacket cannot transfer the moment into the pier cap because it
terminates at the top of the column into the plate. The anchor bolts used in the
prototype retrofit are twelve 7/8-inch (22.2 mm) A325 anchors. The embedment
length needed for these anchors is 9% inches (235 mm) [2]. In the zone of the
pier cap, the holes for the anchor must be drilled the full embedment length into
the existing concrete. Fortunately, the amount of reinforcement in the bottom
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slab and in the pier cap is quite small. Collins et al. [S] discovered that undercut
bolts (Maxi-Bolt) behaved essentially the same as cast-in-place anchors.
Therefore, undercut bolts will be used for anchors that connect into the original
pier cap and cast-in-place anchor bolts will be outside the pier cap. Since the
bottom flange of the prototype is only 6 inches (152 mm) thick, additional
concrete must be added to provide sufficient embedment for the cast-in-place
anchors and to transfer the forces into the pier cap. The anchor bolt
configuration shown (see Figure 7) was selected because tensile strains in the
column reinforcement remain much less than the yield strain at the column-pier
cap interface when the maximum load is applied (moment limited by the hinge
capacity). It must be remembered, that the limited development length restricts
the capacity of the column bars at the interface.

Satisfying equilibrium and assuming that plane sections remain plane, the
location of the neutral axis in the concrete for the maximum moment was 17.85
inches (453 mm) from the extreme compressive fiber. This meant that the
maximum stress in the column reinforcement at the interface was 25 ksi (172
MPa). Based on the development length equations, there is sufficient length to
develop the needed stress in the column steel at the interface. Base plate tests
have shown that plane sections do not remain plane in these types of regions.
The experimental results will provide a better estimate of the true strain
distribution under the bearing plate.

Twelve stiffeners are provided around the steel jacket to transfer the load
out to the anchor bolts and increase the size of the moment arm at the pier cap-
column interface. The stiffeners consist of %-inch (19.1 mm) steel plates that
taper from the hinge location [3,8]. A thin metal sheet will be placed around the
stiffeners to make the connection more aesthetically pleasing. The steel bearing
plate is 1% inches (31.8 mm) thick and 72 inches (1829 mm) square . The
compression caused by the moment is carried by the plate into the concrete. To
determine the plate thickness, the tension portion of the applied moment couple
carried by the column steel was subtracted from the total moment. The
remaining moment must be transferred through the plate to the anchor bolts to
develop the rest of the moment couple. The maximum moment location in the
plate was at a point 9 inches (229 mm) inside the existing column or 26 inches
(660 mm) from the extreme compression fiber. A traditional base plate
procedure could not be used because of the radial bolt pattern and the influence
of the column reinforcement on the moment distribution in the plate.

The portion of the moment that is transferred to the bottom flange outside
the pier cap must be transferred back into the pier cap. The shear capacity of the
existing bottom slab is not sufficient to carry the applied compression or tension.
One solution is to widen the pier cap to the size of the bearing plate. Since it is
necessary to place concrete for the embedment length of the anchors, it does not
require a significant amount of extra labor or materials to add concrete over the
entire height of the box (see Figure 5). The original surface of the pier cap will
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be roughened, and shear studs will most likely be used to assist in the transfer of
forces between the new and old concrete.

As much of the retrofit as possible should be fabricated in the shop before
field installation. The column jacket and the top cone section should each be
brought to the field in two halves. Each cone section half will include the
stiffeners and the bearing plate. The two column jacket halves will be welded
together in the field. The cone sections will be bolted together using the
stiffeners that will be placed on each half of the shell. This was done because of
the thickness of the base plate. It was thought that the bolting procedure would
be easier than welding a 1%-inch (31.8 mm) plate upside down in the field.

The construction procedure for the retrofit will be as follows.

1) Access the interior of the box girder from a region outside the cone
area.

2) Drill the anchor bolt holes that go through the bottom slab and
those that go into the pier cap.

3) Make a template of final hole locations and then drill the holes into
the bearing plate in the field.

4) Drill the holes into the pier cap for the studs that will transfer shear
from the anchor embedment blocks and roughen the concrete
surface of the pier cap.

S) Attach each half of the assembly to the original column, both below
and above the designated hinge region. In the cone section, the
anchors that go directly into the pier cap can hold the shells in
place.

6) Weld the bottom shells together and bolt the top portion together.

7 Place the anchor bolts that pass through the bottom slab into the
inside of the box-girder, and epoxy the studs for the anchor block
into the pier cap.

8) Cast the concrete inside the block, securing the anchor bolts.

9) Grout the steel jackets and the base plate.

10)  Place the sheet metal cone around the stiffeners.

11)  Paint the steel jacket and cone to match the concrete.

To test this technique, half-scale model specimens will be used. The
diameter of the column will be reduced to 20 inches (508 mm) with # 3 (10 mm)
ties at 12.5-inch (318 mm) intervals. Twelve 5/8-inch (15.9 mm) A307 bolts will
be used. The maximum moment demand placed on the interface is 225 ft-kips
(305 N-mm). This is limited by a hinge moment of 204 ft-kips (277 N-mm). In the
scale model specimens, the stiffener thickness will be reduced to 3/8 inches (9.5
mm), and the bearing plate thickness will be 5/8 inches (15.9 mm).

This retrofit provides the column with sufficient development length,
ductility, and a small increase in the strength due to the shifting of the critical
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location. In the case of a major earthquake, the critical location is now out away
from the superstructure. This makes damage identification and repair a much
more simple operation.

INADEQUAT E STRENGTH, DUCTILITY, AND DEVELOPMENT LENGTH

In areas of the country where seismic design has not been considered in
the past, a significantly larger hinge moment than what the column can carry in its
current form may be necessary to handle the design earthquake. It was
mentioned before that the column capacity was increased significantly by adding
the steel jacket. This jacket improves the ductility of the structure. However, in
the cases where shear does not control the retrofit, the jacket does not increase
the strength of the structure because a gap was provided at the top and bottom of
the column. If this gap is removed and a method for transferring the forces into
the superstructure is provided, the earthquake forces that the structure can
withstand will be increased. For the prototype bridge, the confined moment
strength of the column was 1630 ft-kips (2210 N-mm) while the jacketed moment
strength (confined concrete with steel shell) was 2800 ft-kips (3796 N-mm). To
provide a path for this moment to the pier cap, a larger section is needed at the
pier cap-column interface. The same technique that was used in the last section
can be used again to transfer the increased moment. - Figure 8 shows the effect of
this retrofit on the moment capacity and demand for the column at the maximum
event.  With this increased moment capacity, the prototype bridge would need to
subjected to a ground acceleration of about 0.6 g before the columns would yield.

The details for the retrofit are shown in Figure 9. Table 1 compares this
retrofit with the retrofit that had a hinge capacity equal to the confined concrete
hinge strength. - The moment capacity at the column-pier cap interface of the
retrofitted section using the bolt pattern shown in Figure 7 is 4790 ft-kips (6494
N-mm). The maximum moment demand placed on the interface is 3100 ft-kips
(4203 N-mm). - The moment capacity is well over thv demand so that high strains
are not required from the column remforcement

This retrofit significantly strengthens the column and improves the ductility.

In many cases, this degree of the strengthening is unnecessary or impractical
because it places too much moment demand on the superstructure. This retrofit
may cause the need for strengthening the pier cap in both the longitudinal and
transverse directions. - This could be done in the transverse direction by extending
the anchor blocks the full length of the pier cap and placing steel in the anchor
blocks to carry the transverse moment. Another possible method would be to
epoxy steel plates on to the base of the pier cap in the transverse direction. In
the longitudinal direction, both of these techniques could also be used but due to

the difficulty in drilling through the pier cap, the epoxying of plates may be easier.

— 408 —

7 LSt g e

rrd A e

gt




Table 1: Comparison of Prototypes and Retrofits

[ Confined Hinge Jacketed Hinge
Feature Prototype Model Prototype Model
Col. Diameter 39" 20* 39" 20"
91 mm 508 mm 991 mm - 508 mm
Col. Bars 11#11 (Gr. 40)  10#5(Gr.60)  11#11(Gr.40)  10#5 (Gr. 60)
36 mm 16 mm 36 mm : 16 mm
Col. Height 20 100 20 10°
6096 mm 3048 mm 6096 mm 3048 mm

Col. Stirrups #5@12° (Gr40) #3 @12.5° (Gr.60) #5@12° (Gr.d0) #3 @12.5" (Gr.60)
16 mm@305 mm 10 mm@318 mm 16 mm@305 mm 10 mm@318 mm

Stiffeners 3/4 3/8" 1-1/8" 9/16"
19.1 mm 9.5 mm 28.6 mm 142 mm
Jacket Thickness 3/16 3/32" 3/16" 3/32
v ‘ 4.8 mm 24 mm .. 48 mm 24 mm
Anchor Bolts 12 7/8" A325 12 5/8" A307 - 12 1-1/4" A325 12 5/8" A325
22.2 mm 159 mm 31.8 mm 159 mm
Embedment :9-1/4" C 43/ 13-1/4". T
Length 235 mm 121 mm 337 mm 178 mm
Plate Thickness 1-1/4° 5/8° 2-1/8" 1-1/16"
31.8 mm 159 mm 54.0 mm 27.0 mm

MODERATE INCREASE IN COLUMN HINGE STRENGTH

The two previous cases were extremes. Either the column strength was
increased only to the confined column strength level or to a level that fully
utilized the standard column steel retrofit. Another option is to increase
moderately the moment strength in the hinge region. This can be done by
providing a thin steel shell over this region. Since confinement is provided by the
3/16-inch (4.8 mm) steel shell above and below the hinge region, the concrete in
the hinge region can reach confined levels of stress and strain. On the tension
side of the column, the thin steel shell can provide the needed increase in tension
capacity. In the prototype bridge, if a 1/8-inch (3.2 mm) steel shell was used in
the hinge region, the hinge moment would increase from 1630 ft-kips (2210 N-
mm) to 2325 ft-kips (3152 N-mm) (confined moment strength with a steel shell).
This would increase the ground acceleration that would cause column yielding
from 0.3 g to 0.5 g. Therefore, the required increase in strength and ductility
could be achieved without placing excessive demands on the other portions of the
structure.

In a paper by Taylor and Stone [10], an extensive analytical study is

described that examined the effect of jacket thickness on the amount of damage
that would occur to a bridge for different magnitudes of earthquakes (5 to 8 on
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the Richter Scale). 1152 inelastic dynamic analyses were done that varied the
jacket thickness from 0 to 10 mm (0.394 inches). The study found that the
decrease in the amount of damage was small when increasing the jacket thickness
from 2 to 10 mm in most cases. For large columns (1520 mm, 60 inches in
diameter) the thicker jackets were needed to keep damage reasonable. In the
closing comments, the authors state that although the analysis indicated significant
benefits from the application of thin steel jackets, fabrication and erection
considerations may control how thin of a ]acket may be used. This study shows
that the use of thin jackets in the hinge region, while decreasing the moment

capacity from the fully jacketed section, will not decreasing the ductility
performance.

SPECIMEN TESTING

Figure 10 shows the test setup that will be used. The axial load in columns
designed in the 1960’s are typically well below the balance point of the section.
The specimens will be lightly axially loaded with Dywidag bars and center-hole
rams. The pier cap portion of the structure will be tied down to the test slab with
reaction rods. The specimen will model the superstructure as a solid block of
concrete. Future tests will include the retrofit of the pier cap. The specimen
columns will be cycled through increasing degrees of drift and load. An actuator
will apply lateral load at the top of the column. The force will be cycled at
increasing levels in force control mode up to the point where the longitudinal
column reinforcement yields. The displacement at this point in the test will be
called the yield displacement. The displacement ductility level at this point in the
test is 1, since the actual displacement is equal to the yield displacement. From
this point in the test, the specimen will be loaded in displacement control. The
displacement ductility level will be increased in increments of 0.5 until failure.

Three cycles will be conducted at each ductility level. The specimens are
currently under construction.

CONCLUSIONS

Many of the retrofits used in the past have been extremely expensive. The
primary purpose of the retrofits proposed is to provide a solution that is
economical and effective. The concrete drop panel is a solution that requires
extensive field fabrication but for short columns, where access is easy and for
columns that do not require jacketing, this may be the best alternative. The steel
alternative will be best when trying to minimize field operations. If column

strengthening is required, the steel cone provides a smooth transition from the
steel jacket.

This research is being supported by the Nuclear Waste Project Office in
Nevada through the Center for Infrastructure Studies. The opmlons in the paper
do not necessarily represent those of the sponsor.
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VERTICAL BEARING CAPACITY-OF SHALLOW FOUNDATIONS
, by
Michio OKAHARA 1),Masanor1 NAKANO 2),Yosh|tom| KIMURA 3),Ken_|i CHIMI 4),Aklo
INOUE $§) ' '

ABSTRACT -

When it is asked what a beariig capacity of a large spread or caisson foundation is,we encounter a
dilemma, that there is no way to confirm it except a full scale test.Saying about the present
specificaion in Japan,the classical formula proposed by Terzaghi et al.,but modified with additional
corrction factors,has been used as ever.We have developped measures to understand that scale
effect,progressive failure,pressure-level effect should significantly be considered in estimating the
bearing capacity.We condunted large scale tests of two-dimensional footings on sand and

centrifuge tests to evaluate these effects experimentally,which are further analyzed with a newly
developped F.EM. ’

LINTRODUCTION - ,

When designing foundation structures, the estimation of vertical bearing capacity of ground is one
of the most important factors to be considered: However, until soil mechanics was systemized as
discipline, the estimations were based mostly on experience. In 1943, Terzaghi presented a bearing
capacity chart, introducing a theory of bearing capacity at a shallow foundation. However, this
theory still eft many complex problems associated with bearing capacity to be resolved. In Japan,
equations based on Terzaghi's theory, assuming that ground is an rigid-plastic body, are still used
for estimating bearing capacities of shallow foundations such as spread foundations, but has
become unable to deal with massive structures in recent mega-projects. This paper will examine
studies on bearing capacities of shallow foundations and the future of such research.

2.BEARING CAPACITY OF GROUND : S _

- When désigning a foundation structure, functional deformation limits of the super-structure,
load transmission capacity of a foundation and the bearing capacity of the ground must be
considered, and safety must be guaranteed. The safety of the bearing capacity of ground is

-investigated from two angles, "ground failure” and "structure deformation". Ground is deformed - :

- 1)Director,Shuto National High way work Office,Kanto resional Construction Bureau,M.0.C
2)Head,Foundation engineering Division,Public Works Research Institute,M.O0.C
3)Research engmcer dntto R UL

- 4)ditto - - '
Syditto © -
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by load transmitted through a footing, and it reaches ground failure when the load exceeds the
bearing capacity. So, Structures are also affected by ground deformation and failure. Deformation
and failure of the foundation and ground depend on the distribution of load on the footing base.
Furthermore, load is distributed widely into the ground, deforming not only the part below the
footing but also the adjacent areas. On the other hand, the settlement of a footing progresses as the
load on foundation structures increases, until finally it reaches a state in which settlement proceeds
even without increase of load.At that point,the ground surrounding the footing swells,and slides
are generated.This state is referred to as ground “failure”,which the load is called the"ultimate
load", and from the point of footing, it reached the limit bearing capacity, or the limit of bearing
ability of the ground. Obviously, in current allowable unit stress design methods, loads up to the
ground ultimate load are not actually transmitted to ground from a footing, but an estimated value
with safety factor as 3(normal) and 2 (during earthquake) is adopted as an allowable bearing
capacity. The amount of settlement is not zero even at load accepted by admissible bearing
capacity. For structures showing extreme intolerance to settlement, when the allowable bearing
capacity calculated by the above method exceeds the limit of deformation due to a structure's
function, the limit of deformation load is adopted as the allowable bearing capacity. This is the
bearing capacity of the ground when it is considered from the angle of structural deformation.

Foundations can be classified into two types; "a shallow foundation" which transmits load to
ground at the bottom surface and "a deep foundation” which transmits load at the bottom and side
surface. In this paper only the former will be discussed.

There are many large-scale shallow foundation, and it is difficult to confirm their ultimate
bearing capacities and visually observe ground bearing mechanism of full-scale buildings.
Therefore, models were usedto observe the inner foundation. Figure 1 shows the state of settlement
of dense sandy ground to a level of 70% of the footing base by a vertically-applied load. A section
shaped like an isosceles triangle (an active region or wedge) is seen in the figure adjacent to the
bottom of the foundation. This section is thrust into the ground as a rigid body united with the
footing. Several slip-lines (shear bands) beside the boundary lines of the triangle are observed,
forming fan-shaped regions (transient regions) at both sides. Slip-lines extend from the vertex of
the triangle up toward the surface. The region enclosed by transient regions and the slip-lines is
called a "passive region". From the above information, we can conclude that when load is applied
to a footing, an active wedge is formed just under the footing, the wedge squeezes out transient
regions to the right and left,and the transient regions push passive regions upward.Bearing
capacity may therefore be considered a combination of "resistance force against shearing
deformation of sand along slip-lines" and the "force necessary to move sand in active, transient and
passive regions". Loads existing on the surface of a passive regions also affect bearing capacity.

Shallow foundations subside when loads are applied. Ground is deformed along the settlement.
In densely compacted sandy ground, total ground volume scarcely fluctuates, and the volume
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squeezed out by footing settlement is absorbed by swell in passive regions. Once slip-lines reach
the ground surface, the size of the section in which sand moves does not change. Only a rise in
surface, corresponding to the amount of settlement, occurs, and the load does not increase. In such
shallow foundations, which have non-restricted boundary surfaces able to infinitely absorb clod
deformation, clear ultimate bearing capacities are frequently shown.

3.INVESTIGATION CONDUCTED AT THE PUBLIC WORKS RESEARCH
INSTITUTE

As research using both model and element test has proceeded in bearing capacity theory, the
following problems have become evident:

(1) As an element, sand is not an isotropic and perfect plastic body, and its properties of strength
and deformation specificity fluctuate along confining pressure. That must be considered when
estimating bearing capacity.

(2) Results of experiments using highly precise small-scale models do not coincide with bearing
capacities estimated from the rigid-plastic theory using the values of strict element results.

(3) The failure configuration in a model does not show general shear failure, in which maximum
shear strength are simultaneously manifested along slip-lines generated at the final stage of
maximum loading, but a phenomenon of progressive failure is observed.

(4) The scale effects of N , in which N  decreases as the width of foundation increases, was
confirmed in both experiments on small-scale gravitational fields (1g) and centrifugal model tests.
When the mechanism of scale effect is considered, pressure level effect and particle size effect
become apparent. Generalized diagrams are shown in Figure 3.

Giving consideration to such conditions, the Public Works Research Institute (P.W.R.I) has since -
1990 pursued the studies, establishing "study for the bearing capacity of shallow foundation" in a
road works research project aimed at developing a new bearing capacity estimation method which
can be used for recent mega-projects, such as the Honshu-Shikoku bridges. Using Toyoura sand,
the institute conducted a number of precise model loading tests to understand their quantitative
properties. On the other hand, Tanaka in Meiji University and Tatsuoka in Tokyo University have
developed a numerical analysis method based on a finite element method, which may solve the
aforementioned problems. In their method, strain hardening, strain softening and even behavior of
soil elements at a residual strength state after plasticity, none of which can be investigated by
existing methods, may be simulated. This section will examine the results of these experimental and
analytical studies, which were conducted in cooperation with them.

3.1 MODEL LOADING TEST
With sufficient consideration on ground uniformity and friction at the ground and soil pit, the
authors conducted a number of experiments on bearing capacity, which satisfied scrutiny
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investigation. Also, the authors understood the physical properties of Toyoura sand, which were
used for the ground material in the experiments, through various element tests. Here, experiments
on two-dimensional bearing capacity with the largest foundation (width B=50cm) will be

discussed.

3.1.1 EXPERIMENTAL PROCEDURE

Experiments were conducted in a large two-dimensional soil pit (2 m width X 7 m length X 4m
depth) at the P.W.R.L. as shown in Figure 4. Ground was prepared with Toyoura standard sand
using a combination mobile hopper and multiple screen, so the unit weight was 1.55 - 1.60tf/m3
and the void ratio 0.65 - 0.70. The state of ground failure was observed through an acrylic plate at
the front of the pit. Normal stress was measured with a partial load cell installed under a footing.
Shearing stress was also measured. In order to satisfy plane strain conditions, silicon grease and
latex membranes were used. The conditions and methods of experiments were identical to those

used in references 4) and 7).

3.1.2 RESULTS
Figure 5 shows the comparison of relationships between settlement, S, and mean footing stress, q,
for different width of foundation in a gravitational field. And it shows also the comparison of the
relationships in gravitational and centrifugal fields. The axes are divided either by the width of
foundation, Bo, or by one half of the product of the width of foundation and the unit weight to
standardize. In the figure a decrease in normalized maximum footing stress (bearing capacity
coefficient) for experiments in gravitational field becomes apparent as the width of foundation
increases. In the comparison of gravitational and centrifugal fields, the bearing-capacity in
centrifugal field showed values double of those in gravitational field. The effect of particle size was
probably responsible for this difference.

Figure 6 shows maximum shear stress. Here, a dense area of contour lines near the edges of the
footing, where slip-lines appeared, is clearly seen, indicating large shear strain. Figure 13 shows
the relation between width of foundation and bearing capacity coefficient.

3.2 ANALYSIS FOR BEARING CAPACITY

3.2.1 CONDITIONS FOR ANALYSIS AND ANALYZED CASES

The program used for analysis was Tatsuoka et al's two-dimensional elasto-plasticity analysis
program, NSOLAN 9, a modification of the static-stress-analysis sub-program in Tanaka's
NONSOLAN program, the latter which was the total ground analysis program based on a finite
element method (2 & 3). For analysis of plane strain, a half-size model of the model ground of
Toyoura sand with the width of foundation B=50cm prepared for large-size model experiments was
utilized as shown in Figure 7. Even for a wider footing, mesh sizes (number of joints and
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elements) for an analytical model were not changed but both X and Y coordinates were changed.
Since no apparent strain softening specificity appeared in the test results, data were inputted
through load control. ‘The main inputted material constants are shown in Table 1. Constants were
determined from data derived from modal and element tests.

Seventeen cases, twelve in gravitational field and five in centrifugal field were analyzed using
width of foundation as parameters. The analyzed cases are shown in Table 2.

3.2.2 RESULT OF ANALYSIS

The effects of problems such as confining pressure dependency (pressure level dependency),
strength anisotropy, strain softening specificity and shear band specificity (which will be discussed
later) were quantitatively investigated using this method and are shown in Figure 8 (6), Here, a
shows the analysis without considering the above points, b considers only pressure level
dependency, c considers pressure level dependency and strength anisotropy and d considers strain
softening specificity plus the former two points. Finally ¢ shows the analysis which considers
shear band specificity in addition to the previously mentioned points, and the stress-strain
relationship of each element is assumed to be equal to that derived in a plane strain compression test
which used specimens of sizes identical to the elements. In a, b and c, since sand behaved as
perfect plastic body, footing load reached the maximum when the largest strength was manifested at
the total length of failure surface, and the amount of settlement was exceedingly large. Among these
three, a approximates to Terzaghi solution. In d, stress-strain relationships in all elements were
assumed to be equal to those within a shear band. Since element sizes were larger than shear band,
the degree of strain softening and progression of ground failure were underestimated, and a bearing
capacity larger than the experimental value was shown. In e, shear band specificity, in which the
degree of mean strain softening increases as the ratio of element sizes over width of foundation
increases, was considered, and the analyzed values finally agreed with test results.

A width of foundation B=50cm in gravitational field is shown (Figures 9 to 11).

In this method, the conditions of each element of distributed ground were estimated by
calculating a parameter called Bindex. When this parameter was smaller than 1, the footing stress
value was known to be increasing. At its maximum strength, Bindex = 1. When 1 < Bindex <2,
the states were in transition to residual strength. Finally when Bindex = 2, the states were known
to be at residual strength (Figure 12). By drawing corresponding contour diagrams, total ground
conditions after the division of finite elements, as well as the degree of plasticity could be
understood. Figure 9 shows that, near the edges of footing, all soil elements surpassed their
maximum strength, elements were either in or approaching residual strength states, and contour
lines were dense. In distant regions, on the other hand, conditions still had not reached maximum
strength and contour lines were sparse.
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For shearing strain figure (Figure 10), it is estimated that non-uniform strain distribution was
formed near the edges of footing, where exceedingly large strain, compared to other sections, was
generated as well as Figure 2.

The final section of this paper will examine the relationship between the settlement and footing
stress. The analyzed relationship is shown in Figure 11 along experimental results. In the figure,
the maximum footing stress values (bearing capacity coefficients N ) coincide well, and they
clearly show similar tendencies. This suggests that modal tests may be simulated by this method.

3.2.3 ESTABLISHMENT OF FORMULAE FOR THE RELATION BETWEEN
WIDTH OF FOUNDATION AND BEARING CAPACITY COEFFICIENT ON
SAND GROUNDS i

Finally, the relation between width of foundation B and bearing capacity coefficient N will be
quantitatively investigated. In Figure 13, the relation between width of foundation B and bearing
capacity coefficient N for summarized test and analyzed results are shown in a semi-logarithmic
graphs. In the figure, A-A line is the approximate value N when mobilized along slip line at @r =
35°, which is Terzaghi's solution for @r = 35°, that is residual internal friction angle. This is the
lowest value of N which can be produced by the analytical method. The figure shows good
correspondence among test bearing capacity values in gravitational field, test values in centrifugal
field and analyzed values. Regression lines of an index system for analyzed results are also shown
in the figure.

Gravitational field : N “=a x Bb (B< 10 m)
Where,

N ': bearing capacity coefficient

B :width of foundation (m)

a,b :constants (a=370.46, b=-1/3)

By using this method, the scale effect of a foundation on ground of Toyoura standard sand was
quantitatively understood.

4. CONCLUSION

This paper presented an outline on vertical bearing capacity of a spread foundation and the results
of studies conducted at the P.W.R.1.. Hereafter, in an effort to utilize the analysis method as a
substitute for modal tests, more detailed studies, such as investigations of methods for the
experimentation and evaluation of viscous soil and for fixation of inputted constants, will be
undertaken. Finally, improved methods for calculating bearing capacity in shallow foundations on
general ground will be pursued.
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Table 1 Material constants

T e ; Inputted
,Inputted constants »
: » value .
Poisson's ratio . 0.30
Initial shear modulus(kgf/cmZ) 900.0
Initial bulk modulus(kgf/cm2) 259.3
Initial void ratio 0.66
Unit weight(gf/¢m3) 1.59
Coefficient of static earth pressure at ¥est 0.34
Relative density E 0.85
Strain at the maximum strength 0.10
Strain hardening parameter . 0.30
| Strain softening parameter 0.60
Width of shear band 0.30
Tabie 2 Analyzed cases
Case ;‘No‘ Experiment n‘aerted Case No Experiment | w%‘ rt:ed
S - | method ation] . method foun at on
1 2.5 cm 10 Gravitati- 20.0 m
2 5.0 cm 11 onal field 50.0 m
3 L 10.0 cm 12 100.0 m .
4 Gravitati- | 23.0 cm 1 2.5 cm
5 onal field| 35.0 cm 2 Centrifu- 5.0 cm
6 50.0 cm 3 gal field 10.0 cn
7 1.0 cm 4 23.0 cm
8 3.0 m 5 50.0 cm
9 10.0 m
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Figure 4 View of the large two-dimensional soil pit
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EVALUATION AND UPGRADING OF MULTI-COLUMN BRIDGES

Jack P. Moehlel, Chris R. Thewalt2, and Stephen A. Mahin3
University of California at Berkeley

ABSTRACT: Recent research is examining the seismic behavior of reinforced concrete
bridge structures constructed in~ California before the implementation of special
requirements for ductility in the 1970s. Whereas earlier work focused on behavior of
hinge restrainers and single-column structures, recent experience indicates existence of
critical vulnerabilities in multi-column structures as well. We here describe the generic
characteristics of multi-column bridges including columns, bent caps, outriggers and
connections; describe analysis and evaluation procedures; and describe methods for
seismic upgrading. We include results of experimental and analytical research where
available.

INTRODUCTION

The 1989 Loma Prieta earthquake exposed the vulnerability of many multi-column,
multi-level reinforced concrete bridge structures, in particular, those constructed in the
1970s and earlier. These structures are prevalent in urban environments where scarcity of
land requires the stacking of roadways; they become increasingly complex where multiple
elevated roadways intersect. Deficiencies include inadequate three-dimensional frames
and a variety of structural inadequacies in footings, columns, beam-column joints, bent
caps, and outriggers. Many of these inadequacies were apparent in bridge damage and
collapse observed following the Loma Prieta earthquake. Others have been identified
through study of structural drawings of undamaged bridges.

Immediately following the 1989 earthquake, Caltrans initiated redesign efforts on several
multi-column, multi-level concrete bridge structures in the San Francisco Bay Area. The
effort assembled a team of design consultants and peer reviewers from California,
technical advisors from the University of California, and Caltrans bridge designers. The
effort created a unique opportunity for an in-depth, practical focus on the main issues
involved in evaluation and redesign of these structures.

Also immediately following the 1989 earthquake, Caltrans redoubled its ongoing seismic
research effort. Research before the Loma Prieta earthquake focused on evaluation and
rehabilitation of restrainers and single-column reinforced concrete bridge structures. The
current research effort continues studies on restrainers and single-column structures, and
adds a major emphasis on elements and systems of multi-column, multi-level reinforced
concrete bridges.

IProfessor of Civil Engineering, Director of Earthquake Engincering Research Center
2Assistant Professor of Civil Engineening
3Nishkian Professor of Structural Engineering
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These efforts have provided insights into evaluation and rehabilitation needs for existing
reinforced concrete multi-level and multi-column bridge structures. This manuscript
summarizes some of the ideas and data resulting from the work.

EVALUATION PROCEDURES
Framing Systems

Elevated roadways typically contain a relatively sparse framing system in comparison -
with typical buildings. Thus, whereas in buildings an evaluation may take advantage of
redundancy, in bridges the evaluation must be sensitive to the relatively low redundancy.
The evaluation and redesign must establish the existence of a complete three-dimensional
frame and the adequacy of its proportions and details.

Figure 1 depicts a typical pattern of framing for a San Francisco double-deck viaduct.
As is common in multi-column bridges, columns are pin-connected to pile-supported
footings. Given the pinned connection, resistance to lateral loads must be provided by a
three-dimensional frame above ground.

Resistance to lateral loads transverse
to the roadway commonly occurs by
framing among columns, bent caps,

I |

\Hl I h__" ’ and cap-column joints. Resistance to
CReguarsem  OuvggerBent longitudinal loads appears not to have

been contemplated in the original
- design of many freeways, but usually
occurs through rigid framing among
the columns, bent caps, and
longitudinal box girders (the roadway
itself). Longitudinal action thus
results in box girder flexure and bent
cap torsion (and weak axis bending
and shear in the case of outriggers),
neither of which is likely to have been
: considered in proportioning or
E— - detailing of these members in the
Reguar Bent original design. Seismic rehabilitation
may be driven almost entirely by the -
need to rectify inadequacies as-
sociated with basic framing
requirements. Complete frame

(a) Bent Configurations

I
I

(b) Frame Elevation

-~ - Nal

X
k¥ )

Regutar 8ent

" Ouricger Bent

(c) Frame Plan

Figure 1. Typical Double-Deck Viaduct
Framing
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where conservative performance criteria are specified and strictly enforced.

Analysis Models and Interpretation

Consulting engineers in California have constructed complex linear and nonlinear
(inelastic) analytical models to represent with great precision the geometry of bridge
structures including foundations, and they have used both types of models for evaluation
and redesign. The engineer should always question the accuracy of these models.
Modeling uncertainties related to basic flexural response under reversed cyclic loading are
well known; these uncertainties multiply when high nominal flexural, bond, shear, torsion,
and "connection" stresses are combined. (In this paper, "high stresses" are defined loosely
as those that seem excessive in comparison with the proportions and details when viewed
through current knowledge of requirements for earthquake resistance.) Attempts at
defining accurate response models are further thwarted by unknown spatial and temporal
characteristics of ground motions [Bolt and Gregor, 1993] and their effects on long,
multiply supported structures [Der Kiureghian and Nakamura, 1992; Fenves, 1992]. In
the face of great uncertainties and fallibility, simple models providing results that are
transparent to the user are often preferred to more complex and inscrutable models.

Procedures for nonlinear analysis are beyond the scope of the present discussion and
will not be considered further here. Engineers commonly use linear elastic models for
evaluation purposes. The usefulness of linear models for evaluation of nonlinear bridge
response lies in the well-known observation that nonlinear global displacement response
amplitudes can be related to calculated elastic global displacement response amplitudes
[ Veletsos and Newmark, 1960].

Studies of response of SDOF systems with bilinear hysteretic response [Miranda; 1991}
indicate that ductility can be held nearly constant if the strength reduction factor R=Ve/V)p
is decreased from a maximum value
equal to the displacement ductility N : =
demand J15 at the period Ty to a value ' : :

of unity at zero period. This relation \ :
enables displacement amplification in T & S Ll 6
the short period range to be estimated °
as a function of the period ratio 7,/T, 0 8 W SRS e
and the strength reduction factor R. TN ;
Figure 2 plots the relations. Ty is the L\ N SO N
characteristic ground period for the :
design earthquake, corresponding to : :
peak on the input energy spectrum. : :

Figure 2 illustrates the well-known | g

phenomenon that inelastic . o o
displacements exceed elastic ‘Figure 2. Mean Ratios of Peak Inelastic

displacements for shOi‘t4périd‘d * Displacement to Peak Inelastic Displacement
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structures. In evaluating an existing structure, the engineer should modify the deformation
demands from an elastic analysis accordingly. Furthermore, to obtain consistent results
the elastic model should be based on properties expected for response near yield. For
typical bridge structures, an effective flexural stiffness of columns equal to half the gross-
section stiffness and equivalent viscous damping of five percent of critical usually produce
reasonable displacement estimates. Refinements of linear elastic models beyond these
simple recommendations are usually unwarranted.

As a structure displaces laterally, gravity loads acting through the lateral displacement
cause second-order (P-delta) moments that may have an important influence on response.
P-delta effects are particularly important for flexible structures (that undergo relatively
large lateral displacements under earthquake excitation) and structures that have low
lateral load strength in comparison with weight. Shaking duration also plays an important
role. Inlimited studies of uniaxial response of stiffness degrading systems, Mahin and
Boroschek [1991] report insignificant increases in dlsplacement demand due to P-delta
effects for structures in which

LKL,
RWS,

in which ¥, = lateral load strength without P-delta, L = height, }¥ = weight and o, = yield -
dlsplacement without P-delta.” Assuming the equal displacement rule is valid, this
condition can be satisfied equivalently for structures satisfying the inequality [Moehle,
1992]

) V.
L0272 e 2
7 ” @)

in which &, = expected maximum displacement. P-delta effects are likely to be
insignificant for structures satisfying Equation (2). Otherwise, the engineer should either
carry out a refined analysis or upgrade the structure.

Engineers commonly estimate local inelastic demands as being equal to demand-capacity
ratios (ratio of calculated flexural moment from elastic response to plastic moment
strength). Though expeditious, this approach is likely to err on the unconservative side for
even the simplest structures. The effect is illustrated in Figure 3 for a simple bent with
yielding columns. The total elastic displacement ¢ comprises flexure in both the columns
and the cap beam. Inelastic displacement Op is due solely to column flexure. Thus, ’
although the total structure ductility demand is 6w/8,,, which for long- -period structures |
may be roughly equal to the demand- -capacity ratio, the column effective ductility demand _;
is much larger. '

Priestley and Moehle [1993] discuss this effect and its applicatidns in design of new

structures. For typical single-level bent configurations, local ductility demands are
approximately 50% higher than global ductility demands. Similar effects are likely even
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for single-column structures due to soil
flexibility effects.

Mabhin, et al. [1992] describe similar
effects for double-deck viaducts.
Figure 4 depicts deformed shapes
calculated for the Taft record assuming
elastic behavior and assuming nonlinear
behavior for R values ranging from 4
to 12. Especially for large R values,
the concentration in inelastic
deformations in the lower columns is
evident. This effect is not recognized
when local ductilities are estimated as
demand-capacity ratios from elastic
analyses.

For critical structures where a greater
degree of precision in calculation is
justifiable, local demands should be
estimated using a static inelastic
pushover analysis. This approach has
been recommended widely in building
evaluation [Freeman; 1992]. For the
pushover analysis, the engineer
constructs a nonlinear model of a
single frame of the structure, and
subjects it to lateral displacements
estimated from a dynamic model of the
bridge (Figure 5). The analysis
provides a direct measure of expected
member deformation demands, as well
as an indication of the plastic forces to
be used for checking for shear and
other relatively non-ductile failure
modes.

Even when the engineer does not
carry out a pushover analysis, (s)he
should carry out a rigid-plastic collapse
analysis as suggested in Figure 5d to
determine internal forces under limiting
deformations. ‘At this stage, the
engineer should check that flexural

Displacements

Figure 3. Distribution of Deformations in

Simple Bent
1.1
/ ] / /7
R 0.8 / // / Ve
E / / / //
L /|7 P
y 06 A
E ‘/ // J 7
I 0.4 / y // //
H g,
0.2 Y
T , A
‘ ///
O.o A 2 L B 1 (]
2 4 6 8

Figure 4. Envelop of Lateral Displacements
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and that non-ductile response modes
such as element shear failure,

anchorage failure, or joint failure, do
not occur.

Capacties

Internal
Momenls
The discussion so far has focused on

transverse response. Fenves [1992]
has shown that longitudinal response
of long, straight viaducts is influenced
by canceling effects of out-of-phase-
support motions. However, for typical
viaducts with superstructure hinges,
opening and closing of gaps decouples
distantly separated frames so that, (€) Second Plastic Hinga
typically, response is not significantly
less than response that would be . .
obtained from in-phase support Figure 5. Pushover Analysis
motion. For some geometries, the

(d) Maximum Expacted Drift

pseudo-static support displacements may induce bridge superstructure actions exceeding
those that would occur due to in-phase support motion. Given these results, for the
present time we recommend that the analysis for longitudinal response should be based on

the assumption of fully in-phase support motions. Adverse effects of out-of-phase motion
that may occur in some situations should not be overlooked or neglected.

In summary, the engineer should check overall adequacy of a bridge system by (a)
substantiating whether the frame has an adequate three-dimensional load path, and (b)
checking whether P-delta effects are important. If the overall system is adequate, the
engineer should check local demands against capacities. For important bridges, a
pushover analysis is justified. For other bridges, the engineer may use demand-capacity
ratios to estimate demands, with the understanding that local ductility demands exceed
demand-capacity ratios. The engineer should check both flexural rotation demands, and
member force demands. Comparison with element capacities will indicate whether

upgrading is required. The remaining sections of this manuscript address some aspects of
this subject.

COLUMN EVALUATION AND REHABILITATION

Columns of bridges constructed before the mid-1970s commonly are reinforced with
large diameter longitudinal bars. Transverse reinforcement is usually #4 (13-mm)
perimeter hoops spaced at 12 inches (300 mm) on centers and having 90-degree hooks.
Experience demonstrates that columns with these details are susceptible to shear and
flexural failures. (In single-column freeways, longitudinal bars are commonly lap-spliced
for a length of 204, at the base of the column. This condition may limit column strength
and deformability [Chai; 1990]. This condition is less common in multi-column structures,
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and is not considered further here.)

The idealized model of Figure 6 is suitable for checking flexural deformability of
columns. The ultimate curvature capacity may be approximated as the value calculated

using conventional approaches with maximum compressive strain capacity represented by
Equation 3 [Scott; 1982].

£y Z0.0044+0.020" f,  oooovvvooemeerrresesre s sssssssssssesens 3)

in which g,= maximum concrete strain capacity, p” = transverse steel ratio, and SHy=yield

stress of transverse steel in ksi. For typical columns the effective plastic hinge length I
may be approximated according to Equation 4.

in which h is the column dimension in the direction of lateral loading.

Engineers have long realized that
shear failure may limit deformability of
a column, or, alternately, that inelastic
flexure may reduce shear strength

e _ [ATC6-2; 1982]. Moehle and
! ~ orasii Aschheim [1993] describe results of
; : Hinge ana!yses of bridge columns damaged
Y ar av v aw sy sy v, during past earthquakes and of bridge
Pinned Base

column models tested in the laboratory.
For design purposes, it is convenient to
define arbitrarily the shear strength as
the sum of a stationary contribution

(a) Mechanism

; p o attributed to the transverse
=/ reinforcement, ¥, and a variable
7 contribution attributed to the concrete,
| = V.. Equations S define the term V.
1 Moments  Gurvalures Jor rectangular columns....
—QT— ¥ d
Axial and shear forces V, = i&j ........ (52)
from plastic analysis stan30
(b} Flexural Model for Hinging Column Jor columns with spirals ....
g A_f D
V.= —Jfl—— ...... (5b)
2 stan30°

Figure 6. Column Flexural Deformations . . .
&t e in which A4,, = total cross-sectional area

of rectilinear transverse reinforcement
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parallel the applied shear within a longitudinal spacing s, Jyt= yield stress of transverse
reinforcement, d = 0.8 times the column cross-sectional dimension in the direction of the
shear, A4, = cross-sectional area of spiral bar with spacing s, and D’ = diameter of spiral

wrap.

The term V,; in pounds varies according to Equation 6.

Vc=3.5[k+ N,
20004,
A
k
1
0 - >
1 4

Figure 7. Variation of the Parameter k

3
-
2 =
n

= n B omx g

R . -

s . .. -
1 L ] =

-
D 1 2 3 4 s [ 7 8 9 10

Displacement Ductility

Figure 8. Comparison of Measured and
‘Calculated Column Shear Strengths
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in which f; = concrete compressive
strength in psi, N, = axial load in
pounds, 4, = gross area of column
cross section, 4, = 0.8Ag, and k varies
according to Figure 7.

Figure 8 compares ratios of measured
to calculated strengths as a function of
displacement ductility.

Where flexural deformability or shear
strength are inadequate in an existing
column, upgrading using steel jackets is
commonly employed in California.
Procedures for design of a jacket have
been described elsewhere [Chai; 1990].

CAP BEAMS, OUTRIGGERS, AND
CAP-COLUMN CONNECTIONS

Inelastic action is generally preferred
in columns rather than beams or
connections for several reasons. The
column has a simple, well-defined cross
section, usually with low axial load
stresses, so design for expected
inelastic actions is relatively
straightforward. Furthermore, any
column damage that occurs during an
earthquake can be readily observed and
repaired. Arguments against formation
of soft stories in bridge structures are
not compelling because axial load
stresses are low, and the number of
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“story" levels is seldom greater than two.

Inelastic flexural action of cap beams may be acceptable where the superstructure is
bearing-supported, because in this case the beam cross section is clearly defined and its
behavior can be evaluated with some confidence. Where beams are monolithic with the
superstructure, beam plastic hinging should be avoided because () the cross section of the
beam cannot be uniquely defined and (b) hinging may result in undesirable superstructure
damage. Inelastic response of outriggers and of cap-column connections is best avoided
because techniques for producing stable response have not been advanced,

Cap Beams

Where beam reinforcement is well anchored into beam-column connections the flexural
strength and flexural deformability can be evaluated using the techniques described
previously. Relatively little is known about the cyclic shear behavior of large cross
sections with light reinforcement as is common in bent caps. Not having definitive
laboratory data, we recommend Equation 7 for cap beam shear strength.

Va=V 4V, e (7a)
V. =k(0.85+120 ' b.d
cmHOBLROP) b (7b)
<24k [f'.bd
d
Kz—éyf’—' ............................................................ (7¢)
)

in which ¥, = nominal concrete strength in pounds, & varies according to Figure 7, p,, =
ratio of longitudinal tension reinforcement, f¢= concrete compressive strength in psi, b, =
web width in inches, and d = effective depth in inches.

Figure 9 (Test 1) illustrates the measured beam load-displacement relation for a model
of a typical as-built exterior connection of a double-deck structure [Mochle and Soyer;
1993). Strengths correspond to yield of top beam longitudinal reinforcement for
downward bearn load and yicld of bottom beam longitudinal reinforcement for upward
beam load.

As is typical in existing construction, most of the beam bottom bars terminate near the
connection (Figure 9), with the remaining bars extending into the Jjoint a distance of
approximately 20d,without a hook. In this test, as well as in ficld tests on the Cypress
Street Viaduct [Bollo; 1990], the bottom bar embedment was adequate for development
of the Grade 40 bars (specified fy =275 MPa) for numerous inelastic loading cycles.
(Adequacy of the bottom bar anchorage is less certain for bents where the column
undergoes inelastic rotations adjacent to the anchored beam bar.) -
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- Failure of the beam was due to sliding

along a single, wide crack in the beam
adjacent to the joint face. Growth of
the crack width is attributed to two
phenomena: (1) Under upward beam
load, the plastic hinge was restricted to
a short length of beam adjacent to the
joint because of the termination of the
majority of beam bottom bars near the
joint, and (2) Because top
reinforcement area significantly
exceeded bottom reinforcement area,
the top reinforcement never yielded in
compression, so yicld strains in top
stecl grew progressively. As testing
progressed, sliding along the interface
ensued.

Strengthening techniques for bent
caps loaded in flexure and shear include
addition of bolsters and/or external
prestressing. Prestressing may suffice
in cases where shear strength of the cap
beam is adequate. (Note that
prestressing is likely to enhance the
shear strength of the cap beam [Collins
and Mitchell; 1987].) Where shear
strength of the beam is not adequate,
bolsters can be added to provide
additional shear strength (Figure 10).
Mahin [1992] presents details of a
bolster design for one of the San
Francisco double-deck viaducts.

Outriggers

Outriggers (Figure 1) are common in
locations where obstructions do not
permit the supporting columns to be
located beneath the superstructure
Transverse and longitudinal bridge
response results in combined biaxial
flexure, biaxial shear and torsion in the
outrigger beam. Transverse
reinforcement of existing outriggers




150 ) T ¥ T T T ¥

100 | commonly comprises U-shaped stirrups
- I that do not provide adequate
] shear/torsion capacity.

Thewalt and Stojadinavic [1993]
e L report tests on as-built and retrofitted
v _ As-Built —— - outriggers (Figure 11). They identify a
LA Rapaired Joint ---— - .
& number of failure modes; however, two
P TR main failure modes predominated for
Displacezenc (inches) the as-built they have considered.
Transverse Respoase at Top of Column First, the essentially unreinforced joint
was incapable of developing the
strengths of the adjacent column and
beam for in-plane loading. Second,
or A . when the joint was strengthened, the
- outrigger beam was incapable of
ductile response to the resulting
i combined bending, shear, and torsion
actions. Figure 11 plots transverse and
_ As-Builc — longitudinal responses of the as-built
-50 | Repaired Joint —-- . . .
outrigger and of the as-built outrigger
B T T Y o s i & s with a strengthened joint. Standard
Displacezenc (inches) procedures were capable of estimating

Longitudinal Resposse 2t Top of Column as-built strengths. Deformation

Figure 11. Transverse and Longitudinal capacities of the as-built system were

Response of As-Built Outrigger Specimen considered unacceptable for most
applications.

Force (kipa)

Forcoe (kips)

Thewalt and Stojadinovic [1992] investigated two outrigger retrofits. A concrete retrofit
added bolsters to the outrigger, providing closed hoops so that the torsional strength was
approximately double the cracking capacity. The bolsters extended around the joint,
strengthening it so that effectively elastic joint behavior resulted. Figure 12 shows the
retrofit and its performance. At large deformations, the outrigger beam failed in torsion,
with distributed but widening cracks, and extensive spalling of cover concrete. Although
this retrofit maintained strength through large deformations, the extensive diagonal
cracking to the outrigger may be considered unacceptable.

A second retrofit strategy investigated by Thewalt and Stojadinovic involves
strengthening the outrigger beam to avoid inelastic behavior in the outrigger beam. The
engineer can select either steel or concrete jackets for this purpose. Key considerations
for the retrofit design include (a) post-tensioning into the box girder to provide required
weak-axis bending strength, (b) dowels between new and existing concrete to transfer
interface shear primarily due to weak-axis bending, (c) closed perimeter ties in a concrete
jacket, or sufficient steel thickness in a steel jacket, to provide required torsion strength.
Retrofit of the joint and column may also be required.
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(a) Section | (b) Layout
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Force (kips)

Figure 13 depicts details and behavior of an outrigger with a steel jacket designed so the
outrigger would remain elastic. Stiffeners in the joint area were provided to resist

ons, the column failed; the outrigger was

expected compression struts. At large deformati

nearly elastic.

(a) Section
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(b) Layout
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Figure 13. Details and Behavior of Outrigger Steel Retrofit
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Beam-Column Connections

The 1989 Loma Prieta earthquake exposed the vulnerability of concrete bridge structures
to failures of unreinforced and inadequately reinforced beam-column connections.
Contemplation and experimental research in the intervening period have led to an
improved understanding of connection strength and redesign requirements.

Connection geometries and details of
primary interest include those depicted
in Figure 14. Connections in typical

s N T h pre-1970s bridge construction in
. California do not have joint transverse
LL:L::HQM et ) ] ] reinforcement, with the exception of
Joiot — nominal cap beam skin reinforcement
Gowd  bood  boud ] that extends into or through the joint.
' . . Where column reinforcement
(&) Multi-Column Bent (b) Knee Joint terminates in the joint, hooks are
usually not present. Bent cap bottom
bars are likely to terminate within the
__l joint without a hook.
I C I A Note should be made of the possibility
1 l‘* ] ] of column plastic hinging when
! il — considering behavior and design
] [—' —l requirements; conventional reliance on
distributed column bars acting as
. . . . vertical joint reinforcement [ACI 352;
{c) Interior Joint (d) Exterior Joint 1985] may not be applicable in this
case. Instead, vertical joint
reinforcement in addition to the column
Figure 14. Typical Existing Connection longitudinal steel may be required.
Details Ongoing research at UC Berkeley is

investigating the design and redesign
requirements for this condition.

Moehle and Soyer [1993] report results of tests of an exterior connection having details
typical of those constructed in California in the 1960s (Figure 9). The beam moment
strength was less than the sum of the column moment strengths. Under simulated gravity
and seismic loading, nominal joint shear stress of 5.5Vf'; psi was sustained without
appreciable joint cracking (see Figure 9 for measured response).

A second exterior connection test involved strengthening of the beam by addition of
external post-tensioning. Figure 15 shows details and results of the test. Failure was by
development of diagonal cracks and eventual disintegration of the concrete in the joint.
By the end of the test, the stress in the post-tensioning rods had increased significantly,
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resulting in a total joint shear stress at failure equal to approximately 12Vf', psi.

A final retrofit on an exterior connection involved post-tensioning (identical to that used
in the preceding test) plus jacketing of the column and joint with a cylindrical steel jacket
(Figure 16). The jacket was discontinuous just below and just above the joint, so that
flexural strength of the column would not be increased excessively and so that
deformations of the column would not be imposed on the jacket surrounding the joint.

o - Cylindrical Steel Jacket
7z
// / Stiffener and Through-Bolts
/ Post-Tensioned
/— Rods

[

Post-Tensioned
Rods

*_ %

AN Gap
o
12 12 i
Beam I | Beam P Laad 1
Load, kip 80} Exterior Joint /‘ Load, kip 80}— Exterior Joint {4 fi
| Test2 //¢ —1  Test3 17/
40 d 40 i 1
: Y/ Z .72 | 7/
o A 0 A i
Z i
40 Kz 77/ NP7 a
1z ; i
-80 -80 ;
1
12 12
4 2 0 2 4 4 2 0 2 4
Beam Displacement, in. Beam Displacement, in.
Figure 15. External Post-tension Figure 16. External Post-tension Plus Steel
Retrofit Jacket Retrofit

Also, the jacket around the joint had to be discontinued where it met the beam; at this
location the jacket edge was stiffened and bars were passed through the beam to improve
continuity. Under simulated gravity and seismic loading this specimen performed very
well. Final failure was due to exhaustion of beam rotation capacity.

Behavior of knee joints has been the subject of research efforts at UC Berkeley and UC
San Diego. Tests on the Cypress Street Viaduct [Bollo, et al.; 1990] and laboratory
outrigger bents [Thewalt and Stojadinovic [1992] indicate that joint failure of unreinforced
joints can occur at nominal joint shear stresses as low as 3.5 /. psi. Joint shear failure
results in rapid degradation of load resisting properties (see Figure 11).

Studies of knee joint retrofit are ongoing at UC Berkeley [Thewalt and Stojadinovic
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[1992] and UC San Diego [Ingham; 1991]. In the UC San Diego study, joint concrete
was removed and the new reinforcement and concrete was placed. In the UC Berkeley
study, the a concrete jacket was placed (see Figure 12). In both cases, both vertical and

horizontal reinforcements were placed. Refinements of design and redesign methods are
likely in the coming years.

. Vo -w‘ T
PR

CONCLUSIONS

Experience and research on seismic behavior of multi-column concrete bridges have
identified techniques for evaluating framing concepts, expected response, and possible

upgrading strategies. The methods described in this paper are under continuing
development.
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SUMMARY

The substructure of main tower of Hakucho Ohashi Bridge had to be
built on tuffaceous rock which, at its deepest point, is 73m below the sea
level. Within this stratum is a 15m thick layer of sandstone which
contains boulders up to 1.5m in diameter. In order to cope with such
geological conditions, rigid foundations were, for the first time in the
world, successfully combined with a continuous underground wall.

This paper describes the basic concept and the earthquake resistant
design method of these rigid foundations. It also examines the validity of
many of the désign parameters assumed at the design stage, comparing the
design values and étructurél analyses of the continuous underground wall,
with readings taken at the construction site with measuring instruments.

INTRODUCTION

Hakucho Ohashi Bridge is a 2-hinge closed-box type suspension bridge,
with side towers at each end. It has backstay span of 80 meters, a center
span of 720 meters and a side span of 330 meters (Figure 1). The bridge
rests on six sets of foundations. The subsoil supporting the foundations
of the main towers on the Jinya side (hereafter referred to as 3P) and on
the Shukuzu side (hereafter referred to as 4P) is very deep, at TP-73.0m,
and TP-57.0m, respectively. For this reason, rigid foundations combined
with a continuous underground wall were employed: the latter, a flat,
circular structure, is used as a temporary retaining/cut-off wall, within
which the substructures are built, following enclosed dry excavation.
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The main tower on the Jinya side (3P) is notable for:

(O] the depth of the continuous underground wall (TP-103.0m), the depth of
the enclosed excavation (76.0m) and the depth of excavation during
construction (over 100m). all of which are unprecedented for a
continuous wall;

@ the cutting joint method of constructing the continuous wall, in which
the preceding elements are cut by an excavator, in order to form the
joints: the two-dimensional shape of the wall, as can be seen from

Figure 10 (element matrix), is polygonal rather than circular:

©)] the varying structural system of the continuous wall, because the
reverse-lining wall are constructed at each stage of excavation.

In view of these factors, a successive structural analysis method,

using three-dimensional FEM, was employed in the design of the continuous
underground wall, in order to improve analytic accuracy.

Outline of the substructure of the main tower (see Figure 2)'

(1) Substructures

In order to improve stability, the substructures of the main towers,
below the seabed(design subsoil level), are in the form of huge cylinder,
34m in diameter and 58m high in the case of 3P, and 34m in diameter and 38m
high for 4P. In order to reduce dead weight and to lower the center of
gravity, the substructure above the design subsoil level has foundation
widths reduced to 22m at 3P and 26m at 4P.

The 2-meter thick concrete side wall is to be constructed in reverse-
lining construction methods below the design subsoil surface when the open
dry excavation method is used within the continuous underground wall.
Together with the latter, the side wall resists earth and water pressures
during the period of construction. After completion, it will transmit the
load of the middle-top slab to the bottom slab, and will resist earth
pressure from the front and side faces of the foundations. The bottom slab
is a disk, 34 meters in diameter, 6.5 meters thick for 3P and 5.0 meters
thick for 4P. The bottom slab resists base reaction and hydrostatic uplift
during construction. After completion, it will act as a beam on the side
wall and the partition wall, thereby transmitting loads from both walls to
the supporting rock stratum. The 1.S5-meters thick partition wall is built
from the bottom, once the laying of the bottom slab is completed. The 5-
meters thick concrete middle-top slab transmits the loads from the upper
part to the lower part of the division wall, as well as to the side wall.
The concrete top slab, 7 meters in thickness, will be constructed on the
upper part of the partition wall, and will take directly the load of the
main tower.

(2) Continuous underground wall

This is a cylindrical concrete ﬁall. 1.5 meters thick and with an

outside diameter of 37 meters, both at 3P and 4P, whose purpose is to keep
out water and soil. To stabilize the bottom surface of the enclosed
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excavation, the embed depth are 106m, and 67m for 3P and 4P respectively.
At 3P in particular, high-strength underwater concrete with a design
standard strength of 370 kg/cm2, has been employed, in order to ensure
safety during open dry construction at a depth of 73m below the sea level.
The construction is carried out on an artificial island made by filling the
steel pipe sheet pile cofferdam with coal ash slurry.

Design of the main tower substructure

(1) Geology (see Figures 1 and 2)

At 3P, there are 40-meters thick quaternary period diluvial and
alluvial deposits, composed of alternate layers of sand and silt with N
values between 0 and 30, below the seabed, or TP-15 meters. Beneath these
is a 5-10 meters thick gravel layer which contains rounded boulders
approximately 1.5 meters in diameter. Below this gravel layer is neogene
period tuffaceous coarse-grained sandstone.

(2) Classification of rock strata

Rock strata were classified as D, CL, CM, CH and B (from soft to

hard), according to their modulos of deformation (Esp) -- obtained by using
the borehole lateral loading test as the main index -- rock hardness and
core shape. The rock stratum supporting the main tower was classified as

CL and CH. Details appear in Table 1.

(3) Bearing capacity

The bearing capacity of each foundation rock stratum was calculated by
using a formula, and assessed by examining settlement and failure
calculated by means of a deformation analysis simulation using FEM
analysis, followed by comparison with the C and ¢ of previous examples.
Table 2 shows the results of these examinations.

(4) Earthquake resistant design method (see Figure 3)

The seismic design method used for the Hakucho Ohashi Bridge is
notable in that:

0] seismic waves at the bridge construction site are used;

@ account is taken of the dynamic interaction between the ground and the
foundations, because the foundations extend deep into the subsoil;

® The force of superstructure was calculated using a whole system

response spectrum method (CQC).
1) Determination of input seismic motion

Using figures recorded by a vibrometer located 1km, distant from the
construction site, a formula for the incident acceleration rate at the
Muroran bedrock was established. From this formula., and from records of
past earthquakes, the design acceleration rate (Amax) at the foundations
was set at 120 gal. '
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2) Design bed rock acceleration response spectrum (Bed rock SA)

The spectrum was established from three waves, at Tokachi-oki, west of
Hidaka, and Urakawa-oki (hereafter referred to as Muroran 3 waves), which
were recorded at higher than 150 gal. at ground level in Muroran, and Amax

was set at 120 gal.
3) Examination of liquefaction phenomena

Liquefaction was examined by means of the following three methods:

0] a simple method shown in a road and bridge design manual;

@ a detailed method, using SHAKE and repetitive triaxial
compressions tests; and

(&) an effective stress method.

The attenuating factors (DE) of the subsoil constant were set at 1/3
less than 10 meters deep below the design subsoil surface.

4) Dynamic interaction between ground and substructure

Since the substructure of the main tower of the bridge is constructed
very deep into soft subsoil, dynamic interaction was examined using a
ground-foundation system model, which gave the following results:

@ the primary mode of subsoil contributes mostly to the foundation

displacement;
@ the subsoil vibrates mostly in primary mode.

On the basis of these results, the difference between structural
displacement and subsoil responding displacement was acted upon statically
as a load to the foundation through spring to be used for calculating the
superstructure response reaction, as dynamic interaction between ground and

foundation.
5) Design ground surface acceleration rate response spectrum (surface -
SA)

Since the SA (calculated by subsoil response analysis, using Muroran 3
waves), and the incidence earihquake motion spectrum (L-1) on the 4th class
subsoils in Muroran, (calculated by the earthquake analysis program (RISK-
II) developed by the Public Works Research Institute of the Ministry of
Construction), were almost identical in the practical region) (T=0.6-1.5
seconds), L-1 was defined as ground surface SA: ‘

6) Design seismic intensity

In accordance with the road and bridge design manual, design revision
seismic intensity above the design ground surface was set at KH=0.3, using
ground surface SA and a correction factor calculated as h=0.2.

7) Response reaction of superstructure

This was calculated in accordance with the response spectrum method
(CQC method), psing a whole system suspension bridge model, because @ the
mode of superstructure is complex, and @ the period of substructure is
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long and likely to resonate.

In response analysis, use was made of dynamic modulus of deformation
derived from the PS logging., and of static deformation factors derived from
the lateral horizontal loading test. A larger of the response reaction of
superstructure either on the longitudinal direction or transverse
direction, is used in the design.

8) External forces generated during earthquake

The following external forces exerted on the foundations during an
earthquake were taken into account:

@® Response reaction of superstructure, @ inertial forces at bridge
piers above the design subsoil surface, and ® dynamic interaction between
the foundations and the subsoils.

{5) Calculation of stability of foundations

The substructure of the main tower is a composite of the continuous
underground wall and the substructure itself. The design parameters ave:
@ that the embed portion for the continuous underground wall is virtually
ignored in the safety calculation; @ that vertical load is resisted only
by the bottom surface of the substructure; @ that horizontal forces are
also resisted by the continuous underground wall; and @ that in
determining structural stress from stability calculations, it is assumed
that the load is resisted only by the substructure, resistance by the
continuous underground wall being ignored.

Design of the continuous underground wall

(1) Analytic method

The analytic method made use of a finite element method model, capable
of analyzing the three-dimensional transmission of stress, as shown in
Figure 4. The wall is polygonal in shape, rather than truly circular,
because of the characteristics of the construction method. A preliminary
examination revealed that the stress increment of the construction shape
model is some 20-30 percent higher than that of a circular model. The
model used took account of the actual shape of the construction.

-In structural analysis, a side wall, to be added at each stage of
excavation, was modeled at each of these stages, and the load generated at
each stage was exerted on the model. The stresses generated regularly by
the load are accumulated, but stresses generated by loads during
earthquakes were not added.

Since the full effects produced by a perfect combination of the
continuous underground wall and the side wdll cannot be expected in
practical term, they are analyzed as a superposed beam in principle, but
residual stress generated within the side wall was also examined for the
conbined beam, so as to ensure design safety by making use of the conbined
beam as part of the bridge substructure after completion.
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(2) Load

As loads are exerted during construction, regular equal pressures
(water pressure and earth pressure), partial earth pressures inordinary and
partial earth pressures during earthquake were taken into consideration.
Relationships between each operating load and subsoil resisting spring are
shown in Figure 5. The method used to establish each load will be

explained below.

(3) Load exerted on the continuous wall during each excavationstage

Excavation stage of the continuous underground wall as shown Figure 6.
As shown at a-c of Figure 7, stress is accumulated consecutively at each
stage of excavation, and only the increment is loaded at the subsequent
stage. The load shown at Figure 7-d is added at each excavation stage, as
the load to be exerted during earthquakes, but is not accumulated. The
intensity of each load was defined as explained in the following section.

1) Water pressure

The difference between water pressure outside of continuous wall and
water pressure inside the wall after draining is exerted in isopiestic
conditions. In such conditions, if water permeability at the lower end of
the wall is high, the load will be distributed in triangular form, with the
highest load (at the excavation surface) as the apex, falling to zero at
the lower end of the wall. On the other hand, if the lower end/part of
the wall is not water-permeable, the shape of the load distribution is
trapezoidal, the water pressures at the lower end/part of the wall and at

the excavation surface remaining the same.

In the design of the Hakucho Ohashi Bridge, because water
permeability of rock bed at the lower end of the wall varies greatly from
10-4 to 10-7 cm/sec, and in order to ensure safety in the dry construction

method, safer figures are used.

2) Earth pressure

Static earth pressure is exerted isopiestatically because deformation
of the continuous underground wall is small.

3) Partial earth pressure

Since the structure has a wide surface, account was taken of partial
earth pressure, caused by subsoil variety, and unevenness of the excavated
surface due to order of excavation. This partial earth pressure; which
accounts for 20 percent of the persistent earth pressure at rest is
exerted from both sides. ‘

4) Partial earth pressure during earthquakes -

Methods were taken into account for ©® loading the difference between
active earth pressure during earthquakes and active earth pressure in
ordinary from both ends (partial earth pressure £1), and C)‘loading side
subsoil displacement obtained from subsoil response- analysis through
subsoil spring (partial earth pressure £2).
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Because the partial load of the artificial island is consisted to be
applied to the continuous underground wall during an earthquake, part of
the mass of the island is exerted as an inertial force.(see Figure 8)

Calculation results of continuous underground wall structure

The results of the calculated compression stress intensity along the
circumference of the continuous underground wall are shown in Figure 9.
Water pressure is the largest component of the compression stress along the
circumference of the concrete wall, and accounts for about 60 percent of
the various types of load exerted, both normally and during earthquakes.
The maximum stress at a depth of about 70m from the surface at the
cofferdam is around 170 kgf/cm2 at normal times, and around 190 kgf/cm2
during an earthquake (both readings are taken from along the outer edge of
the wall). Consequently the design standard strength of_concrete requires
a high strength of around 370 kgf/cm2 {(underwater concrete strength
requirement is 500 kgf/cm2) for both normal and earthquake conditions.
When the distribution shape of water pressure is trapezoidal, the maximum
lcad, under any conditions, is slightly lower than when the distribution
shape is triangular.

Disposition of measuring instruments

The types and locations of measuring instruments placed within the
continuous underground wall are shown in Figure 10.

Measurement results of external forces

(1) Water pressure

Figure 11 shows the distribution of water pressure along a vertical
axis, and Figure 12 shows the water pressure horizonal distribution at the
first and final (9th) stages. In the distribution along a vertical axis,
the values shown are obtained by deducting the values returned by an inside
water pressure gauge from those returned by an outside gauge. Water
pressure in hydrostatic distribution during the initial stage of excavation
shows a tendency of declining from the hydrostatic pressure, and the
distribution shape is something between triangular and trapezoidal.
Although the outer water pressure along a horizontal axis is practically
isopiestic, a comparison of the water pressures at cross-sections H and D,
respectively closest to, and furthest from, the deep well, shows that there
is a remarkably large fall in water pressure around cross-section H.

(2) Earth pressure

Figure 13 shows the distribution of earth pressure along a vertical
axis, while Figure 14 shows its distribution horizontally. However, the
value of the earth pressure was defined as the difference between the
underground side pressure and water pressure. Vertical earth pressure was
distributed in the form of an inverted triangle, in which the figures
decrease over time, as opposed to the triangular distribution assumed
initially. The intensity of the measured earth pressure was slightly lower
than the design earth pressure, although in places it was almost the same.
The horizontal earth pressure distribution, on the other hand, was not
uniform, as can be seen from Figure 22. 1t should be noted that at the top
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of cross-sections C and G earth pressure decreased substantially in some
cases the excavation of the place where the gauge was buried.

(3) Partial pressure

Partial pressure was assumed to account for 20 percent of the earth
pressure at rest, corresponding to the LNG design and construction manual.
However, since the earth pressure measurements display no regularity or
uniformity of distribution, it was difficult to estimate the partial
pressure from earth pressure readings. Nevertheless, because partial
pressure may be generated by sources other than earth pressure, account
should be taken of it in the design.

Measurement of generated stress intensity and displacement
(1) Horizontal measurements of stress intensity

Figure 15 shows measurements (full lined with marks) of edge stress
intensity taken horizontally along both the inner and outer concrete of the
continuous underground wall at cross-section A (preceding element),
together with the design calculation values (full lined). Figure 16 shows
the values of the same measurements taken at cross-section C (succeeding
element). Cross~-section A corresponds to the folding point of the
continuous underground wall, and cross-section C corresponds to the center
point of the straight line of the wall. The measurements show that the
design and measurement values at each cross-section agree quite closely at
the early stages of excavation, but that stress intensity undergoes drastic
change as excavation proceeds, and in places comes close to the allowable
compression stress intensity. The latter is remarkably high inside cross-
section A and outside cross-section C, and is close to the design
intensity. On the other hand, an extremely high level of compression
stress intensity was measured inside cross-section C, where it was expected
that intensity would be lower because of the cross-section's polygonal
shape. This may be assumed to derive from the influence of the hydration
heat of the concrete laid in the side wall. Tensile stress intensity.
which during construction was considered to be generated only during an
earthquake, was observed in the upper part of the continuous underground
wall, and the steel reinforced joint structure was effective under normal

conditions.
(2) Reinforcement bar stress intensity along a vertical axis

This was negligible, but was irregular, as it was influenced by
hydration heat.

(3) Displacement

Satisfactory results could not be obtained from the measurement of
displacement, because of instrument errors caused by the measurement taken
at great depth. However, the shape of the displacement revealed that the
side wall would restrain the deformation successfully.

In future, it may be desirable to use an underground tiltmeter to
measure the displacement of such substructures.
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Conclusions

The comparison of measured and design values gives rise to the
following comments about assumed conditions and analytic techniques.

1) Water pressure is influenced by the permeability of the surrounding
subsoil and of subsoil beneath the excavation face. However, water
Pressure readings taken along the circumference of the wall show an
isopiestic distribution, and the form of water pressure readings along
a vertical axis was somewhere between triangular and trapezoidal, as
assumed by the design.

2) Earth pressure was considered to increase proportionately with depth,
but its distribution form was almost that of an inverted triangle, and
the depth figure was also quite low.

3) It was observed that partial pressure was generated because of water
pressure under the influence of deep well.

4) As regards measured external forces, water pressure readings
corresponded closely to the assumed values. However, earth and
partial pressures were considerably below the values assumed.
Nevertheless, the fact that the stress intensity of the continuous
underground wall was close to the design value could be explained by
the facts that the stress intensity generated by water pressure
accounts for about 70 percent of the design value, and that the stress
intensity attributable to earth pressure and water pressure was offset
by the heat produced by the hydration of the concrete of the side
wall. The use of three-dimensional finite element analysis could be
Justified in view of the fact that the effect of the polygonal shape
is clearly manifested.

This paper reports on the comparison of various values assumed at the
design. stage with those measured during construction of the continuous
underground wall of the substructure of the main tower of Hakucho Ohashi
Bridge. The measurements were made primarily to aid the control of
construction, and could not be considered to produce material satisfactory
for use in verifying aspects of the design. We hope, nevertheless, that
this study will provide matérial that will be useful in the design of
similar structures in the future.
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Table 1 Rock classification and strength parameters
- { ): design value

unit P - CL iP - CL 37 - CH 4P - CU
Esol kzgi/cd 1,000~ 2,000(1. 400) 2,000~4,000(2,800)
C kg £/cd 3.0 2.0 6.0 {.0
¢ deg 18 30 20 35

Table 2 Allowable bearing capacity
( wnit : /)

fourdation 1A, 2P 3P 4P . 5P . 6A

norsal condition 300 250 200

i - :
during ea’qf,‘a,(es 450 37§ 300
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RESOLUTION OF THE NINTH U.S.—JAPAN BRIDGE ENGINEERING WORKSHOP
DESIGN, MODELLING, CONSTRUCTION, AND RETROFITTING
. Tsukuba Science City, Japan
May 10 and 11, 1993

The following resolutions are proposed by organizers of the ch U.S.—Japan Bridge
Engineering Workshop to the Task Committee J of U]NR

1. Whereas; the Ninth U.S. —-Japan Bndge Engmeenng Workshop provided valuable
exchange of technical information which was beneficial to bridge engineering
communities of both countries. 68 participants representing government, academia,
industry and private practice presented 31 papers in- technical sessions. ~Main
themes focused on research for: innovative methods on superstructure design,
analysis and response; wind resistant design and analysis; seismic design and
analysis; and substructure behavior.

2. Whereas; the Workshop recognizes the importance of continued exchange of
personnel, technical information, research data and bridge response data from
significant earthquakes and strong winds; the use of available unique research
facilities in both countries; and encourages cooperative efforts in mutually agreeable
areas of bridge research.

3. Whereas; the primary purpose of the Workshop is to exchange technical information
- on a timely basis that is usable by the bndge engineering profession. The specific
objectives of this Workshop are: ‘

M To stimulate collaborative research work in the important area of bridge
- engineering for better design construction, . performance, rehabilitation, and
strengthemng of bndge structures in both countries. -

o T 0 facnhtate the exchange of techmcal mformatlon and ideas and to promote the
broademng of v1ewp01nts for those mvolved ' :

l To ensure a- ﬁrst hand exchange of mformatlon resultmg from the unique

- problems - each: country is faced  with; for example, the development and
implementation of bridge management systems and hnut state or load and
resistant factor design methods. : -

4, Whereas; the Workshop identifies the following technical topics for continued
cooperative research programs:

M Dynamic control and seismic isolation of bridge structures including: active,

passive and hybrid control, damping augmentation, experimental studies and
application to long—span cable—supported bridges.
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B System identification techniques for wind and seismic engineering including:
data interpretation studies, development of mathematical models, identification
of nonlinear systems, reduced—order models, computational algorithms, and
optimum sensor locations.

B Nondestructive evaluation techniques including damage detection by sensor
monitoring, expert systems, inspection techniques, structural monitoring,
condition assessment for safety, performance evaluation, and repair procedures.

M Experimental and analytical studies on the Veffects of dynamic soil
- characteristics, including bridge—soil interactions, on the behavior of bridge
structures. '

| Retroﬁﬁing and strengtheﬁing meﬂlodologiés for bﬁdge étructures.

IV Development of &esign Critéria baéed on liﬁnit—'state concepts.

B Jointless bridge criteria, design, and performance. |

!’ Use and performanég: of hew and enhanced struétural maxterials.' |
o Deﬂ'elopment of standard test procedﬁres fof base isolation devices.

5. Whereas; the interaction among the delegates from the United States and Japan
during the round—table discussions and the technical study tour has lead to an
enhanced exchange of data-and innovative ideas, and will also lead to the
establishment of cooperative research efforts, both theoretical and experimental, on
bridge engineering.

. Be it resolved that; in view of the importance of cooperative programs such as that

between PWRI and FHWA on the subject of wind and seismic effects on bridges and
on performance, strengthening, structural monitoring, safety, nondestructive
evaluation and design innovation of these transportation structures, the continuation
of technical cooperation and interaction is considered essential. . Further, it is
recommended to conduct a 10th bridge engineering workshop in Lake Tahoe,
 Nevada in conjunction with the 26th UJNR joint meeting in Gaithersburg, Maryland
in May 1994 and also in conjunction with an activity under the auspices of the
PWRI-FHWA Memorandam of Understanding. - A study—tour will be planned to
visit research laboratories and bridge —construction sites. Co
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WORKSHOP PROGRAM

9th U.S.—JAPAN BRIDGE WORKSHOP
(Workshop on Bridge Engineering)

May 10 and 11, 1993

Tsukuba City, Japan
Monday, May 10, 1993 ; Place: Conferen yom (8F) P
SESSION 1: OPENING SESSION
(Co—Chairmen: M. Fujiwara, J.D.Cooper) 9:00 ~ 9:15

Welcome Remarks: Yukihiko Sumiyoshi (Director General, PWRI)
Remarks: James D. Cooper (Chairman for the U.S. side)
Remarks: Minoru Fujiwara (Chairman for the Japan Side)

SESSION 2: SUPERSTRUCTURE(1) 9:15 ~ 10:15
{Co—Chairmen: K.Nishikawa, J.D.Cooper)

(1) K Nishikawa, M.Kanda * and K.Uchida: . |
~ Structural Behavior of Prestressed Concrete Beams Uéing FRP Tendons
9:15 ~ 9:30)

(2) G.Runco * and P.Brinckerhoff : -
Management Decisions for Bridge Deck Rehabilitation/Replacement -
(9:30 ~ 9:45)

(3 LSugie * , Y.Yamaguchi, K.Kobayashi and K.Kuzume : Damage and Its
Reinforcement of Post—tensioned Prestressed Concrete Bridge Slab
(9:45 ~ 10:00) ' ' '

- DISCUSSION

(10:00 ~ 10:15)
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COFFEE BREAK
(10:15 ~ 10:30)

SESSION 3: SUPERSTRUCTURE(2)
(Co—Chairmen: K.Nishikawa, B.M.Douglas)

(4) F.W.Klaiber * , K.F.Dunker, T.J.Wipf and F.S.Fanous :
Strengthening of Steel—Stringer Bridges by Post—Tensioning
(10:30 ~ 10:45)

(5) T.Shirono * , H.Nishi, O.Nakano and K.Kumagai :
Application of Buried Joint in Cold and Snowy Region
(10:45 ~ 11:00)

DISCUSSION
(11:00 ~ 11:10)

COFFEE BREAK

(11:10 ~ 11:25)

SESSION 4:WIND RESISTANT DESIGN(1)
(Co—Chairmen: H.Sato, E.Maragakis)

(6) K.Kimura, Y.Fujino * and S.Hiejima : An Experimental Study on Aerodynamic
Sound Generated from Handrails of Flat Plate Cascades
(11:25 ~ 11:40)

(7) 0.U.Onyemelukwe and H.R.Bosch to be presented by J.D.Cooper :
Simulation Techniques for Bridge Aerodynamic Investigations at the
Turmer—Fairbank Highway Research Center
(11:40 ~ 11:55)

(8) H.Sato and R.Toriumi * : S
Analytical Study on Flutter of Suspension Bridge

(11:55 ~ 12:10)

DISCUSSION
(12:10 ~ 12:25)
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10:30 ~ 11:10

11:25 ~ 12:25




LUNCH (Conference Room ,8F)
(12:25 ~ 13:40)

PHOTOGRAPH (Entrance of PWRI Main Building)

(13:40 ~ 13:55)

SESSION 5:WIND RESISTANT DESIGN(2) 14:00 ~ 15:00
(Co—Chairmen: H.Sato, D.A.Foutch)

(9) K.Nomura *, Y.Suzuki, K.Kuroda and Y.Igase :
Aerodynamic Stability of Central Nagoya Port Bridge
(14:00 ~ 14:15)

(10) M.Kamei * , M.Kawakami, K.Ikushima, H.Tanaka and M.Hosomi :
Aerodynamic Stability of Nakajima Bridge (Provisional Name)
(14:15 ~ 14:30)

(11) Y.Shioi, Y.Yoshida and K.Saga * :
Aerodynamic Stability of Trans—Tokyo—Bay Highway Bridge
(14:30 ~ 14:45)

DISCUSSION
(14:45 ~ 15:00)

COFFEE BREAK

(15:00 ~ 15:15)

SESSION 6: SEISMIC DESIGN(1) 15:15 ~ 16:15
(Co—Chairmen: Y.lida, C.Seim)

(12) K.Kosa, Y.Hashimoto and K.Kobéyashi : An Experimental Study of Horizontal
Displacement Behavior Using Large—Size Model Pier
(15:15 ~ 15:30)

13) MSultan * and K.Kawashima : Comparison of the Seismic Design of Highway

Bridges in California and in Japan
(15:30 ~ 15:45)
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(14) H.Ohtsuka, K.Tokida, K.Tamura, M.Kaneko * and H.Fukada :
Analysis of Ground Motion Characteristics
(1545 ~ 16:00)

DISCUSSION
(16:00 ~ 16:15)

COFFEE BREAK
(16:15 ~ 16:30)

SESSION 7: SEISMIC DESIGN(2) T ' 16:30 ~ 17:30

(Co—Chairmen:Y.lida, F.W.Klaiber)

(15) K.H.Chen and D.A.Foutch * :
Seismic Base Isolation of Curved Highway Bridges

(16:30 ~ 16:45)

(16) K.Kawashima * , H.Nagashima and H Iwasaki :Evaluation of Modal Dampmg Ratio
of Bridges Based on Strain Energy Proportional Method :
(16:45 ~ 17:00)

(17) AD.Gilbert *
Developments in Seismic Prioritization of Bridges in California
(17:00 ~ 17:15)

DISCUSSION
(17:15 ~ 17:30)

RECEPTION BY DIRECTOR GENERAL OF PWRI
Place: Akatsuki no Ma of GRAND SHINONOME (TEL: 0298— 56—2211)
Time: - 18:30 ~ 20:30

Transportation; Bus of GRAND SHINONOME leaves from Entrance of Main Building
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Tuesda 11,1 Place: Conference Room (8F) PWRI

SESSION 8: SEISMIC DESIGN(3) 9:15 ~ 10:35
(Co—Chairmen:H.Ohtsuka, J.Clark)

(18) S.S.Chen *, J.B. Mander, D.S.MacEwan and D.K.Kim : Structural Modeling
Implications from Snap—Back Tests on a Slab—on—Girder Bridge
(9:15 ~ 9:30)

(19) K.Kawashima, S.Unjo* and H.Mukai : Seismic Response of Reinforced Concrete
Bridge Piers subjected to Eccentric Loading
(9:30 ~ 9:45)

(20) E.Maragakis * , M.Saiidi, S.Feng, S.Abdel-Ghaffar and D.O'Connor :
Evaluation of the Seismic Response of Bridges with Hinge Restrainers
(9:45 ~ 10:00)

(21) K Kawashima, H.Sugita * and T.Nakajima :
Dynamic Strength and Ductility Characteristics of Steel Bridge Piers
(10:00 ~ 10:15)

DISCUSSION
(10:15 ~ 10:35)

COFFEE BREAK

(10:35 ~ 10:50)

SESSION 9: SEISMIC DESIGN(4) 10:50 ~ 12:10
(Co—Chairmen:K.Kawashima, J.Moehle)

(22) JH.Clark * :
SR5 Lake Washington Ship Canal Bridge Seismic Vulnerability Assessment
(10:50 ~ 11:05)

(23) N.Ito * and M.Okada :

Research on Adoption of Vane—Dampers for the Tsurumi Fairway Bridge
(11:05 ~ 11:20)
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(24) C.Seim * , S.Rodriguez and T.Ingham :
Seismic Performance and Retrofit of the Golden Gate Bridge
(11:20 ~ 11:35)

(25) M.Eberhard :
Lateral—Load Response Models of a Reinforced Concrete Bridge

(11:35 ~ 11:50)

DISCUSSION
(11:50 ~ 12:10)

LUNCH (Conference Room ,8F)
(12:10 ~ 13:20)

THE VISITATION OF LABORATORIES (13:20 ~ 14:05)

SESSION 10: SUBSTRUCTURE(1)
(Co—Chairmen:M.Nakano, G.Runco)

(26) Y.Xiao * , M.].N.Priestly, F.Seible and N.Hamada :
Retrofit of Bridge Footings for Improved Seismic Performance
(14:10 ~ 14:25)

(27) N.Ogata, Y.Maeda, A.Murayama, H.Ando * , Y.Kobatake and S.Ohno :

Earthquake Resistant Capacity of RC Pier Retrofitted with Carbon
Fibre '
(14:25 ~ 14:40)

(28) D.H.Sanders, B.M.Douglas * and K.Cornell : Retrofit Solutions
for Inadequate Anchorage of Column Bars into Pier Caps

(14:40 ~ 14:55)

DISCUSSION
(14:55 ~ 15:10)

COFFEE BREAK
(15:10 ~ 15:25)
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SESSION 11: SUBSTRUCTURE(2) 15:25 ~ 16:25
(Co—Chairmen:M.Fujiwara, A.D.Gilbert)

(29) M.Okahara, M.Nakano, Y.Kimura * , K.Chimi and A.Inoue :
Vertical Bearing Capacity of Shallow Foundation
(15:25 ~ 15:40)

(30) J.P.Moehle * , C.R.Thewalt and S.A.Mahin (Presented by Andrew S. Whittaker) :
Evaluation and Upgrading of Multi—Column Bridges
(15:40 ~ 15:55)

(31) K.Kumagai, M.Takahashi, S.Nishimoto and Y.Saito * :
Designing the Substructure of The Main Tower of Hakucho Ohashi Bridge
(15:55 ~ 16:10)

DISCUSSION

(16:10 ~ 16:25)

SESSION 12: CLOSING SESSION 16:25 ~ 16:40
(Co—Chairmen: M.Fujiwara, J.D.Cooper)

Settlement of Resolution
Remarks: James D. Cooper (Chairman for the U.S. side)
Closing Remarks: Minoru Fujiwara (Chainnan for the Japan side)
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Date Schedule - Stay
5/8 Ginza-Daiich Hotel
(Sat.) | Ar.Narita —Tokyo (Tokyo) -
Tel:03-3542-5311
Fax:03-3542-3030
579 _ » . Hotel Grand Shinonome
(Sun.) | Tokyo— Tsukuba (Tsukuba)
Tel:0298-56-2211
5/ 10 MOC Kenshu-Kaikan
(Mon.) { Workshop (PWRI) (Tsukuba) 7
“Tel:0298-64-2844
5/ 11
(Tue.) | Workshop (PWRI) ”
5/ 12 | Study Tour Kobe Oriental Hotel
(Wed.) Tsukuba—0saka (Kobe)
(Honshu-Shikoku Bridge) Tel:078-331-8111
Fax:078-391-8708
5/ 13 | Study Tour KKR Hotel Osaka
(Thu.) Kobe—0saka ~ (0Osaka)
(Hanshin Expressway and Kansai Tel:06-941-1122
International Airport): ' Fax:06-941-5508
S / 14 | Study Tour Ginza-Daiichi Hotel
(Fri.) Osaka— Tokyo (Tokyo)
Tel:03-3542-5311
Fax:03-3542-3030
5/ 15
(Sat.) | Leave Narita for U.S.
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9th U. S. —JAPAN BRIDGE WORKSHOP
LIST OF PARTICIPANTS

May 10 and 11, 1993

Tsukuba City, Japan

—U. S. SIDE—

(1) Dr. Stuart Chen

Position: Assistant Professor ‘
Department of Civil Engineering
242 Ketter Hall
State University of New York

Address : Buffalo, NY 14260

TEL : 716—645—-2016

FAX : 716—645—-3733

(2) Dr. John H. Clark
Position: Chief Bridge Engineer S
Anderson, Bjornstad, Kane & Jacobs
Address : 220 West Harrison Street
Seattle, WA 98119
TEL: 206—285-1185
FAX: 206—285—-8204

(3) Mr, James D. Cooper
Position: Chief Structures Division (HNR—10)
Federal Highway Administration
Address : 6300 Georgetown Pike
Mclean, VA 221012296
TEL : 703—285-2060
FAX : 703—285-2766

(4) Dr. Bruce M. Douglas .
Position: Director, Center for Civil Engineering ,
Earthquake Research, University of Nevada Reno
Address : Reno, NV 89557
TEL : 702—784—1519
FAX: 702—-784—-4466

(5) Dr. Marc Eberhard

Position: Assistant Professor
Civil Engineering Department
233 More Hall, FX-10
University of Washington

Address : Seattle, WA 98195

TEL: 206—543—4815

FAX: 206—-543—1543
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(6) Dr. Douglas A. Foutch
Position: Professor, Dept. of Civil Engineering,
University of Illinois
Address : 3129 Newmark Civil Engineering Lab
205 North Mathews, Urbana, IL. 618012397
TEL: 217-333-6359
FAX: 217—-333-9464

(7) Ms. Ann Gilbert
Position: CALTRANS, Division of Structures
Office of Earthquake Engineering
Address : P.O. Box 942874, Sacramento
CA 94274—0001
TEL: 916—323-5831
FAX: 916—-227—-8174

(8) Dr. F. Wayne Klaiber
Position: Manager, Bridge Engineering Center
Professor of Civil Engineering, Iowa State University
Address : 424 Town Engineering Building
Towa State University, Ames, I1A 50011
TEL: 515—-294—-7457
FAX: 515—-294—-8216

(9) Dr. Emmanue] A. Maragakis
Position: Associate Professor, Civil Engineering Department
University of Nevada Reno
Address : Reno NV 89557
TEL: 702—784—-4839
FAX: 702—784—4466

(10) Dr.Andrew S. Whittaker

Position: Associate Director,
Earthquake Engineering Research center
University of California

Address : 1301 South 46th Street Richmond,
CA 94804—4698

TEL: 510—-231-9554

FAX: 510—231-9471

(11) Mr. Gary Runco
Position: Assistant Vice President, Area Manager, Parsons,

Brinkerhoff, Quade & Douglas

1 Gateway Center
Address : One Gateway Center,

4th Floor West Pittsburgh, PA 15222
TEL : 412—-281-9900
FAX: 412—-281-2056
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(12) M. Charles Seim
Position: Senior Principal, T.Y. Lin International
Address : 825 Battery Street
San Francisco, CA 94111
TEL: 415—-291-3700
FAX: 415-433-0807

(13) Mr. Mohsen Sultan
Position: CALTRANS, Division of Structures
Office of Earthguake Engineering
Address : P.O. Box 942874 Sacramento,
CA 94274—-0001
TEL: 916—227—8247
FAX: 916—-227—-8765

(14) Dr. Yan Xiao
Position: Assistant Research Scientist
Department of AMES
University of California, San Diego
Address : 9500 Gilman Drive La Jolla,

CA 92093—-0411
TEL: 6195344640
FAX: 619—-534—-6373
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—JAPAN SIDE—

(Public Works Research Institute) o

Address : 305, 1—-chome, Asahi—machi, Tsukuba—shi, Ibaraki—ken
TEL : (0298)64—2211
FAX : (0298)64 2840

(1) Yukihiko Sumiyoshi
Position: Director General

(2) Tokuji Tomaru
Position: Deputy Director General

(3) Takashi lijima
Position: Assistant Director General

(4) Masahide Tamura
Position: Director, Planning and Research Administration Dept.

(6) Tadahiko Fujisawa
Position: Research Coordinator for Advanced Technology,
Planning and Research Administration Dept.

(6) Hirco Kanzaki
Position: Director, Road Dept.

(7) Minoru Fujiwara
_ Position: Director, Structure and Bridge_Dept.
* Chairman of Japan—side of J Task Committee

(8 Yutaka Iida
Position: Director, Earthquake Disaster Prevention Dept.

(9) Masashi Ikemura
Position: Director, Materials and Construction Methods Dept.

(10) Ryutaro Qishi
Position: Coordinator for International Research Cooperation,

Planning and Research Administration Dept.
(11) Nobuhiko Taniguchi :

Position: Bridge Instructor, Planning and Research
Administration Dept.

(12) Masanori Nakano
Position: Head, Foundation Engineering Div.
Structure and Bridge Dept.
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(13) Jiro Fukui
Position: Senior Research Engineer, Foundation Engineering Div.
Structure and Bridge Dept.

(14) Yoshitomi Kimura
Position: Research Engineer, Foundation Engineering Div.
Structure and Bridge Dept.

(15) Shigeru Takagi
Position: Research Engineer, Foundation Engineering Div.
Structure and Bridge Dept.

(16) Masahiro Ishida
Position: Research Engineer, Foundation Engineering Div.
Structure and Bridge Dept.

(17) Hiroshi Sato
Position: Head, Structure Div.
Structure and Bridge Dept.

(18) Ryuichi Toriumi
Position: Senior Research Engineer, Structure Div.
Structure and Bridge Dept.

(19) Hisashi Konno
Position: Research Engineer, Structure Div.
Structure and Bridge Dept.

(20) Yoshiaki Matsuno
Position: Research Engineer, Structure Div.
Structure and Bridge Dept.

(21) Kazuhiro Nishikawa
Position: Head, Bridge Div.
Structure and Bridge Dept.

(22) Masayuki Kanda
Position: Research Engineer, Bridge Div.
Structure and Bridge Dept.

(23) Jun Murakoshi
Position: Research Engineer, Bridge Div.
Structure and Bridge Dept.

(24) Yoshiki Tanaka

Position: Research Engineer, Bridge Div.
Structure and Bridge Dept.
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(25) Satoshi Yamamoto
Position: Research Engineer, Bridge Div.
Structure and Bridge Dept.

(26) Hisanori Otsuka
Position: Head, Ground Vibration Div.
Earthquake Disaster Prevention Dept.

(27 Yoshio Ninemiya

Position: Senior Research Engineer, Ground Vibration Div.
Earthquake Disaster Prevention Dept. -

(28) Masahire Kaneko

Position: Research Engineer, Ground Vibration Div.
Earthquake Disaster Prevention Dept. -

(29) Seitaro Yoshimi

Position: Research Engineer, Ground Vibration Div. "
Earthquake Disaster Prevention Dept.

(30) Riki Honda

Position: Research Engineer, Ground Vibration Div.
Earthquake Disaster Prevention Dept.

(31) Kazuhiko Kawashima

Position: Head, Earthquake Engineering Div.
Earthquake Disaster Prevention Dept.

(32) Shigeki Unjoh

Position: Senior Research Engineer, Earthquake Engineering Div.

Earthquake Disaster Prevention Dept.
(33) Hideki Sugita

Position: Research Engineer, Earthquake Engineering Div.
Earthquake Disaster Prevention Dept.

(34) Jun—ichi Hoshikuma

Position: Research Engineer, Earthquake Engineering Div.
Earthquake Disaster Prevention Dept.

(35) Tomoru Nakajima

Position: Research Engineer, Earthquake Engineering Div.
Earthquake Disaster Prevention Dept.

(36) Hiroshi Watanabe

Position: Research Engineer, Concrete Div.
Matenials and Consfruction Methods Dept.
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(University of Tekyo)

(1)  Yozo Fujino
Position: Professor, Dept. of Civil Engineering,
Faculty of Engineering
Address : 113, 7-3—1 Hongoh, Bunkyo—ku, Tokyo
TEL : 03-3812-2111
FAX : 03—-3812-4977

(Japan Highway Public Corporation)

(2) Norio Ogata
Position: Head, Bridge Section Research Institute
Address : 194, 1-4—1 Tadao, Machida—shi, Tokyo
TEL : 0427—-91-1621
FAX : 0427-94-1920

(3) Yoshifumi Maeda
Position: Deputy Head, Bridge Section Research Institute
Address : 194, 1—-4—1 Tadao, Machida—shi, Tokyo
TEL : 0427-91-1621
FAX : 0427—-94-1920

(4) Hirofumi Andoh
Position: Bridge Section Research Institute
Address : 194, 1—4-1 Tadao, Machida—shi, Tokyo
TEL : 0427-91-1621
FAX : 0427-94—-1920

(5) Kenji Nomura
Position: Engineer, Stractural Engineering Section
Nagoya Construction Bureau
Address : 460, 4—1—1 Sakae, Naka—ku, Nagoya—shi, Aichi—ken
TEL: 052—262—7311
FAX : 052—241—4530

(6) Keniji Kuroda
Position: Engineer, Stractural Engineering Section
Nagoya Construction Bureau
Address : 460, 4—1—1 Sakae, Naka—ku, Nagoya—shi, Aichi—ken
TEL: 052—262-7311
FAX : 052—241—-4530
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(7) Noboru Ito

Position: Senior Engineer, Special Structural Design Div.
Kanagawa Construction Bureau
Address : 231, Masage—Cho 2--25, Naka—ku, Yokohama,Kanagawa—ken
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Engineering Dept.
Address : 541, Osaka Center Building, 4—1—3 Kyutaro—Machi, Chuo—ku, Osaka
TEL : 06—252—8121
FAX : 06—252—4583

(9 Isao Sugie :
Position: Engineer, Maintenance Engineering Div.
Maintenance and Facility Design Dept.
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FAX : 06—252—4583

(Honshu—Shikoku Bridge Authority)
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Position: Engineer, Design Div. Design Dept.
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(Hokkaido Development Bureau, Hokkaido Development Agency)
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Civil Engineering Research Institute (CERI)
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(12) Tadayuki Shirono
Position: Research Worker, CERI.
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FAX: 0118241226
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(16) Masahiro Kamei
Position: Staff Officer, Elevated Crossings Dept.
Roads and Streets Division,
Public Works Bureau

Address : 530, 2—2—500 Umeda 1-Chome, Kita—ku, Osaka
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(Kansai International Airport Corporation Ltd.)

(18) Motohiro Kubota
Position: Managing Engineer, Engineering Dept. 2
Address : 542, 11—-10 Minamisemba 3—Chome, Chuo—ku, Osaka
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Address : 542, 11-10 Minamisemba 3—Chome, Chuo—ku, Osaka
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FAX: 03—-3239-6586
(22) Koichi Saga

Position: Second Engineering Div.
Design & Engineering Dept.
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PROCEEDINGS OF THE NINTH U.S. - ISSN 0386-5878
JAPAN BRIDGE ENGINEERING Technical Memorandum
WORKSHOP of P\WVRI No. 3230

These proceedings document the results of the 9th U.S.~Japan Bridge Engineer-
ing Workshop which was held at the Public Works Research Institute, Tsukuba
Science City, Japan, on May 10 and 11, 1993 under the auspices of the Panel on
Wind and Seismic Effects, UINR. The Workshop was organized by the Task Com-
miltee J “Wind and Eanthquake Engineering for Transportation Systems™ (U.S. side
chairman: J.D. Cooper, FHWA, Japan side chairman: M. Fujiwara) of the Panel.
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