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Synopsis:

At the Earthquake Engineering Division of the Public Works Research Institute, various
researches for aiming to develop rational seismic design methods of bridges and underground
structures, seismic evaluation and sirengthening methods of existing structures, passive, active and
hybrid control, loss estimation caused by earthquake are being made.

This reports presents some of the selected publications in the research on earthquake damage
investigation, seismic design, seismic evaluation and strengthening of highway bridges, dynamic
strength and ductility of structural components, structural response of menshin bridges (seismic
isolated bridges), hybrid control, and seismic response of embedded pipes. They were presented at
international conferences and workshops held in the last one years.
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ABSTRACT
Presented in this paper is a model free oscillation test and an analysis for
clarifying the strain energy proportional damping method which is widely
adopted for evaluating modal damping ratio of structures. Because damping
ratio of structural components is sometimes different even in the same
structure, it is required in the modal dynamic response analysis to evaluate
the damping ratio for each mode. In this paper it is presented from the
experiment and analysis that the strain energy proportional method is quite

accurate for evaluating the modal damping ratio of structures for scismic
analysis.

Key Words : Seismic Design, Damping Ratio, Enecrgy Di'ssipation, Bridges
INTRODUCTION

Damping ratio is an important parameter for evaluating seismic response of
structures. Although the mass and stiffness can be accurately computed from
mass and stiffness distribution of structures, the damping ratio can not be
evaluated in the similar manner because prediction of energy dissipation in
structures is very complex. Therefore instead of directly evaluating energy
dissipation in structures it is generally adopted to evaluatec the energy
dissipation of structures in terms of damping ratio. The damping ratio is an
appropriate parameter for  assigning. the damping characteristics of
structures. But it should be keep in mind that the damping ratio can be
defined only for a single-degree-of-freedom oscillator. From the analogy of
the orthogonal condition of modal matrix with respect to stiffness and mass
matrix, the damping ratio has been assumed for seismic analysis of
structures.

Damping ratio is sometimes different depending on structural components
even in the same structure. Therefore it is required to evaluate the modal
damping ratio based on the different damping ratio assigned for each
structural component. The strain energy proportional method has been



widely used for such purpose'. Because most of energy dissipation fis
developed due to deformation of structures, it has been considered
reasonable to assume this method But theoretlcal verification was not yet

fully made.

This paper attempts to verify the strain energy proportional method for
application to seismic design of structures. Based on a model oscillation
test which is carefully made for evaluating energy dissipation of structural
components as well as whole structure, accuracy and application of the
strain energy proportlonal method is clarified. A bridges is considered for
analysis. :

ENERGY PROPORTIONAL DAMPING

For a linear discrete structure, the equatlons of motlon may be written as

Mu+Cu+Ku=M {1, 0, 0, - 1,0,00 T Z ox (1)
. where .
M : mass matrix
C : damping matrix
K : stiffness matrix

'u., h, u : displacement, velocity and acceleration vector

Z ox : ground acceleration in x axis

Deﬁoting s and ¢ as the undamped angular natural frequency and mode

shapes for i-th mode, {l., 13, u may be expressed as

K

u=2x¢iq¢ (t)

- K - ' * *

u'-?:?hq;(t) ' L (2)
K

U—Z¢xQI (t)

in which q represents the generallzed coordlnate for Ith mode and K
represents number of freedom :

From the orthogonal condltion, the stlffness matrix K and mass matrlx M :
become as : - :

¢mTK¢n= 0 i
o o “(m#n) - ~ (3)
‘¢mTM¢n= -0 : ST




Assuming that the damping matrix C can be also orthogonalized as
¢ mTC ¢ n= 0 | (4)

one can have k sets of uncoupled equation of motion as

.q.l"*zhl(z)i(.li*a)lEQ!:“‘I‘lx.Z'gx (5)

in which h: and T i represent the modal damping ratio and mode
participation factor for i-th mode, respectively.

It is important to note here that the modal damping ratio h ; which is
defined only for a single degree of freedom oscillator has been adopted in a
dynamic response analysis of multi-degree-of-freedom system in the form of
Eq. (5) because there is not a practical definition for energy dissipation for
multi-degree-of-freedom system.

It is then required to evaluate the qual damping ratio of Eq. (5) based on
the energy dissipation mechanism of the structure. For such purpose it is
assumed to divide a structure into several structural segments in which
energy dissipation has the same mechanism as shown in Fig. 1®. The segment
is designated hereinafter as a substructure. The substructure may be a deck,
a pier and a foundation as shown in Fig. 2 in the analysis of a bridge.

Fig.1 Substructures
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Fig.2 Substructures for Bridges

Strain energy in j-th substructure for i-th mode may be evaluated as

Ess=2¢uT‘kJ'§5u (6)
where
E i; : strain energy of j-th substructure for i-th mode

¢ 13 : mode shape of j-th substructure for i-th mode
k 5 : stiffness matrix of j-th substructure

Denoting the energy dissipation in j-th substructure for i-th mode as A E ;;,
the damping ratio of the j-th substructure may be evaluated as

1 AE;j; ) ,
2 n Eij; M

h;; =

Because the damping ratio of substructures depends on the mode shape and
boundary condition, it needs to be the one developed when the substructures
deform as a part of the structure in the i-th mode shape.

Then the strain energy and energy dissipation of the whole structure for
i-th mode can be evaluated as

| TR AN 7N >—\

e



E:i = % Ej;

j=1

(8)

n
AE:i = 2 AE;;

j=1

in which n represents number of substructures. The damping ratio of whole
structure (modal damping ratio) for i-th mode may be written from Eq. (8) as

1 AE: '
hs = 2 n E: (©)

Substituting Eqs. (7) and (8) into Eq. (9), one obtains an equation for
evaluating the modal damping ratio as

n

2Eishi;

3=}

h ; (10)

n

2 E

i=1

Eq. (10) is called as the strain energy proportional damping because the
averaged damping ratio over each substructure Is taken with the strain
energy of the substructure being the weighting function. Substituting Eq.
(6) into Eq. (10), Eq. (10) can be modified in the form which is more
appropriate for computation )

.n
T dis his-Kis P

3=

(11)

=
I

n

S s - Kis-Pas

3=1

MODEL FREE OSCILLATION TEST

Fig. 3 shows the model bridge studied for verifying the effectiveness of the
strain energy proportional damping method. Photos 1 and 2 show the bridge
model and the bearing. The girder is of a rigid steel plate so that energy
dissipation during excitation is negligibly small. The girder has the span
length of 2.1 m and the weight of 611.7 kgf. Each column with the height of 95
cm is of four steel plates with the top of each two plates being rigidly
connected. The bottom of the columns are rigidly connected to base frame
for preventing energy dissipation at the bottom.
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Fig.3 Model Bridge used for Free Oscillation Test

Four bearings'Were used for supporting the deck. Two types of bearings as
shown in Fig. 4 were adopted for the test. One is the laminated natural
rubber bearing, which is called hereinafter as RB. This was made by
laminating 25 natural rubber plates with thickness of 0.9 mm and 24 steel
plates with thickness of 0.3 mm.. Total thickness of rubber is 22.5 mm. It has
elastic restoring force characteristics. The other is the laminated high
damping rubber bearing, which is called as HDR in this paper. This was made
by laminating 37 high energy absorbing rubber plates with thickness of 0.5
mnm and 36 steel plates with thickness of 0.3 mm. Total thickness of high
energy absorbing rubber is 18.5 mm.

In the model bridge, e_nergy dissipation’ is developed at bearings and
columns. Therefore, bearings and columns are regarded as the substructures
for evaluating modal damping ratio of the model bridge by Eq. (11). Because
little energy dissipation is developed at the rigid deck, it is disregarded in
the analysis. The modal damping ratio only for lst mode Is evaluated in the
test for making the excitation simple and easy.

For evaluating the damping ratio of each substructure, free oscillation test
was made for’ two types of bearings (RB and HDR) ‘and two columns (Column A
‘and “B). Free oscillation test of the- ‘model bridge was also made for
evaluating the modal damping ratio of whole structure.
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Fig.4 Model Bearings for Free Oscillation Test

In the free oscillation test of the model bridge, the deck was displaced in
longitudinal direction, and by releasing it from the displaced position, free
oscillation was developed. The 1st mode shape of the model bridge in
longitudinal direction is of lateral movement of the deck with flexural
deformation of cantilevered columns. Similarly the free oscillation test was
made separately for the column A and B. In the free oscillation test of the
bearings, four sets of bearings were directly placed on a rigid steel frame
and the deck was placed on them. Then the deck was displaced laterally and
released smoothly so that shear deformation was developed in the four
bearings. Because the steel frame and deck are rigid, energy dissipation
developed in this test represents that developed in the bearings. The test
was made separately for RB and HDR.

Because the stiffness of the bearing depends on temperature, the tests were
made in a room with the constant temperature with 20 °C. Displacement of the
deck and columns was measured. Acceleration was measured so that the
inertia force of the deck be evaluated. It will be used to evaluate the
stiffness of bearings. Each test was made twice to verify the stableness of
the test results.

FREE OSCILLATION OF MODEL BRIDGE

Fig. 5 shows the decay of free oscillation of the bridge model. It is apparent
that the free oscillation decays much faster in the model supported by HDR
than the model supported by RB. Logarithmic damping ratio é can be
evaluated from the free oscillation as

=lOge(am/am+l) (12)
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Fig.5 Decay of Free Oscillation of Deck Displacement Amplitude
of Bridge Model

where
é : logarithmic damping ratio
a m : displacement amplitude of m-th peak of free oscillation

Damping ratio h may be evaluated from the logarithmic damping ratio as
6=2nh/y1—-1h% (13)

Fig. 6 shows the dependence of the lst mode damping ratio of the model
bridge thus evaluated on the displacement amplitude of the deck. Some
scatter is seen at small displacement in the bridge model supported by HDR.
HDR shows low damping ratio at small displacement. Therefore disregarding
such part, damping ratio was evaluated for the displacement range of 6.3 mm -
27.9 mm in the model supported by HDR and 23.8 mm - 33.0 mm in the model
supported by RB. The averaged damping ratio over this range is 11.4 % in the
model supported by HDR and 1.69 % in the model supported by RB.

Fig 7 compares the decay of free oscillation of RB and HDR. It is apparent
that the oscillation decreases faster in HDR than RB. Fig. 8 shows the
dependence of damping ratio of RB and HDR on the lateral displacement
developed in the bearings. Decrease of damping ratio at small displacement is
seen, especially in HDR. This is the reason for causing the decrease of the
damping ratio of the bridge model as shown in Fig. 6. The damping ratio of
both RB and HDR has less displacement dependency. The averaged damping
ratio over the displacement range developed during the above described free
oscillation test of the whole model bridge is 3.27 % in RB and 25.4 % in HDR.
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Fig. 9 shows the decay of free oscillation at the top of of a column. Fig. 10
shows the displacement dependence of the damping ratio thus evaluated.
Because the displacement amplitude developed at the column top during the
free oscillation test of the whole bridge model is 13.4 - 18.2 when the deck is
supported by RB and 3.0 - 10.9 when the deck is supported by HDR, the
damping ratio of the columns A and B is 0.708 % and 0.954 % for RB and 0.459 %
and 0.544 % for HDR.
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. Fig.9 Decay of Free Osclllation of Column
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ACCURACY OF STRAIN ENERGY PROPORTIONAL METHOD

Because the ilamping ratio of each substructure was evaluated, the damping

ratio h .of the the whole bridge model for 1st mode may be evaluated from
Eq. (10) as

Eircahisat Erohicst+ Evihe
hy, =— (14)
Eteat Earet+ Eae

where
E 10a. E 108 strain energy of column A and B for 1st mode
E 1v : strain energy of bearings for 1st mode
h 1ca, hios: damping ratio of column A and B
h 1 : damping ratio of bearings

Because the damping ratio of the whole bridge model was obtained from the
test, accuracy of Eq. (10) ‘is clarified by comparing the damping ratio
predicted by Eq. (14) with the one evaluated from the test.

Strain energy of the columns and bearlngs may be evaluated as

Eicn= _;— K onU o= (N=A. B) (15)
Eiv = %‘Kbﬂbz (16)
where ‘

E 124, Eice: strain energy of column A and B for 1st mode

E 1v : strain energy of bearings for 1st mode

K ca, K oe: stiffness of column A and B

Kk » : stiffness of bearings

u oA, Ucp: lateral displacement at top of column A and B
» : shear displacement of bearings

The stiffness of the columns K ca and Kk os can be evaluated based on the
dimension of the columns and elastic modulus The stiffness of the bearings
was “evaluated from the hysteresis loop of the force vs. displacement
relation as the equivalent stiffness. Fig 11 shows the stiffness of the
bearings thus evaluated vs. shear dlsplacement relation Because the
stlffness ‘of the bearings has some displacement " dependency, it was
:approximated as

Ke=22.7—0.2uu (RB) ' ’ (a7
Kv=8.0—0.2us  (HDR)

In the free oscillation test of the whole bridge model, the deck displacement
can be evaluated as



Ua=Uptue
where
u a : deck displacement
up : displacement at column top
u » : shear displacement of bearings

(18)

Because u s and up were measured during the test, us can be computed‘from
Eq. (18). Then the stiffness of the bearings can be estimated by Eq. (17).

Thus the damping ratio of the model bridge was evaluated from Eq. (14) for
several peaks of free oscillations as shown in Table 1. Fig. 12 compares the
predicted and measured damping ratio of the bridge model. The predicted
values are very close with the measured ones. They are within + 20 % of the
measured damping ratio.
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Table 1 Comparison of Predicted and Measured Damping Ratio of Model Bridge

Number Displocement of Bridge Model Do}nphg Rotio and Strain Energy of Structural Members | Domping of Bridge

Trpe of | e ee [DisplacementlDisplocament [Displacement]  Pier A Pier B Beoring [ Estimated Tyuogireg
Bearing . |ot Gicder - |ol Pier Top ot Bearing , byEq.(it) {7
Oscilotion d4 (mm) d,(mm) dy {mm) hpA(%’ Ejsr hpei%)] Eze (%] E» ha he

fuber || 33:0 182 | 149 10.708)1.437 |0.954 | 1.424 |3.273 | 2.192 1.890 |.'6907
Bearing|—2 29.6 16.5 13.3_| 0.708/1.181 |0.954 | 1.170 {3.273 | 1.775 | 1.881 | 1.690
3 26.5 14.8 11.8 | 0.708 |0.950 |0.954 |0.944 |3.273) 1.418 | 1.877] 1.690

R 23.8 13.4 10.5 10.708]0.779 |0.954 {0.772 |3.273 ) 1.137| 1.864] 1.690
g;g"';;m i 27.9 10.9 18.2 |0.459[0.516 [0.544 [0.511 |54 |o.710{10.7 |14
Rubber | 2 13.4 5.7 8.2 |0.459]0.141 Jo.544 |o.140 5.4 o213l 1.2 |n.4
A BE 6.3 3.0 3.5 |0.45910.039 |0.544 |0.039 [5.4 |0.045] 9.6 [11.4

—ne -



=

12} Girder Supported by HOR
§ 10F /_ o
S gl LEGEND
oo ---- Measured, hg
= 6f —o— Estimated, ha
‘a.
£ 4f
= Girder Supported by RB
2t C==Qrm= Q=0
0 1 1 1
0 10 20 30 40

Displacement of Girder (mm)
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CONCLUSIONS

The effectiveness of the strain energy proportional damping method was
verified through the free oscillation test of a model bridge. Damping ratio
only for lst mode was analyzed because of simplicity of the free oscillation
test. It became apparent that the damping ratio of the bridge can be
predicted by the strain energy proportional method with enough accuracy
when the damping ratio of substructures is correctly evaluated.
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DYNAMIC STRENGTII AND DUCTILITY CHARACTERISTICS OF STEEL BRIDGE PIERS

Kazuhiko KAWASHIMA1L), Hideki SUGITA2) and Tomoru NAKAJIMAZ2)

ABSTRACT

This paper presents a series of loading test results of steel bridge piers
constructing for highway bridges. Even for a significant earthquake, the
bridge has to avoid critical failure. Because the steel pler is the most
important member for preventing critical failure of bridge, it is desirable
to check bearing capacity for lateral load to prevent brittle failure.
Failure mechanism and effect of longitudinal stiffeners on strength and
ductility of steel bridge piers are presented.

INTRODUCTION

Steel bridge piers, constructed by the welding together of thin plate, have
been used over past 30 years for constructing highway bridges. Because the
section size of steel piers is significantly less than that of reinforced
concrete piers, it is ideal to use in city locations where there are various
restrictions derived from land use and construction space.

In the 1990 JRA speciﬂcation for seismic design of highway bridges, ductility
check for the design of reinforced concrete piers was introduced in
addition to the standard design force requirements. In this check, it is
required that reinforced concrete plers be able to resist a level of
earthquake acceleration which is significantly greater than the level of
standard earthquake acceleration by a combination of strength and
ductility.

The steel pier is the most important member for preventing critical failure
of bridge. It is desirable to check bearing capacity for the acceleration of
significant earthquake. Because actual damage has not been observed in
recent earthquakes and few tests for earthquake resistance have been
carried out, strength and ductility of steel bridge piers are still unknown.

For aiming to study the strength and ductility of steel bridge piers, a
series of loading tests was made. This paper presents the effect of
longitudinal stiffeners on st:rength and ductllity of steel piers through the
loading tests.

DYNAMIC LOADING TESTS OF STEEL BRIDGE PIERS



Test Specimens

As shown in Fig.1 and Table 1, 3 types of specimens of steel bridge plers
were used in the dynamic loading tests. Specimen number presented show
those used to lidentify specimens in a series of dynamic loading tests
conducted at Public Works Research Institute. Scale of specimens used in
this tests was assumed approximately 1/3 in length to typical highway bridge
piers. The dimension of the cross section is 80.0cmx 81.6cm. The height of
specimens is 7.1m including a footing of 0.7m height at the bottom of the
column. Diaphram and rib are used as lateral stiffeners alternatively in
longitudinal direction. 3 plates of rlbs for each flange and web are used as
longitudinal stiffeners.

Spacing of lateral stiffeners, slze and plate thickness of .longitudinal
stiffeners are different in each type of specimens. Spacing between lateral
stiffeners is 35cm for specimen S-23 and S- 24, and 60cm for specimen $-28.
Spacing between longitudinal stiffeners is 20cm for all specimens. Plate
thickness of flange, web and lateral stiffeners are 8mm, 8mm and 4.5mm
alternatively. Section size of longitudinal stiffeners are 6 X 64mm for
specimen 5-23, 10X 64mm for specimen S-24 and 6 X 59mm for specimen S-28.
SM490A steel material is used for all flange, web and stiffeners. Average
yield strength and strain derived from tests of materials are shown in Table
2. .

Panel and stiffener were designed according to the Design Specification for
Highway Bridges-part II Steel Bridge(JRA) The stiffness of longitudinal
stiffeners must be sufficient to ensure that wall ‘buckling does not
prematurely decrease the strength -of plers. In the specification, both
sectional .area and sectional second moment of a longitudinal stiffener
should be satisfy the certain values given in equation (1) and (2).

. bt® ,
Liz ——- 7 1-req : (1)
11
bt
Ay 2 i ) (2)
10n |

where
b the width of the section(mm)
t: plate thickness(mm) _
n: number of panels divided by longitudinal stiffeners '
T _q: relative stiffness required

Relative stiffness of longitudinal stiffeners 71 presents the ratio of
sectional second moment between a longitudinal stiffener and a panel 7




t-req Means the minimum 7 . required not to develop overall wall buckling
but local panel buckling which is, as shown in Flg.2, local buckling of each
panel between the longitudinal stiffeners. Whether the buckling mode of
panel is overall wall buckling and local panel buckling can be estimated by
the gamma ratio(7 1/ 7 1.req). In the case iIf gamma ratio is greater than 1.0
then buckling mode would be expected to be local buckling. In the case if
gamma ratio is less than 1.0 then overall wall buckling is expected. Because
gamma ratios of specimen S$-23, S-24 and S-28 are calculated as 4.1, 6.0 and

1.1 respectively, the buckling mode of all specimens is expected as local
panel buckling.

The box shaped section consists of 4 major plates to which stiffeners and
diaphrams are welded from the inside. Fig.3 shows the weld way between each
materials. Weld between web and flange was carried out by a combination of
fillet weld with leg length of 6mm and V-shape weld with leg length of 5mm.
Longitudinal stiffeners were welded onto both web and flange by fillet weld
with leg length of 3mm. Although there are various way to connect both web
and flange with upper base plate, in these specimens both web and flange go
through upper base plate and are welded onto lower base plate which is the
way adopted in piers of Metropolitan.Expressway Publish Corporation. Weld
between upper base plate and both web and flange was carried out by
butt-weld.

Dynamic Loading Test

Fig.4 shows the experimental set-up of specimen. Specimens were fixed on the
steel footing which was attached on the reaction wall with bolts. The
dynamic actuator installed on the reaction wall was set at the crest of
specimens. 10% of yield load associate with dead weight was applied in the
axial direction with use of static actuator. Dynamic loading test was carried
out by controlling the lateral displacement of the dynamic actuator.

Fig.5 shows the loading hysteresis loop of specimens. Because the reaction
wall and steel footing are not completely rigid, it is desirable to estimate
the lateral displacement developed at the crest of specimens due to their
deformation. So, in the first, to determine the loading displacement &, 75%
yield load which was calculated from the result of material test was
statically applied - to the specimen. Against the yleld load, Lateral
displacement developed at the crest can be estimated in equation(3).

fo=0v46e (3)
where ' ~ ‘ : : - .
6 »: yleld displacement, is defined as the displacement at which yielding
first occurs In the extreme fiber of the section(cm)
6 e: lateral displacement developed at the crest due to deformation of



reaction wall and steel footing(cm)
Jd o: loading displacement at the crest(cm)

Because 6 = is In proportion to the lateral load, 6 = can be calculated in
equation(3). Loading displacement & o which is desirable for applying
lateral displacement 16 y to the specimen can be also calculated in
equation(3) with use of 6 . But, because 6 ¢ becomes larger according with
the increment of lateral load, loading displacement for applying over 26 (2
6 v,38 - - -) can not be determined. In this study, loading displacement né o
for applying né , Is calculated in equation(4) based on an assumption that
lateral load does not Increase after yielding of specimen.

nédo=néd py+6 £(n=1,2,3- - -) (4)
where '
nd o: standard loading displacement at the crest(cm)
6 py: calculated yleld displacement of specimen(cm)
d £ : lateral displacement developed at the crest due to deformation of
reaction wall and steel footing(cm)

Calculated yield displacement 6 o+ are 56mm, 57mm and 53mm for specimen
S-23, S-24 and S-28 respectively. 6 £ is 19mm for both specimen S-23 and

S-24, and 22mm for specimen S-28.

As shown in Fig.5, loading displacement was increased by 16 . step. Although
the number of cyclic loading for each & (16 +,26 +,38 v, - - -) should effect
on the deformation characteristics of steel plers, 10 times cyclic loading
which is the way adopted in the past loading tests at PWRI was carried out.
Lateral displacement was increased up to the ultimate displacement that was
defined as the displacement at which maximum load become smaller than yield
load. Because the effect of loading speed on the deformation characteristics
seemed to be small enough, an unified 0.04Hz loading was carried out for

every specimens.

PROGRESS OF FAILURE

3 types of specimens commonly deformed up to 16 , lateral displacement
loading. Lateral thin lines which means the yielding of material were
developed on the flange plates. The lines were developed at the section
between upper base plate and neighboring diaphram, which secction is
designated hereinafter as the panel. The 4 panels of each specimen is
designated hereinafter as shown In Fig.6. After 26 , lateral displacement
loading, deformation characteristics and progress of failure of each
specimens were as follows. :

Specimen S-23 (gamma ratio of 4)




Fig.7T shows the fallure mode after 2 & , lateral displacement loading.
Out-of-plane residual deformation was developed. The residual deformation
was extremely large at the section of 20cm from the upper base plate.
Typical point was the buckling mode at the section between 2 longitudinal
stiffeners, 1i.e., concave deformation and convex deformation developed
alternatively at each 2 sections neighboring a lateral stiffener. The
deformation mode seemed similar to the local panel buckling mode. Also,
concave deformation and convex deformation generally developed
alternatively at each 2 sections neighboring a longitudinal stiffener.
Although residual deformation was larger at the section between
longitudinal stiffeners, deformation of 2~ 3mm was developed at longitudinal
stiffeners. The amount of residual deformation was about 30mm toward
outside of specimen and about 25mm toward inside of specimen. According to
the residual deformation at the panel, 8mm decreace of specimen height was
developed.

Fig.8 shows the failure mode after 3 § , lateral displacement loading.
Typical point on this stage was the transition of the deformation mode.
According to the deformation of longitudinal stiffeners, overall wall
buckling turned from local panel buckling was developed. Overall wall
buckling was developed on 3 panels of specimen. Pleture 1 and Picture 2 show
the residual deformation of face-2 and face-4 at which local panel buckling
and overall wall buckling were developed alternatively. Picture 3 shows the
residual deformation of longitudinal stiffeners welded on face-2. Large
deformation of longitudinal stiffeners was developed at the section at which
large deformation of panel was developed. Maximum amount of residual
deformation was about 70mm toward outside of specimen and about 85mm
toward inside of specimen.

Most Important point on this stage was the fracture of panels Fracture of
panels was developed at the following section.

(1) Welded section at which large difference of deformation between web and
flange was  developed due to the difference of each out-of-plane
deformation. (Fig.8 Q@®®)

-(2) Knuckle section of buckling mode on which longitudinal stiffener was
welded. (Fig.8 @®)

(3) Crest section of buckling mode (Fig 8 ®®)

In these sections fracture of panel was developed by the alternative
tension and compression according with the cyclic lateral displacement
loading.

Specimen S-24 (gamma ratio of 6)

Fig. 9 shows the failure mode after 26 , lateral displacement loading.



Amount of residual out-of-plane deformation developed at face-4 was about
20mm toward outside of specimen and about 12mm toward inside of specimen.
On the other panel, amount of residual deformation was about 5~ 6mm toward
both outside and inside of specimen. So, amount of residual deformation
developed at specimen S-24 seems smaller than that of specimen S-23.
Although local panel buckling between 2 longitudinal stiffeners could be
seen, local panel buckling of sections neighboring longitudinal stiffener
which was shown on specimen S-23 on this stage could not be seen. Because
the stiffness of longitudinal stiffeners are larger than that of specimen
S-23, local panel buckling knuckled by longitudinal stiffeners could hardly
be developed rather than overall wall buckling. decreace of specimen height
was much smaller than that of specimen S-23.

Fig 10 shows the failure mode after 36 , lateral displacement loading.
Residual deformation toward outside of specimen was developed at almost all
panels excepting small part of face-2 and face-4. Residual deformation was
developed in the overall wall buckling mode. As shown in Picture 4,
according to the large deformation of panel, fracture of weld between panel
and longitudinal stiffeners was developed. There were few sections where
fracture at weld between longitudinal stiffeners and upper base plate was
developed. Maximum amount of residual deformation was about 60mm toward
outside and about 35mm toward inside of specimen. Fractures at weld between
web and flange developed on the 4 corners of specimen could almost
progress up to the lowest lateral stiffener. Decreace of specimen height was
44mm, which was about 40% smaller than that of speclmen S-23.

Specimen S-28 (gamma ratio of 1)

Fig.11 shows the failure mode after 26 , lateral displacement loading.
Residual out-of-plane deformation was developed at the lower panel which
was about 60cm height section from upper base plate. Amount of residual
deformation developed at face-1 was about 32mm toward outside and about

40mm toward inside of specimen. Residual deformation was much larger than

that of the other specimens. Major buckling mode was overall wall buckling.
In the small section of face-1 and face-3, local panel buckling at sections
neighboring with lateral stiffener could be seen. Because the stiffness of
longitudinal stiffener was smaller than that of the other specimens, local
panel buckling knuckllng by longitudinal stiffeners could not hardly be
developed. . ,

Fig.12 shows the failure mode after 3¢ ,- lateral displacement loading. All of
the residual deformation was developed in overall wall ‘buckling mode.
Almost all of the residual deformation was developed toward inside of
specimen excepting small part of face-1 and face-3. Maxlmum amount:of
residual deformation was about 85mm toward outside and about 110mm toward




inside of specimen.

Picture 5 shows the fracture at weld between web and flange. The fracture
at weld was, developed at 4 corners with fracture length of 10~ 40cm.
Fracture of panel at the crest of buckling mode was also developed with
fracture length of 3~5cm.

STRENGTH AND DEFORMATION CHARACTERISTICS

Fig.13 shows the comparison of loading hysteresis loops among 3 specimens.
First hysteresis loop for each loading displacement(lé +,26 +,36 ) are
presented. Because of the large stiffness of longitudinal stiffeners,
maximum strength for each loading displacement is larger in the order as 16
26 +,36 ». But any difference among 3 specimens can not be scen on the
shape of the loading hysteresis loop.

Fig.14 shows the decline of strength due to the 10 times cyclic loadings for
each specimen. The characteristics of decline of strength for each specimen

was as follows.

Specimen S-23 (ganma ratio of 4)

Maximum strength Pmax of 61.2tf was shown in the first hysteresis loop for
loading displacement of 26 . Because any decline of strength due to cyclic
loadings could not be seen for loading displacement of 146 ., it should be
pointed out that specimen deformed elastically in this stage. For loading
displacement of 26 ., remarkable decline of strength occurred after third
cyclic loadings. The reason why should be the residual out-of-plane
deformation developed at lowest panel as was mentioned above. The maximum
strength of 61.2tf for the first cyclic loading was about 30% decreased to
43.0tf after 10 times cyclic loadings. ‘

Speciuen S-24 (gamma ratio of 6)

The hysteresis loop for loading displacement of 16 y was similar with that of
specimen S$-23. Maximum strength of 67.3tf was shown in the first hysteresis
loop for loading displacement of 246 .. In this stage, maximum strength of
67.3tf was about 10% decreased to 60.4tf after 10 times cyclic loadings. The
extent of decrease was about 20% smaller than that of specimen S-23. The
reason why should be the large stiffness of stiffeners, i.e., large stiffness
of stiffeners could prevent the residual out-of-plane deformation to be
developed, and could reduce the decrease of strength due to cyclic
loadings. But for the loading displacement of 36 v, decrease of strength due
to cyclic loadings had become larger. The maximum strength of 57.8tf for the
first cyclic loading was about 85% decreased to 8.7tf after 10 times cyclic



loadings. The extent of decrease was rather larger than that of specimen
S-23. In this stage, large stiffness of stiffeners caused concentration of
stress onto ‘the weld between web and flange, and caused fracture at this

section.

Specimen S-28 (gamma ratio of 1)

The hysteresis loop for loading displacement of 16, was similar with that of
both specimen S-23 and S-24. Maximum strength of 51.8tf was shown in the
first hysteresis loop for loading displacement of 26 .. In this stage,
maximum strength of 51.8tf was about 76% decreased to 12.5tf after 10 times
cyclic loadings. The extent of decrease was the largest of all specimens.
The reason why should be the smallest stiffness of stiffeners, l.e., the
smallest stiffness of stiffeners caused the overall wall buckling to be
developed at the panel, and caused the largest residual out-of-plane

deformation.

Table 3 shows the comparison of strength and ductility for each specimens.
The extent of strength increase after yielding (maximum load Pmex/ yield
load Py), which is 1.34 for specimen S-23, 1.38 for specimen S-24 and 1.18 for
specimen S-28, is smallest on specimen S-28. The reason why is related with
the smallest section area of longitudinal stiffeners on specimen $-28.
Because the maximum strength of specimen would be developed just after
conplete yielding of longitudinal stiffeners, smaller the section area of
longitudinal stiffeners are, smaller the energy absorbed due to yielding
becomes. For developing the extent of strength increase after yielding, it
seems important to study the section shape of longitudinal stiffeners for
developing energy absorbed due to yielding.

The ductility (yield displacement 6 / maximum displacement & ) is 2.35 for
specimen S-23, 2.71 for specimen S-24 and 1.90 for specimen S-28,
respectively. The ductility of specimen becomes small according to the
decrease of gamma ratio. The reason why seems to be related with both
maximum strength and the extent of strength decrease due to panel
buckling. Smaller the gamma ratio is, both smaller the maximum strength and
larger the extent of strength decrease would be developed. So, it should be
noted that increase of gamma ratio is quite effective to increase the
ductility of steel piers. :

" CONCLUDING REMARKS

Dynamic loading tests were made on 3 types of steel pier models to study the
effect of longlitudinal stiffeners on strength and ductility of steel bridge
pler. From the results presented, following conclusions may be deduced.

(1) Residual out-of-plane ‘deformation of panels were developed at the

o




section between upper base plate and lowest diaphram. The buckling mode
was local panel buckling for specimen with gamma ratio of 4, and overall
wall buckling for specimens with gamma ratlo of 6 and 1.

(2) Major failure of specimen was fracture at weld. Major fracture was
developed at weld between web and flange. Fracture of panels at the crest
and knuckle part of the buckling mode were also developed.

(3) According to the development of panel buckling and fracture at weld,
decline of maximum strength due to the cyclic loadings was increased.

(4) As the gamma ratio became larger, the extent of strength after yielding
was Increased. And as the gamma ratio became larger, the decrecase of
strength according to the cyclic loadings was reduced. For these reasons,
the ductility of specimen was increased as the gamma ratio became larger.
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Table 1 Characteristics of Specimens

SPECIMEN S-24 | s-23 | s—-28
LONGITUDINAL SECTION SIZE (mm) | 10x64 | 6x64 | 6x59
STIFFENER NUMBER OF PANEL 4
LATERAL PLATE THICK (mm) 4.5
STIFFENER SPACING (mm) 350 600
RERATIVE STIFFNESS % 23.46 | 14.08 | 11.03
RERATIVE STIFFNESS %.req 394 | 3.45 | 10.38
GAMMA RATIO %/ %..eq 595=6{408=4]1.06=1

Table 2 Average Yield Strength and Strain

LONGITUDINAL | WEB AND FLANGE
STIFFENERS
THICKNESS (mm) 10 8
STANDARD SM490A
YIELD STRENGTH 3872 | 4021 | 3920 | 3946
(kgf/cm?)
YIELD STRAIN(x) 1850 1920 18170 1880




Table 3 Strength and Ductility of Specimen

(b) Specimen S-28

Fig.1 Specimens

—33

SPECIMEN S-24 | $-23 $-28
GAMMA RATIO %/ Yz-1eq 6 4 {
YIELD LOAD Py (tf) 48.8 45.6 43.8
MAXIMUM LOAD Pmax (if) 67.3 61.2 51.8
Pmox / Py 1.38 1.34 .18
YIELD DISPLACEMENT 8y (mm) 65.0 66.0 75.1
MAXIMUM DISPLACEMENT 8u (mm) | 176.3 | 155.3 143.0
DUCTILITY 8u/8y 2.71 2.35 1.90
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ABSTRACT

Presented are the seismic response characteristics of C-shaped reinforced
concrete bridge piers which is subjected to eccentric loading by the dead
weights of superstructure and cantilevered beam. The shaking table test and
dynamic loading tests of model piers were made to investigate the seismic
response characteristics. It is found that the response of pier Increases only
in one direction in which the bending moment increases and that the excessive
residual 'displacement was developed. It is also found that the ductility
significantly decreases with iIncrease of bending moment by the eccentric
loading.

1. INTRODUCTION

Recently, new types of structures have been constructed in urban areas by
land use restriction and other construction conditions. A C-shaped reinforced
concrete (RC) bridge pler as shown in Fig.l is one of the typical examples.
However, the selsmic response characteristics of this type of RC piers have not
yet been studied. The C-Shaped RC piers Is subjected to eccentric loading by
the dead weights of superstructure and cantilevered beam to support the
superstructure. Therefore, since it is anticipated that the seismic response
increases only in one direction during a severe earthquake, it is an important
subject to Investigate the strength and ductility characteristics and to
develop the seismic design method against large-scale earthquakes.

“This paper presents the seismic ‘response characteristics of C-shaped
reinforced concrete bridge plers through the shake table test and dynamic
loadlng tests of model plers :

2 DEFINITION OF ECCENTRIC LOADING

‘When ! RC plers are C—shaped ‘and subjected to eccentric ‘loading in the
transverse directlon to the bridge ‘axis, the load-displacement relation of RC
' piers may be {l1lustrated as shown in Fig.2, in which load-displacement relation
is- assumed as tri-linear. In case in which:dead weights of superstructure is
concentrlcally loaded, - displacement by seismic loading is developed from the



origin. The pier is deformed In nonliear region as crack and yielding and
ultimate stages with increase of the selsmic loading. However, when the dead
weights of superstructure is loaded eccentrically, the pier Is initially
deformed and the origin of displacement developed by the seismic loading is
shifted. Therefore, it is anticipated that the seismic response increases only in
one direction during a severe earthquake.

In order to define the amount of the eccentric loading, bending moment
ratio is assumed as

Me
Mo + Me

(1)

'y =

where
rea . bending moment ratio
M:= : bending moment by design seismic load, and
Ms : bending moment by eccentric loading of superstructure and
cantilevered beam
Eq.(1) shows that when the eccentric loading increases r.: deceases, on the
other hand, when the eccentric loading decreases rw Increases. rm = 1 means
concentric loading.
Fig.3 shows distribution of the bending moment ratio rwm based on the survey
of 45 existing C-shaped RC bridge piers in Metropolitan area, bending moment
ratio rw is in the range of 0.4 - 0.9. Averaged bending moment ratio rrs is 0.55.

3. SEISMIC RESPONSE CHARACTERISTICS OF C-SHAPED RC PIER
BASED ON SHAKING TABLE TESTS

3.1 Bridge Pier Model Studied

In order to investigate the seismic response characteristics of a C-shaped
RC pier, shaking table test was made at the Public Works Research Institute.
Objective of the shaking table test is to Investigate how the C-shaped pier
responds and behaves In the transverse direction to a bridge axis during an
actual earthquake.

Fig.4 shows a C-shaped bridge pier model used for the shaking table test.
Details of the pier model was determined based on the actual bridge pier. The
actual pier with average bending moment ratio, rm, of 0.55 was selected as a
prototype. The height of pier is 10.2m and the height of girder is 1.5m. The
similarity ratio of the pier model with the prototype pier was assumed as 1/4.6.

The specimen has an effective height, h, of 2.55m and cross section of 52cm
X 42cm (width in bridge axis : 52cm). The shear span ratio h/d, which is defined
as the effective height divided by the effective depth, d, of the cross section
of 37cm, is 6.9. Longitudinal reinforcing bars are arranged by 5 reinforcing
bars with diameter of 16mm (D16) in the initial compression side by the eccentric
loading, 5 reinforcing bars with that of 22mm (D22) in the tension side, and 3
reinforcing bars with that of 16mm (D16) in the other sides. The reinforcement
ratio is 0.45, 1.06 and 0.27, respectively. Tie reinforcement was arranged by
17.3cm pitch by reinforcing bars with diameter of 10mm (D10). Tie reinforcement
ratio is 0.16. Averaged ylelding stress of . the longitudinal and tie
reinforcement was 3,608kgf/cm® for D16, 3,500kgf/cm® for D22 and 3,552kgf/cm®
for D10. Averaged compression strength of the concrete was 335kgf/cm®. It




should be noted here that since weight of the superstructure supported by the
pier model is 40.1tf, seismic coefficient of the pler model can be regarded as
0.27. Axial stress by the dead weight of superstructure was 9.2kgf/cm®.
Computed yield displacement, é ., corresponding to one displacement ductility
factor and yleld strength of the pier in the direction in which the bending
moment increases are 7.7tf and 20.5mm computed from the shifted origin. On the

other hand, in the direction in which the bending moment decreases they are
11.8tf and 91.3mm, respectively.

3.2 Shaking Table Test

Photo 1 shows the set up of shaking table test. A pier model is fixed at the
center of the shaking table and two spans of simply supported girders with
total weights of 40.1tf and length of 15m were placed on the pier model. Because
two ends of the girder could not be supported by the shaking table, they are
supported by the two steel frames placed outside of the table. The pier model
and girders were connected by fixed bearings. The steel frames and girder were
connected by movable roller bearings so that inertia force developed at the
girder during excitation be directly applied to the pier model. It should be
noted here that although the direction of the eccentric loading is assumed to
be transverse direction, the girder axis was set up in parallel direction with
transverse direction of the pier model. However, since the two girders was to
load the weight of superstructure and to simulate the inertia force, the
direction of the girders is not Important.

The shaking table was excited along transverse direction to bridge axis
(direction to the girder axis of model bridge). An acceleration record
triggered at the Hachirogata during the Nihon-kai-chubu, Japan, Earthquake of
1983 was used as an input motion by reducing the time axis one half so that the
predominant frequency of the record matches with the fundamental natural
frequency of the pier model. Intensity of the record was assumed as 3.5 times
the original.

Extensive Instrumentations were made to measure basic parameters including
accelerations at the foot of pler and at the girder as well as relative
displacement of the girder with reference to shaking table. Inertia force of the
superstructure was computed by multiplying the acceleration developea at the
girder by the mass of girder.

3.3 Seismic Response Characterlistics

Fig.5 shows acceleration of shaking table, response acceleration and
displacement of girder. Although measured peak acceleration of shaking table
is 812cm/s®, this is spike-1ike response and effective seismic intensity to excite
the pler model is about 0.35G as assumed. The pler model developed residual
lateral displacement with an amount of 16cm at the pier crest in the direction
in which eccentric weight Is loaded. However, the stopper for preventing
falling-off of girders worked at this moment. If the stopper was not installed
the larger. residual displacement would be developed. Such a permanent
displacement 1Is clearly observed In Fig.5 from biased Inelastic response
displacement. The drift of response displacement was developed at time 12sec
when the first large excitation, which exceeded the yielding displacement,
-loaded. However, after the excitation with larger displacement at time 17sec,
the residual displacement reached to about 16cm. Therefore, accumulation of




drifting of response displacement after the first large excitation seems to be
less significant. It should be noted here that although the residual
displacement was developed in the shaking table test of RC pier model
subjectéd to concentric loading, the amount was much smaller than that
mentioned above. Photo 2 shows the residual deformation of the pier model
after excitation.

Fig.6 and Photo 3 show the fallure mode of the pler model after the
excitation by shaking table. Compression failure was found in the compression
side by the eccentric loading. Only horizontal tension crack was found in the
tension side.

Fig.7 shows the hysteresis loop of the load-displacement relation obtained
through the shaking table test. The blased displacement response was clearly
developed after the first significant excitation with larger displacement
exceeding the yleld displacement. The degradation of the stiffness in
accordance with nonlinear response can be clearly observed.

4. DYNAMIC LOADING TEST OF RC PIER MODELS

4.2 Bridge Pler Models Studied

In order to Iinvestigate the strength and ductility characteristics of
C-shaped RC pier, dynamic loading tests were made. Fig.8 shows a C-shaped
bridge pier model used for the dynamic loading test. The pier models are
basically the same as the shaking table test as mentioned in the above. Five
pier models in total were tested, in which bending moment ratio, rw, and loading
direction was varied as a parameters to be investigated.

All pier models have a loading effective height, h, of 2.55m and cross
section of 52cm X 42cm (width in bridge axis : 52cm). The shear span ratio, h/d,
is 6.5. The bending moment ratio, rm, was assumed as 0.69 (P-60; small eccentric
loading), 0.55 (P-62; medium eccentric loading) and 0.51 (P-64; large eccentric
loading), in which the specimen number is the serial number of pier models
tested at the Public Works Research Institute. P-62 has the same condition as
one used for the shaking table test. More two piers (P-65 and P-66) are for the
purpose to investigate the effect of longitudinal loading. The detail of the
plers is the same as P-62. Eccentric weight in transverse direction was not
loaded for P-65. Axial loading was assumed as 20tf which is the same as the
shaking table test. Therefore, axial stress by the axial loading is 9.2kgf/cm=.
It should be noted here that the axial force to P-60 was assumed as 13tf (axial
stress is 6.0kgf/cm®) because of limitation of loading apparatus.

4.2 Dynamic Loading Test

Photo 4 shows the set up of the pler model for the dynamic loading tests.
The pier model was anchored to the reaction wall with bolts. The large-stroke
dynamic actuator, which was installed to the reaction wall in such a manner, was
fixed to the head of the pier model. Also, axial loading apparatus was fixed to
the head of the pler models so that the necessary eccentric loading be applied.
At the pler crest the steel-made apparatus was set for the purpose to
eccentrically impose the axlal force.

Fig.9 shows the pattern of loading displacement for dynamic loading tests.
The yield displacement corresponding to one ductility factor was assumed as an
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unit loading displacement. However, the pier models subjected to eccentric
loading is initially displaced by displacement of & o. Therefore, unit loading

displacement, & 1, was assumed with the assumption of that the origin is shifted
to the initial point as

61l = 8d+-60o (2)

where
6 1: unit loading displacement
6 » : yielding displacement
d o @ initial displacement by eccentric loading
The pier models were subjected to a series of step-wise increasing symmetric
displacement cycles as shown in Fig.9. At each step, 10 cycles of loading with
the same displacement amplitude was carried out. It should be noted here that
the yield displacement was determined by computation with the strain of main
reinforcement at the base. The loading velocity was assumed as lcm/s. The
loading direction was assumed as transverse and longitudinal directions
depending on the test objectives.

4.3 Failure Mode of Pier Models

Fig.10 and Photo 5 show the failure mode of P-62 (rea = 0.55; medium
eccentric loading). Damage of a side parallel to the loading direction is shown.
During 6 : to 6 =z loading cycles, only small horizontal cracks were found on
the concrete surface. This is by the loading in the plus side (the loading in
which bending moment increases, this side is referred to A-side), no cracks was
found at the minus side (the loading in which bending moment decreases, this
side is referred to B-side). After & = loading cycles the cracks was initiated to
be developed in B-side. During 6 41 loading cycles, diagonal cracks were
developed from the bottom of A-side to B-side. With increase of loading cycles,
the significant cracks were developed at the bottom of B-side and cover
concrete was spalled-off. During &6 « loading cycles, concrete of the bottom of
pier was failed with a triangular wedge shape and 2 reinforcing bars were
fractured in the B-side. During & -+ loading cycles, deformation of pier was
significantly extended at the base and the pier was inclined. It should be noted
here that comparing of the failure mode with the shaking table test result, the
failure mode was significantly different between two tests. Although the
diagonal crack was developed in the dynamic loading test, such diagonal crack
was not developed during the shaking table test. This is because that although
displacement in the minus side was forced to be loaded to the pier in the
dynamic loading test, displacement during shaking table test was developed in
one direction in which the bending moment Increases.

Figs.11 and 12 show the failure modes of P-60 (rwm = 0.69; small eccentric
loading) and P-64 (rm; large eccentric loading). In case of P-60, from &
loading cycles, crack was developed also In the B-side. Then the crack
increased in both A-side and B-side. During & s loading cycles, cover concrete
was spalled-off in the both sides of the bottom. During 6 - loading cycles, 3
longitudinal reinforcing bars were fractured. The difference in the failure
mode between P-62 and P-60 is that the damage was developed in both sides and
the progress of the damage of P-60 with loading cycles became slower than that
of P-62. :




On the other hand, in case of P-64 (rm = 0.51; large eccentric loading),
during & = loading cycles the diagonal crack was developed. The cover concrete
in the B-side of the bottom was spalled-off during & s loading cycles. During &
s, concrete at the bottom of B-side was falled by compression and one
longitudinal reinforcing bar was fractured. Comparing with the failure mode of
P-62, the progress of damage of P-64 became faster than P-62.

Figs.13 and 14 show the failure modes of the P-65 (no cccentric loading,
longitudinal loading) and P-66 (eccentric loading). The compression side by the
cccentric loading was shown. During 6 s and 8 & loading cycles cover concrete
was spalled-off. Then during 6 = loading cycles, 5 reinforcing bars in total
were fracture in the both sides for two model piers. The slight difference
between two pier models was found in the failure mode. In P-68 in which
eccentric loading was applied, the diagonal crack was found more remarkably
than P-65 with no eccentric loading.

4.4 Strength and Ductility Characteristics

Fig.15 shows the effect of bending moment ratio, rm, on load-displacement
relation. In the plus side in which the bending moment increases, the
displacement range in which load reaches to peak and the displacement increase
stably was shorter as the bending moment ratio Is smaller. Therefore, the
bending moment ratio is smaller, the ductility becomes smaller.

Fig.16 shows the effect of longitudinal loading on the load-displacement
relation. The load-displacement relations of two piers are almost the same even
if the eccentric loading was applied. Therefore, there is small effect of
eccentric loading when seismic load was applied in the longitudinal direction.

Fig.17 shows the comparison of load-displacement relation between shaking
table test and dynamic loading test results. The load-displacement relation was
the almost close. However, in the shaking table test, the load did not decrease
suddenly with increase of displacement. This is because of the difference of
loading methods. In the dynamic loading test, forced displacement was applied
by the 10 cycles loading.

Table 1 shows the strength and ductility of the tested pier models. The
ductility was almost same when 1w is 0.69 and 0.55, but-when the rm is 0.51 the
ductility decreases to one of half of those. The ratio of peak strength by
yield strength of the P-64 decreases by 10% than P-60 and P-62.

5. CONCLUDING REMARKS

In order to investigate the seismic response characteristics of C-shaped
reinforced concrete bridge piers which is subjected to eccentric loading in the
transverse direction to bridge axis by the dead weights of superstructure and
lateral beam, the shaking table test and dynamic loading tests of model piers
were made to investigate the seismic response characteristics.

According to the above results the following conclusions may be deduced:
(1) When the pier model subjected to eccentric loading, the displacement was
developed only in one direction in which the bending moment increases. The
large amount of residual displacement was finally developed.
(2) When the bending moment ratio is 0.51, the ductility decreases to one half
that greater than 0.55. Therefore, the bending moment ratio is smaller,
ductility becomes smaller. .
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" Table 1 Strength and Ductility of Pler Models

P-60 | P62 | P-64 | P-65 | P-66
Loading Direction Trans. Trans. Trans. |Longl. |Longi.
Bending Moment Ratlo 0.69 | 0.55 | 0.51 0 0.55
ru (Eccentric Loading) Spall | Medium | Large - Medium
Yield Strength Py (tf) 127 | 150 | 22.8 17.2 16.0
Peak Strength Pmax (tf) 14.8 | 18.3 | 243 21.3 | 20.1
 Pmax/Py 117 | 122 | nor | L24 | L2
Yield Displacement s y(cm) 1,',‘?1 1.3 2.0 1.6 __1.8
Ultimate Displacement & y(cm)| 8.8 73 | 54 | 73 | 79
Ductility Factor & y/4 u 5.5 | 56 | 27 46 | 44
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1. INTROi)UCTION

This paper presents prehmmary results of a study on the comparatlve seismic desngn of
highway bridges designed usmg both the California Department of Transportatlon
(Caltrans) and Japanese seismic design specnﬁcatlons Such comparison is aimed at
providing a better understandmg of the two seismi¢ desngn methods and structural
differences. The research project this paper is based on included two bridge design
examples. A typlcal California highway bridge was desngned using the Caltrans Bndge
Design Specnﬁcatlons (BDS), and keeping the superstructure unchanged, it was ’
redesigned usmg the Japanese specifications. Slmllarly, a typical Japanese bridge was first
designed using the Japanese specifications, then was rede5|gned using the California
method. Where appropriate, this paper highlights basic seismic design considerations and
differences between the two design methods. In this paper, an emphasns on the Caltrans
design detalls and selsmlc loading is prowded ‘

2. GENERAL ASSUMPTIONS

Differences in the se|sm|c design approach for highway bridges, between California and
Japan, include the predommant structure type, the design method and seismic force levels.
California bridges typically consist of a moment resisting frame system with monolithic
joints connecting the superstructure to the substructure, whereas, in Japan, bearing type
supports are typlcally used for those connections. Load factor (ultimate strength) design
with force reduction, based on dlsplacement or curvature ductility and risk factor, is the
California approach. In Japan, the seismic force coefficient method based on allowable
stresses is utilized. The ultimate capacity check of reinforced concrete piers or columns is
performed using a ductility approach where force levels of up to 1.0 g are applled to
vertical support members. : ,

In the process of redesigning the U.S. bridge using the Japanese method, the
superstructure is kept unchanged, whereas, substructuré components can be different, i.e.
column or pier size; and their reinforcement, footings, number of piles, including size and
capacity, and abutments are all permlsSIble changes The focus is to narrow the differences
downtoa mmlmum and concentrate on the seismic approach of both Japan and California.
The maximum traditional design seismic force in both places is assumed, i.e. ground
acceleration of 0.7 g in California, and force coefficient k = 0.3 in Japan.

el .



3. BRIDGE DESCRIPTION

The California bridge as shown in Fig. 1, referred to in this paper as the U.S. bridge, is
assumed to be a freeway connector having straight alignment and the following span
configuration: 130 ft, 3 spans at 175 ft, 130 ft. It consists of a five span continuous,
prestressed concrete box girder with single column bents. The girder is 7'-0" (2.13 m)
deep and 42'-6" (12.95 m) wide as shown in Fig. 2.

Columns are fixed-fixed (top-bot) and are 65 feet long (to C.G.) supported on pile
footings. Abutments are "seat type" supported on pile caps. As for foundations, driven
piles with 100 ton service load capacity (Caltrans Class 100) for the bents and 70 ton
capacity (Class 70) for the abutments were assumed, although the size in the equivalent
Japanese bridge may differ. Only vertical piles are used, as battered piles are rare in Japan.

Soil type, as shown in Fig. 3, used in the design was based on soil conditions found in the
vicinity of the Los Angeles area. It consists of a mixture of sand and silt slightly compact
to dense with unit weight of 115-125 pcf. Standard penetration index ranges from 11 to
70. The internal friction angle is 25-35 degrees, cohesion is 0 - 1000 psf and the shear
strength is 2.0 - 2.9 tsf. The predominant period of vibration of the ground is 0.35 second
and the depth to rock like material is greater than 300 feet.

To increase the ultimate moment capacity of the box girder, the typical section is flared
over a distance of 20 ft (6.10 m) to reach its maximum at the face of supports. This is
done only at the bents not the abutments, since seat type abutments do not resist moments.
Table 1 below shows the section properties at those locations. Fig. 4 shows the global axis

designation.

Table 1- TYPICAL SECTION PROPERTIES

Location Area (2) 127 (ft%) 1YY (ft%)
At Supports 83.77 634.93 10086.61
Minimum Section 74.69 554.79 : 9449.00

Columns are round 8 feet in diameter, with the area A= 50.27 fi2 and Izz=lyy= 201.06 ft4.
Since column size is a permissible change in the redesign, the Japanese version utilizes a
9'- 2" by 19'- 7" (2.8X6 m) rectangular cross section with an area A= 180.74 fi2(16.8 m?).

Table 2 lists dead load reactions. Trial (0) refers to the dead load portion present at time
of prestressing, trial (1) refers to added dead load, such as overlay and barrier rail. These
numbers do not include the bent cap portion that is not necessarily modeled in the static
model. The Caltrans terminology utilizes the terms "column" and "bent" where the
Japanese version refers to the same thing as "Pier". The term "Pier" has a specific
definition according to Caltrans and therefore will only be used where appropriate.




Table 2- Dead Load Reactions* (Kips) :
Loading Abut 1 Bent 2 Bent 3 Bent 4 Bent § Abut 6
Trial (0) Top 566 2058 2138 2138 2058 566
Trial (0) Bot - 2548 2629 2629 2548 -
Column Weight - 490 490 490 490 -
Trial (1) 64 229 238 238 229 64

(*) Does not include additional dead load due to bent cap weight at the bents.

4. SEISMIC LOADING

In designing the column (Fig. 5), all load cases prescribed by the specifications are
analyzed at all critical locations. The loading at the top of column did control the Caltrans
design with the maximum longitudinal seismic load case being the controlling group (Grp.
VII case 2). A summary of seismic load input is presented in Table 3.

Table 3- SEISMIC LOADING

(a) Top of Column

ARS UNREDUCED FORCES
CASE 1 CASE 2
MY trans 116257 348717
MX Long 28339 94465
P Axial 104 347

P/S Moment = 3325 k-fi, P (DL)=2589 k

(b) Bottom of Column
ARS UNREDUCED FORCES
CASE 1 CASE 2
MY trans 61520 18456
MX Long 27423 91432
P Axial 104 347

P/S Moment = 4472 k-ft, P (DL)=3079 k

Earthquake forces were reduced by the ductiiity and risk factor Z=5.30. Applied factored
moments (reduced) and axial loads are summarized in Table 4.

Table 4- Applied Earthquake Loads

Grp My Mx CombM | P Mu Muw/M
VII-] 21935 | 8974 23700 2693 | 24603 | 1.04
VII-2 6581 | 21451 | 22437 2936 | 24942 | 1.11

Boundary conditions are essential to the modal behavior of the structure. In the Caltrans
design for the subject bridge, all column connections are modeled as fixed top (to the



superstructure) and bottom (to the footings). Abutments possess transverse fixity which
means they are restricted only in the transverse direction. However, soil stiffnesses in the
longitudinal and transverse directions are used to model the embankment behind the

abutment wall.
5. RESPONSE SPECTRUM ANALYSIS RESULTS

Generally, Caltrans utilizes a linear multi-modal dynamic analysis method in calculating
maximum forces and displacements, where, an appropriate ARS curve is selected
depending on the foundation conditions at the proposed site. The designer may choose the
number of vibration modes to be utilized in combining modal maxima and thus computing
maximum displacements and forces. The Caltrans analysis is based on the Complete
Quadratic Combination (CQC) method as reported by the program "SEISAB". The U.S.
bridge dynamic results are concluded from 15 modes of vibration. The Japanese bridge
results are reported as 15 modes in the longitudinal direction and 15 modes in the
transverse direction. Table 5 summarizes the modal response of the U.S. bridge.

Table S- Bridge Modal Response (Caltrans Method)

MODE PERIOD SPECTRAL | DIRECTION
(sec) VALUE (g)

1 1.344 0.84 Transverse
2 1.014 0.93 Longitudinal
3 0.737 1.01 N.P.
4 0.547 1.08 Vertical
5 0.463 1.08 Longitudinal
6 0.400 1.07 Transverse
7 0.382 1.06 Vertical
8 0.301 1.01 Longitudinal
9 0.296 1.01 Vertical
10 0.247 0.96 N.P.
11 0.167 0.88 Longitudinal
12 0.166 0.88 Transverse
13 0.166 0.88 Vertical
14 0.151 0.86 Vertical
15 0.137 0.85 Longitudinal

Table 6 lists the maximum displacements (in feet) at various locations of the structure
using the Caltrans method. Design displacements are derived from this list and combined
in accordance with the loading combination criteria.

Table 6- DISPLACEMENTS (CALTRANS METHOD)
Direction Abut1 Bent 2 Bent 3 Bent4 Bent S Abut 6
MaxLng | 0.791 0.788 0.786 0.786 0.788 0.791
Max Tra. | 0.019 0.811 1.521 1.521 0.811 | 0.019




Table 7 shows the natural period and mass participation factors of the Japanese design.
Table 7- BRIDGE MODAL RESPONSE (JAPAN METHOD)

A- LONGITUDINAL DIRECTION

MODE PERIOD Ratio of Mass
(sec) Participation
1 0.685 76.14
2 0.452 0.00
3 0.424 0.20
4 0.396 0.00
5 0.300 0.00
6 0.298 221
7 0.178 0.00
8 0.127 0.45
9 0.123 0.00
10 0.113 9.70
11 0.108 0.00
12 0.079 0.03
13 ~ 0.056 0.00
14 0.044 0.01
15 0.040 0.00

B-TRANSVERSE DIRECTION

MODE PERIOD Ratio of Mass

(sec) Participation
1 0.661 64.25
2 0.539 0.00
3 0.370 7.54
4 0.254 0.00
5 0.173 3.73
6 0.140 0.00
7 0.121 2.18
8 0.108 0.00
9 0.097 2.14
10 0.080 737
11 0.080 0.00
12 0.069 0.00
13 0.066 . 185
14 0.059 0.00
15 0.059 1.78




Design of the footings by the Caltrans method was controlled by the probable plastic
moment (Mp), when applied at 45 degrees angle to the footing. The maximum pile
compressive load is 335 kips (max allowable 400 k)and maximum uplift force is -163 kips
(max allowable -200 k). For pile layout see Fig. 6.

Table (8) below summarizes the resultant design

Table 8- COLUMN DESIGN COMPARISON

DESCRIPTION CALTRANS METHOD JAPAN METHOD
COLUMN SIZE 80" o 2.8X6.0 m (Rectangular)
COL GROSS AREA 50.27 sq. ft (4.67 sq. m) 16.8 sq. m (180.74 sq. f)
COLUMN REINFORCEMENT #14 total 44 '

Ag=99 in2 (1.368 %)
o #6 Spiral @ 4 1/4 " (0.45 %)
FOOTING DEPTH 4'-3" (1300 mm) 2200mm minimum
FOOTING SIZE : 21'X21" (6400mmX6400mm) 2000mmX9000mm
FOOTING REINFORCEMENT Top #6 total 52 (both ways)
Bottom #10 total 65 Transverse
#10 total 48 Longitudinal
PILES 40 -15" Diam. Piles/Length (60') 28 Piles
100 Ton Capacity @ 600X18.3 m

The abutment footing required a total of 24, 15 inch diameter, piles with 70 ton capacity
(Class 70) using the Caltrans method (Fig. 8). By comparison, it required 8, 600 mm
diameter, piles using the Japan method. Under the California method, abutments are
designed such that no earthquake loads can be transferred into their foundation.
Therefore, abutment footings and piles are not designed to withstand seismic forces .

6. CONCLUSION

Design data for an example bridge were presented along with factors affecting the final
design. One of the most obvious results of the comparison is the size of substructure
components (columns), size of foundations (footings), and the natural period of the
structure. In this example, the Japanese bridge uses a rectangular pier three times larger
than the Caltrans round column. The Japanese footing area and depth are approximately
75 % larger than the Caltrans footing. Length of piles used with both approaches is very
similar. Finally, primarily due to the larger substructure, the Japanese bridge has about half
the natural period of its Caltrans equivalent, and as such, is twice as stiff.
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GUIDELINES FOR DISASTER INFORMATION SYSTEMS FOR IMPORTANT INFRA-STRUCTURES

By Kazuhlko KAWASHIMAs, Kenichi TOKIDA##

, Hldekl SUGITA=»2, Tomoru NAKAJIMA#+2»

and Hideo MATSUMOTOsze=

ABSTRACT

This paper outlines the "Guldellnes for Disaster
Information Systems for Infra-structures”. This
Is a part of the "Guldelines for Disaster
Information Systems®™ which was compiled In March
1992 as a final
compreherislve five year research project on
Development of Disaster Information Systems.

Description is given to proposed selsmic damage

information systems for the Ministry of
Construction. Emphasls Is placed on the Damage
inspection with use of video cameras from
helicopters and visual Information systems for
seismic zonation of ground hazard.

KEYWORDS: Disaster, Information, Earthquake,
Damage Inspectlion, Ground Hazard

1. INTRODUCTION

When a destructive earthquake occurs, it is of
significant importance to Immediately collect
accurate informatlon on the extent of damage In
the area affected by the earthquake. Road
transportation Is 1llkely to be interrupted in
urban area such as Tokyo as a direct result of
damage of not only transportatlon faciliities but
buildings and lifeline facllitles along roads.
Confusion caused by people In evacuation and
automoblles left on roads are antlcipated, and
they woulld also cause conslderable disruptlon
of transportation.: It is required therefore to
develop “a new Information ' collecting ' and
processing systems which enable the extent of
damage to be recognlzed Immedlately after an
earthquake " for formulating the repalr and
restoration strategy promptly. ‘

A comprehenslve . 5 year research program
entitled "Development of Information Collecting
and Processing Systems for Disaster Mitigatlon”
as - Inftlated In 1987 by 'the Ministry ' of
Construction. Public Works Research Institute,
Building : Research Institute - and Geographical
Survey Research Institute are Involved in the
research. The objectlves of this research
project - were to’ develop new iInformation
collecting - and  processing - systems,: uslng
advanced - new technologles, -~ for ' varlous
disasters such as earthqt’]akes. floods and debrls
flows.- As shown ' In Fig.1,” key ltems of the
research development were :

a) blrd's eye lnformatlon collectlng systems
from hellcopters,
b) on-line information processlng systems. and

For . fhjs _purpose,

accomplishments of a .

c} real-tl'me dlgltal mapping systens.

measuring and assessing
technology of damage degree of structures using
noving  plcture Informatlon detected from
hellcopters and new medla orlented high-grade
disaster prediction methods as well as planning
systems for repalr"and restoration in damaged
areas was developed. To avold dlstortion of
information during transferring from reglonal
offices to headquarters, It was aimed to adopt
visual motion plcture systems.

This paper presents the outline of "Guldelines
for Disaster Informatlion Systems for
Infra-structures”, which 1Is a part of the
"Guidelines for Disaster Informatlon Systems”.

2. SCOPES AND CONTENTS OF THE GUIDELINES
The Guldelines Is of five parts as :

Part 1 General Remarks and Proposals

Part 1I DEvelopment of Principal Technology for
Disaster Information Systems

Part 111 Damage Information Systems for Important
Infra-structures

Part 1V Damage Informatlon Systems for Urban
Dlsaster

In Part 1, summary of the 5 year project is
presented with the background and needs of the
project. Detalls of the program Is presented In
Parts-II, 1l and 1V. In Part II, varlous new and
advanced technology for dlisaster iInformation
systems are presented. They Include utilizatlon
of GPS positioning system, thermal Inage
sensors, - aero photo and video image camera. In
Part 1V, governments Is presented. Data base
required for disaster Information systems, real
time simulation of fire spreading and evacuation
systems are Included. GSI, PWRI and BRI are In
charge of making Part 1II, III and 1V,
respectively.’ : : )

in the Part 1iI, which will be briefly introduced
ifn this paper, the followlng issues are described :

* Head Earthquake Englneering Dlvision, Publlc
¥orks Research Institute

=3 Director, Kanazawa Construction Ofﬂce

#s» Research Englneer, Earthquake Englneering
Division, Publlc ¥Works Research Instlitute

ssss Hifgawa and Kandogawa Constructlon Ofﬂce.
Ministry of Constructlon

;-79 —
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Fig. 1 Disaster Information Systems for Important Infra-structures

1 Common Part

1.1 General

1.2 Information Required during Disasters

1.3 Information Collecting and Processing
before an earthquake

1.4 Damage Information System with use of
Electric Still Cameras and Electric Handy
Recorders

1.5 Outline of Damage Information Systens
Common System Required for Various
Disasters

1.6 Application to Normal York

1.7 Organization Required for Application of
Damage Information Systems

2 Damage Information Systems for Earthquakes
2.1 Damage Information Collecting Systems
2.2 Damage Information Transferring Systems
2.3 Damage Information Processing Systems

3 Damage Information Systems for Ground Failure

during Earthquakes

3.1 Estimation of Ground Movement

3.2 Damage Inspection of Embedded Underground
Structures

3.3 Damage Inspection of Road Facilities

3.4 Information Processing System for Ground
Hazard

4 Damage Informatlon Systens for Flooding
4.1 Damage Information Collecting Systens
4.2 Darage Information Processing Systems
4.3 Damage Information Transferring Systems

S Damage Information System for Land Slide
5.1 General
5.2 Damage Information Collectlng Systems
3.3 Damage Information Processing Systems
Required for Restoration

5.4 Damage Information Processing Systens
Required for Management of Construction
Materlals, Driftwood and Sand

3. PROBLEMS OF CURRENT DAMAGE INFORMATION
COLLECTING SYSTEMS AND BASIC REQUIREMENTS FOR
DEVELOPING NEW SYSTIMS

Although there were not destructive
earthquakes which seriously hitted urban area in
the last 40 years In Japan, it has been
repeatedly pointed out from the experience of
seismic damage in local areas that information
collection and dissemination are the most
Important but difficult issue for central and
reglonal governments In charge of control of
public facilities®®. This was also pointed out
at the Loma Prleta, U.S.A., Earthquake in
October 1989”%. From the past experiences,
varfous obstacles for collecting damage
information are anticlipated®®. The nost
Important one Is unexpectedly long tinme
required for collecting damage information due
to Interruption of roads and damage of
informatlon transferring media  such as
telephone. Even if. telephone could survive an
earthquake, disruption of commrunication
repeatedly happened due to- concentration of
call to a specific reglon.

Inadequate accuracy of the collected
Information Is the second problem. Unconfirmed
and sometimes uncorrect informatlon were sent.
Only a part of total information arrived. It is
difficult to know the accuracy and correctness.
Sometimes the same Information arrived through
different routes, and they were misunderstood as
different Informatlon. Confirmation of source of
Information Is very important. When a serles of
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events occurred, Information on subsequent
event sowrctines arrived earller than the
information of the preceding event. There are
examples that this caused significant
misunderstanding on what were golng on the
events and the repair.

Because most of information Is transferred by a
voice and letters, correct evaluation on the
information is difficult. Distortion of
information always occurs. Therefore it 1is
required to send information in a form of visible
information. Still picture and moving picture
information are quite effective.

Basic requirements for solving the problems of

the current damage information collecting
systems are:

(1)Prompt Information Collection

Collection of damage information in wide areas
has to be made at not only day time but night
time. Because accuracy of the damage Information
required changes 1In accordance with tlme
following an earthquake, it is jmportant to be
able to collect damage Information with
reasonable accuracy depending on the time after
an earthquake. Visible information through video
cameras is quite important.

{(2)Delivery of Updated and Same Information for
All Bodies Involved In Repair and Restoration

Although quality of the information required
depends on the task of Individuals involved In
repair and restoration, it 1is essentlally
important that the same and updated damage
information is able to be delivered for all
individuals from site engineers to declision
makers. The real-time damage Information has to
be displayed in the form of not only letters but
moving pictures. Because it Is important for site
engineers involved in Inspection and emergency
treatment to know real-time progress of damage
and repair even in other area for which they are
not in charge of, the systems should have
capability to display the damage Information of
not only inside but outside of the controlled
area.

(3)Data Processing Systems for Repair and
Restoration

The data processing systems has to be capable to
control all the damage information In a system,
and can be used from the first stage (inmediately
after an earthquake) to third stage (stage of
permanent repair and restoration) ©2. It should
also have a capabllity to execute varlous
simulation for studying restoration strategy.

4. PROPOSED SEISMIC DAMAGE INFORMATION SYSTEMS

For enabling the requirements presented in the
preceding chapter, Seilsmic Damage Information
Systems was proposed for collecting and
processing seismic damage information for repair
and restoration of roads and river facilities.
The Selsmic Damage Information Systems is to be
operated at the Main Headquarters for Disaster
Countermeasures (Headquarters Office at the
Ministry of Construction), the Headquarters for
Disaster Countermeasures (Headquarters Office
at Reglonal Construction Bureaus) and the
Branch for Disaster Countermeasures (Regional
Construction Offices). )

Fig.2 shows layout and role of three
sub-sections of the Selsmic Damage Information
Systems. At Damage Information Processing Roomn,
all damage Information are collected from
varlous sources such as ground patrol teams,
hellcopter patrol teams, other organizations
and public. From such information from various
sources, Important information required for
repalr and restoration of roads and river
facllities are Identified. Preliminary statistical
analysis of the damage are made. At Damage
Survey Room, repair and restoration plan based
on the damage Information compiled at the
Damage Information Processing Room are
formulated. Communication and adjustment for
restoration with related organizations such as
police, fire departments and local governments
have to be made at this stage. At Damage
Countermeasure Room, basic policy and strategy
for repair and restoration based on the
information compiled at the Damage Survey Room
is decide.

Fig.3 shows an image of the Damage Survey Room
and the Damage Information Processing Room
which should be placed at the Headquarters
Office at Reglonal Construction Bureaus.

The Seismic Damage Information Systems is of
four sub-systems for collecting, transferring,
processing and maintenance of the damage
information. The outline of the sub-systems are
as follows.

(1) Seismlc Damage Information Collecting
Systems

Information on seismic damage detected by
helicopter patrol teams and gtound patrol teams
Is collected and processed in this systems. The
damage information is of moving picture, still
plcture and letters. They have to be detected by
video cameras, electric still cameras and
electric hand notes. The electric hand notes are
speclally designed man-machine handy type
personal computers for exclusive use for
recording seismic damage. When the electric
notes are operated by field engineers, the notes
automatically display and ask important items
for identifying the damage situation such as
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(b) Damage Information Processing Room (Regional Construction Bureau)

Fig. 3 Image of Damage Information Processing Room and Damage Survey Room

location, size, type and degree of damage. The
data are stored on floppy disk, and they can be
sent to a host computer at the Headquarters by
cables or radio communication systems.

(2) Data Transferring Systems

Fig.4 shows an image of the Data Transferring
Systems for transferring the damage information
between Headquarters, Reglonal Construction
Bureaus, Regional Construction Offices, patrol
helicopters and ground patrol teams. The
information to be covered by the systems
includes;

a) moving picture motion detected by video
cameras on helicopters

b) moving picture motion by video cameras of
ground patrol teams ’

c) still picture motion by still cameras of
ground patrol teams

d) character and mapping data used in the
Seismic Damage Information Processing Systems

e) telemetered data on - earthquake and
meteorology

g) Information through telephone and faximile

Main facilities required for the Data
Transferring Systems are presented in Fig.5.
Main facllities included In the systems are of
satellite communication systems and ground
communication systems. The satellite
communication systems includes satellite, fixed
recelvers, portable receivers and moving picture
transmitting systems. The fixed receiver and
portable receivers were already installed at two
and five of elght Regional Construction Bureaus,
respectively. The ground communication systems
are of radlo network for exclusive use of the
Minlstry of Construction and picture motion
comnunication systems. The radio network of the
Minlstry of Construction covers about 800
locations Including Regional Construction
Offices and local governments throughout the
country.
(3) Seilsnmic Information
Systens

Damage Processing

Flg.6 shows ten sub-systems for operating the
Selsmlc Damage Information Processing Systems.
¥Whole  seismic damage data, repair and
restoration data, mapping information, and
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SUB-SYSTEM FOR OATA INPUT FOR STRUCTURAL PROPERTIES,
DATA INPUT AND [NFORMATION OF DAMAGE, REPAIR AND
RESTORATION.
SUB-SYSTEM FOR CONTROL OF MAPPING OATA, AND PLOT
MAPPING DATA OF DAMAGE, REPAIR AND RESTORATION
INFORMATION
SUB~SYSTEM FOR CONTROL OF BASIC INFORMATION OF FACILITIES
PRE - EARTHQUAKE BEFORE EARTHOQUAKE {INFORMATION ON ROAD KETWORK
FACILITY INFORMATION RIVER, STRUCTURES ARD MATERIALS IN
STORE FOR DISASTER)
SUB-SYSTEM FOR CONTROL OF INFORMATION ON EARTHQUAKE
EARTHQUAKE AND AND METEOROLOGICAL
METEOROLOGICAL

IRFORMATION

SUB-SYSTEM FOR CONTROL AND REFERENCE OF SEISMIC
SEISMIC DAMAGE DAMAGE 1NFORMATION
SUB-SYSTEM FOR CONTROL OF INFORMATION ON
osT RESOURCES FOR MATERIALS AND HUMAN RSSOURCES FOR
HOST- R
COMPUTER REPAIR AND RESTORATION REPAIR AND RESTORATION
SUB-SYSTEM FCR CONTROL OF INFORMATION ON WHAT WERE
COUNTERME ASURE OOKE FOR COUNTERMEASURES
INFORMATION {EXCLUDING REPAIR AND RESTORATION WORKS )
SUB-SYSTEM FOR CONTROL OF INFORMATION ON
REPAIR AND REPAIR AND RESTORATION WORKS
RESTORATION INFORMATION
WORK STATION SUB-SYSTEM FOR SIMULATION ON REPAIR AND RESTORATION
SIMULATING PROCESS
RESTORATION PROCESS
SUB-SYSTEM FOR CONTROL OF INFORMATION ON TREATMENT AND
COMMUNICATION AKD COMMUNICATION BETWEEN RELATED
ADVERTISEMENT ORGANIZATIONS, AND ON
ADVERTISEMERT FOR MASS-MEDIA
Fig. 6 Sub-systems of Scismic Damage Information Processing Systens
facilities information prior to an earthquake are electric black boards. The Audio Visible Systems
compiled and controlled in this systems. should have the capability to monitor the
Simulation of restoration strategy can be made damaged area through large screen, to
for clarifying the most appropriate way of understand the damage feature by comparing the
restoration. Control of information on still and moving pictures taken prior to the
adjustment with other organizations are made. earthquake, and to conduct TV conference.
Notice and announcement on damage and repair to
mass-media Is also controlled by this systems. It 5. DAMAGE INSPECTION FROM HELICOPTERS
is of host computer for data processing and
work-stations for data input and output. Damage inspection from helicopter scems
Analyzed data should be displayed on monitor In attractive to collect damage information
a well organized form for declding repair and promptly because {t {s not interrupted by

restoration strategy. traffic congestion and road suspension. To

Investigate the effectiveness of the damage

(4) Audio Visible Systems survey from helicopter, model damages were
) intentfonally placed on varlous road and river
Fig.7 shows an Iimage of the Audio Visible facilities. A helicopter owned by the Ministry of
systems. It includes screens with 200 inches and Construction was used for this test. It is for
70 inches, monitor of telemeters, projectors and excluslve use for disaster prevention as shown
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Photo 1 Helicopter for Disaster Prevention Owned
by Ministry of Construction

A video camera which is set in a specially
designed camera case for isolating the camera
from vibration of the helicopter was used to
detect artificial damage. The focal distance of
the video camera is from 12.5 mm to 550 mm. By
using the focal distance of 550 mm, a flame of 4.8
m by 3.6 m can be recorded when the height of
the helicopter is 300 m which Is regulated
minimum height at city area. Real time

to the ground receiver can be made. A thermal
image sensor is also provided on the helicopter.
It can detect the difference of temperature with
the resolution of 0.25 degree in Centigrade.
Because zoom as large as 4 times is provided in
the thermal image sensor, a flame with 37 m by 21
m can be recorded.

Varilous selsmic damage was intentionally
developed on bridges, pavement, road
embankment and river structures. Photo 2 shows
cracks which were made by placing white vinyl
tape with width of 5 cm for alming to represent a
damage developed at mid-height of reinforced
concrete piler and a damage of prestressed
concrete deck. The former damage is likely to be
developed when reinforcing bars are terminated
at mid-height with inadequate anchoring length®
and the latter damage tends to be developed on
the concrete near the bearing supports™ when
the deck is pulled laterally. Photo 3 shows how
such damages are detected from helicopter
flying 321 m above the ground surface with
velocity of 60 km/h™. The focal distance was 550
mm, It is apparent that the cracks at pier and
deck can be clearly detected. The test was made
by varying the velocity and height of flight.




Photo 2 Cracks Placed on Mid-height
of Pier and Girder

Photo 3 Damage Detected by Video Camera Placed
on Helicopter (lleight Is 321m, Focal
Distance is 550mm)

Photo 4 shows picture representing a new bridge
construction along an existing bridge in use for
traffic. This was detected by the thermal Image
sensor at night. Flight height was 338m from the
ground surface. Automobiles driving on he
existing bridge and Afour girders under
construction can be apparently seen®™. The
thermal image sensor is effective to detect large
damage of steel and concrete structures.

Photos 5 and 6 show the seismic damage of road
along natural slope , which was caused by the
Izu Ohshima-kinkai Earthquake® with the Richter
magnitude of 7.0 in January 1978. Extensive slope
failure was developed along the road with total
distance of about 125 m and height of 30 to 50 m ,
and this embedded a public bus with three being
killed. Photo & shows the repairing job by a
crane. Because this Is a part of video taken by a
TV company for broadcasting, the flight
information such as height and velocity Iis
unknown. By carefully examining the video
record, length, depth and soil volume were
surveyed by three geologists with different
professional careers®. The geologist with 17, 10
and 5 years professional carcer Is designated
herein as A, B and C geologist, respectively.

Photo 4 Bridges Detected by Therral Image Sensor
at Night (Height is 338m)

of Izu Peninsula Detected by Video
Canera from llelicopter

Photo 6 Repair Work Detected by Video Camea
from Helicopter

Table 1 compares the accuracy of the estimation
by three geologists based on the video film. It
is interesting to note that the geologist A gives
the most appropriate estimation, and that the
geologlsts . with shorter professional career
tends to give 30 to 50 % smaller estimation.
Because estimation was made through video
picture which iIs, of course, much smaller in size

— 87— .



than the actual damage, the surveyors tend to
give smaller estimation in slze.

Table 1 Accuracy of Estimation by Three
Geologists with Different Professional

Carcer
GEOLOGISTS MEASURED
DAMAGE
A B c AT SITE
AVERAGCE XIDTH TO{CRANE(102)xT) &0~ 80 10~3) 1008
AYERAGE DEPTH | 10{AVERAGE ¥1DTHx 5~10 ] Sa
1/1~1/10)

FAILURE AREA . IN~480 . -

SOIL YOLUME 20,000{302x702x102) 20,000 . 25,500
LENGTH OF RCAD | 100{AVEFRAGE ¥IOTH 80 L) 125
INTERRUPTED BY ez)
SLOPE FAILURE

1. & MFANS THAT IT WAS UNASLE TO ESTIMATE FROM VIDEO TAPE
2. ( ) REPRESENTS HOY GEOLOGISTS EVALUATED LENGTH, DEPTH AND DISTANCE

Fig. 8 shows the geologlcal feature detected by
the geologist A based on the video film. Various
information which is useful to judge the cause of
failure and probability to cause further
progress of the failure can be obtained If the
video picture is carefully evaluated by a person
with enough professional knowledge.

It was found from the study that estimation of
the volume and length of-failure is easier when
artificial goods and facilities such as car, gird
rails, house are found in the moving pilcture
because they can be used as a reference to
measure the distance'® On the other band, it
was found difficult to estimate the distance and
length when the failure Is enormously large as
compared with the size of such artificial goods
and facilities.

The study presented here Is now being extended
for studying the maximum flight velocity to
detect a certain size of damage''’, effect of
temperature and wind velocity for detecting
damage by thermal Image sensor'®, and the most
appropriate way of flight'=.

6. DEVELOPMENT OF GRAPHIC SYSTEMS FOR
EARTIIQUAKE DAMAGE INFORMATION

Graphic display with use of a computer system is
effective for realizing various information and
data. However development of a graphic system
for disaster Information system Includes varfous
problems such as in core memory and computer
time required. Therefore a pilot-system for
earthquakes disaster Information system was
developed to study the feasibility and display
method. s

The pilot system can display information on
seismic ground motion and hazard which are
required immediately after an earthquake as the

HO INFORMATION IS AVAILABLE
FOR CRACXS AT UPPER FART OF SLOPE

MORTOR
DEEP FARURE

LT 3 ’ \ SOILS WITH
TRACE WHERE \ L3 GRAVEL
FELL DOWN R
SOILS WITH
UNDAMAGED /. — CONCRETE MORTOR PIECES
SLOPE PAVEMERT

GAP OF CONSTRUCTION
JOINT OF CONCRETE PAVEMENT

FARURE OF
ROAD SHOULDER

Fig. 8 Geological Feature Detected by Geologist
A based on Video Film

basic disaster information for damage evaluation
and restoration. The system can display an
eplcenter, magnitude of earthquake, ground
motion records and ground failures.

As a case study, a pilot rEodel was formulated for
southern Kanto district around Tokyo-Bay. The
system can display a monitor with three
different scales. Map A Indicates wide area of
158km X 130km with 14 x 14=196 cells. Map B
indicates middle areas of 11.3kmx 9.25km with 20
X 20 = 400 cells. A whole Map B corresponds to
one cell of the Map A. Map C represents small
arca of 566m X 466m scale, and a whole Map C
corresponds to one cell of the Map B.

The hardware of the pilot system is of a memory,
a display, a kevboard with a mouse, a printer
and a mainframe computer as shown in Photo. 7.
Photos 8 and 9 show the graphics on peak
acceleration and liquefaction potential.

7. CONCLUDING REMARKS

When the Kanto Earthquake which resulted in
about 120 thousands of death occurred In
September 1923, there were only about 4,500
vehicles In Tokyo City. People evacuated by
efther walking or bicycle. This clearly indicates
the great difference of anticipated damage
situation, between In 1923 and current time, in
urban area hitted by a destructive earthquake.
It is important to note that there have not be
destructive earthquakes which hitted badly
urban areas in the last 40 yeafs, and during this
time the size, structures of living, lifelines and
techniques completely changed. It is therefore
antlclpated to face a new situation when a large
event happens near urban area. It is quite
fmportant to develop and introduce a new
systems for collecting and processing seismic
damage Information.

Because the proposed systems would become a
large systems consisting of a number of
hardwares and softwares, further study needs to




be made for an integrated architecture so that
they can be used even after a destructive
earthquake. Special training for operating the
systems is inevitably important. Because sudden
operation immediately after an earthquake can
not be made, it has to be used as a part of the
comprehensive systems for dally use,
Appropriate form of the emergency operation
systems in normal time has to be well exanined.

Although the thermal image sensors are effective
to detect large damage at night, they can be
used for surveying more detalled damage If the
camera with longer focus distance was
developed. The use of new technology such as
the high vision camera is promising.
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SEISMIC RESPONSE CONTROL OF HIGHWAY BRIDGES BY VARIABLE DAMPER

Kazuhiko Kawashima'’, Shigeki Unjoh® and Hidetoshi Mukai®

ABSTRACT

This paper presents experimental studies on
the effectiveness of a variable damper developed
at "the Public Works Research Institute. A
prototype model of the varlable damper Iis
developed and the dynamic characteristics and
the controllability through the dynanic loading
tests are presented. The shaking table tests of a
rodel bridge to verify the effectiveness of the
variable damper for reducing seismic response of
highway bridges are also presented. Furthermore,
the variable stiffness concept in which the
natural period of highway bridges is shifted to
avoid resonance using . the varlable damper is
formulated, and the effectiveness is analytically
studied.

KEY WORDS : Seismic Response Control, Highway
Bridges, Variable Danper, Prototype Model,
Shaking Table Test, Variable Stiffness

1. INTRODUCTION

The variable damper is a viscous damper in
which the  viscous damping force is variable
depending on the response of highway bridges so
that the variable damper have the advantages of
an usual ' viscous damper stopper, a passive
energy dissipator and 'a stopper with a shock
absorber  function. ' Because ' Integration of
functions of a damper-stopper and a energy
dissipator is effective for increasing seisnic
safety of highway bridges, the applicability and
practicability of the variable damper has been
studied at the = Public Works Research
Institute. '’ S : ,

This paper presents experimental studies on
the effectiveness of the variable damper
developed. A prototype model ' of -the variable
damper is fabricated and the dynamic performance
and the controllability is verified through
dynamic loading tests. Shaking table tests of a
nmodel bridge to verify'thre effectiveness of the
variable damper for reduéing seismic response of
highway bridges are also presented.’ Furthermore,
an application of the variable. damper: to ;the
variable stiffness control is presented. In the
variable stiffness control, the natural period of

highway shifted for

resonance.

bridges is avoiding

2. DEVELOPMENT OF A PROTOTYPE MODEL OF TIE
VARIABLE DAMPER

2.1 Outline of A Prototypc Model of the Yariable
Damper .

Fig.l and Photo 1 show a design plan and a
view of a prototype model of the variable damper
developed. The model is designed so that the
maximum danping force is 20tf, maximum Stroke is
within *13cm. The control of the damping ratio is
arbitrarily made by a personal computer
depending on relative displacement and/or
velocity developed between deck and
substructures.

The piston-cylinder has total length of
118.4cm, and the pressure area of the piston is
137.4cm®. A steel pipe by-pass with servo valves
is installed between the cylinder-cells divided
by the piston.

The servo valve is a D.C. proportional relief
valve and the oil pressure through the valve is
adjusted. The servo’ vaive reiieves the pore oil
pressure over a certain value. This pressure Is
defined hereafter as the control pressure. Since
the damping force of the piston is caused due to
the difference of the pressure between the two
cells in the cylinder, it increases up to the
control pressure, and then becomes constant
over the control pressure. Therefore, the
damping force is dependent on neither
displacement nor velocity of the piston.

The input voltage from a servo amplifier to
the servo valve is designed to be in the range of
0 to 5V. The control pressure is 0 at the input
voltage of OV and increases with increase of the
input voltage. The viscous material used for the
variable damper is an usual oil for a dynamic
loading actuator. The variable damper also has a
fail-safe function for emergency conditions such

1) Head of FEarthquake Engineering Division,
Earthquake Disaster Prevention - Dcpartment,
Public Works Research Institute, Ministry of

- Construction :

2) Senior Research Engineer, ditto

3) Assistant Research Engineer, ditto
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as power failure. The control pressure can be
preset at arbitrary pressure in such case.

2.2 Dynamic Loading Tests of the Prototype Model
of the Variable Damper

In the controlling algorithm, it Is the most
important critical point to assure the relation
betwcen the input voltage and damping force of
the variable damper. For verifying the algorithm,
a dynamic loading test are nade.

Fig.2 shows the set-up of the dynamic loading
test. Loading was applied to the piston by a
dynamic actuator under the displacement control.
The control pressure of the servo valve was kept
constant. The input voltage to the servo valve,
reaction force and stroke of the piston were
measured. Ten cyclic loading was made for each
loading displacement.

Two tests as shown in Table 1 was made. In
Case 1, the friction force of the damper piston
was measured. Because loading rate is not
important for measuring the friction force,
loading frequency was 0.05Hz with loading
displacement of + 10cm. The input voltage of the
variable damper was assumed to be 0V so that the
control pressure be 0. In Case 2, the relation
between the input voltage to the servo valve and
damping force of the variable damper was tested.
Combination of loading frequency, loading
displacement and input voltage were varied. All
loading were made with the peak loading rate less
than 7cm/s because of the capability of the
loading apparatus.

2.3 Performance of the Prototype Model of the
Variable Damper

(1) Friction Force of thec Damper Piston

Fig.3 shows hysteresis 1loops of the
load-displacement relation Iin Case 1. The
hysteresis loops show almost rectangular shape,
i.e., typical friction type load-displacenent
relation. The hysteresis is stable for a number of
loading cycles. The average friction force is
about 1tf.

(2) Hysteresis Loops of the Load-Displacement
Relation

Fig.4 shows hysteresis 1loops of the
load-displacement relation with loading
frequency of 0.1Hz in Case 2. Variation of the
hysteresis loops with the Input voltage are also
shown. Although overall shape of hysteresis

loops are rectangular, some distortion is seen at
the Instance when the direction of movement of
the piston changes at peak displacement. This is
because of time-lag for increasing the oil
pressure from 0 to the control pressure. But this
effect becomes 1less as the loading stroke
increases. This may be resolved by adopting
servo valve with large capacity. Turbulence is
also found at the instance when the damping
force reaches the preset peak force. This may be
because of the pressure wave motion by sudden
fncrease of the pressure.

(3) The Relation between the Input Voltage and
Damping Force

Fig.5 shows the relation between the damping
force and the input voltage. The damping force
varies as a power function of the input voltage
in the range of OV and 1.8V. When the input
voltage is greater than 1.8V the relation becomes
almost linear. An empirical equation was obtained
by a least square method as
_j0.42v: 7+ 10
] 8.14vV - .95

(0sV<1.8)

(V>1.8) (l)

F

where, F and V represent the damping force (tf)
and the input voltage (Volt), respectively. In
Eq.(1), the constants are determined as averaged
values of those obtained in each loading case.

2.4 Controllability of the Prototype Modcl of the
Yariable Damper

The controllability of the variable damper
using Eaq.(1) was tested. The control of the
variable damper is made by controlling a signal
from a personal computer depending on the
measured displacement. Since digital control is
made by the computer, sampling time to detect
displacement is preset.

Fig.6 shows hysteresis 1loops of the
load-displacement relation thus obtained. The
commanded damping force and the measured one
are compared in Fig.6. The damping force is
perfectly found to be controlled. Some
corrugation in the sampling time of 0.1 sec.
Therefore, In order to control accurately, it is
required to determine the appropriate sampling
time in consideration with the loading velocity.

3. SHAKING TABLE TESTS 'OF A MODEL -BRIDGE
. CONTROLLED BY THE VARIABLE DAMPER

3.1 Model Bridge




In order to verify the effectiveness of the
variable damper, shaking table tests of a model
bridge were made. The tests were made using the
shaking table at the Public Works Research
Institute.

Photo 2 and Fig.7 show the set up of shaking
table test and the model bridge. The model
bridge is an elastically supported single span
girder. It has a pier height of 1.6m, deck length
of 7.6m and deck weight of 39.3tf. The deck is
supported by 4 rubber bearings as shown in Fig.8.
The stiffness of the rubber bearings are designed
so that the fundamental natural period of the
model bridge be 1sec. Therefore, the stiffness of
rubber bearing is designed as 160tf/m at 50%
shear strain. Total thickness and shear modulus
of the rubber is 10cm and 6kgf/cn>, respectively.

The variable danmper is installed between the
deck and the top of left pier as shown in Photo 3.

Fig.9 shows the control algorithm of the
variable damper.®“* The displacement dependent
damping was assumed and the variable damper is
controlled by the displacement of deck relative
to the pier top.

3.2 Dynamic Response Characteristics of A Model
Bridge

Because the rubber bearings have some
nonlinearity, the stiffness and energy
dissipation depend on the shear strain (shear
displacement). For clarifying these
characteristics, the model bridge was firstly
excited by a series of harmonic motions without
controlling by means of the variable damper.

Fig.10 shows the frequency response function
of deck displacement. Peak deck displacement
increases from 2.8cm to 9.8cm by increasing the
peak acceleration of harmonic table motion from
20cn/s* to 40cm/s>. The predominant frequency of
the deck also shifts from 1.15Hz to 1.0Hz by
doubling the table motion. :

From the harmonic excitation tests, the
load-displacement hysteresls of the bearing as
shown in Fig.11 was evaluated. The equivalent

stiffness and equivalent damping ratio was
computed as :
, 1 AW
he = — 2
2a W 2

K. = Flun.s>:) - F(Umir-)‘ ’ 3)

Uiaax — Uniin

where,

he : equivalent damping ratio
Ke : equivalent stiffness
¥ : strain energy
AW : energy dissipation
Uax ¢ Maximum displacement developed in
bearings
Uuin @ Dinimum displacement developed in
bearings
F(u..o») : force developed at displacement ...
F(uwin) : force developed at displacement uwin
Fig.12 shows the equivalent stiffness and the
equivalent damping ratio of the rubber bearings
by Eqs.(2) and (3). The equivalent stiffness
decreases with increase of displacement. The
displacement dependence of the equivalent
damping ratlo Is less significant.

3.3 Earthquake Response Characteristics of the
Model Bridge Controlled by the Variable
Damper

In order to verify the effectiveness of the
variable damper, the model bridge was excited by
an ecarthquake motion. An acceleration ground
motion, which recorded on the ground around
Hachirogata during the Nihon-kai-chubu
Earthquake of 1983, was used as an input
acceleration by reducing the time axis one half
so that the predominant frequency of the record
matches with the fundamental natural frequency
of the bridge model. Peak acceleration was
modified to be 200cm/s™ and 508cm/s<.

Three cases in total were made. In Case A, the
model bridge was not controlled by the variable
danper and the peak acceleration was assumed as
200cm/s®. In Case B, the model bridge was
controlled by the variable damper and the peak
acceleration was assumed as 200cm/s>. In Case C,
the model bridge was controlled and the peak
acceleration was increased to 500cm/s<.

Figs.13 to 15 show the measured responses of
above three cases, respectively. The
displacement and acceleration of the model
bridge and the damping force of the variable
damper are shown. The simulation results
described later is also shown.

Fig.13 shows the input acceleration and the
deck responses of the Case A (no control). The
deck responses with the period of about lsec
which is the fundamental natural period of the
model bridge. The peak displacement and peak
acceleration of deck are 376cm/s* and 9.2cm,
respectively. The deck acceleration is amplified
to 2.2 times the input acceleration. Fig.14 shows
those in  Case B (with control). The deck
responses contain the faster frequency



components and the peak displacement and peak
acceleration of deck decrease to 203cm/s* and
1.3cm, respectively. The amplification of the deck
acceleratioﬁ is 1.1 times the input acceleration.
Fig.15 shows those in Case C (with control). The
peak displacement and the peak acceleration of
deck are 412¢cn/s® and 3.5cm, respectively.

Table 2 sumnmarizes the peak responses of the
model bridge and the variable damper. Comparing
Cases A and B, the peak acceleration and peak
displacement of deck controlled by the variable
damper decrease to 54% and 14% of those with no
control, respectively. The peak damping force of
the variable damper in Case B is 7.2tf.

3.4 Simulation of the Shaking Table Tests

In order to simulate the tests results, a
computer programn "VDAM" which can analyse
carthquake response of a multi-degree-of-freedom
system with the variable damper developed at
PWRI was used.® The simulation results are shown
in Fig.13 to 15 described in the above. Equivalent
stiffness and equivalent damping ratio of the
rubber bearing obtained through the harmonic
excitation in the above were used for the
simulation.

In case A (no control), fair agreement
between measured and computed responses are
found in displacement and acceleration
responses.

In case B and C {(with control). computed deck
displacements are larger than the measured ones.
On the other hand, the measured damping force is
greater than computed one. The difference
between measured and computed peak
displacements is about twice. This is because of
the over-shooting of the damping force of the
variable damper. Therefore, the servo valve
which has quick response capability should be
adopted so as to decrease the over-shooting of
damping force. However, the computed and
measured responses in Cases B and C show the fair
agreemnent.

4. SEISMIC RESPONSE CONTROL OF HIGHWAY BRIDGES
BY VARIABLE STIFFNESS

4.1 Algorithm of the Variable Stiffness

dMost of bridges with usual size have the
natural period ranging from 0.3 to 1.5 second,
and this natural period range corresponds to the
predominant period of earthquake-induced ground
motions. = Thus the resonance of the bridges
response with the ground motion tends to be

developed during an earthquake. The bridge
response could be reduced provided the
resonance of bridge response with the ground
motion could be avoided.

Although it is hard to predict the
predoninant period of ground motion prior Lo an
carthquake, it can be evaluated time by time
during an earthquake. The moving window analysis
may be used for evaluating the instantaneous
predonminant period of ground motion T*. The
resonance of bridge response with the ground
motion may be avoided if the instantaneous
natural period of bridges T be shifted from the
instantaneous predominant period of ground
motion T™ during an earthquake.

There are various methods to shift the
instantaneous natural period of bridges during
an earthquake. Flexibility of bearings may be
changed, and active tendons/bracings may be
adopted.

If one provides the variable dampers for a
bridge which is elastically supported by rubber
bearings. the natural period of the bridge can be
varied by changing the damping coefficient of the
variable dampers. If one makes the damping ratio
of the variable damper very large, the variable
damper would acts as the damper stopper. On the
other hand, if one makes the damping ratio small,
the natural period of the bridge takes the value
computed from the stiffness of the rubber
bearings and piers. The variable dampers have
various advantage for controlling the
instantaneous natural period of bridges because
it is more stable for long term use than the
active tendons/bracing systems.

Fig.16 shows the algorithm of the variable
stiffness control. The instantaneous predominant
period of ground motion T* at time t: is computed
by the moving window Fourier Spectrum. The
damping coefficient of variable dampers is varied
so that the instantaneous natural period of the
bridge T be shifted to prevent the resonance with
the ground motion.

Although several algorithm can be
considered, the period shift is assumed here as

T =aT’ (4)
where,
T : instantaneous natural period of a bridge
at time t;

T*: instantancous predominant period of an
earthquake ground motion at time t;
a : control coefficient
The coefficient a has to be determined
depending on the undamped natural period of the




bridge T and the instantancous predominant
period T* of an ground motion. It is proposed
that a is set as

a < 1/2 (T TY) 5)

a > 2 (T 2T") (

4.2 Earthquake Response Analysis Method of
Multi-Degree of Freedom System with Variable
Stiffness Control

The equations of motion for a linear
nulti-degree-of-freedon system with the variable
stiffnesses control may be written as

MX+(C+C) X+ Kx=-Mxs (6)

in which M, C and K represent mass, damping and
stiffness matrices of the system, respectively. X
and x- denote displacement vector of the systenm
and an carthquake ground motion, respectively.
C.. denotes a damping matrix of the variable
dampers and is assumed as

Co= ¥ ¢cis™ (7)

- vy
Ci; = [:-V V] (8)

in which ¢:;¥ and n-- represent damping matrix of
the variable dampers, which is installed between
the i-th ncde and the j-th node, and a number of
the variable dampers installed, respectively. V is
the damping coefficient of an each variable
dampers and is given according to the control
algorithm as shown in Fig.16.

Although there are various methods to
prescribe the damping matrix C of the structure,
it is assumed here to be written as Eq.(9)
assuming that the damping matrix C can be
diagonalized by the modal matrix.

C= (9)"' diag{2hrw ] (&) - (9)

in which, @ denotes a modal matrix of the systenm
and diag[2hi. w .} denotes a diagonal matrix with
elements of 2hxw« (k=1,2,3,- - - - ; mode number).

Since C.- is time-varying, Eq.(6) has to be
solved by a direct integration method. According
to the above analytical method, a computer
program "VSTIFF,” which can analyze earthquake
response of a mnulti-degree-of-freedom system
with the variable stiffnesses, was developed.

4.3 Highway Bridge Analyzed and Analytical
Conditions

In order to analytically investigate the
effectiveness of the variable stiffness, a
three-span continuous girder bridge, as shown in
Fig.17, with a span length of 90m is analyzed. The
response in longitudinal direction is considered.
The superstructure of the model is supported by
elastic isolators in longitudinal direction and
the 4 same variable stiffnesses are assumed to be
installed between the superstructure and each
pier top.

The weight of the superstructure and spring
stiffness of the isolator are assumed as 481.2tf
and 637tf/m, respectively. The flexural stiffness
of piers is assumed so that the fundamental
natural period of the model be 0.5sec when the 4
bearing supports are hinged. The stiffness of
isolators result in the fundamental natural
period of 1 sec for the model with eclastic
fsolators. When the variable damper is not
provided, the modal damping ratio of the bridge
is assumed to be 2% of critical.

An acceleration ground motion as shown in
Fig.18(a) is used as an input acceleration. The
acceleration, recorded on the ground around the
Tsugaru Bridge during the Nihon-kai-Chubu
Earthquake of 1983, was modified so that the
response spectrum matches with the target
spectrum. The acceleration spectrum, which is
specified in "Part V Seismic Design” of‘the
"Design Specifications for Highway Bridges”, for
the check of bearing capacity of reinforced
concrete piers on soft soil site (ground
condition M), is assumed as the target spectra.

Fig.18(b) shows the intantaneous predominant
frequency (1/T*) of the input acceleration.
Because the predominant period of ground motion
is about 1 sec., a in Eq.(4) was assumed as 1/2.

4.4 Effcctiveness of Variable Stiffness Control

Figs.19 shows how the natural period of the
bridge change depending on the damping
coefficient of the variable dampers. At the
damping coefficient C of about 430 tf-sec/m, the
fundamental natural period of bridge take very
large value, because this corresponds to the
critical damping of the structure. Although the
period shift may be made in the damping
coefficlent range of 0 to over 800 tf-sec/m, it is
assumed here that the period shift be made in the
range of damping coefficient C over 430 KN-sec/n.

Fig.20 compares the deck acceleration and



displacement of the bridge with and without
control. The peak displacement and peak
acceleration of deck decreases to 17% and 50% of
those without control. The bending moment of
pier bottom decrcases to 52% of the one without
control. The peak damping force required for the
four varlable dampers is 77.6 tfx 4 = 310 tf and
peak stroke is 3.1cm.

5. CONCLUDING RFMARKS

The effectiveness of the variable dampers was
experinentally studied. A prototype model of the
variable damper was developed and the
performance was studied through the dynanic
loading tests and shaking table tests. The
variable stiffness control in which the natural
period of bridges is shifted to avold resonance
with the ground motion was proposed, and its
effectiveness was analytically studied. According
to the investigations presented herein the
following conclusions may be deduced:

1) Based on the dynamic loading tests of the
prototype model developed, the damping force of
the variable damper can be controlled as
commanded. ,

2) Based on the shaking table tests of the model
bridge, the peak acceleration and peak
displacement of deck controlled by the variable
damper decreases to 54% and 14% of those with no
control, respectively. The peak damping force of
the variable damper is 7.2tf.

3) The measured responses in 2) can be predicetd
by the analytical model presented herein.

4) By the variable stiffness control, the peak
displacement and peak acceleration of the deck
decreases to 17% and 50% of those without
control, respectively. The bending monent of pier
bottom decreases to 52% of that without control.
The peak damping force required for the four
variable dampers is 77.6tfx 4 = 310tf and peak
stroke is 3.1cm.
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Table 1 Test Cases

Loading Loading Ipput
Case Objective Frequency | Displace- Voltage
(Hz) ment (cn) {Volt)

Measurement of
1 Friction Force of 0.05 + 100 0
Danper-Piston

Relation between
2 Danping Force and 0.1~1.0 |- +2~%100 0~95
Input Voltage

Table 2 Pcak Responses of A Model Bridge and Yariable Damper

Peak Measured Computed
Test Accel.
of Deck Variable Damper Deck Variable Damper
Shaking
Cases Table Accel. Force | Stroke Accel. Force Stroke
(cm/s®) | (cm/s®) (tf) (cm) (cm/s%) (tf) (cm)
A
172 376 -—- -—- 361 -—- ---
No Control -
B
o 185 203 - 7.2 1.3 148 5.2 2.5
¥With Control
C
413 412 13.8 3.5 442 13.5 6.2
With Control
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INFRASTRUCTURES DAMAGE BY CAIRO, EGYPT, EARTHIQUAKE OF OCTOBER 1992
AND FLORES ISLAND, INDONESIA, FARTHQUAKE OF DECEMBER 1992

by Tomomltsu FUJII" and Kazuhiko KAWASHIMA®

ABSTRACTS

Presented In this paper Is the damage of
infrastructures caused by the Calro, :Egypt
Earthquake of October 12, 1992 and the Flores
Island, - Indonesia Earthquake of. December 12,
1992. Ground motlon estimation, damage feature,
l{quefaction, . tsunami and earthquake
preparedness are descrlbed. Importance of
training and education as well as damage
information dlssemlnatlon are also presented.

KEY YORDS : cCalro Earthquake.' Flores Islahd
Earthquake, Ground Motion, Damage Feature,
Liquefaction, Tsunanl, Earthquake Preparedness

1 INTRODUCTION

Although earthquake preparedness ls extremely
Important - for. preventlng damages due to an
earthquake, it Is generally quite difficult in the
areas where frequency of occurrence of
earthquakes is low. . In such - areas, the
accumulation of sclentific knowledge on an
earthquake and earthquake damage has not been
rmade, and this sometimes amplifies the damage.

In late 1992 the Calro, Egypt Earthquake and
Flores . Island, Indonesla, Earthquake occurred.
For cooperating . dlsaster. mitigation and
restoration, the Japan Internatlional Cooperation
Agency dispatched the Japan Disaster Rellef Team
to Egypt and Indonesla. The mlssion dlspatched to
Egypt was conslsted of 9 members and was headed
by Professor . Tsuneo Okada. Instltute . of
Industrial Science of Unlversity of Tokyo. The
mission dispatched to . Indonesfia Included 8
members and was headed by Professor Katsuyuki
Abe, Earthquake Research Instltute of Universlty
of Tokyo. Because two authors of this paper
jolned iInto the two mlsslons, sunnary of the
damage'’®. and . lessons learned from the two
earthquakes are presented.

2 CAIRO, Egypt, EARTIQUAKE
2.1 Outline of the Cairo Earthquake ‘

. An earthquake ;With moment magnltude of 5.8
occurred at 15: 09 (local tlme) on October 12, 1992
" at about 30 km south -west of Cﬂlro clty as shown
"in Fig. 1. Because Egypt has long history, the
_‘data on hlstorlcal earthquakes can be traced as
old as B.C. 2, 800™. Fig. 2 shows the eplcenters of
“the earthquakes whlch occurred around Calro
The epicenters of historlcal earthquakes which

1) D‘lrector of

were deternined from old documents are Included
in Flg. 2. The latest earthguake which hit the
Cairo area occurred on August 7, 1847 at
Falyum®., About 185 persons were killled by thls
earthquake. There have been no disastrous
earthquakes around Cairo for about 150 years
till the Calro Earthquake of October 12, 1992.

Flg. 3 shows the accumulated number of
earthquake vs. earthquake magnitude within 500
km around the north Calro from 1952 to 1985%. It
is seen from Fig. 3 that the averaged annual
number of an earthquake with magnitude of 6 or
larger Is 0.05. The maximum credible earthquake
Is sald about 6.8. On the other hand, Fig. 4 shows
the same relation within 300 km around the Tokyo
Bay, Jaban from January 1885 to December 1979°.
The averaged annual number of an earthquake
with magnlt\.de of 6 or larger Is about 3. This
neans that the frequency of occurrence of an
earthquake in Egypt Is about 1/69 of that in
Tokyo, Japan. As can be antlclpated from this
evlidence, It has been belleved by public that no
earthquake occurs In Egypt.

The msin damage by the Calro Earthquake Is
summarized as shown in Table 1. The casualties
and lnjured were mostly developed In Cairo, Glza
and Falyum. Almost 200 students were killed in
panicked staczpede rather than by the collapse of
school bulldings. 73 peoples were killed at
Hellopolls by a collapse of an apartment building
In which number of story was illegally Increased
from 8 to 14. Photos 1 and 2 show the damaged
building soon after the collapse and the
foundation after debris was removed. Because no
evidence showing fallure of the foundation and
surrounding solls were seen, it Is consldered
that the damage was developed dus to Inadequate
strength of the bullding.

Fire by the earthquake did not fortunately

occurred.

Damag'e mostly occurred at old un-retnforced
masonry and adobe housings as shown In Photos 3

~and 4. Damage to ‘new bulldings was generally
';small. ’Damage to Infrastructures was also limited.

Earthquake Disaster
Countermeasures Division, Dlsaster Prevention

_ Bureau, National Land Agency )

2) Head of Earthquake Englneerlng Dlvlslon,
’Earthquake Disaster Prevention Department,
Publlc Works Research Institute, Ministry of
Construction
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2.2 Ground Motion and Soll Conditfon

Because no strong motlon accelerographs were
Installed In the vicinity of Calro and the
cpicentral area, strong motlon records were not
obtalned. Because evaluatlon of the Intensity of
ground shaking at the damaged area Is difficult
based on the Instrumental records, It was rade
based on the empirical attenuation equation.

Based on the analysis of 334 components of free
fleld strong motlon records, the peak ground
acceleration may be estimated as™ :

Amar: = 233 x 10 0. 31314 x(R+30) -1, 218 Q)
where

a~s»: : peak ground acceleration (cm/sec?)

# : earthquake magnitude

R : eplcentral distance (km)

Assumlng the surface magnitude of 5.3, the
attenuatlon of peak ground acceleration Is
predlcted by Eq.(1) as shown in Flg. 5. Because
the eplcentral distance {s ranging fror 30 kn to
40 km at Glza and Calro area, respectively, the
peak ground acceleratlon a..x predicted by Eq.
(1) Is about 70 cm/sec® at Giza and 60 cm/sec® at
Calro. These values provide the preliminary
insight for the ground acceleration developed at
the damaged areas. It should be however noted
that Eq.(1) glves the mean value of the measured
acceleration, and has a large scatter around the
mean value. When one considers one standard
deviation from the mean value, the value
predicted by Eq. (1) has to be multiplied by 1.7
and 1/1.7.

Fig. 6 shows a soll condition at Calro city acrogs
the Nile River. Calro city Is located on the river
terrace and soft alluvial deposits along the
river.

2.3 Seismnic Codes

Because of low frequency of occurrence of an
carthquake, no selsmlc design seems to be
presently made In Egypt for Infrastructures.
However design and construction of
Infrastructures are apparently better than those
for ordinary buildings which suffered
destructive damages due the the earthquake.

An example of the better deslgn and construction
Is seen for road bridges. Comprehensive
descriptions on loads, .materlals and allowable
stress are specified In the Egyptian Code of
Practice for Steel Constructions and Brldges
(Ministerlal Decree, No. 451-1989) and the
Egyptlan Code of Practice for Sofl Mechanlics and
Foundation (Part 1 - Part 10, Ministerial Decree,
No. 451-1989). Descriptions on selsnlc effects are
few, and only some descriptions on soll
liguefaction are provided In the Egyptian Code of

Practlce for Foundatlons Subjected to Vibrations
and Dynamic Loads (MInisterlal Decree, No.
449-1991). The treatment of the llquefied soll In
design Is not preclsely stlpulateq.

However according to the General Authority of
Roads and Brldges, varlous conslderatlons which
are effectlve for Increasing selsmic safety of
bridges have been Inplemented as :

1) In-situ loading test Is generally made for at
least two plles per site for studying the load
bearing capacity In vertlcal directlon. Piles are
subjected to vertlcal loading up to 2 times and 3
times of the deslgn loading for the bearing plles
and the friction plles, respectively, so as to
conflrm the ylelding load. For example, a plle as
shown in Photo 5 was subjected to 480 tf, which is
twlce as large as the design 1loading, at
Faraskour Bridge.

2) Solls up to 8 m below the river bottonm Is
generally disregarded 1In design of plle
foundations as a design measure against scouring
effect. Although the effect of soifl liquefaction
is not consldered in design, such conslderation is
effectlve for Increasing lateral stiffness of
plles.

2.4 Damage of Roads and Brldges

Damage survey was made for Zamalek Overcrossing
(Photo 6), Benl Suef Bridge, Faraskour Bridge
(Photo 7) and Dessuk Bridge. No selsmic damage
was observed at those brildges. As was descrlbed
in 2.3, deslgn and construction seem conservative
although seismic effects are not conslidered.

2.5 Damage of Lifelines

A vislt to Rod El Farag Water Plant, Greater
Calro Water Supply Authority was made. No
serlous damage so as to affect the water supply
was not developed by the earthquake. Only minor
damage was developed at :

a) Cracks at masonry wall of a finished water
pump station.

b) Increase of water leakage at a duct In the
fllters.

c) Offset and dislocation of a concrete wall of
the clarifier (Photo 8).

2.6 Soll Liquefactlion

Soll liquefactlon was observed at Barmasht - El
Alyat area. Several sand blow holes with a
dlaneter as large as 4 m and a depth of 2  were
developed as shown in Photo 9. The sand spread
over a paddy fleld. Fig. 7 shows the graln slze
accumulation- curve of the sand. The average
graln slze Deoox Is 0.17 mm - 0.25 mn. '
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Although soil boring data at the site Is not
avallable, It s consldered from the site
Inspectlon that the soll consists of saturated
loose fine sand overlald by cohesive clay with
thickness of 1 - 2 n. Because the cohesive soll
prevented the blow-up of water assoclated with
the Increase of pore-water pressure of sandy

layer, the dlameter of sand blow became qulte
large.

According to the eyewltnesses, the water and
sand blew up as high as 3 m, and it continued
about 45 minutes.

Based on the past experlences, It Is known that
the soil liquefaction tends to be developed in
the area with a radius R fron the eplcenter as®

log R=0.77M - 3.6 (2)
vhere

R : radlus ( epicentral distance, km)

M : earthquake magnitude

Fig. 8 shows the relatlon predicted by Eq. (23 as
well as the observed data’at Barmasht - El Alyat
(M = 5.3, R = 19 km). It is clearly seen that during
the Calro Earthquake the llquefaction occurred
far from the threshold predicted by Eq. (2). This
may be attributed to the fact that the sand at
Barmasht area is extremely loose.

2.7 Restoration and Education on Earthquake

The Civil Defense Department, Ministry of
Interlor Is responsible for rescuing victins
under collapsed bulldings by varlous disasters
such as an earthquake and fire. The equlprents in
the department seem to be well maintalned and
the moral of the rescue team Is excellent.
Tralning for rescuing victins have been
occasionally made.

Education on disaster to the public is also made
in a room of the Public Relatlons Section of the
Department, using video equipment. This kind of
rooms are located In some other places. Even
before the Calro Earthquake, education and drill
were made to the public In conslderation of thelr
importance.

However, panic of citizens In fear of the
earthquake unfortunately occurred widely In
Calro and Its vicinity. Especlally, at scholar
students panicked and many of them were Injured
or pressed to death when they trled to evacuate
from the school buildings. For preventing such
panic, public  education and Information
dissemination In proper way are essentlal. Taking
into account the evidence of the earthquake that
affected variety of cltizens In wlde area,
earthquake preparedness Is very important not
only at the central government but at local
governnents, schools and other agencles.

Because strength of buildings Is not the same, it
can not be compared in general sense, but it Is
educated In Japan through daily training not to
evacuate confusedly from school buildings to
outside but to keep staylng underneath stable
desks when an earthquake occurs. Because it 1Is
very Important to respond without confuslon
agalnst an earthquake, educatlons and training
are repeatedly made through various
opportunities and methods including
dissemination of Information by pamphlets which
can be easily understood by the public. And also
because the Great Kanto Earthquake which caused
more than 140, 000 victims occurred on September
1, 1923, this day Is designated as a speclal day
for Disaster Prevention. Varlous trainings are
nade natlon-wldely on the Disaster Preventlon
Day so that cltizens can have experience and
training against disasters.

A number of persons who lost thelr housings
stayed In tents provided by the Government as
shown In Photo 10. At the area where aid could
not be provided, people lived in a private tent
as shown In Photo 11. Many people llved in tents
not only because they lost thelr housing but

because they had strong feared of the occurrence
of aftershocks.

Egyptian people had been in fear of aftershocks
for long time since October 12. Every time wvhen a
small aftershock occurred many people evacuated
from housings, and some of them stayed outside In
fear of possible collapse of the housings.

Furthermore the Japan Disaster Rellef Team
members had many Inquirles from individuals and
mass-media on the potentlal occurrence of a next
large earthquake. Some peoples were In fear of
occurrence of volcanic eruption.

The NRIAG (National Research Institute of
Astronomy and Geophysics) Immedlately
determined, on the basis of avallable selsmic data
in Helwan Station, the prelimlnary eplicenter of
the malnshock and sent this Information to the
Ministry of Sclentific Research. And the NRIAG
reports the number of aftershock twice a day at
9:30 and 15:30 to the Ministry. The earthquake
Information on the mainshock was officlally
announced on October 14.

There Is no section responsible for releasing
earthquake Information to press and cltizens In
NRIAG nor In the Egyptian Government Offices.
Thus, selsmologists and researchers In NRIAG are
faced to respond to varlous Inqulirles from press
and citizens.

Y¥hen a large earthquake occurs, It Is extremely
Important to provide fast and accurate
Information about the earthquake not only to
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admelnistrative organlzations but to publlic for
mitlgating earthquake disaster.  In Japan, the
Japan Meteorologlcal Agency Is responsible for
this task, and rellabllity of the Agency Is well
recognlzed.

Timely and proper dissemination of the
information on evaluation of future selsmlc
activitles based on sclentific basls Is very
{mportant together with public education.
However, Improvident Information dissemination,
to the public without enough sclentific
knowledge on the earthquake activity, based only
on pure selsmologlcal point of view may cause
panic. On the other hand, lack of Information
causes unnecessary fear among the public. It is
therefore Important to dissenlnate the
earthquake Informatlon so that the public eastly
understands It and so that it Is consistent with
various ald activitles. It is essentlally Important
to dlsseminate sclentific information on an
earthquake, volcanlc eruptlon and disasters
before disasters occur.

3 FLORES ISLAND, INDONESIA, EARTIIQUAKE
3.1 Outline of thé Flores Island Earthquake

An earthquake with surface magnitude of 7.5
occurred at 13:29 (local time) on December 12,
1992 at north coast of the Flores Island,
Indonesla as shown In Figs. 9 and 10. The
eplcenter Is 8.48 ° S and 121.93° E.

The Flores Island has the length of about 360 km
and width of 12 - 70 km. There are 19 volcanoes in
the Island. The Flores Island, which Is a part of
Nusatenggara Timur Province, Is of Manggaral,
Ngade, Ende, Slkka Flores Timur Regency.

Table 2 shows the human and bullding damage.
Major damage was developed at Sikka, Ende, Ngada
and Flores Tlmur Regency. Number of death was
2,080, and about 70 % of the total death
concentrated at Sikka Regency. Damage wsas
especlally destructlve at Maumere city which Is
on the alluvial fan deposit formed by the River
Kalimatli.

Tsunaml damage was destructive, and occurred
extensively over at least 100 kn along the cost
of Flores Sea. About 50 X of the death was caused
by tsunaml. Major tsunaml damage was developed
at Babl Island and Wurlng area near Maumere.

Bulldlhg damage concentrated on unrelnforced
masonry bulldings as shown in Photo 12.

3.2 Ground Motlon
Although 1t Is sald that 57 strong motion

accelerographs are Installed In Indonesla, no
Information regarding the locatlon of the

accelerographs and the strong motion records by
the earthquake was obtalned.

Assuming that the earthquake magnitude M of 7.5,
the peak ground acceleration predicted by Eq. (1)
attenuvates as shown In Fig. 11. Because the sltes
are so close with the fault, It was assumed that
the eplcentral distance In Eq. (1) be measured
from the. center of the fault zone instead of the
eplcenter. The distance at Maumere and Ende Is
then approximately 25 km and 80 km, respectlively.
The peak ground acceleration from Eq. (1) is
therefore evaluated as 0.4 g at Maumere and 0.2 g
at Ende.

3.3 Damage by Tsunanl

Extensive damage was developed due to tsunani
along the coast of Flores Sea. In particular,
damage at Babl Island and Yuling was destructive.
At Babl Island, a village with population of about
950 was completely damaged as shown In Photos 13,
14 and 15. About 750 were killed by the tsunam! at
this island. The tsunami helght Is estimated as
high as 3.7 n.

Photos 16, and 17 show the destructive damage at
¥ullng. The maximum tsunaml helght Is estimated
as 2.45 m.

3.4 Damage of Roads and Brldges

Extensive damage was developed in roads and
bridges In Flores Island. Fig. 12 shows the major
National Roads and Provinclal Roads In the
damaged area. Major damage was concentrated on
the Natlonal Road connecting Ende and Maumere,
Natlonal Road cohnectlng Maumere and Larantuka,
and the Provinclal Road connecting Maumere and
Magapanda.

The mpost serlous damage was developed at
Natlonal Road between Ende to Maumere which
crosses In mountalnous area. Because Ende and
Maumere are the two major citles In the island,
suspenslon of traffic between the two cltles
cause various problems for transportation in the
Island. As shown In Fig. 13 the road was
suspended at 18 sites between Ende and Maumere.

Major damage at thls route was developed by
slope fallure as shown In Photo I8, Fig. 14
classlfies the type of fallures. At the site where
one side was cut and the other side was embanked
(cut and fllled - embankment), the filled
embankment ~often settled and . this  caused
extensive cracks on the pavenent. Fallure also
occurred at cut slopes and patural slopes,
Destructive fallure In which not only the cut
slope but the natural slope falled as shown n
Photo 19 were also observed at several sites.

Stone falllng as shown In Photo 20 was observed
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at several sltes.

Extensive damage of pavement and bridges were
developed by soll Instabllity along the Flores
Sea. Single span or two span simply supported
glrder bridges, which were probably constructed
before the Second World War, often suffered
settlement and tllting of abutments and back
solls as shown In Photo 21: The settlement was as
large as 1lm. Such settlement and tllting of
abutments -were mostly caused by sliding of
surrounding solls as shown in Flg. 15.

There are several new steel truss glrders
supported by reinforced concrete single columns
or frame plers as shown in Photo 22. Damage was
generally less In the truss bridges. The rubber
cushion as shown In Photo 23 placed at the end of
the deck behaved quite well for reducing the
impact between the deck and the abutment wall.

3.5 Damage of Irrigation Facllities

A water barrier on a river near Nebe suffered
damage .on the parapet wall of water gate as
: shown In Photos. 24 and 25. The parapet wall
tilted with the back side being apart from the
soll. Large settlement was_developed at the back
solls along the wall. Leakage of water from the
parapet wall was seen. Photo 26 shows damage of
the water gate.

3.6 Damage of Ports

The Maumere Port as shown in Photo 27 suffered
extenslve damage due to tsunami and soil
liquefaction in addition to the ground shaking.
The quay  wall and retalning wall for the apron
overturned .toward sea slde and was badly
damaged as shown in Photo 28

Photo 29 shows a boat and a truck attacked by
the tsunamni.

3.7 Damage of Alrport

The Control Tower of the Maumere Alrport and the
Ende Alrport was badly damaged. The Control
Tower at the Maumere Afrport {s four story
masonry building, and was subjected to extenslve
shear fallure at the wall with the glass belng
- broken. The control Tower at Ende Alrport is
three story masonry bullding, and was suffered
significant shear fallure at the wall as shown in
- Photo 30. The damage was so extenslve that they
could not be used. The apron and run-way suffer
no damage at both Alrports.

38 Daﬁage of Lifelines
Yater subply Was, ihterrupted at wide area In

Flores Island. In Maumere a number of main wells
were badly damaged due to the earthquake, This

caused suspenslon of water supply for three days
after the earthquake. Although the damage was
repalred, amount of the supply was still about 50
X of the normal supply even two weeks after the
carthquake. The water was dellvered by
water-tank vehlicles as shown in Photo 31.

At Ende, the electricity Is generated by 7 diesel
englne generators as shown In Photo 32. They did
not suffer damage. Masonry wall of the bullding
storing the generators fell down at two
locations. Because cables distributing
electricity were ruptured at several sltes, the
electricity was suspended for two days after the
earthquake. Thls caused problems for water
supply.

3.9 Soll Liguefaction

Soll llquefactldn was developed extenslively
along the coast of Flores Sea.

Flg. 16 shows a soll profile at Maumere. The
ground condition 1Is of sandy solls with the
thickness of about 30 m - 50 m overlaid by top
soll with about 5 m thickness. Because water
table Is shallow, the sand at Maumere Is quite
vulnerable to liquefaction.

Fig. 17 shows the grain size accunulation curve
for the three specimens obtalned at three sites
along the Flores Sea. The averaged grain slze Dso
ifs 0.15 - 0.44 &n.

Fror Flg. 8 which shows the empirical relation by
Eq. (2), it Is anticipated that Iliquefaction
occurred as far as 150 ko from the epicenter.

Speclial Interest was large soll settlement and
lateral soll movement developed wldely along the
coast of Maudere city as shown In Photo 33. At
this site large settlement probably as large as 1
~ 2 n was developed along the coast. Photo 34
shows the settlement of storage yard. Several
cracks on sofls and road pavement were seen as
shown In Photo 35 parallel to the coast. It Is
considered that the lateral spreading due to
liquefaction caused such large settlement and
lateral movenent of top solls.

31.10 Restoration and Rehabllitation

Emergency actlvities were made based on the
Declare of the President of Republic of Indonesia
under the cooperatlon of central government,
province, regency, sub-regency and Arped
Forces as shown in Fig. 18. Because the regency
office suffered damage, the Chlef of the regency
took command of the Headquarters for Disaster

Countermeasures. at the Governor's officlal
residence.

vThe.flrst-ald stations were placed lyn Maumere to

— 119 —



provide the first-ald treatment. Fortunately
hospitals were functional after the earthquake,
and medical care could be made as shown In Table
3. There were sufficlent supply for medical and
pharmaceutlcal products In Maumere. But at Ende,
the rellef supplles were not enough because road
transportation between Maumere and Ende was
interrupted.

There were no serlous trouble for dally llving at
Maumere because business service was resumed
soon after the earthquake and rellef supplles
were provlded. At Ende, however, the rellef
supplies were not enough because of road damage
between Maurmere and Ende. Although hellcopters
were used for distributing supplies, the amount
of distribution was limited.

Many peoples stayed In tents after the
earthquake. Lack of tents made many peoples be
accommodated In open space llke the nilitary
camp. Approximately 100 tents were pltched as
shown In Photo 36 in a park near the official
residence at Maumere. Because almost 10 faml‘lles
were accommodated In a large tent, there seems to
be approximately 3,000 - 4,000 peoples In the
tents.

It was planned to complete the emergency actlons
and the rehabilitation works by the early
January 1993 and the end of March 1993,
respectively. The rehabilitation of public
factilitles such as roads had the highest priority.
It was planned to complete the repalr of the
National Road connecting Maumere and Ende by
the early January, 1993. Many heavy construction
machines such as bulldozer were transported from
main island. The rehabilitation of public
facilitles and schools need the high priority.
The target date for resuming schools was the
early January 1993.

Because there are no major clties and sufficlent
road network in Flores Island, materials required
for restoration and dally 1lving needed to be
supplied by sea and alr transportation from Jawa
Island. This resulted In two weeks for Initlating
the full restoration. It 1Is learned from the
evidence that active support of the central and
reglonal governments Is Inevitable for prompt
restoration. For such purpose, it Is of great
Importance to evaluate damage degree immedlately
after an earthquake based on close collaboration
among related einlstries, and to restore the
damage under clear strategy.

4 CONCLUDING REMARKS

Damage feature of Infrastructures in the Cairo,
Egypt, Earthquake of October 1992 and the Flores
Island, Indonesla, Earthquake of December 1992,
were brlefly described. Based on the survey on
the damage and earthquake preparedness in Egypt

and Indonesla, the followlng conclusions may be
polinted out :

1) Deslgn and construction of Infrastructures
are far better In both countrles than those for
private bulldings. Selsmlc damage of Important
Infrastructures was linlted.

2) Because Infrastructures which have been so far
constructed are small In slze, selsmlc damage
developed was limited In the two earthquakes
even If selsmic effects were not considered. But
selsmlc effects are required to be considered In
deslgn for constructing modern Infrastructures
with large size.

3) Damage of roads caused serious problems in
wilde areas In Flores Island. Because damage of
Infrastructures considerably affects function of
the reglon, significant attentlon needs to be pald
for preventing damage of Infrastructures.

4) Tsunaml caused destructive damage along
coastal areas. Education on tsunami behavior and
tralning for evacuation are extremely Important
as well as appropriate tsunaml warning systems
and countermeasures for mitigating propagation
of tsunaml.

5) Improvident information dissemination to the
public on future earthquake activities may cause
panlc when the public does not have enough
sclentific knowledge on an earthquake. It is
important to disseminate the Information so that
it can be easily understood and that it Iis
consistent with the ald-actlvities.

6) There are no special advises for two countrles
for mitigating selsnlc damage. Because
earthquakes repeat In the future, it is the only
way to provide appropriate preparedness. It
Includes selsmlc deslgn, selsmlc evaluation,
selsmlc strengthening, disaster Information
systems, and education and dissemlnation on
damage of disaster. A standard procedure for
evaluating vulnerabllity of exlting structures
needs to be established with the highest
priority.

7) If one classifies the earthquake environment in
terms of the frequency of occurrence and the
earthquake magnlitude, a matrix such as the one
presented In Table 4 may be obtalned. 1t Is
generally difficult to take an appropriate
measure agalnst earthquakes at the areas where
frequency of occurrence of earthquakes Is low as
shown In Table 5. Special attention needs to be
pald In such areas for preventing seismlc damage.

Because safety of structures Is a matter to be
evaluated from economic and benefit point of
view, relative Importance between economy and
safety of structures needs to be carefully
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consldered. For example, In designing nuclear
power statlons, the highest prlority is placed on
safety of the facllitles. They are deslgned
against the maximum credible earthquakes at the
site. On the other hand, ordlnary Infrastructures
and bulldings are deslgned so that essentlal
functlon be malntained for JMA (Japan
Meteorological Intensity) Intensity Vv, and fatal
damage be prevented even for JMA Intensity vi. It
is often evaluated that JMA Intensity V and V1 is
referred to the peak ground acceleratlon of 0.08
- 0.25 g and 0.25 - 0.4 g, respectively, although
it Is very rough because such Intensity depends
both on strength of ground motion and strength
of structures. This Is concept that structures
need to keep their function against the
earthquakes with high probabllity to occur within
the structures lifetime, and to prevent collapse
even agalnst the larger earthquakes.

8) Avolding unreinforced brick and adobe
structures is the most essentlal measure for
preventing seismic damage of structures
developed In the two earthquakes. Thls iIs true
for reducing structural damage by an earthquake
all over the world. In Japan, construction of
unreinforced brick structures which was Imported
from FEuropean countrles after the Meijl
Restoration In 1867 was prevented after the
destructive damage developed in Nohbli
Earthquake In 1892 and the Kanto Earthquake In
1923. If brick structures continue to be
constructed, destructive damage nay be
developed still now. Because it Is generally
difficult in low selsmic areas to conslder seismlc
effect In design, technical development which
enables to adopt more ductile materlals is
required. Because Japanese did not have an
impression that wooden housings are poor
construction, It was not so difficult to avold the
brick constructions. Because wooden
constructions are vulnerable to fires, varlous
countermeasures for preventing spread of fires
such as an Increase of road apace and adoption of
fire-proof sidings and walls are belng made. It Is
also repeatedly educated to extingulsh fires at
kitchen and stoves for preventing fire 1gnition.
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Table 1 Major Damage by the Calro Earthquake

(1) Hugan Damage

Casualty
Injured

Needs treatxent In llospital

No needs treataent in Hospltal

S61
12,192
2,270
9,922

{2) Damage to Educational
Facllitles

Major Repali'
Minor Repalr
No use

2,301
3,569
1,087

(3) Danage to Mosque

Major Repalr
Minor Repalr

211

544

(4) Darage to Monurents

Major Repatr
Minor Repalr

14
104

(S) Damage to Hores and
Houses

Major Repalr
Minor Repalr
No use

4,395
22,235
7,795

Table 2 Maln Damage of the Flores Island Earthquake

Huzan Damage Bullding Damage

Regency Pov(lf;glon Area Dead InJured Missing | Office c::;;h ‘:f:::: School | Others
Heavy | Light :

(Prs) (kn®) (Prs) | (Prs) | (Prs) | (Prs) | (house) { (house) | (house) { (house) | (house)
Sikka 235,691 1,731.9 | 1,457 252] 1,256 8 56 47 10,200 324 4
Ende 212,349 2,046.6 229 106 227 —_ 344 1931 13,804 281 154
Ngada 188,353 3,037.9 18 2 4 — - 67 45 1,194 100 68
Flores Timur 267,295 '3,079.2 316 15 241 61 »26 22 2,920 80 50
Total 904,688 9,895.6 | 2,080 375§ 1,728 69 493 3071 28,118 785 278

Note : 1) Huran damage (Dead) In Flores Timur Includes about 200 victins by Tsunagel.
2) Bullding damage (Housing) Includes partially damaged houses.
Souse : Army's Headquarters for Emergency Activities In WAIOTI Alrport In Haumere on Decenber 26, 1992,

Table 3 Number of Injured ¥ho Had Medlcal Care at a hosplfal in Maumere

Date Persons ¥ho Persons In Persons ¥ho Took Dead Persons Discharged
Yisit Hospltal Hosplital Medlcal Care Fronm Hospital
12 Dec."92 128 82 10 36 —_
1 68 46 20 2 15
14 39 23 16 —_ 30 )
15 287 27 260 - 21
16 222 25 197 - 28
17 205 6 199 —_ 3
18 229 5 224 _ 3
19 322 3 319 — 4
20 154 S 149 — —
21 225 6 219 — —
Total 1,879 228 1,613 8 104

Source : Aray's Headquarters for Emergency Activitles In WALOTI Alrpdrt In Meunere.
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Table 4 Classification of Earthquake Environment in terms of
Frequency of Occurrence and Magnitude of Earthquakes

MAGNITUDE OF EARTHQUAKE

| ~ Small Medium Large
IM=T7) {T<M<8) (M=8)
Eqypt Canada, Phitippines, | U.S.A. (Central and
Low Spain Indonesia South)
g Armenia | Turkey U.S.A. (West),
W Medium New Zealond,
3 China, India
3 Mexico
m .
W | High Japan, Chile
Peru

Table 5 Difficulty of Preparedness agalnst Earthquakes Depending on
i Frequency of Occurrence and Magnitude of Earthquakes

"MAGNITUDE ‘OF EARTHQUAKE
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DL W N

MEMBERS
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. The Minlster of Public YWorks
..The Minister of Communication
. The Commander In Chief of the Armed Forces.

7. The Governors Heads of Provinclal Government

Working Groups

GOYERNOR
Head of Provinclal
Government

“

SECRETARY of BAKORNAS PB

Director General of Soclal
Assistant Development

DEPUTY SECRETARY

Departmental
Office in the
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.
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CHATIRMAN of SATLAK PB
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Fig. 18 Structure of Bakornas

— 129 —



Photo 1 Collapse of 14-story Building at Photo 2 Foundation of l4-story Building

Hellopolis

Photo 4 Damage of Unrelnforced Masonry

Photo 3 Damage of Adobe Houslng at Falyun
Buildings at Downtown Cairo

Zanalek Overcrossing (No Danage)

Photo 5 Test Plle Subjected to 480tf Loading Photo 6
(now used for Controlling House for
the Site)
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Photo 8 Offset of Concrete Wall of Clarifier

Y A, :
Photo 9 Sand Blow Hole due to Liquefaction at
Barmasht - El Alyat

Photo 12 Damage of Masonry Building

Housing
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Photo 14 Damage of Babl Island due to Tsunani

B

Photo 15 Damage of Babl Island due to Tsunami Photo 16 Tsunanri Damage at Wuling

Photo 17 Tsunaml Damage at Wuling Photo 18 Large Slope Fallure
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Photo 19 Destructive Slope Fallure Including
Cut Slope and Natural Slope

Photo 21 Settlement of Bridge Abuteent and
Back-Flill

" WL B
Photo 23 Longltudinal Stopper with Rubber
Cushion

Photo 22 Truss Bridge

Photo 24 Damage of Concrete Block Cover
along Water Barrier
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rhoto 25 Tilting of Parapet ¥all and
Settlement of Back-fill

Photo 27 Maumere Port

Photo 29 Settlement of Apron and Fallure of
wall (A Ship and A Boat which were
surged by the Tsunazl could be seen)
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Photo 26 Cracks of Water Gate

Photo 28 Tilting of Retaining Wall and
Settlement of Back-Fill

Photo 30 Damage of Control Tower at Ende
Alrport
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Photo 31 Emergency Water Supply by Photo 32 Dlesel Generator for Electricity at
Water-Tank Vehlicle near Ende Ende

Photo 33 Settlerent and Lateral Soll Movenent Photo 34 Secttlement of Coast Line and
Developed around Maumere City Settlement of Storage Yard along the
; Coast

-

> ~* _ . .- .

Photo 35 Cracks on Ground Surface along the Photo 36 Emergency Tent Canp
Coast (Maunmere city)
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VARIABLE DAMPERS AND VARIABLE STIFFNESS
FOR SEISMIC CONTROL OF BRIDGES

by
Kazuhiko Kawashima "’ and Shige‘k'i‘Uhjoh 2

1 Head Earthquake Engmeenng D1v131on, Pubhc Works Research Institute, Ministry of
Constructlon, Tsukuba Science Clty, Ibaraki—ken, ]apan 305.

2 Senior Research Engmeer, Earthquake Engineering Division, Public Works Research
Institute, Ministry of Construction, Tsukuba Science City, Ibaraki—ken, Japan 305.

SUMMARY

Thls paper proposes the vanable dampers which vaiy the dampmg coefﬁcnent dependmg
on structural response, and the variable stiffness control in which the natural period of
structures is vaned dependmg on the structural response, Effectiveness of the vanable
dampers is presented through a numerical analysis and a series of shake table tests. The
effectlveness of the vanable stlffness control is also presented through a numencal
analysis.

INTRODUCTION

Variable damper in which dampmg coefﬁc1ent can be variable dependent on structural
response, for structural response control against an earthquake was proposed by the
authors in 1989 (Kawashlma and Unjoh 1989), and various studies have been made at the
Public Works Research Institute. The variable damper has been effectively adopted in a
field of mechanical engineering, in particular in a suspension system for an aircraft and
an automobile. An active suspensiori for improving driving comfortableness and stability of
automobiles is one of such examples (Sugawara 1986; Mllhkan 1987). However, it is a
new idea to apply the variable ‘'damper for structural response control against an
earthquake.

Variable stiffness is another interesting field of extension of the variable damper. If one
shifts the natural period of structures, the structural response may be significantly

reduced by avoiding the resonance with the ground motion.

This paper presents the current studies for the variable dampers and variable stiffness for
response control of bridges against an earthquake.
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VARIABLE DAMPERS

A unique technic in application of dampers to bridges is distribution of lateral force to as
many piers as possible. Although damper is effective for reducing ¢~ck response, it is also
effective for transmitting lateral force from deck to piers when it is used at over— damper
range. Thus the damper stoppers have been successfully implemented in many bridges.

Because few energy dissipation is made in the damper stopper, it is effective to decrease
the damping ratio so that energy dissipation can be made when the bridge is subjected to
a ground motion caused by a large earthquake. Because the damper stopper is effective
for preventing a small deck vibration associated with breaking loads and wind effects,
the function as the damper stopper is effective at small deck displacement. On the other
hand when the deck response becomes excessive dunng an earthquake, the stopper is
required to present further build up of the deck response

Thus, the variable dampers with the following requirements may be superior to the
existing dampers and damper stoppers:

1) Damping coefﬁc1ent is very large during a small deck vibration for preventmg the
deck wbratlon due to breakmg loads of vehxcles and wind effects, It is movable agamst
the low rate motions such as the elongatxon of deck by temperature change

2) Against the seismic response W1th the deck’ response over a certam value, the
damping coefﬁcnent needs to be set so as to make energy dlssmatlon maximum.

3) Against excessive deck response dunng an earthquake, high damping coefficient is
required to function as a stopper. Smooth and gradual increase of the damping force may
be effective for preventing shocks.

CONTROLLER

 SUPER STRUCTURE

‘JlSCOUSMATERIAL 4  CYLINDER
' INSTON ~\

 SENSOR

Fig. 1 Variable Damper
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Although various types of the variable damper can be made, the simplest structure may

be an piston—cylinder viscous damper as shown in Fig. 1. A by—pass is installed between

the cylinder—cells divided by the piston. Damping coefficient of the damper can be

controlled by varying an amount of viscous flow of the by—pass. Various technologies for

controlling such flow are available. External energy required for such control is generally
much smaller than that required for the active control.

EFFECTIVENESS OF VARIABLE DAMPERS

Fig. 2 shows the deck displacement dependent damping ratio of the variable damper
_proposed for bridges (Kawashima, Unjoh and Shimizu 1991, Kawashima, Unjoh,
Nagashima and Shimizu 1991, Kawashima, Unjoh and Shimizu 1992). Various control
algorithm may be used such as to vary hi,h2 and h s in time depending on bridge
response for optimizing the deck response. The damping ratio can be varied depending on
both the deck velocity and the deck dlsplacement (Kawashima, Unjoh and Shimizu 1991).
Partial control in which the control is made only partially in time can be made
(Kawashlma, Unjoh and Shimizu 1991). It should be noted that any relation between the
damping ratio vs. the relative displacement and/or relatlve velocity can be incorporated in

the analysis. The damping ratios h:, h 2 and h s are assumed here to be constant
during an earthquake.

DAMPING 'COEFFICIENT C

— — —— G Gt St S Ot B, W — e arn Sy — — f—— S— —

— — g

i 6
RELATIVE DISPLACEMENT (xdu)

]
2 _ ,|
3

Flg 2 Analytlcal Idealization of Dampmg Force vS. Relatwe Dlsplacement Relation
For studymg the effect:veness of the vanable damper, a snmple span gerer bndge, as

shown in Fig.3, with a span length of 30m was analyzed. The response in longitudinal
direction was considered. Although the variable damper has better implementation for
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multi—span continuous bridges, a simple span bridge was considered for analysis for
simplicity. The deck was assumed to be supported by elastic bearings, and two variable
dampers were installed between the deck and the piers.

ISOLATOR

VARIABLE
DAMPER

ISOLATOR .
VARIABLE
DAMPER

30m :
(':/ | (I:/ - E
{ >
T T v
: — ) 1

£ e |

N J -

(q\] N ' od

L AN _\

\i \ TITITIIT 77T
[]

<8m

A
(o))
3
Y

JU | )L
Fig. 3 Bridge Analyzed and Analytical Idealization

The weight of superstructure and stiffness of a pier were assumed as 2368 KN and 17350
KN/m so that the fundamental natural period of the bridge is 0.5 second if the both
bearings are hinged. The lateral stiffness of rubber bearings per pier is assumed as 6276
KN/m so that the fundamental natural period of the bridge supported by the rubber
bearings be 1.0 second. Damping ratio of the bridge was assumed as 0.02.

The bridge response with and without control by the variable dampers was computed.
The damping ratios in Fig. 2 were assumed as h1 = 0.5and h2 = hs = 3. As shown
in Table 1, the peak deck displacement and the peak deck acceleration decrease to 26%
and 44% of those without control, respectively.

The damping force and stroke required for the variable dampers are 632 KN X 2 = 1264
KN and 5.78 cm, respectively. Because the weight of deck is 2368 KN, the damping force
is 53 % of the deck weight. The variable dampers with this specification can be designed
and fabncated within the current scope of dampers technology :
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Table 1 Peak Responses

Deck Pier Vaniable Damper
Analytical Displace—~ Velocity Aoct?le~ Shear Bending Damping .Rclati\'e Relati‘\'e
Cases ment (crs) ration Force Moment Force Displacement | Velocity
(cm) cm/s?) | (KN (KN-m) (KN) (cm) (cnys)
NO CONTROL 33.00 189.0 1.300 1.6317 32,333 —_—
WITH CONTROL 8.46 48.4 561 186 15. 102 614 5.18 60.7

VERIFICATION OF VARIABLE DAMPER THROUGH SHAKE TABLE TEST

For verifying the feasibility of the variable dampers, a prototype variable damper was
developed as shown in Photo 1 (Kawashima, Unjoh and Mukai 1993). It is a
piston—cylinder type viscous damper with a by—pass installed between two
cylinder—cells divided by the piston. The model was designed so that the maximum
damping force is 200 KN and the stroke is * 13 cm. Damping force can be controlled by
a personal computer depending on a relative displacement and/or a velocity between a
deck and a pier. The electricity required for control is only 50 W. This is extremely
small as compared with the energy required for the active control.

A series of dynamic loading tests was made for the model. Fig. 4 shows a hysteresis loop
of the damping force vs. stroke. Both command signal and actual data are presented. The
hysteresis loop obtained by the loading test is very close with the command.

For venfying the effectiveness of the vaniable damper, a series of shake table tests was
made. A simple span bridge model was fabricated on a shake table as shown in Fig. 5.
The deck is 7.6 m long and 390 KN in weight. The piers are 1.6 m long. The deck is
supported by four rubber bearings, and the prototype variable damper was installed
between the deck and the pier as shown in Photo 2.

The model bridge was excited by a ground acceleration. The peak table acceleration was
set as about 180 cm/sec * and 413 cm/sec . The excitation by the table motion with
peak acceleration of 413 cm/sec ° was not made for the model without control, because
the deck response became excessive.

Figs. 6 and 7 compares the deck displacement of the model bridge, with and without
control by the variable damper, subjected to the table acceleration with peak acceleration
of about 180 cm/sec ? . Predicted response by the analysis which will be described later is
also presented. The deck responses are 376 cm/sec > and 9.2 cm for no control, and they
are decreased to 203 cm/sec ® and 1.3 cm by the varable damper. The maximum
damping force required for this control is 71 KN, which corresponds to 18% of the deck
weight.
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Photo 1 Prototype Model of Variable Damper
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Fig. 5 Shake Table Test of a Model Bridge with a Variable Damper
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A simulation of the experiments by the analytical method presented in the previous
chapter was made. The deck, piers and rubber bearings were idealized by a discrete
linear frame. Figs. 6 and 7 compare the deck displacement and the damping force
developed in the variable damper between the experiments and analyses. The predicted
responses are quite close with the measured responses.

VARIABLE STIFFNESS CONTROL

Most of bridges with usual size have the natural period ranging from 0.3 to 1.5 second,
and this natural peried range corresponds to the predominant period of
earthquake—induced ground motions. Thus the resonance of the bridges response with
the ground motion tends to be developed during an earthquake. The bridge response
could be reduced provided the resonance of bridge response with the ground motion

could be avoided.

Although it is hard to predict the predominant period of ground motion prior to an
earthquake, it can be evaluated time by time during an earthquake. The moving window
analysis may be used for evaluating the instantaneous predominant period of ground
motion T * . The resonance of bridge response with the ground motion may be avoided if
the instantaneous natural period of bridges T be shifted from the instantaneous

predominant period of ground motion T * during an earthquake.

There are various methods to shift the instantaneous natural period of bridges during an
earthquake. Flexibility of bearings may be changed, and active tendons/bracings may be
adopted.

If one provides the variable dampers for a bridge which is elastically supported by rubber
bearings, the natural period of the bridge can be varied by changing the damping
coefficient of the variable dampers. If one makes the damping ratio of the variable damper
very large, the variable damper would acts as the damper stopper. On the other hand, if
one makes the damping ratio small, the natural period of the bridge takes the value
computed from the stiffness of the rubber bearings and piers. The variable dampers have
various advantage for controlling the instantaneous natural period of bridges because it is
more stable for long term use than the active tendons/bracing systems.

Fig. 8 shows the algorithm of the variable stiffness control. The instantaneous
predominant period of ground motion T * at time t i is computed by the moving window
Fourier Spectrum. The damping coefficient of variable dampers is varied so that the
instantaneous natural period of the bridge T be shifted to prevent the resonance with the

ground motion.
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Fig. 8 Control Algorithm of Variable Stiffness

Although several algorithm can be considered, the period shift is assumed here as
T=aT* 1)

where, S _
T : instantaneous natural period of a bridge at time t ;
T* : instantaneous predominant period of an earthquake ground motion at time
ts :
~a : control coefficient
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The coefficient a has to be determined depending on the undamped natural period of
the bridge T o and the instantaneous predominant period T * of an ground motion.

EFFECTIVENESS OF VARIABLE STIFFNESS CONTROL

To study the effectiveness of the variable stiffness control, a three—span continuous
girder bridge, as shown in Fig. 9, with a span length of 90m is analyzed. The response in
longitudinal direction is considered. The superstructure of the model is supported by
elastic bearings, and four variable dampers with the same characteristics are installed
between the deck and the piers. The weight of the superstructure and spring stiffness of
the rubber bearings are assumed as 4719 KN and 6247 KN/m, respectively. The stiffness
of picrs is assumed so that the fundamental natural period of the bridge is 0.5sec when
the deck is supported by hinges. The stiffness of rubber bearings is set so that the
fundamental natural period of bridge is 1 sec when the deck is supported by the elastic
bearings. The damping ratio of the bridge without control is assumed as 0.02.

mooom o om m

Fig. 9 Model Bridge Analysed

An acceleration ground motion as shown in Fig.10 is used as an input acceleration. The
instantaneous predominant frequency (1/T *) of the input acceleration is also shown in
Fig. 10. Because the predominant period of ground motion is about 1 sec., @ in Eq. (1)
was assumed as 1/2. :

Figs. 11 shows how the natural period of the bridge change depending on the damping
coefficient of the variable dampers. At the damping coefficient C of about 4200 KN-sec/m,
the fundamental natural period of bridge take very large value, because this corresponds
to the cntical damping of the structure. Although the period shift may be made in the
damping coefficient range of 0 to over 8000 KN'sec/m, it is assumed here that the period
shift be made in the range of damping coefficient C over 4200 KN-sec/m.
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Fig. 12 compares the deck acceleration and displacement of the bridge with and without
control. The peak displacement and peak acceleration of deck decreases to 17% and 50%
‘of those without control. The bending moment of pier bottom decreases to 52% of the
one without control. The peak damping force required for the four variable dampers is
761 KN X 4 = 3040 KN and peak stroke is 3.1cm.
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CONCLUDING REMARKS
The variable dampers and variable stiffness control which are bemg developed at the

Public Works Research Institute was described. Because the vanable damper is a sxmple
extension of the damper stopper technology which has been used in Japan for long time,
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it is expected that the variable dampers be implemented in near future. Various research
on the variable stiffness including development of the prototype model and shake table
tests are currently being made.

The research presented herein is being made as a part of the U.S.—Japan Cooperative
Research on Hybrid Control of Bridges under auspices of the Pancl on Wind and Seismic
Effects, UINR. The authors extend their sincere appreciation to the strong support of Dr.
S. C. Liu, NSF, Dr. H. S. Lew, NIST, Mr. J. D. Cooper, FHWA, Professor M. Shinozuka,
Princeton University and Professor J. N. Yan, University of California at Irvine.
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SEISMIC ISOLATION OF BRIDGES IN JAPAN
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ABSTRACT

This paper presents the current practice for seismic isolation of

bridges in Japan. Description is given to the Manual for Menshin

~ Design of Highway Bridges, which describes the basic requirements

and design method. Emphasis is placed to describe the unique

apphcatlon of the seismic lsolanon Implementatlon of the Menshin
Design is also presented ' '

INTRODUCTION

Selsmlc isolation is 1ncreasmgly adopted for bridges because it is advantageous for
constructmg multi—span continuous bndges Various mvestlgatlons have been made for
the seismic isolation of bndg&e such as the r&ponse characteristics of base isolated
bridges, development of 1solators and energy dissipators, and testing methods for
verifying the characteristics of devices. Compiling those studies, a design manual was
formulated in 1992 for enhancing the construction of seismic isolated bridges.

" " This paper presents the currént practice for deSIgmng the seismic isolated bndges
The outline of the manual and implementation are described.

MAENSH'IN DESIGN

One of the unportant deasxon in desxgn of selsmlc 1solated bndges is how much
elongatlon of the natura] perlod need to be made. In Japan, soils are mostly very weak at
bridge ‘sites. Slgmﬁcant earthquakes with magnitude over 8, which would produce long
period ground motions, occur at shorter recurrence mterval than other countries. Taking
account of such evidence, the design seisiic force is taken hlgher and the natural period
at which the design acceleration decreases with increasing the natural period is taken
longer, as shown in Fig. 1, in Japan than in other countries such as U.S.A., New Zealand

Al) Head Earthquake Engmeermg DlVlSlOﬂ, Earthquake Disaster Prevention Department,
Pubhc ‘Works rwrch Institute, Mlmstry of Construcnon, Tsukuba Shl, 305 -

Z:‘Zﬁ) Senior Research Engineer, ditto "
3 Research Engineer, ditto
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and Italy. The advantage for reducing deck response can therefore be realized only by
elongating the natural period longer than 1.4 ~ 2.0 second.
C =1 (STIFF)

GC = 2 {MEDIUM)
GC =3 (SOFT)

=)
—

o
©
b

LATERAL FORCE COEFFICIENT

2 3 4 s
PERIOD ({SECS)
Fig.'1 Lateral Force Coefficient (cz = ¢ = 1.0)

(=]

However elongation of the natural period would bring the increase of the deck
response displacement resulting to adopt the joints with long legs. This is, however, a
crucial requirement difficult to adopt, in particular, for overcrossing in city area because it
causes noise and vibration pollution, which is the most serious concern in city area.
Furthermore it would cause the disadvantage for maintenance because of frequent
replacement of the expansion joints damaged by traffic load.

Based on these reasons, it is not appropriate to forcibly elongate the natural period
for reducing the deck response acceleration. It is appropriate to adopt the base isolation
not for elongating the natural period but for increasing the energy dissipating capability.
Distribution of the inertia force to as many substructures as possible, which is the long
practice in Japan, is significantly advantageous (Kawashima, Hasegawa and Nagashima

1991). o N .
Therefore basic principle for introducing the base isolation to highway bridges is as

follows :
1) Distribute the inertia force to as many substructur&s as possible, and reduce the

deck response by increasing the energy dissipating capability.
2) Do not forcible elongate the natural period, but select it so that the resonance of
bridge response with the natural period of ground be avoided.
Such design criteria is not "isolation" of "base”, It is therefore called here as
"Menshin Design". The "Menshin" means "reduction of seismic response” in Japanese.

. MENSHIN DESIGN OF HIGHWAY BRIDGES

Menshin Manual
The Manual for Menshin Desngn of nghway Bndges was developed by the Pubhc

Works Research Institute as the final acoomplishment of the 3 years Joint Research
Program with 28 private companies (PWRI 1992, Kawashima, Hasegawa and Nagashima
1992). Although this is not the mandate specifications, it is recommended to adopt the
basic requirements of the Manual in addition to the Seismic D&sngn Speaﬁcahons of
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Highway Bridges (JRA 1990).

The Manual consists of 9 chapters and 10 appendices. The table of contents is
presented in the appendix of this paper. In the Menshin design, bridges are designed
following the standard static design method. Precise evaluation of the seismic safety is
made by the dynamic response analysis. In Menshin design, isolators and dampers are
idealized by a set of equivalent linear springs with the equivalent stiffness and the
equivalent damping ratio. '

Design Force

Menshin devices are designed by the seismic coefficient method and the bearing
capacity method. In the seismic coefficient method, the allowable stress approach is
adopted, while in the bearing capacity method, the bearing capacity approach is adopted.
Bridges are designed by the seismic coefficient method, and then the ductility of
reinforced concrete piers is checked by the bearing capacity method.

In the seismic coefficient method, the design lateral force coefficient k» is given as

kh::Cz'CG'CI'CT'Cz'khogo-l (1)
where
cr ce=20.8

in which ¢z : modification factor for zone, ¢ ¢ : modification factor for ground condition,
¢ 1 : modification factor for importance, ¢ r : modification factor for structural response,
¢ ¢ : modification factor for energy dissipation capability, and ko : standard design
horizontal seismic coefficient (=0.2) .

The modification factors ¢z, ¢c6, ¢r and cr are specified in the Design
Specifications of Highway Bridges (JRA 1990, Kawashima and Unjoh 1993). The
modification factor c ¢ takes a value shown in Table 1 depending on the first modal
damping ratio of the bridge. The design lateral force is reduced as large as 20 % .

Table 1 Modification Factor for Energy Dissg%a)tion Capability c g

(Seismic Coefficient Meth
Damping Ratio h Modification Factor ¢ &
h<0.1 1.0
h=0.1 0.9

In the bearing capacity method, the lateral force coefficient k. and the equivalent
lateral force coefficient ka. are given as

khc
Ry.=——20.3 )
’ A2p—1
k;.c:Cz'Cl'CR’Cz'khco 3)

in which ¢z : modification factor for zone, ¢ ; : modification factor for importance, c & :
modification factor for structural response, ¢ ¢ : modification factor for energy dissipation
capability, kaco : standard lateral force coefficient for bearing capacity method (=1.0) ,
and g : allowable ductility factor of reinforced concrete piers.

The madification factors ¢z , ¢, and cr are specified in the Seismic Design
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Specifications of Highway Bridges (JRA 1990). The modification factor ¢ z depends on
the modal damping ratio of the bridge, and takes a value of Table 2. The design force is
reduced as large as 30 %

Table 2 Moadification Factor for Ener: gdelss oé)atlon Capability ¢ ¢

(Bearing Capacity
Damping Ratio h Modification Factor ¢ e
h<0.1 1.0
0.1s h<0.12 0.9
0.12= h<0.15 0.8
0.15= h 0.7

Design of Isolators and Energy Dissipators
In the design of isolators and energy dissipators, the "displacement assumed in

design for the devices ujs " (design displacement of menshin device), the equivalent
stiffness Kp and the equivalent damping ratio hs of the menshin device are the key
factors.

The design displacement of menshin device us is evaluated as

Uz= M €Y
Ks (S.C.Method)
u B= k Ae' Wu (5)

Kz  (B.C.Method)
in which k» : lateral force coefficient by Eq.(1), k. : lateral force coefficient by Eq.(3),
K3z : equivalent stiffness (tf/m) of menshin device, and W, : weight of the
superstructure (tf) supported by the menshin device.

Various requirements for the devices against static load and dynamic load are
described in the Manual. It is unique that precise loading test procedures for both
dynamic and static loads are described in the Manual. Some of the important
requirements for dynamic load is as:

(1) Menshin devices have to be designed and fabricated so that their equivalent stiffness
K5 and equivalent damping ratio h be within % 20 % of the design values.
(2) Menshin devices have to be stable against 50 cycles of harmonic loading with
displacement of us given by Eq.(5).
(3) Deck should return to the rest position even after it was subjected to a large
earthquake. The residual displacement usr developed in menshin devices after one
smoothly releases from the deformed displacement of us given by Eq.(5) needs to
satisfy.

usr=0.1'us 6
(4) The equivalent stiffness and the equivalent damping ratio of menshin devices need to
be stable against the change of load condition at normal time, change of natural
environment such as the temperature change and earthquake—induced cyclic loading.
Stability has to be examined for 1) cyclic loading associated with the elongation and
shrinkage of deck due to temperature change and traffic load, 2) effect of loading
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hysteresis, 3) variation of vertical loading, 4) effect of loading rate, 5) effect of
pre—deformation due to creep and shrinkage, 6) direction of excitation, and 7) change of
the equivalent stiffness and the equivalent damping ratio depending on the temperature
change.

On the other hand, major requirements for static load include :
(1) Materials and mechanism of the menshin devices need to give credit to long term
use. They need to be stable against the daily and annual cyclic elongation and shrinkage
of deck due to the temperature change.
(2) The menshin devices need to be stable against local shear strain. Check of the local
shear strain needs to be made in accordance with the Design Guidelines of Bearings JRA
1991).
(3) In the rubber—type menshin devices, the creep of rubber which would be developed
for the life time of bridges in vertical direction due to the dead weight of superstructure
needs not to exceed 5 %6 of the total thickness of rubber.
(4) The equivalent stiffness of menshin device at —10 °C need not to exceed 1.5 time
the equivalent stiffness at 40 °C .

Modal Damping Ratio of Bridges

The modal damping ratio of bridges, which is required for ¢z in Egs.(1) and (3), is
evaluated as
i_zlqsli.l'hi' ki-¢i;

h=-— (7

.  $TK-¢, .
in which ¢ :; : mode vector of j—th structural component for i—th mode, h; : damping
ratio of j—th structural component, k; : stiffness matrix of j—th structural component,
¢ i+ : mode vector of bridge for i—th mode, K : stiffness matrix of bridge.

Table 3 shows the damping ratio f1; recommended for structural components in

Eq.(7).

Table 3 Damping Ratio h; Recommended for Structural Components

Structural Components Steel Concrete
Superstructures 0.02 ~ 0.03 0.03 ~ 0.05
Menshin Device Damping Ratio by Eq.(11)
Pier/Columns 0.03~0.05 | 0.05~0.
Footing 0.1~03
Eq.(7) may be approximated as
h= ZK&:' U3:° Cai
ZKi.'t;l%:-c.h e
Ch‘=h3‘+ Pl+ Pul+ Fai - (8)

K KP[K KFuk HIgPli
.‘—“-l-’— Bf+ Bi + Bi"
ci KP{ KPIII KP‘I }
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Table 4 Directory of Menshin Bridges in Japan

Deck

Bridge Location Lengty | Admisistrator o ed Super—Structure Type ;3.:;“’3
Oanetoh Holdaido 1022m | Holkaido 1992 4—Span Coatinuous LRB
Bridge Develcpment Stee] Plate Girder

Bureau
Nagakigawa Alita 97m Noshiron Under 3-Span Continuous IRB
Bridge Construction Construction Steel Piate Girder
Oifice, MOC (1993)
Maruli—bashi Iwate 925m Ivate—ken 1992 3-Span Continuous LR3
Bridge o Prestressed Concreta
Box Girder
Yama-age Tochigi 250m Tochigi—Xen 1993 - 6—Span Continuous HDR
Bridge Prestressed Concrete
. Box Girder
Miyagawa Siruoka 110m Siruoka~-ken 1991 3-Span Continuous LRB
Bridge S!;ed Box Girder
Hirao Yamaguchi 350m Yamaguchi—ken Under 5-Span Continuous IRB
Bridge Constmcﬁoq Prestressed Coocrete
19%) - Box Girder
Uehara Nagoya 65m Nagoya City 1991 - 2-Span Continuous LRB
Bridge Steel Box Girder
Route #12 Tokyo 1366m Metropolitan 1991 6—Spen Continuous LRB
Interchange Expressway Concrete Slab
Bridge Public Corp.
Bay Shore Tokyo 4176m | Metropolitan Under 9-Spen Continuous LRB
Route Expressway Construction Prestressed Concrete '
Public Corp. (15%3) Box Girder
Komatsukawa Tokyo 240m Metropolitan 1991 Interconnection of LRB
Route = Expressway Simply—Supported
Public Corp. Girder
Route #6 Tokyo 200m Metropolitan 1992 Interoonnection of LRB
Expressway B Simply-Supported
Public Corp. Girder
Matsupohama Osaka 2115m - | Hanshin 1992 4—Span Continuous LRB
Bridge Expressway Steel Box Girder
Public Corp. '
Trumisano Osala 318m | Hanshin Under 6~Span Continuous LRB
Bridge Exjressway Construction Steel Box Girder
Putic Corp.
Moriguchi Osaka 90m Hamshin 1991 Intercounection of * ° LRB
Routa Expressway ) Simply~Supported
Public Corp. Girder
Trens Tokyo Tokyo 880m | Trams Tokyo Under 11-Span Continuous LRB
Bay B Bsy Highway Construction Steel Box Girder .
Corp. — (19%4)
Karasaki Fukushima - 7695m | Soma Kyodo 1991 2—Span Continuous HDR
Bridge Power Company Prestressed Coocrete
Ltd. Box Girder
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in which h : modal damping ratio of bridge for 1st mode, hs: : damping ratio of i—th
damper, hp; : damping ratio of i—th pier/abutment, - hr.; : damping ratio of i—th
foundation associated with translational movement, hrs: : damping ratio of i—th
foundation associated with rotation, Kp: : equivalent stiffness of i—th pier/abutment,
hru:i @ translational stiffness of i—th foundation, Kgs: : rotational stiffness of i—th
foundation, us: : design displacement of i—th menshin device, and H : height from the
bottom of.pier to the gravity center of deck.

IMPLEMENTATION OF MENSHIN DESIGN

Table 4 shows the directory of implementation of the Menshin design. The first
Menshin bridge in Japan is Miyagawa Bridge, and it was completed in 1991. Photos 1 and
2 show the general view and the lead rubber bearings. A series of forced excitation tests
by an eccentric mass—shaker and quick—release test were conducted for verifying the
design (Masumoto and Hara 1991). Strong motion observation has been made since the
completion, and an analysis of the data was made (Kawashima, Nagashima, Masumoto and
Hara 1992). Similar tests were made for several bridges as shown in Photos 3 and 4.
Further accumulation of strong motion records are being made to confirm the bridge
response during large earthquakes.

CONCLUDING REMARKS

Current practice of the seismic isolation of highway bridges in Japan was briefly
introduced. It is unique in the Menshin Design that the emphasis is placed for increasing
energy dissipating capability and distribution of lateral force of the deck to as many piers
as possible. Forcible elongation of the natural period of bridges is avoided due to the

Photo 1 Miyagawa Bridge (Shizuoka—ken)
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Photo 4 HDR used for Yama—age Bridge and Static Jack for Quick—Release Test
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environmental and maintenance problems. More technical development which enables to
construct super multi—span continuous bridges with the deck length over 1km without
expansion joints is being made at the Public Works Research Institute.

1)

2)

3)

4)

5)

6)

7

8)
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' SEISMIC DESIGN METHOD OF UNDERGROUND STRUCTURES
by -
Kazuhiko Kawashima , Hideki Sugita 2 and Tomoru Nakajima 2

ABSTRACT

This paper outlines the seismic design methods of underground

structures by means of the Seismic Deformation Method. Because

 the underground structures behave quite differently from the

~ structures on ground, a unique design method which is distinguished

~ from the Lateral Force Coefficient Method is adopted. This paper

presents the Seismic Deformation Method for design of cross section
and for axial deformation.

INTRODUCTION

Seismic design of underground structures is made by the Seismic Deformation
Method, in which the displacement and deformation developed in the subsurface ground
during an eéarthquake are taken as the major seismic effects. The seismic response of
underground structures is distinguished by the small mass effect and the large damping
ratio from regular structures on ground, i.e.,

a) mass effect is small because unit weight of underground structures is in most cases
smaller that that of subsurface ground, and

b) damping is very large because the radiational dampmg due to energy dlssn)ation from
underground structures to subsoils is very large.:

Therefore, it is assumed in the Seismic Deformatlon Method that during an
earthquake underground structures deform following ‘the deformation of subsurface
ground. Modelling of underground structures has to be made so that structural response
of the underground structures be correctly represented. Because the increase of stress
and deformation of underground structures due to seismic effects are evaluated by the
Seismic Deformation Method, the stress and deformation actually developed during an
earthquake have to be computed by addmg thern thh those developed due to the static
loads ‘'such as the dead weight. S

Evaluation of seismic safety of underground structures can be made by elther the

1) Head Earthquake Engmeermg Division, Earthquake Disaster Prevention Department,
- Public Works Research Institute, Ministry of Constructlon, Tsukuba —shi, 305
2) Research Engineer, ditto
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allowable stress design method or the bearing capacity design method. In the allowable
stress design method the stress and the displacement developed in structural components
are required to be less than the allowable stress and allowable displacement. In the
bearing capacity design method the sectional forces developed in structural components
are required smaller that those of dynamic bearing capacity of structural systems
considering ductility. Displacement of structures are also required to be smaller than the
critical displacement. :

After the design by means of the Seismic Deformation Analysis, dynamic response
analysis is recommended for the underground structures with complex structural

response.

SEISMIC DESIGN FOR CROSS SECTION

In seismic design of underground structures in cross section, the dead weight, the
earth pressure, the water pressure, the uplift force, the ground settlement and the
seismic effects are to be considered. The loads have to be combined so that the most
critical stress or displacement be developed. As the seismic effects, the following loads
need to be considered:

Inertia Force
The lateral force coefficient is evaluated as

kv=cz cc Cu* ko , )
in which k., : lateral force coefficient, ko : standard lateral force coefficient ( = 0.2),
¢ z : modification factor for zone (1.0, 0.85, 0.7 depending on the region), cgq :
modification factor for ground condition (refer to Table 1), ¢y : modification factor for
depth, and is evaluated as »

cy=1.0—0.0152 @2
in which z : depth from ground surface (m).

Table 1 Madification Factor for Ground Condition

Ground Group I I m

Ce 08 ] 10| 12

Design Ground Displacement
The design ground displacement is evaluated dependmg on the depth and the

distance as (refer to Fig. 1) :

1 [T x ’
u(z, x)= ”—Sv Ts: cos( ZH) (ZL) @

in which u(z,x) : design ground displacement (m) at depth z (m) and at distance
x (m), Sy : design velocity response spectrum at design base rock (cm/sec), H :
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thickness of subsurface ground (m), T's : natural period of subsurface ground (sec), and
L : design wave length of ground motion (m). Sy is evaluated as

Fig. 1 Deformation of Subsurface Ground Assumed in Seismic Deformation Method

Sv=cz"Svo 4)
in which ¢z : modification factor for zone and Svyo : standard velocity response
spectrum (cm/sec) at design base rock, and is given by Fig. 2(a) for the allowable stress
design method and by Fig. 2(b) for the bearing capacity design method. The design wave
length of ground motion is evaluated as

_2L.'L2
L.+ L

in which L, and L2 : design wave length (m) at subsurface ground and base rock,
respectively, and are evaluated as

L1=Ts'Vso ’ L2:T5‘Vsna (6)
in which ¥V sp : averaged shear wave velocity of subsurface ground (m/sec), and Vsops :
shear wave velocity at design base rock (m/sec).

6

Design Shear Stress around Surface

At the surface of underground structures contacting with soils, the design shear
stress around surface needs to be applied to the underground structures as shown in Fig.
3. The design shear stress around surface is given by Eq.(7). If the design shear stress
around surface by Eq.(7) is larger than the strength of soils, the strength of soils needs to
be taken as the shear stress around surface.
= T[GID{ Sy-Ts‘sin( TZII; ) ¥))

T
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Fig. 3 Design Shear Stress around Surface of Underground Structures

in which P : Design shear stress around surface (tf/m 2), Sy : design velocity response
spectrum at the design base rock (cm/sec), Gp :shear modulus of subsurface ground
(t/m ?), T's : natural period of subsurface ground (sec), and H : thickness of subsurface
ground (m).

Dynamic Earth Pressure
Dynamic earth pressure by Eq.(8) is applied to the side wall of underground
structures as shown in Fig. 4.
p(z)=kuy{u(z)—ulzs} ®
in which p(2) : dynamic earth pressure per unit area (tf/m ?) at depth z (m), k# :
spring stiffness of soils per unit area (t/m ?), u( z) : design ground displacement (m),
and z s : depth of base of underground structure (m).
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Fig. 4 »Dynamic Earth Pressure

SEISMIC DESIGN METHOD FOR AXIAL DIRECTION

Seismic design method for axial direction of tubular underground structures is shown
for shield tunnels. Shield tunnels are constructed by assembling a number of segments,
ring bolts and segment bolts as shown in Fig. 5. Although there are various idealizations
for shield tunnels, the idealization of the shield tunnels as a beam with equivalent
stiffness may be the most appropriate for seismic design. Assuming a shield tunnel as a
beam, elastically supported by subsurface ground, with equivalent stiffness as shown in
Fig. 6, the seismic forces developed in the shield tunnel are evaluated by assuming the
ground deformation as shown in Fig. 7 as :

T Us r X Un

Ph_'al (EA):Q > =a (EA) 3
Ps:af”(“f“"’ (EA), , Pi=a T‘““L“L””) (EA)T,
47r u;. 4 uy O
Mh—as (EI):Q ,Mv—a‘a L2 (EI)eq
8 8
Qr=as ’22‘“ (ED).., Qv=a ’Z’;‘”(El),q )
where,

P% ,P} : compression and tension force (tf), respectively, developed due to
the design ground displacement in lateral direction

P§ ,P} : compression and tension force (tf), respectively, developed due to
the design ground displacement in vertical direction

M, ,My : bending moment in horizontal plane and vertical plane (tf-m),
respectively ,

Q» ,Qy : shearing force in horizontal plane and vertical plane (tf),
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respectively ‘
(EA)¢, (EA)I, : equivalent compression rigidity (tf) and equivalent
tension rigidity (tf) of shield tunnel

SEGMENT JOINT

(EA)g

(EAN,
9,

\ ‘Ring Joint K.

~ Fig. 6 Axial Stiffness of Segments—Ring Joints
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(EA)., : equivalent flexural rigidity (t0)

u s ¢ design lateral ground displacement (m) at depth of gravity center of
shield tunnel

uy : design vertical ground displacement (m) at depth of gravity center of
shield tunnel, and is given as 1/2 of u

L : design wave length (m)
af ,al ,az ,as : coefficients to represent the degree of transmission of

response displacement from the subsurface ground to
shield tunnel, and is given by Eq.(10).

af= 1 a = 1
1+ @2r/25L0)2 1+(27 /21 L))
1“ 1 10)
az a3

T1+@r/2.0) T 142 A L)°

= -2 cTe - cos XL
A=Unlz) ?Sv Ts - cos 2H

L/cos &

Us Asind
Axiol ) .
Direction Ua .

. 2 @
Ua=Asind-sin [__7(%)_5___1]

Ur  Acos#

Transverse I

Direction Ur ~—_"1
27cosd -x]

'Ur =Acos?P - sin [ L

Fig. 7 Ground Displacement Assumed in Seismic Deformation Method
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where,

kc Kgl ¥ K,
' (EA)° ot (EA)’ }
| (11)
2= (EA)N ’\/ (EA)
Li=+2 1 a2

Ko ,K.2 ,K,3 " soil spring in longitudinal, transverse and vertical
direction, respectively (tf/m ?)

DYNAMIC RESPONSE ANALYSIS

In the dynamic response analysis, underground structures are idealized so that their
response characteristics are well represented. Figs. 8 — 10 show some of the typical
analytical idealizations. _

Design ground motion at the design base rock is evaluated in terms of either
response spectra or ground acceleration. The design acceleration response spectra at the
design base rock is given as

S=cz cp So, : a13)
in which S : design acceleration response spectrum (cm/sec) at the design base rock,
So : standard acceleration response spectrum at the design base rock and is given by
Fig. 11(a) for the allowable stress design method and by Fig. 11(b) for the bearing
capacity design method, ¢z : modification factor for zone, and ¢ » : modification factor of
damping ratio, and is given as

1.5 .
Co(hl)—m‘i‘()-s R | (19)

in which h, : modal damping ratio of critical. .

The input acceleration for the time response analysis is either selected from the
strong motion records which have the close response spectral characteristics with S by
Eq.(13) or obtained by adjusting the strong motion records in frequency domain so that
the acceleration response spectrum be matched with S by Eq.(13).

CONCLUDING REMARKS

The outline of the seismic deformation method was described. The ‘procedure is

widely adopted to the design of underground tunnels, parkmg garage, common utility
ducts, and water/gas tunnels. Details of the apphcanon however depend on the structures

and the importance.

— 176 —




Fig. 8 Two Dimensional Finite Element Idealization
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SEISMIC DESIGN OF RIGHWAY BRIDGES IN JAPAN
by
Kazuhiko Kawashima ' and Shigeki Unjoh *

ABSTRACT

This paper outlines the seismic design method of highway
bridges in Japan. Description is given to the design force, evaluation
of soil condition, liquefaction potential and its treatment, check of
bearing capacity of reinforced concrete piers, dynamic response
analysis and devices foe preventing superstructure from
falling—down.

INTRODUCTION

Highway bridges are vital component of highway, and they have to be safe enough
against earthquakes so that the function of highway be maintained. They have to be used
without loosing any structural functions against small to moderate earthquakes which
have high to moderate possibility of occurring at the site. Cntical failures causing total
collapse of a bridge have to be avoided even during significant earthquakes with the
earthquake magnitude over 8.

The "Part V Seismic Design" of the "Design Specifications of Highway Bridges" is
applied to the seismic design of highway bridges with span lengths not longer than 200
meters. The specifications adopts the static lateral force method (seismic coefficient
method) based on the allowable stress design approach. The check of ductility for
reinforced concrete piers (Check of Bearing Capacity of Reinforced Concrete Piers for
Lateral Force) and dynamic response analysis are recommended in accordance with flow
chart presented in Fig. 1. Emphasis is placed on the need to install devices for
preventing fallmg —off of the superstructures from the substructures.

' This paper outlines the seismic design method of highway bndges spemﬁed in the
"Part V Seismic Design" of the "Seismic Design Specifications of Highway Bridges".

" SEISMIC LATERAL FORCE

1) Head, Earthquake Engmeermg DiviSioh, E:;r'thquaké' Disaster Prevention Depz{rtment,
Public Works Research Institute, Ministry of Constructxon, Tsukuba—shi, 305
2) Senior Research Engmeer, ditto
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In the static lateral force method, the horizontal design seismic coefficient is

determined by Eq.(1), but no less than 0.1.
ki=cz cg'ci cq ko

D

in which k. : design horizontal seismic coefficient, ko : standard design horizontal
seismic coefficient (=0.2) , ¢, : modification factor for zone, C ¢ : modification factor
for ground condition (refer to Table 1), ¢ ; : modification factor for importance (refer to
Table 2), and ¢ ¢ : modification factor for structural response (refer to Table 3). The
coefficient ¢z takes 1.0, 0.85 and 0.7 depending on the zone.

Table 1 Ground Condition Factor ¢ ¢

Ground Group

[

o

Cg

0.8

1.0

1

2
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Table 2 Importance Factor ¢

Ground Ci . Definition

1st class 1.0 | Bridges on ex ressway imited access hlghways) general
national road. Important bridges on general prefectural
road and municipal road.

2nd class 0.8 Other than the above

Table 3 Structural Response Factor ¢ r

Gé(;ggg Structural Response Coefﬁaent Cr
' , Tro<1.4 T 1.4< Tre
Group cr=0.7 = - ¢ v=0.876 T 3372
Groun I T0<0.18 = 0.18<Tg<1.6 1.6< Tzo
P cr=1.51T%320.7 |  ¢r=0.85 cr=1.16T3%"?
 T£0<0.29 0.29= T £0=2.0 2.0< To
Grow M | ¢ =1.51T1°20.7 | ca=1.0 cr=1.59T55%
& 03 6C = 1 (STIFF)
e GC =2 (MEDIUM)
§ 02 /N GC =3 (SOFT)
w o f
§ . -
S, 01f
& |
w
< 00 : . .
0 I 2 3 4 5

PERIOD (SECS)

Fig. 2 Honzontal Seismic Coefficien} k» for
Statlc Lateral Force Method (¢ = ¢ ,—l 0)

Fig. 2 shows the honzontal seismic coefficient assummg cz=c¢1=1.0. The
vertical design seismic coefficient is generally disregarded, except for the bearing
supports, because the effect is less. The seismic lateral force is applied to those structural
members, soils and water above the "ground surface assumed in seismic design". The
ground surface assumed in seismic design depends on soil condition at the snte, and is
generally assumed at the base level of footing. _

Against the lateral force by Eq.(1), the stress eram and dlsplacement at any part of
the structures and soils contactmg with the foundahons need to be less than the allowable
stress, strain and displacement which are specuﬁed in the Design Specifications. For
seismic design, the allowable stress is increased 1.5 times for a load combination of
primary load and the seismic effects. ’

Ground conditions are classified into three groups acoordmg to Table 4, in which
charactenshc va]ue To is evaluated by Eq. (2) '
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Table 4 Classification of Ground Group

Ground Group Definition Approximate Estimation
Group 1 T6<0.2 sec Tertialy or Older
Group 11 0.25 T6<0.6 sec Alluvium and Diluvium
Group I 0.6= T sec Soft Alluvium

4h,
TG—Z‘: V.. @)

in which H; : thickness of i—th subsoil layer (m), V.; : shear wave velocity of i—th
sublayer (m/sec), and i : sublayer’s number counted from ground surface.

SOIL LIQUEFACTION

Saturated alluvial sandy layers which have the water table within 10m from the
ground surface and have Dso —values on the grain size accumulation curve between
0.02 and 2.0mm are vulnerable to liquefaction up to a depth of 20m below the ground
surface. For those soil layers which are vulnerable to liquefaction, liquefaction potential
needs to be checked based on the liquefaction resistance factor ',  defined as

Fz,=—L— , (8))

in which F. : liquefaction resistance factor, R : resistance of soil elements against
dynamic load and L : dynamic load induced in soil elements during an earthquake. R

and L are evaluated as
R=R1+R2+ Rs

where, —
1Y
RI—O-OSSZ«/W

0.19 (0.0200= D50 <0.05m)

_ 0.
R.= 0.22510910( 1335) (0.05m0< Dso=<0.6mm)
50
—0 05 (0.6nn< Ds5o<2.0mn)
{ (0% < FC<40%)
0. OO4FC 0.16 (0% < FC<100%)

N :N-—value of standard penetration test
Dso : averaged grain size on grain size accumulation curve
F C fine sand (grain size less than 74 £ m) content

L""rd kz'&_

where, r4=1.0—0.015x
x  :depth from the ground surface (m) -
k. : seismic coefficient for evaluating liquefaction, and is determmed as

—184—




ksZCz'CG‘Cl‘kso

Cz, C¢ and ¢ : modification factors for zone, ground condition, and

importance (refer to Eq.(1))

k so : standard design horizontal seismic coefficient for check of liquefaction
(=0.15)

0. :total overburden pressure (kgf/cm 2), and
0o={rnhotriz{x—h.}/10

g+ : effective overburden pressure (kgf/cm ?), and
o.={ruhotyi2{x—h.,}/10

Soil layers having the liquefaction resistance factors F'; smaller than 1.0 is judged
to liquefy during an earthquake.

For those soil layers which were judged to liquefy in the above estimation and which
are within 20 m from the ground surface, the spn'ng stiffness and other soil constants
need to be either neglected or reduced in seismic design as shown in Fig. 3, by
multiplying the original spring stiffness and other soil constants by the reduction factor
Dg which is determined in accordance with F', and Table 5.

SSUPERSTRUCTURE
== T = ?
INERTIA PR nERTIA
FORCE FORCE
VERY LOOSE SAfI=] 777 7
E .
FL<08-, EE S - P
LOOSE SARD —-> "2 ;é ‘ B R ks DelFu)
Q6 <F<I0..-5 -~ _ e sy ke DelFy)
STIFF GRAVEL - Ses : ks
FL>10 %o =" ' . ke

Fig. 3 Treatment of Soil Layers Vulnerable to quuefactlon
Table 5 Decreasing Rate De  of Soil Constants Depending on F', Value

F, ‘—value Grgsrr:ctlh Sfl:ff;lce De
F.=0.6 1832 iégﬁ 1/%
0.6<F.=0.8 182—212;8:; ;g

CHECK OF BEARING CAPACITY OF REINFORCED CONCRETE PIERS

"To: prevent reinforced concrete piers from failing in a brittle manner, it is
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recommended that the bearing capacity of the reinforced concrete piers be checked in
accordance with the flowchart in Fig. 4.

Sun

Seismic Des:gn by Means of
Sersmuc Coefficient Method

ts N
Drctiity R
<k Required?

T

Compute Yield Force P, Ulemate Force
£,. YieH Dsplacement §, and Ulumate
Displacement &,

l
l Il

(;.;o::)pdcle Equivalen: Natural Ca?:z;uze Shear Strength

T, <2013 PeS-8

Yes No
Determine Sesmic Coefficient

for Ductiity Analyns

boeeprranti. ~Beanrg Capacriy for] [+ Bearing Capaciiy fov
.. standard coelficient Laterat r°;f' , Laters! Force
(-109 L R PP
* Alkraable Ductiln
Factor Y | 1o Ancwadte Ductitity
3-8 Factor
P .
i o " @3, =~
gzsm’: Equivalent Sersmx] o safety factor
Coe!f‘- I.S} * Coelficient for
I . rert for Equivalent Weight
k.- T Equivalent Weight b
,-05 -10

1

Nn

Fig. 4 Check of Bearing Capacity of Reinforced Concrete Pier For Lateral Force

In this check, the bearing capacity of reinforced concrete piers needs to satisfy
P.>ky.W @
in which P, : bearing capacity of reinforced concrete piers (tf), ka. : equivalent
honizontal seismic coefficient for check of bearing capacity, W : equivalent dead weight
(th), and is determined as

W=W.+ cW- 5)
_ 0.5 (P.=P))
cr= {10 (P>P) ©)

in which W. : dead weight of a part of superstructure supported by the reinforced
concrete piers (tf), Wr : dead weight of reinforced concrete piers (tf), P. : bearing
capacity of reinforced concrete piers for flexural failure (tf), and P, : bearing capacity of
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reinforced concrete piers for shear failure (tf).
Equivalent horizontal seismic coefficient for check of bearing capacity is determined
according to the equal energy assumption as
k no

Rne=—F—= )
Y M1
khc=Cz'C1'CR'khco )

in which k. : equivalent.horizontal seismic coefficient for check of bearing capacity,
k ». : horizontal seismic coefficient for check of bearing capacity, u : allowable ductility
factor, ¢z : modification factor for zone (refer to Eq.(1)), ¢: : modification factor for
importance (refer to Table 2), ¢ r : modification factor for structural response (refer to
Table 6), and KRaco : standard horizontal seismic coefficient for check of bearing
capacity.

Table 6 Structural Response Factor ¢ r

Ground Group Structural Response Coefficient ¢ 7
Group 1 T<0.1 0.1=T=1.1 1.1<T
cr=2.69T'321.00 cr=1.25 cr=1.33T77273
Group I T<0.2 0.2=T=1.3 1.3<T
c+=2.15T'3=1.00 cr=1.25 cr=1.49T°2/3
T<0.34 0.3d=T=1.5 1.5<T
Group I cr=1.80T"'73=1.00 c:=1.25 cr=1.64T2"3

Fig. 5 shows the horizontal seismic coefficient kao for the check of bearing
capacity when ¢ ;= c =1.0.

The bearing capacity of reinforced concrete piers P. and the allowable ductility
factor ¢ is determined based on the failure mode as :
a) Flexural failure '

P,,=P,+~—-———P"_P’ )
a .
S.— 0,
p=14+ —= (10)
ad,

C =1 {STIFF)

LATERAL FORCE COEFFICIENT

00 i . : R : . PR
0 1 2 3 4 5

PERIOD (SECS)

Fig. 5 Horzontal Seismic Coefficient k for Check of Bearing Capacity
g of Reinforced Concrete Piers for Iateral Foree (¢ 2= C 'g =l-p&
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in which' P, ,d . : bearing capacity (tf) and ultimate displacement (m) for flexural failure,
pP,,o, yleldmg force (tf) and yielding dlsplaoement (m) for flexural failure, and o« :

safety factor (=1.5) .
b) Shear failure
P.=P, 11)
n=1 (12)
in which P : bearing capacity (tf) for shear failure.

DYNAMIC RESPONSE ANALYSIS

For bridges with complicated dynamic response and for new types of bridges,
dynamic response analysis is made to check seismic safety of the design made by means
of the static lateral force method.

Dynamic response analysis is generally made by the modal response spectral
analysis. Acceleration response spectrum for the analysxs is given as

S=cz'ci'cp*So 7 13 A _
in which S : response spectrum for analysis (gal (=cm/sec %)), So : standard response
spectrum (gal) (refer to Table 7), ¢ 2 : modification factor for zone (refer to Eq.(1)), ¢«

: modification factor for importance (refer to Table 2), and ¢ p : modification factor for

damping ratio, and is given as

1.5
T T 4
T W0h 1 -
Table 7 Standard Response Spectral Value So for Modal Dynamic Response Analysis
Ground Group -+ So (gal) g
~uroup So=431T1/32160 So0=200 So=220/T,
Groun I T.<0.2 0.2=T,=1.3 1.3< T,
roup So=427T 132200 So=250 So=325/T,
G 1 T:<0.34 0.34=T;=<1.5 1.5< T,
roup So=430T /32240 S 0=300 So=450/T ;
;5 03} 6C = 1 (STIFF)
= /GC= 2 (MEDIUM)
5 02 - 6C = 3 (SOFT)
) .
3
<
2 0l
= i
[&]
g 00 N B NS B S
o 2 3 4 5

PERIOD (SECS)

Fig. 6 ' Desi Acc leration Response S tra S or Dyna cRes nseAnal sis
1g' &n sz—Ct—p%andp%cp—-la(h %y T po 4
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COEFFICIENT Co

0 PUNDE ST SN S T NS JR
00 01 02 03 04 O5
DAMPING RATIO h
Fig. 7 Modification Factor ¢ »

in which h; represents the modal damping ratio of the bridge for i—th mode.

Fig. 6 shows the design response spectra assuming ¢ ;= ¢ ;=1.0 and ¢»=1.0
(h:=5%) . Fig. 7 shows the modification factor ¢ p .

When a time history analysis is required, several strong motion records which have
the similar characteristics with S by Eq.(18) is used. Three ground acceleration records
which were modified in frequency domain so that their response characteristics match
with So in Eq.(18) are provided in the Specifications as shown in Fig. 8.
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'Fig. 8 Standard Ground Acceleration for Dynamic Response Analysis

DEVICES FOR PREVENTING SUPERSTRUCTURE FROM FALLING

Because the connection between the superstructure and substructure is susceptible
to earthquake damage, special structural considerations are required to prevent the
falling—down of superstructure due to the damage at this section. For such purpose, the
following measures are applied as shown in Fig. 9 :

(1) At movable bearings, devices to prevent dislodgement of upper—bearings from the
lower—bearings (stopper) are provided.
(2) - At the both ends of superstructure, either of the following measures are used to
prevent the superstructure from dislodging from the crest of the substructures :

a) The distance from the edge of superstructure to the edge of sub—structure (Seat
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Fig. 9 Devices for Preventing Superstructure from Falling

Length) S needs to be longer than the value as
g, — { 70+0.51 (1 =100m)
£ 80+0.4 1 (1 >100m)
in which S¢ and | represent the seat length in cm and the span length in m,

respectively.

b) Installation of devices for preventing falling—off of superstructure from substructures
(3) In addition to the above (1) and (2), the distance from the edge of the bearing
supports to the edge of substructure (Bearing Seat Length) S needs to be longer than

the value as
. 20+0.5 1
S= { 3010.41 (16)
in which S and | represent the bearing seat length in cm and the span length in m,
respectively

15

CONCLUDING REMARKS

The current seismic design method issued in 1990 by the Ministry of Construction
was briefly described. The design method has been modified and amended several times
since 1926 by introducing lessons leaned from the earthquake experiences. Although the
seismic damage developed in the past may bz prevented by adopting this seismic design
method, further attention needs to be paid for the new types of damages which are
resulted from new construction practice.
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ABSTRACT

This paper presents current technical developments for seismic strengthening of existing
highway bridges in Japan. Seismic strengthening for substructures is described based on the
past practice. Emphasis is placed on the example of implementation.

INTRODUCTION

Japan is one of the most seismically disastrous countries in the world and has often suffered
significant damage from large earthquakes. More than 3,000 highway bridges suffered
damage in the past earthquakes since the Kanto Earthquake in 1923. The damage to
highway bridges caused serious loss of function of road as an emergency evacuation route
and a transportation route for emergency relief goods. Since repair of bridges damaged by
an earthquake takes a long time, it significantly affects social and economical activities in
the area. Therefore, it is 1mportant to prov1de appropriate seismic resistance for existing
highway bndges

ThlS paper presents the seismic strengthenmg methods for substructures based on the case
study of 121 examples of seismic strengthenmg

HISTORY OF PROVISIONS OF SEISMIC DESIGN CODES
: FOR HIGHWAY BRIDGES

One year after the 1923 Kanto Earthquake, xt was 1mt1ated to con31der the seismic effect in
design of highway bridges. The Civil Engineering Bureau of the Ministry of Interior notified
"the method of seismic design of abutments and piers” in 1924. The seismic design method
has been developed and improved through bitter experience in the number of past
earthquakes and with progress of technical development in earthquake engineering. Table
1 shows the history of prov131ons in seismic design for highway bridges.
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In particular, the seismic design method was integrated and upgraded by compiling the
"Specifications for Seismic Design of Highway Bridges" in 1971, which exclusively provided
issues related to seismic design. It was revised in 1980 and integrated as "Part V :
Seismic Design" in "Design Specifications of Highway Bridges". It was further revised in
1990 and has been in practice for all highway bridges with span length shorter than 200m.
In the latest Specifications, design seismic force, bearing capacity of reinforced concrete
piers for lateral force, soil liquefaction, dynamic response analysis, and design detailings are
prescribed.

HISTORY OF SEISMIC EVALUATION AND SEISMIC STRENGTHENING
OF HIGHWAY BRIDGES

The Ministry of Construction made seismic evaluation of highway bridges 5 times
throughout the country since 1971 as a part of the comprehensive earthquake disaster
prevention measures for highway facilities. Seismic strengthening for vulnerable highway
bridges has been successively made based on the seismic evaluations. Table 2 shows the

history of past seismic evaluations'’ ~*’.

The first seismic evaluation was made in 1971 to promote earthquake disaster prevention
measures for highway facilities. The significant damage of highway bridges caused by the
San Fernando Earthquake, U.S.A. in February 1971 triggered the seismic evaluation.
Highway bridges with span length longer than or equal to 5m on all sections of national
expressways and national highways, and sections of the others were evaluated. Attention
was paid to detect deterioration such as cracks of reinforced concrete structures, tilting,
sliding, settlement and scouring of foundations. Approximately 18,000 highway bridges in
total were evaluated and approximately 3,200 bridges were found to require strengthening.

Following the first seismic evaluation, it has been subsequently made in 1976, 1979, 1986
and 1991 with gradually expanding highways and evaluation items. The seismic evaluation
in 1986 was made with the increase of social needs to insure seismic safety of highway
traffic after the damage caused by the Urakawa—oki Earthquake in 1982 and the
Nihon—kai—chubu Earthquake in 1983. The highway bridges with span length longer than
or equal to 15m on all sections of national expressways, national highways and principal
local highways, and sections of the others, and overpasses were evaluated. The evaluation
items included deterioration, devices for preventing falling—off of superstructure, strength
of substructures and stability of foundations. Approximately 40,000 bridges in total were
evaluated and approximately 11,800 bridges were found to require strengthening. Through a
series of seismic strengthening works, approximately 25,000 bridges were strengthened by
the end of 1991 fiscal year. Latest seismic evaluation was made in 1991. The results are

being compiled. '

In the seismic evaluation in 1986 and 1991, the evaluation was made based on a statistical
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analysis of bridges damaged and undamaged in the past earthquakes®’. Factors which affect
seismic vulnerablity were detected as shown in Table 3. Table 4 shows the inspection
sheet proposed to evaluate the seismic vulnerability. Because collapse of bridges tends to
be developed due to the excessive relative movement between the superstructure and the
substructures, and failure of substructures associated with inadequate strength, the

evaluation is made in Table 4 based on both the relative movement and the strength of
substructure.

Table 5 shows the feasibility of seismic strengthening against the 16 factors which would
affect the seismic vulnerability of highway bridges as shown in Table 3. Among the 16
factors, ® devices for preventing falling—off of superstructure, @ type of substructures,
@ effect of soil liquefaction, @ effect of scouring, @ materials of substructures, @ type
of foundation, and (® termination of main reinforcement at mid—height with inadequate
anchoring length are the factors for which countermeasures are feasible. Countermeasures
for other factors may not be feasible unless the whole bridge be replaced.

Fig. 1 shows how the countermeasures can be made for the above 7 factors. Installation of
the devices for preventing falling—off of superstructure, strengthening of foundations, and
strengthening of piers and abutments are the measures which are most often adopted for
seismic strengthening.

Emphasis has been placed to install the falling—off prevention devices in the past seismic
strengthening. Because the installation of the falling—off prevention devices is being
completed, it now becomes important to promote the strengthening of substructures with
madequate strength and lateral stiffness.

SEISMIC STRENGTHENING FOR SUBSTRUCTURES
Practices of Strengthening

The Public Works Research Institute collected the data on the highway bridges in which
substructures were strengthened based on the seismic evaluation in 1979 and 1986.'% ~'?

The first survey was made in 1987 to collect the data of seismic strengthening due to the
seismic evaluation in 1979 and the second survey was made in 1991 to collect the data of
seismic strengthening due to the seismic evaluation in 1986. Although the data base covers
only a few bridges, it provides the most reliable information for seismic evaluation and
strengthening.

The data base includes the year of construction, design specifications referred to, type of
structures, results of the seismic evaluation, selection and comparison of seismic
strengthening methods, design of strengthening, and construction method. In total the data
for 121 bridges were collected.
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Fig. 2(a) shows the year of construction of the bridges surveyed. About 70% of the
strengthened bridges were constructed from 1950s to 1960s. The rate of bridges
constructed before 1950 is only 22%. For such old bridges, replacement rather than the
seismic strengthening has been made. Fig. 1(b) shows the design specifications referred to
for the bridges surveyed. About 93% of the bridges strengthened were designed according
to the pre—1971 specifications.

Reasons to Require Strengthening

Fig. 3 shows the number of bridges strengthened classified in terms of requirements for
seismic strengthening. The requirements for strengthening, i.e., the reason for requiring
the seismic strengthening, were classified from Table 3 into 10 as

-scouring around foundation

-abnormal displacement of foundation

-apparent deterioration of reinforced concrete structure

‘weak reinforced concrete frame

-substructure placed on two independent caisson foundations

-bent piles with inadequate strength and lateral stiffness

‘pier with inadequate strength

-soil liquefaction

-inadequate bearing capacity of piles

‘inadequate bearing capacity of soil/foundation -

The seismic strengthening was required mestly because of the inadequate bearing capacity
of foundations associated with scouring, inadequate strength of reinforced concrete frame
structure, and inadequate bearing capacity of piles. Forty bridges were strengthened
because problem arose due to the scouring. Because the vulnerability of foundations due to
scouring can be reliably evaluated, the strengthening has been made successively. Sixteen
bridges were strengthened due to the weakness of reinforced concrete frame structure and

inadequate bearing capacity of piles, respectively.
Strengthening Methods

Fig. 4 shows the methods adopted for seismic strengthening. They are presented for the
10 requirements presented above. Various methods were adopted depending on site
conditions and other restrictions and requirements. Increase of number of piles,
enlargement of footing, placing of new reinforced concrete section surrounding the existing
structure, and construction of new lateral beams for increasing strength and lateral stiffness
are the major methods. '

IMPLEMENTATION OF SEISMIC STRENGTHENIN G
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Seismic Strengthening of Weak Reinforced Concrete Frame Structures

Fig. 5 shows an implementation of seismic strengthening of a reinforced concrete frame.
This bridge was constructed in 1959 and has a 5—span simply—supported steel plate girder
with length of 176m. The substructures were of reinforced concrete frame structures with
reinforced concrete piles.

Based on the 1979 seismic evaluation, an increase of the lateral strength of substructures in
transverse direction was detected to be required. It was decided to place a new reinforced
concrete wall to strengthen the substructures. Thickness of the wall was designed as 40cm,
and it was assumed that the seismic lateral force is supported by the integrated structure
consisting of the new and the existing reinforce concrete members. Therefore, the most
crucial point of the design and construction was how reliably the integration between the
new and the existing structures be made. To assure the reliable integration, the cover
concrete of exciting substructures was chipped—out by about lcm and anchor bars were
installed with 30cm pitch at the columns. The anchor bars with diameter of 16mm (D16)
were inserted in the drilled holes with diameter of 26mm and depth of 24cm. The spaces
between the holes the and the anchor bars were filled with epoxy resin.

Seismic Strengtheniﬁg of Bent Piles with Inadequate Lateral Stiffness

Fig. 6 and Photo 1 show a seismic strengthening for bent piles with inadequate lateral
stiffness. This bridge was constructed in 1960 and has a 9—span simply—supported
prestressed concrete slab with length of 54m. The substructures were of bent piles with 7
reinforced concrete piles with length of 12m and diameter of either 30cm or 50cm.

Based on the 1979 seismic evaluation, an increase of the lateral strength of the bent piles
in longitudinal direction was detected to be required. It was decided to place a new
reinforced concrete surrounding the piles at the nver bottom level and to connect each bent
pile by reinforced concrete slabs. The reinforced concrete slabs were placed to decrease the
lateral displacement of bent piles at the river bottom level. This method was selected
because the span length was short and the effectiveness of strengthening was apparent.
Design was made assuming that the lateral force is supported by a new integrated
structure. ‘

Seismic Strengthening of Bent Piles in Liquéfaiablé. Sandy Soils
Fig. 7,' Photos 2 and 3 show a éeisniic stfengthehing of 11—span simply—supported
pre—tensioned concrete slab bridge. It was constructed in 1959. Reinforced concrete bent

plies were used for piers and abutments. The diameter and length of reinforced concrete
piles were 60cm and 12m for piers and 50cm and 8m for abutments, respectively.
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Based on the 1986 seismic evaluation, it was found that the bent piles were vulnerable to
soil liquefaction. The Liquefaction Resistance Factor Fv. at the sandy layer with thickness
of 3.2m below the river bed was less than 1.0. The length of the part of piles which were
supported by stable soil was only 1/3 of the total pile length of 12m. Based on the stability
analysis of piles, the stress induced in concrete and reinforcing bars of piles significantly
exceeded the allowable stresses. The displacement predicted at piles was 4.6cm at the
design ground level and 12.8cm at the crest. Those were much larger than the allowable

displacement.

Five strengthening measures were proposed. Those were (D to strengthen all 12
substructures, @ to strengthen one substructure per two spans, @ to strengthen both
abutments and connect all pier crests by continuous beams, @ to replace liquefiable soil
layer by stable soils, and ® to increase soil strength by chemical grouting. Because the
methods @ and ® were expensive in spite of unreliable effectiveness, they were decided
to be not appropriate at this site. Among the three strengthening methods, @ was adopted
because cost performance was the most superior. Because strengthening of the
substructures was required at only two end abutments, it was less expensive. It was
decided that the seismic safety can be increased to the level required if the lateral
displacement induced at pier crest was controlled by the continuous beams.

In the design, it was assumed that the lateral force in longitudinal direction is supported by
both the new piles and the existing piles. Since the pier crests of bent piles are
strengthened by the connecting beams, it was required to insure enough strength for
the connecting beams and fix bearing set between the pier crests and the connecting
beams. Therefore, they were designed adopting two times larger design lateral force. It
should be noted that the connecting beams were also used as the girders for supporting a
pedestrian deck installed to the bridge.

Seismic Strengthening of Weak Bent Piles -

Fig. 8 and Photo 4 show strengthening of 3—span continuous steel plate girder bridge with
deck length of 75m. Steel pipe bent plies were used for piers. The diameters and length of
the piles were 1m and 45.2m, respectively. The bridge was constructed in 1969.

Based on the 1986 seismic evaluation, it was found that the stress induced in the reinforced
concrete lateral beam significantly exceeded the allowable stress when the seismic lateral
force was applied in transverse direction. The stress induced in the steel—pipe piles is
smaller than the allowable stress. Because it was not easy to strengthen the lateral beam, it
was decided to place a new reinforced concrete wall surrounding the existing bent piles.
Hollow section was adopted to mitigate the increase of the Welght The constructlon was
made by drying—up the water using the steel sheet piles.
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Seismic Strengthening of Foundations with Inadequate Soil Bearing Capacity

Fig. 9 shows seismic strengthening of foundations by increasing number of piles and
enlarging footing. The bridge - was constructed in 1960 and consisted of 14—span
simply—supported prestressed concrete girder with length of 238m. The abutments were of
a gravity type with wooden piles. Piers were of reinforced concrete frames with wooden
piles.

Based on the 1979 seismic evaluation, the bearing capacity of soils around foundations was
found to be insufficient. Two strengthening methods were proposed. The first was to
increase number of piles and the second was to improve soils. Since it is reliable and the
construction cost was cheaper in the first method, it was adopted as a principal
countermeasure. However, since the construction space was very limited to place the new
piles, the soil improvement as well as enlargement of the existing footing was adopted for
some foundations.

In increasing number of new piles, the existing wooden piles were neglected and it was
assumed that the lateral force is supported by only new piles. On the other hand, in the
design of soil improvement and enlargement of footings, it was assumed that the lateral
force is supported by shear force at the bottom of the new and the existing footings.
Because the soil was improved so as to increase the N—value to 30, the bearing capacity of
the soil could be increased. When the new footing was placed on the existing footing, the
surface of existing footing was chipped—out by 2cm, and anchor bars with diameter of
22mm (D22) were installed with epoxy resin injection. The cement milk was injected to
improve soil up to 3m deep below the bottom of the footing.

Seismic Strengthening of a Pile Foundation Vulnerable to Liquefaction

Fig. 10 shows seismic strengthening of pile foundations in liquefiable soil layers. This
bridge was constructed in 1952 and consisted of a Langer girder and 15-—span
simply—supported plate girder with length of 575m. Abutments were of gravity type
foundations and piers were of reinforced concrete walls. Foundations were of open caisson
for the Langer girder and pile foundations for the others.

Based on the 1979 seismic evaluation, it was detected that the bearing capaéity of soils at
the pier foundations was inadequate, because the soil was vulnerable to liquefaction.

Three strengthening methods were proposed. They were (D to improve the ground by soil
cement, @ to increase number of piles, and @ to surround the existing foundations by
steel sheet piles. Since O was expensive, @ and @ were investigated precisely, and @
was finally adopted. Effectiveness of strengthening was reliable and cost perforrnance was
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superior.

In the design, it was assumed that the existing piles would resist to the lateral seismic
force up to the design level and that the lateral force beyond the design level be supported
by the new piles. Since the piers were in the high water channel, a temporary road was
constructed to the piers during the construction. The steel—pipe piles were placed using a
vibro hammer. The new footing was constructed by drying—up water by steel sheet piles.
Integration between the new and the existing footings was made by anchor bars with
injection of resin mortar. Photo 5 shows the construction of new piles. Photos 6 and 7
show the connection of the new and the existing footings.

Seismic Strengthening of a Pile Foundation by Enlarging Footing and Increasing
Number of Piles

Fig. 11 and Photo 8 show Akisato Bridge on National Highway No.9 in Tottori City.'®? It
was planned to be of two bridges in parallel with length of 264m. Because number of fraffic
was small at the construction stage, only one bridge was completed in 1975 with the
substructures being completed so as to support the two bridges. Since number of traffic
increased in recent years, it became required to construct one more bridge on the existing
substructure. The existing bridge is of 7—span simply—supported steel plate girder and a
simple prestressed concrete hollow slab. The substructures consist of reinforced concrete
frame structures and wall type reinforced concrete piers. All substructures are supported by
steel pipe piles with length of 40m. The ground is of very soft clay with thickness of about

30m.

Associate with the revision of the seismic map and the lateral force coefficient; it was
required to increase the design lateral force coefficient from 0.2 to 0.3 to meet with the
current design requirements. Some deterioration is also found at the substructures,

For the 50% increase of the lateral force, the superstructure was made continuous so as to
distribute the lateral force to as many substructures as possible. The substructures required
to increase number of piles, thickness and size of footing and strength of piers. Because the
space on the footing was limited, the thickness of the footing was required to be increased
not only on the footing but also at the bottom. An unique method with high fluid concrete
was adopted. : '

Fig. 13 shows the construction procedure. After excavating the bottom of the existing
footings, new piles were placed and the new footing was constructed. The high fluid
concrete was placed from one side of the footing. It was placed from the other side. The
new footing was completed by placing the concrete on the existing footing. It is very unique
to place the new reinforced concrete under the existing footing and to adopt the high fluid
concrete. The strengthening was completed in 1993. Photo 9 shows the excavation at the
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bottom of the existing footing. Although mini—back—hoes were used to excavate the soil
under the footing, manpower was also required as shown in the Photo 10. Photos 11 and
12 show the reinforcement at the top of new piles and the new footing. Photo 13 shows
the seismic strengthening of piers.

Fig. 14 shows the strengthening of the abutments. Instead of increasing the strength of the
abutments, expanded polystyrene (EPS) was used behind the abutments to decrease the

earth pressure on the abutments. Expanded polystyrene was placed with height of 1.75m
and length of 13m.

CONCLUSIONS

This paper presented seismic strengthening of existing highway bridges with emphasis on
case study of implementation. Emphasis has been placed by now to install the falling—oft
prevention devices. Because the installation of the falling—off prevention devices is being
almost completed, it is now required to further promote the seismic strengthening of
substructures. As described in this paper, the past strengthening of substructures has been
made case by case basis.

Being different from the installation of the falling—off prevention devices, the seismic
strengthening of substructures requires more cost. Because most of the substructures
designed and constructed before 1971 do not meet with the current seismic requirements,
it is urgently needed to study the level of seismic vulnerability requiring the strengthening.
Upgrading of the reliability to predict the possible failure modes in the future earthquakes
is also very important.
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Table 1 Development of Seismic Design Methods for Highway Bridges
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Table 2 Past Seismic Evaluations of Highway Bridges

Year Highways Inspected Inspection ltems Numb;; o‘:iirldges
Inspected Strengqthening Strengthened
1971 All Sectlons of Nationa! Expressways and T Deterloration
National Highways, and Sectlons of the Others| ‘Z: Bearing Seat Length S for Bridges supported by Bent| 18,000 3,200 1,500
(Bridge Length = 5m) Piles’
1976 All Sections of National Expressways and T Deterloration of Substructures, Bearing Supports and
National Highways, and Sections. of the Others Girders/Slabs
(Bridge Length 2 15m or Overpass Bridges) y Bearing Seat Length S and Devices for Preventing 25,000 7,000 2,500
: : Falling-off of Superstructure
1979 All Sections of National Expressways, National] T Deterioration of Substructures and Bearing Supports
Highways and Principal Local Highways, and | "2 Devices for Preventing Falling-otf of Superstructure
Sections of the Others (Bridge Length & 15m | (D Effect of Soil Liquetaction
or Overpass Bridges) ‘3. Bearing Capacity of Soils and Plles
(5 Strength of RC Plers 35,000 16,000 13,000
% Vulnerable Foundations (Bent Pile and RC Frame on
Two Independent Caisson Foundation)
1986 . | All Sections of National Expressways, National| T Deterioration of Substructures, Bearing Supports and
Highways and Principal Local Highways, and Concrete Girders
Sections of the Others (Bridge Length = 15m | 2 Devicos for Preventing Falling-off of Superstructure
or Overpass Bridges) D Etfect of Soil Liquefaction 8,000
% Strength of RC Plers (Bottom of Piers and Termination 40,000 11,800 (As of the
Zone of Main Reinforcement) End of 1991
5 Bearing Capacity of Plles Fiscal Year)
® Vulnerable Foundations (Bent Plies and RC Frame on .
Two Independent Caisson Foundation)
1991 All Sections of National Expressways, National| D Deterioration of Substructures, Bearing Supports and
Highways and Principal Locat Highways, and Concrete Girders
Sections of the Others (Bridge Length Z 15m ‘2 Devices for Preventing Falling-otf of Superstructurc
.or Overpass Bndges) 3 Etfect of Soil Liquefaction
@ Strength of RC Plers (Piers and Termination Zonc of 60,000
Main Relnforcement)
%, Vulnerable Foundations (Bent Piles and RC Frame on
. Two Independent Caisson Foundation)

Note) Number of bridges inspected, number of bridges thét required strengthening and number of bridges strengthened are approximate numbers,

st aratiiehidl bR ii0 | MR RN AR ARG MIASE L A

; .
e A ol pe P g o K PP ot s s o ity
e g . S B P A



Table 3 Factors which Affect Seismic Vulnerability of Highway Bridges

Items

Seismic Vulnerabilily

® Design Specilications

Those designed in accordance with 1926 or 1939 Specifications have
higher vulnerability

@ Type of Superstructure

o QGerber or simply supporled girders with 2 or more spans have
higher vulnerability .

o Arch, [rame, continuous girders, cable-slayed bridges or
suspensicn bridges have lower vulnerabilily

@ Shape of Superslruciure

Skewed or curved bridges do nol necessarily have higher
vulnerability than straight bridges

@® Materisls of Superstrucluce

Reinforced concrele bridges or prestressed concrele bridges have
lower vulnerability than steel bridges although the diflerence is
small ' »

@ Slope in Bridge Axis

Bridges with slepe in bridge axis have higher vulnerabilily

@® Device lor Prevenling ‘Fallingoll
of Superstructure

Bridges with devices for preventing falling-olf of superslructure have
lower vulnerability

@ Type of Substruclure Bridges supporled by single-line benl piles or by reinforced concrale
frame placed on two separale caissen foundations have higher
vulnerability

@ Height of Piers Bridges supporled by higher piers have higher vulnerability

(® Ground Condition Bridges construcled on solt soil have higher vulnerability

@® Elfect of Soif Liguelaction

Bridges conslrucled on s2ndy soil layers susceptible to liquelaction
have higlier vulnerabilily

@ lrregularily of Supporling Seil Condilien -

Bridaes gonciructed an ¢nile with irronularity af eunnartinn
CQES LONSITUCISe on SOUS WD HIaguldriy &1 8 A H

conditions have higher vulnerability

@ Ellect of Scouring

Bridges where the surface sois are scoured have higher
vulnerabilily

@ Malerials of Substructures

Bridges supporled by plane-concrele subslructures designed in
accordance with 1926 or 1939 specifications have higher
vulnerability

@ Type of Foundation

Bridges supported by timber, brick, masonry or other old unknown
type substructures have higher vulnzrabitily

® Intensity of Ground Motion

Bridges subjected lo higher intensity of ground acceleralion have
higher vulnerabilily. In particular, vulnerabilily becomes quile high
when the bridges are subjecled to peak ground acceleration larger
than 4060 ga! (0.4g)
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Table 4 Inspection Sheet to Evaluate Seismic Vulnerability of Highway Bridges

Pont of tnspection Foctors of Inspection Evaluation
. o 40: 1926 Specs. 2.0: 1356 Specs. 1.0: 1971 Specs.
© Design Specific2tons o 1939 Specs of 1964 Spacs. o 1830 Specs.
J.0: Gesber Girder or 1.5: Simply-supported 1.0: Arch, Flame, Con-

Simply-suppoctad Gxder of Conlinuous Bayous Girdsr (One
tnspection @ Superstructure Type © Guders with Twd Grders Consisting ol Span), Cab'e-staped
Format (A) Spans o Moce Twd Spans or Moce gggg: Suspenson

inspection Yot {5y Snape of Superstructure 1.2: Skewed o Cutved Bridge 1:0: Straight Bridge

Deformation of ;
Supaestructurz | © Materia's of Suparsiructure

L2 R PC 1.0: Steed

Inspaction for (® Gragient 1.2: 6% of Steeper 1.0: tess Than 6%
hivod :,?0;5” ® FaTing-o!f Prevention Davice | 2.0: None 1.0: One Device
Excessive PA=®xOx@xOx®x® Pa=
Delormation
(@ Type ol Substructure 2.0: Sing'e-inz Bent Pz Foundation -~ 1.0: Othars
Hewght of Pier H 20:Hz10m 1.5:5<H<10m 1.0:H<S5m
Inspection i S0: Exremaly Soft 2.5:Groupd  2.0: Group 3 1.2: Growp 2
Format (8) | @ Ground Condition in Group 4 : 10 Geoup 1
Inspection for | (3 Etfects of Liquelaction 2.0: Liquelablz 1.0: Noa-Bguefiable
Su?s‘l‘?:cﬁed @) Supporting Grourd Condition 1.2: lregular 1.0: A¥nost Uniform
@ Scouring i 1.5: Recognized 1.0: Nor2
Pi=@x@x@xRx@=®@ |f= 4
D Shear Spaa Patio (h/D) 20:1<h/D<d 1.0: /D22 05:MDs1
nspection | © Jenslon Cracks ¥ ‘f,;‘;’f 2 o0 CracksWilcowr  1.0: Cracks Wil Fossbly 0.3 aarxswmm
Format (C) Reinforcerent . Occur :
fnspection o ® SiayFaca i @_s, 3.0:Sasll 20:1.1<S.<15 0.5:Suz 1.5
1r2ng Tocinses Cactin —t - o
RC Pier 21 Troinaad Secton |@5-D S |3.0: Sz 20:1.1<Su 1.3 ;.g: ;A3<s,.<|.s
Termination o ment 3:5:1.5
Reintorcement | @ Shaar Stress o (1/m') 3.0:02 45 20:3050<45  1.0:1550<30  05:0<15
Inspacticn for Pe=@x@x @5D (15D x @ = . o ) o
Vulnerabiy (D Faiture of Fixed Suppons and ; : ; . r .
1o Ceversp Poxmity 159 Extafxsve Faure 2.0: Small Fature 1.0: Noae
Fad j .
,: ‘;;;&e“ D Extraordinacy Damage of Per 5.0: Extensive Damaze - 2.0: Sma¥Damage 1.0: Noae
Strength of . i . "
sretote | - @ Materials of Sudstructure 20 ga:,,c;‘g;ﬁﬁr;m 1926 Exchuling , 1.0: Ouhers
fnspection

Formai (D) : 2.0: Timer Pile, Masonry, 1.57 8C Pies, Pedestal  1.0: Foundation Designed
@ Consiruction method of © Brick, Other 0 Pies. Per Supporied by 1971 Specs. and
tnspection for Feundation Construction Methods by Tno Independent Ocher Lates Spacs.
Straagih ol Caissons
Substructyre
[ NP 1.5: RC Flame Supported by Twd 1.0: Others
Fourdation Type Independent Caissen Foundations
@ z‘fg,‘}:ﬂ“ y Failure of 2.0: Recognized 1.0: None *
D <GB DD | o
Evalu2tion of Deformation and Sirength ’ X2=PyxPy= and Y=PcxPp=
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Table 5 Feasibility of Seismic Strengthening for
16 Factors Which Affect Seismic Vulnerability of Highway Bridges

llems Seisnﬁie:ssi?ritla%lg{:ning Principles of Counlermeasures

® Design Specifications
@ Type of Superstruclure X
(@ Shape of Supersiructure X
© Materials of Superstruclure X
® Slope in Bridge Axis ~ X
10 gfggeﬁruzg:f:“"g Falling-of o ~ Installation of Cevices
@ Typa of Substruclure O Strengthening of Substructures
@ Height of Piers
® Ground Cendition X

e Strengthening of Fundations or
Elfect of Soil Liquelaction o Strengthening of Surrounding Soils
@ Irregularity of Supporting Soit Condition X

: Trealment for Prevention of Scouring, or

@ Eifect of Scouring o Strengthening of Foundations
@ Malerials of Substructures o Strengthening of Substruclures
@ Type of Foundation Strengthening of Foundations
@® Inlensily of Ground Motion X
@ Efect of Terminalion of Main O Slrengihening of Substruclures

Reinforcement al Mid-height

Role O items for which seismic sirengthening is feasible
X items for which seismic sirengthening is nol feasible
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%I/Tﬁf\)ﬁﬁr

Wﬁ/

T

[890[560) _ 2 060 9;’ 2060 [600] 890
7€) ’
// 7600— A

////////////////;/////M////

4

L

7
7

7

Q

ful

% : H

A

\

N

N

N\
YN

GLILN

Fig. 9 Seismic Strengthening of Foundations by Increasing Number ~

N

r//////f

[ o mn

-
-

;.\-

AN

59
1
T 1 b 1

) VU

Qy///)§x§
V/V////,\%L\\

15

&

8700 _

o I -
S muy

RG] =

S| |ws0pod. 2360 50, 2360 600 1040

)
Sls .77 ) 1600 177
8] . 390190381 2060 [o00] 2060 390
iR A %% 4%

> l L 7 // //////////V";(////////// ’/VA/ M

@
o Ml /4/ / 4 h//l 4
o BTy v'w% TR AR T T T AT TATY
< !%/ H :/7

| Al | I 1%
Cost-in-Place Pile 7

& 800

£:14m, n=4 %4
8700
650 5@1480 - 7400 650

— — & S———— ——————

3

J
300 500

of Piles and by Enlarging Footing

— 216 —

2450 _ |800] 2450
glo 2300 Pi00H 2300
518l | 1950 88 1 1950
/V/ 1
//44&
A
e 77
"ARRN
% J Y
5700
2150 1400 . 2150
o 2300 - _[1100] 2300
8 .
S
o - Lh_%_ h
T IR
o300, Qsmo \ 3
NN\ NIRNG 3003 NN N
I DD NRNIRINSANY
by




—L1e—
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Photo 1 Seismic Strengthening of Bent Piles by New Concrete Walls and
New Connection Slabs

Photo 2 Seismic Strengthening by Connecting Beams
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Photo 3 Seismic Strengthening of Abutment by Increasing Number of Piles

(a) Before the Seismic Strengthening
Photo 4 Seismic Strengthening by A New Reinforced Concrete Wall
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Photo 4 Seismic Strengthening by A New Reinforced Concrete Wall
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Photo 7 New Footing
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DAMAGE OF BRIDGES BY KUSHIRO-OKI EARTHQUAKE, JANUARY 1993,
AND HOKKAIDO NANSEI-OKI EARTHQUAKE, JULY 1993

Kazuhiko KAWASHIMA"?, ‘Shigeki:_‘UN]OH"’_’ , Tomoru NAKAJIMA®?
and Junichi HOSHIKUMA®

1) Head, Earthquake Engmeermg Dmswn, Publlc Works Research Instntute, Ministry of
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ABSTRACT

This paper presents the damage to bridges caused by the recent earthquakes
occurred in Japan. Sixty—two bridges were damaged by the Kushiro—oki Earthquake of
January 15, 1993, and twenty—four bridges by the Hokkaido—nansei—oki Earthquake of
July, 12, 1993 including slight damage which did not affect the trafficability of bndges '

INTRODUCTION :

“‘The Kushiro—oki Earthquake occurred ~on January 15, 1993, and
Hokkaido—nansei—oki Earthquake occurred on July 12, 1993 both in Hokkaido island. They
caused a lot of damages to highway, river and port facilities and buildings. :

--The Kushiro—oki— Earthquake with magnitude of 7.8 on the Richiter scale occurred
apprommately 15km from the Kushiro city. The Hokkaido—nansei—oki Earthquake with the
magnitude of 7.8 occurred approximately 60km north—west from the Okushiri Island.
Hokkaido—nansei—oki Earthquake caused heavy damage to Okushiri island by the Tsunami
and the Fire. Although two earthquakes were a large—scale earthquake with the magnitude
of 7.8, structural damages were not so heavy because the earthquakes hitted rural area with
low popilation density and there are not large scale structures in the affected area.

Figs. 1 and 2 show the location of the damaged structures. On the highway bridges,
large damage such as falling—off of superstructures was not found. However, based on the
investigation of the ‘damaged bridges 1mportant lessons on the seismic design of highway
bridges and countermeasures to highway systems in the future were found. This paper
presents ” damages to’ highway bridges caused - by the Kushiro—oki' Earthquake and
Hokkaldo—nansex okn Earthquake :
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DAMAGE TO REINFORCED CONCRETE BRIDGE PIERS WITH TERMINATION
OF LONGITUDINAL REINFORCEMENT AT MID—-HEIGHT

Common damage to bridges in the two earthquakes was damage to the reinforced
concrete bridge piers where the longitudinal reinforcement was terminated at mid—height.
This type damage was recognized by the heavy damage to the piers of Shizunai Bridge
during the Urakawa—oki Earthquake of 1982. Shizunai bridge was damaged as almost
falling—off of superstructure.

The damage to reinforced concrete piers were found for six bridges by the
Kushiro—oki Earthquake and three bridges by the Hokkaido—nansei—oki Earthquake. All
of eight bridges were constructed in 1960s to early 1970s and the bridges were designed
according to the specifications before the revision of design details on the anchorage of
reinforcement in 1980.

The followings show the interesting damage in which some spans were designed
according to the older specifications and damaged by the Hokkaido—nansei—oki
Earthquake, and the other designed according to the revised specifications was not
damaged.

Photo 1 shows the Shin—Shiriuchi bridge on the municipal highway of Motomachi
No.1. It is a 7 span simple posi—tension T shaped girder bridge with length of 214m and
width of 6m. Although the original bridge was constructed in 1970, the right side two spans
with length of 66m were newly constructed in 1989 because of the river reconstruction.
Existing piers have the height of 6.8mm for Piers P1 and P4, that of 7.04m for Piers P3 and
P4. They all have the circular section with diameter of 1.8m. Newly constructed Pier P1
has the oval section of 3X1.8m, and P2 has that of 3m X 1.5m. The foundations are caisson
type for all piers except that the new Pier P1 has a direct type foundation.

Sixty—four reinforcing bars with diameter 22mm (D22) were arranged for existing
piers. In which, 32 reinforcing bars are terminated at the height of 2.47m from the bottom
of piers and then 16 reinforcing bars are terminated at the height of 3.67m. On the other
hand, for new Pier P2, 56 reinforcing bars are arranged at the bottom and 28 bars are
terminated at the height of 3m from the bottom. No termination of the reinforcing bars for
new pier P1 are made.

The damage was found at the termination section of all of the existing piers. Photo 2
and 3 shows the damage situation. Cracks and spalling—off of cover concrete was found and
the buckling and the deformation of reinforcing bars towards the outside of the piers were
occurred. '

Heaviest damage was found at Pier P3 and the pier was damaged with the height
about 1m at the lower termination section. It was caused by the response in the transverse
direction because the damage was found at the both side of the pier in the upper and lower
stream sides of the river.

The judgement methods of the damage degree in terms of residual strength and
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ductility characteristics of reinforced concrete piers are shown in the Manual of the
Earthquake Disaster Prevention for Highways. The damage degree can be estimated
according to Table 1. The damage to Pier P3 is estimated as "heavy damage" with
requirement to close the traffic. The strength of the pier is estimated under the yielding
strength.

It is interesting that the damage was found at the exciting piers but no damage was
found newly constructed Pier P2 which also has the termination of main reinforcement. It is
proved that this type damage was prevented by providing an enough anchorage length for
the terminated reinforcing bars according to the 1980 specifications.

The strong motion records was obtained at the Shichihou Bridge (no damage) which
is located about 10km form the Shin—Shiriuchi Bridge by the Hokkaido Development
Bureau. Peak acceleration on the ground surface was about 200cm/sec?. The wooden house
is located at the just side of the bridge and the owner said that the house was excited
heavily during the earthquake but the vibration was not so large and a cup was dropped
from the case. It is an important damage to learn even if the excitation is not so heavy
heavy damage will occurred if the anchorage length is not enough.

The same type damage was found at five bridges during the Kushiro—oki
Earthquake, i.e., Matsnoe Bridge on national highway No.240 (Photo 4), Gojukkoku Bridge
on national highway No0.391 (Photo 5), Shin—tawa bridge on regional highway
Nakashibetsu—Shibetya (Photo 6), Hatsune Bridge on regional highway Onbetsu—Teishajo
(Photo 7), Akangawa Bridge on the regional highway of Akan—Shibetya (Photo 8), Yoda
Bridge on the regional highway Horokayanto (Photo 9). And 2 bridges during the
Hokkaido—nansei—oki Earthquake, ie., Motoe Bridge on the municipal highway
Motoebashi (Photo 10), and Motouriya Bridge on the municipal highway Uriya No.2 (Photo
11).

DAMAGES TO ABUTMENT AND BEARING SUPPORTS

Kamiisoshin Bridge is located on the National Highway No.228 at the Kamiiso in
Hakodate city. Photo 12 shows the bridge with bridge length of 53.1m and the width of
8m. The bridge constructed in 1961 and was a three span simply supported steel plate
girder bridge. The foundations are a caisson type.

Photo 13 shows the damage found at the Al abutment (fixed bearing). The girder
moved by about 5cm in the longitudinal direction and crashed into the parapet of the
abutment. The web of the steel plate deformed and the crack was found at the parapet. The
bearing supports were rotated with displacement of 5cm as shown in Photo 14. The
bearing was damaged because the bearing was one anchor type bearing. This type bearing
was easily rotated by the longitudinal lateral force. After and the bearing concrete was
damaged, the anchorage was dislodged and then the bearing was floated up.

Although this type damage was commonly found in the past earthquakes, it is difficult
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to repair this type damage. Generally, the parapet is reconstructed after the displacement of
the girder was fixed. However, the repair work significantly affects the traffic. This type
damage is easy te be developed during earthquakes, therefore, it is required to develop the
structural details which is not affected by the earthquakes and also is easy to repair.

DAMAGE CAUSED BY SOIL LIQUEFACTION

During the both earthquakes, the effect of soil liquefaction was found in a wide area
of Hokkaido especially in Kushiro area and south—west area of the Hokkaido. Many
damages were found at the road embankment, submerged structures, port facilities and
buildings. Although the bridge was not affected by the soil liquefaction, Oshamanbe bridge
is an only bridge clearly damaged by the soil liquefaction.

Photo 15 shows the Osyamanbe bridge in the Oshamanbe on the National highway
No.37. It is 5 span simply supported post tension T shaped girder bridge with bridge length
of 150.Im and deck width of 7m. The foundations are a caisson type. The bridge was
constructed in 1960 and the pedestrian bridge was added at the upper stream in 1976.

The bridge pier was inclined in the direction of upper stream of the river as shown in
Photo 16 resulting in the displacement of 42cm on the deck level. No inclination was found
at the abutments. Since inclination angle is larger at the center of the bridge and smaller at
the abutments, the bridge looks like a curved bridge as shown in Photo 17. The largest
inclination of pier was found at the Pier P2, the height level at the bearing support in the
upper stream side is higher by 38.6cm than that in the lower stream side. The inclination
angle was about 0.035 radian.

Several boiling holes caused by the soil liquefaction were found around the bridge.
¥ig. 3 shows ihe ground condition around piers. Gravel, fine sand, and gravel sand layers
are around caisson foundation, it is estimated that the these layers in particular fine sand
layer was liquefied. Fig. 4 represent the liquefaction resistance factor, I¥, , of the pier
P2. In the computation of the liquefaction resistance factor, the seismic lateral force
coefficient was assumed as 0.15 which is the design lateral force coefficient.

It should be noted here that the evaluation method for soil liquefaction was
introduced in the design specification of highway bridges in 1971. And the evaluation
method and treatment method which is almost the same method as a current design
method for the design of highway bridges was revised in 1980. The bridge was constructed
in 1960 and the effect of soil liquefaction was not considered in the design of the bridge.

DAMAGE TO FALLING-OFF PREVENTION DEVICES
Although damage to the stoppers which were installed at the bearings was found in

the past earthquakes, there has been very few damage to the falling—off prevention devices
because the large—scale earthquakes has not occurred recently. The bolts of the connection
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devices between adjacent girders of Hatsune Bridge on the regional highway
Onbetsu—teisyajo were failed during the Kushiro—oki Earthquake. On the other hand, the
steel links connecting between girder and substructure were buckled at the Yanagisaki
bridge on the national highway No.229 during the Hokkaido—nansei—oki Earthquake.

Hatsune Bridge as shown in Photo 18 is 6 span simply supported steel plate girder
bridge with bridge length of 172m. The bridge was constructed in 1969. Photo 19 shows
the connection devices between adjacent girders used for the Hatsune Bridge. The steel
plate (S5400) with height of 68cm, width of 34.5cm and thickness of 9mm was connected by
7 bolts in one side, total 14 bolts for both sides. The bridge has 3 steel plate girders and
one connection plate was installed for each steel plate girder. The one side of the
connection plate was fixed to the plate girder and the other side had the oval holes so as to
be movable in the longitudinal direction by *20mm. '

During the earthquake, the 3 to 10 bolts were cut by shear for 10 connection plates
in the total 15 plates as shown in Fig. 5. Photo 20 shows the connection plate at which 10
bolts in 14 were cut and all bolts of one side were cut resulting that the connection function
was lost. All bolts at one side were cut at 7 connection plates of ten damaged plates.

Photo 21 shows the cutting surface of the bolts. Photo 22 shows the 2000 times
magnifications. According to the photos, the cutting surface shows the typical stretch failure
type shape. The origin of the cut was estimated to occur from the thread of the screw at
the B side as shown in Fig. 5, and the failure was occurred only in one direction.
Therefore, the bolts were cut by the relative displacement between the adjacent girders
during the earthquake. The damaged bolts with shear deformation were also found other
than cut bolts and it was found that the reversed force was estimated to act the bolts.

The objective of the falling—off prevention devices is a fail—safe function to prevent
destructive damage such as falling—off of superstructure when the main members are
damaged during earthquake. Hatsune bridge was damaged at the reinforced concrete pier
with termination of longitudinal reinforcement as shown in Photo 7.

Although the devices were functioned, the damage was found at Yanagisaki bridge on
the national highway 229 as shown in Photo 23. The bridge is 5 span simply supported
steel plate girder bridge. The connection devices using a steel link between girders and
abutment were buckled as shown in Photo 24. Although the connection portion at the
girder had the oval shape to release some amount of movement, the larger displacement
was developed during the earthquake. The stoppers installed at the bearings at the other
side abutment to prevent an excessive displacement were damaged as shown in Photo 25.

This type of falling—off prevention devices functions as a tension member when the
girder moves in the center of the bridge, on the other hand, in the opposite direction it
works as a compression member resulting in buckling of the devices.

Although this type of devices is recommended for the installation to the existing
bridges in the current design specifications, the device should be designed so as to release
the relative displacement between the girder and abutment. The appropriate design
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displacement of the devices is necessary to be investigated.
CONCLUSIONS

This paper presents the typical damage of highway bridges caused by the recent
earthquakes occurred in Japan. The following conclusions may be deduced :

1) The bending failure to shear failure of the reinforced concrete bridges were found at
the section of the longitudinal reinforcement were terminated at mid—height. Six
bridges during the Kushiro—oki Earthquake and three bridges during the
Hokkaido—nansei—oki Earthquake were found. These bridges were designed
according to the specifications of highway bridges before 1980 version and they all
have RC piers with the circular section. The damage to Shinshiriuchi bridge showed
that piers the bridge designed according to the specifications after 1980 were not
damaged at the termination section of main reinforcement at mid—height. Since this
type of damage tends to develop a brittle shear failure from the bending failure, the
‘countermeasures to the vulnerable bridge piers is required to be promoted.

2) Although the damage to the parapet of abutment is not a destructive one, it is
difficult to repair without closing of the exciting traffic. The structure of the
abutments which is not damaged and is easy to repair should be investigated.

3) The damage to falling—off prevention devices were found at two bridges. Since the
devices are to prevent a destructive damage such as falling—off of superstructure, the
improvement of the devices should be investigated.
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ABSTRACT

This paper presents the effectiveness of a seismic evaluation method for reinforced
concrete bridge piers with termination of longitudinal reinforcement at mid—height based
on the damage due to the Kushiro—oki Earthquake and the Hokkaido Nansei—oki
Earthquake. During these earthquakes, several reinforced concrete bridge piers with
circular cross section suffered significant damage at mid—height. The piers were designed
and constructed prior to 1980, when the Design Specifications of Highway Bridges was
revised. The seismic vulnerability of damaged and undamaged piers was evaluated.

INTRODUCTION

During the Kushiro—oki Earthquake in January, 1993 and the Hokkaido Nansei—oki
Earthquake in July, 1993, many bridges were damaged"’. In particular, reinforced concrete
piers suffered damage at mid—height, where the longitudinal reinforcement was terminated
with inadequate anchorage length. The importance for this type of damage was firstly
pointed out when Shizunai bridge was critically damaged during the Urakawa—oki
Earthquake in 19822’ The damage causes a brittle shear failure and may result in a
collapse of substructures.

Before 1980, an anchorage length of terminated remforcement was stipulated as®

[ = ¢Usa M

6‘[ QOa

where -
l anchorage Iength (cm) , .
0O sa : allowable tensile stress of remforcement (kgf/cm )
T 0. : allowable adhesion stress of concrete (kgf/cm?)
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¢ : diameter of reinforcement (cm) _
In the revision of the Design Specifications of Highway Bridges in 1980*’, the
anchorage length was increased as
| = PO,
4 T oa

@)

and the allowable shear stress of concrete in anchorage zone was reduced to two thirds of
the shear stress at the normal zone. Therefore, reinforced concrete piers designed and
constructed in accordance with the Specifications after 1980 are redundant at the
termination zone, however, the others require to be adequately evaluated and strengthened
at need. To identify the seismic vulnerability at the termination point, a seismic evaluation
method was proposed based on the study at PWRI and has been applied to the seismic
evaluation in 1991 throughout the country.

This paper presents a result of seismic evaluation of piers which were damaged and
undamaged during the Kushiro—oki Earthquake and the Hokkaido Nansei—oki Earthquake,
and describes an application of the seismic evaluation method at the termination of
longitudinal reinforcements.

-SEISMIC EVALUATION METHOD FOR THE TERMINATION OF
LONGITUDINAL REINFORCEMENT

The seismic evaluation method for the termination of longitudinal reinforcement was
already reported® ®, hence a summary of the evaluation method is described here briefly.

Fig. 1 shows a flow chart of the seismic evaluation for reinforced concrete piers with
termination of longitudinal reinforcement. According to the evaluation method, the seismic
vulnerability at the termination point is evaluated by two parameters, i.e., failure mode
factor and safety factor. The safety factor is defined as a ratio of the yielding bending
moment to the bending moment due to the lateral force for design as shown in Fig. 2 and
is given as

M,T ‘ :
F’T: MT (3)
M -

where
F,” and F,? safety factor at the termination point and base, respectively
M,"™ and M,® : yielding bending moment at the termmatlon point and base,
respectively
M"™ and M® : bending moment at the termination point and base, respectively, due
to the lateral force for design '
In this evaluation, the termination point is defined as the point with anchorage length below
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the actual point of terminations.
To identify which zone the initial damage would be developed, the failure mode factor S
is defined as
T
5= ®
Based on a series of loading test results at PWRI, the seismic vulnerability at the
termination point was evaluated by means of the failure mode factor S and the safety
factor F',7 as shown in Table 1. The piers which are evaluated S as larger than 1.1
are not damaged at the termination point, while the others are predicted the damage degree
by Table 1(b). Fig. 3 summarizes the damage degree at the termination point predicted by
Table 1. The seismic strengthening is required for the piers evaluated S as less than 1.1
and F,T as less than 1.2,

DAMAGE OF REINFORCED CONCRETE PIERS
AT MID-HEIGHT DUE TO RECENT EARTHQUAKES

General

During the Kushiro—oki Earthquake and the Hokkaido Nansei—oki Earthquake, nine
bridges suffered damage at mid—height. Fig. 4 and Table 2 show the locations and damage
of the bridges. The remarkable points of damage are as follows.

a) All bridges damaged were designed and constructed prior to 1980. Therefore, the
anchorage length of the terminated longitudinal reinforcement was inadequate.

b) Most of piers damaged have a circular cross section with smaller concrete area.

c) The damage was developed by the lateral force in transverse direction.

In this paper, the damage of Yoda bridge, Motoe bridge, Shin—shiriuchi bridge and
Motouriya bridge, which are evaluated as the "Critical Damage" based on the Guide
Specifications for Earthquake Hazard Mitigation for Transportation Facilities”’, is described
below.

Damage of Yoda Bridge

The pier of Yoda bridge has a c1rcular cross section with 1.4m diameter and 4.1m
height. As shown in Fig. 5, forty eight D19 bars (deformed bars with diameter of 19mm)
were used as the longitudinal reinforcement at the base. Twenty four bafs_ were terminated
at 0.78m above the base, and twelve bars were terminated at 1.58m above the base. The
hoop reinforcement (D13) was placed every 20<;m around the termination points. The P2
pier suffered the spalling—off of concrete and serious buckling of longitudinal reinforcement
at the second termination point as shown in Phetos 1 and 2. Among twelve bars above the
second termination poinf, six bars were ruptured. Judgmg from such failure, almost no
residual strength was left at the pier. ,
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Table 1 Evaluation of Seismic Vulnerability
(a) Evaluation in terms of Failure Mode Factors S

Failure Mode Factor S Failure Mode
S =11 Flexural Failure at Base
S <11 Vulnerable to Failure at Termination Zone

(b) Evaluation in terms of Safety Factors F,T

Safety_Factor Damage Degree at Termination Zone
F, at the Loading Displacement of 50
Rupture and serious buckling of longitudinal
F," <12 reigforcement are develope«f. g
Diagonal racks, spalling—off of cover concrete, and slight
F," 212 bucﬁling of longit?ﬁiina% einforcement are developed. £

1:6 1 1 i I i 1 1

Lar No Damage )

[V
. .

— - N

0.8

Failure Mode Factor S

0.6

.6 08 1 L2 1.4 1.6 L8 2 22
Safety Factor F',”

Fig. 3 Evaluation of Damage Degree
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Table 2 Summary of Bridge Damaged

L Year of Cross Section
Earthquake Bridge - | Length(m) Superstructure Type — - Damage Degree
. L Design Shape Dimension(m)
o ‘ i 3—Span Simple Supported . ' e
A . . cular 14 Criti
Yoda Br. 1969 70 Steel Girder Bridge Cir @ ritical Damage
Matsunoe Br. 1962 157 5—Sp;zc1: Sé”i;g:er i‘ﬁg‘;:ed Circular $25  |Medium Damage
6—Span Simple Supported . .
. 3 Medium D
Kushiro—oki Hatsune Br. 1967 172 Steel Girder Bridge Circular 1 um Damage
Eatthquake | ) intawa Br. 1974 603  |>7opan Simple Supported || 79%10 |Stight Damage
Steel Girder Bridge -
—Span Simple $ :
Gojukkoku Br. 1966 uo | S";‘é, il ;ﬁg::ed Cizcular $22  |Slight Damage
. - impl ‘ .
Alangawa Br. | 1973 | 1265 | Sp;‘é i".’;; S;ﬁg‘;:ed Circular $20  |Slight Damage
, 7—Span Simple Supported L "
- 165. ) C 1.8 Critical D
Motoe Br. 1968 165.7 Steel Gizder Bridge ircular ¢ n amage
" Hokkaido ‘
7—Span Simple Supported . ..
Nansei—oki |Shinshiriuchi Br. 1970 214 p;ré ginrger B::: . Circular ®18 Critical Damage
Earthquake
Motouriya B 1964 63  |2~Span Simple Supported 1oy 615  |Critical Dama
otourlya Br. PC Girder Bridge ge
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Damage of Motoe Bridge

The pier of Motoe bridge has a circular cross section with 1.8m diameter and 7.8m
height. As shown in Fig. 6, thirty six D22 bars were placed as the longitudinal
reinforcement at the base, and eighteen bars were terminated at 2.4m above the base. The
hoop reinforcement (D13) was placed every 12.5cm between the base and the termination
point. The P3 picr suffered the most serious damage as shown in Photos 3 and 4. The
spalling—off of concrete and the buckling of longitudinal reinforcement were developed at
the termination point. This was developed due to the lateral force in transeverse direction.

Damage of Shin—shiriuchi Bridge

Shin—shiriuchi bridge consists of seven simply supported girders as shown in Fig. 7.
After the five spans at the left bank side were constructed in 1969, the other two spans
were extended associated with the extension of Shiriuchi River in 1989. Among six piers,
only new P1 pier did not have the termination of the longitudinal reinforcement. It was
interesting that the old piers were damaged at the termination point, while the new piers
were not damaged.

The old P3 pier has a circular cross section with 1.8m diameter and 7.04m height. As
shown in Fig. 8, sixty four D22 bars were double—placed as the longitudinal reinforcement
at the base. Thirty two inside bars were terminated at 2.47m above the base, and sixteen
outside bars were terminated at 3.67m above the base. The hoop reinforcement (D13) was
placed every 12.5cm at base and every 25cm around the termination points. Failure of
concrete and buckling of longitudinal reinforcement were developed at the first termination
point as shown in Photo 5. In the old P2 pier, the horizontal and diagonal cracks were
developed at the second termination point as shown in Photo 6.

The new P2 pier has an oval cross section of 3m X 1.5m with 6.1m height. The cross
sectional area of the new P2 pier is approximately 1.6 times larger than that of the old P3
pier. As shown in Fig. 9, fifty six D22 bars were placed as the longitudinal reinforcement at
the base, and twenty eight bars were terminated at 3m above the base. The hoop
reinforcement (D16) was placed every 10cm. The structure is quite different between the
old pier and the new pier. It was proved that the damage at the termination point can be
prevented by taking the anchorage length long enough in accordance with the current
Specifications.

Daimage of Motouriya Bridge

The pier of Motouriya bridge has a circular cross section with 1.5m diameter and
3.06m height. As shown in Fig. 10, thirty six ¢ 16 round bars were placed as the
longitudinal reinforcement below the termination point, and eighteen ¢ 13 round bars were
placed above it. These bars were spliced with lap length of 50cm. Two thirds of longitudinal
reinforcement in terms of the gross area were terminated. The round hoop reinforcement
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(¢ 13) was placed every 40cm.
Spalling—off of concrete and buckling of longitudinal reinforcement were developed at

the splicing zone as shown in Photo 7. The lap length of this pier is estimated as 53cm by
Eq.(1) and as 80cm by Eq.(2). Because the actual lap length is only 50cm, it was inadequate.

ANALYSIS OF SEISMIC VULNERABILITY
AT THE TERMINATION POINTS

Reinforced Concrete Piers Analyzed

Fourteen reinforced concrete piers were analyzed. They were selected from nine
piers which suffered damage at the termination point due to the Kushiro—oki Earthquake
and the Hokkaido Nansei—oki Earthquake, and five piers which were undamaged and
located close to the fault zone. All piers undamaged were constructed after 1980. Table 3
summarizes the bridges analyzed, and the analytical parameters required for the analysis,
i.e. seismic coefficient, concrete strength and the material of reinforcement, are shown in
Table 4. Because there were a few uncertain parameters, these were assumed from the
past records.

Results of Analysis

Table 5 summarizes the failure mode factor S and the safety factor F',7 at the
termination points. Fig. 11 shows the failure mode factor S vs. the damage degree. It is
clearly observed that the serious damage is developed as the failure mode factor S
becomes smaller. The failure mode factor S of the piers which were damaged is less
than 1.1. This very much matches with Table 1(a). The failure at the termination point can
be predicted quite well by the failure mode factor S .

Fig. 12 shows the safety factor FF,” vs. the damage degree. It is also observed
that the serious damage is developed as the safety factor becomes smaller. Matsunoe
bridge is an only exception, in which the safety factor is evaluated as 2.01, while it suffered
significant damage at the termination point. The reason for this is not clear. Lager lateral
force than expected would be developed due to the response of adjacent decks. The safety
factor F',7 of the piers which were damaged is less than 1.1 except Matsunoe bridge.
This also matches with Table 1(b), in which 1.2 was proposed as the cntical F,” .

Fig. 13 compares the predicted damage (refer to Fig. 3) with the actual damage at
the termination points (refer to Table 2). The piers predicted by Fig. 3 as "Serious
Damage" suffered at least horizontal cracks. Most of them suffered diagonal cracks, buckling
of and rupture of longitudinal reinforcements. On the other bend, the piers predicted by
Fig. 3 as "No Damage" were not damaged during the two earthquakes. Therefore the
damage degree predicted by Fig. 3 provides reasonable estimation. As described
previously, Matsuuoe bridge suffered slight buckling of longitudinal reinforcement, although
it is predicted by Fig. 3 to develop only slight damage.
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Table 3 Bridge Piers Analyzed

Cross Sectional Circular Oval
Shape Damaged Undamaged Damaged Undamaged
. . Yoda Br,
Kushiro—oki Matsunoe Br. Takadai Br.
Earthquake Hatsune Br. Sensho Br. |Shintawa Br.
Gojukkoku Br. Tsurumi Br.
Akangawa Br.
NHOkk‘ajd?( . s MOtl?ie'Brﬁ - Slﬁn—shin‘uchipl}r.
ansei—oki in—shiriuchi Br. — —
Earthquake (Old Pier) (New Pler)
Motouriya Br.
Table 4 Analytical Parameters
; Seismic Concrete Material of
Bridge Pier ][;Ii]r?:cytti]gn Coefficient |Strength Longitudinal
k., (kgf/cm?) |Reinforcement
Yoda Br. P1 Transversal 0.20*° 210 SD295
Matsunoe Br. P3 Transversal 0.20 180 SD235
Hatsune Br. P4 Transversal 0.20 210 SDC390
Shintawa Br. P2 Longitudinal 0.20 210 SD295
Gojukkoku Br. P1 Transversal 0.20 210 SDC3%0
Akangawa Br. Pi Transversal 0.20*’ 210 SD345
P4 Longitudinal 0.18 210 SD295
Sensho Br.
P5 Transversal 0.18 210 SD295
Takadai Br. P2 Longitudinal 0.24 210 SD295
Tsurumi Br. P5 Longitudinal 0.24 210 SD295
Motoe Br. P3 Transversal 0.20 210 SDC390
L. P3 Transversal 0.15 210 SD295
Shinshiriuchi Br.
New P2 | Longitudinal 0.14 210 SD295
Motouriya Br. P1 Transversal 0.15%’ 210 SR235*°

%) assumed from the past records
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Table 5 Analytical Results

Yielding Bendin - | Damage
) Pier Moment (t:f-m)g Safety Factor Failure Degrgee
Bridge S - — Mode  |Predicted at Damage
(Termination) | Base - |Termination | Base |Termination | Factor |Termination
. e . M,D M,T ' Fyb : F’T S Zone
Ist 1489 0.87 0.70 No Damage
Yoda Br. P1 ‘ 218.3 124 Serious  |Rupture and Serous Bucklin
2nd 1119 0.74 0.60 of iongitudinal Reinforcemengt
Matsunoe Br. P3 9624 | 7607 | 196 2,01 103 | Slight Eﬁ%‘;ﬁﬁnﬁ“‘é‘iﬁm@m
Hatsune Br. - P4 657.4 433.8 1.51 1.15 0.76 Serious  |Diagonal Crack
Shintawa Br. P2 358.6 201.3 1.02 0.92 0.90 Serious |Homzontal Crack
Gojukkoku Br. Pl 9158 634.4 1.26 1.12 0.89 Serious  [Slight Horizontal Crack
' Ist 772.9 1.00 0.77 No Damage
Akangawa Br. Pl 1161.1 1.30 Serious -
2nd 551.5 0.87 0.67 Slight Horizontal Crack
- P4 2193.8 1387.6 1.09 1.34 123 No Damage |No Damage
Sensho Br.
P5 1174.6 790.3 1.08 131 121 No Damage |No Damage
Takadai Br. P2 1179.8 599.9 1.33 1.83 1.38 No Damage |No Damage
Tsurumi Br. P5 111138 | 60885 159 1.79 113 |No Damage |No Damage
Motoe Br. P3 4251 | 2049 | 1.00 0.82 0.82 Serious | Penous Bucking of ement
Serious Buckling of
1 p3. (I8t | se22 | 4087 |39 1.02 0.86 Serious  |Longitudinal Remforcement
Shinshiriuchi Br. - -
- " |2nd - 3256 0.96 0.81 No Damage
New P2 | 5302 | 4075 1.02 117 115 |No Damage |No Damage
Motouriya Br. P1 1847 410 ‘| 108 | 101 094 | Serious |7erous Bucking of oent
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Fig. 14 summarizes the evaluation of damage degree in terms of S and F,7 .
Excluding only Matsunoe bridge, the damage degree developed during the two earthquakes
agree quite well with the prediction by Fig. 3.

There were three bridges in which the longitudinal reinforcement were terminated at
two different heights. It is interesting to clarify at which termination point the failure was
developed between the two.

Fig. 15 compares the failure mede factors S at the two heights. At Yoda bridge
and Akangawa bridge, the failure occurred at the 2nd (higher) termination point. Because
the failure mode factor S is smaller at the 2nd termination point, the prediction by S
is quite well. At Shin—shiriuchi bridge, on the other hand, the damage was developed at the
first termination point, while S is smaller at the 2nd termination point. Because the
difference of S between the 1st and the 2nd termination points is only 0.05 at
Shin—shiriuchi bridge, this may be the reason for wrong prediction. But it should be noted
that, at some other piers of Shin—shiriuchi bridge, cracks were developed not at the 1st
termination point but at the 2nd termination point.

CONCLUDING REMARKS

This paper presented the damage of reinforced concrete bridge piers at the
termination point of longitudinal reinforcements with inadequate anchorage length due to
the Kushiro—oki Earthquake and the Hokkaido Nansei—oki Earthquake, and the application
of the seismic evaluation method proposed by PWRI. The conclusions derived from the
study presented herein are the following;

1) The reinforced concrete bridge piers which were designed and constructed in accordance
with the Specification prior to 1980 suffered damage at the termination points. They had a
circular cross section.

2) The damage degree becomes serious as the failure mode factor S by Eq.(5) becomes -

smaller. The failure mode factor S of the piers which were damaged is less than 1.1.
This is quite close with Table 1(a) which was proposed based on the loadng tests.

3) The serious damage is developed as the safety factor F,” becomes smaller. The
safety factor F,” of the piers which were damaged is less than 1.1 except Matsunoe
bridge. This is also very closed with Table 1(b) which was proposed by the loading tests.

4) Based on this study, the seismic evaluation at the termination point by means of the
failure mode factors and the safety factor F',” is appropriate.
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ABSTRACT

In this paper, a stress—strain mo_del of concrete which takes account of confinement
effect is proposed based on a series of loading tests for reinforced concrete column
specimens, with circular and square cross section, containinig various hoop reinforcement.
Predominant factors for controlling the stress—strain relation of the concrete columns were
examined, and the stress—strain model consisting of an exponential function and a straight
line was proposed. The predicted relation provides better agreement with test results than
the prevxous models.

INTRODUCTION

A large seismic lateral force causes remforced concrete bridge piers to be in 1nelast1c
range. However, the confinement associated with hoop remforcement increases the ductlhty
and the energy absorption of reinforced concrete bridge piers. It is, therefore, significant to
incorporate the effect of hoop reinforcement into seismic design to evaluate the ductility of
reinforced concrete bridge plers :

This paper proposes a stress strain model of confined concrete which can be used in
seismic design of remforced concrete bridge piers. To examine the effect of confinement on
ductility of concrete, a series of loading tests of oonﬁned concrete columns were conducted
and modehng of the stress strain curve is clanﬁed :

BACKGROUND OF THE RESEARCH
Previous Researches

Prof. Park and other researchers have already made s1gnlﬁcant researches on the
conﬁnement effect on ductility of concrete. Table 1 compares tvplcal prewous
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Table 1 Review of Stress—Strain Model for Confined Concrete

‘ ~Stress—Strain Model for Confined Concrete Applicable
Proposer L0SS
. nal
' Ascending Part Descending Part Residual Stress Shgpe
2¢. e. )
Park fc:Kf”{O OSZK_(OOOZK) } fe=KJfcoll=Zn(e.~0.002K)} |20% of maximum stress|Rectangle
' 2 e [ 2 ' 3
Sheikh fc=Kf”{ se —( : ) } Fe=Ffecdl=Z(e.—e.c)} 30% of maximum: stress | Rectangle
: 31 sl )
| . | | . , E, Circle
Mander fe= _f_x_r_r where | x=—S , IS e———— Rectangle
r—1l+x b €ece Ec—' sec
‘ . Wall
| fc=El‘e,c+.fco:Ez:8mec2 (1 |
. ‘ ™ : cu™ J ce Ci 1
Muguruma and fc‘:—.:_'Tf_(sc'—ecc)_*'f»cc e
co™ J ece | i e Rectangle
fc=(ef _: )z(sc_ecc)2+fcc &
fe=E.ec.+ f";E;s“ € .2
C ' e Circl
Fujii “and fe=Ffce—Edes(€c™€ce) 20% of maximum stress| ~
, vim Fou ' , Rectangle
fc=(: _ef,)a(ec—ecc>d+fcc gl




stress—strain models proposed for confined concrete.

In 1971, Park proposed a stress—strain model consisting of a second order parabola
and a straight line. In this model, confinement effect was incorporated into the gradient at
the stress descending part and the parameters were determined based on the experimental
tests by Soliman, Roy and Bertero'’. In 1982, Park revised the original model by
introducing an allowance for the enhancement in the concrete strength due to confinement
effect, which was assumed to be proportional to volumetric ratio and yield strength of hoop
reinforcement, and inversely proportional to strength of unconfined concrete >

Sheikh proposed a stress—strain model idealizing the confinement effect in terms of
the peak stress and a confinement effectiveness coefficient® *>. The confinement
effectiveness coefficient depends on the layout of hoop reinforcement. The gradlent at the
stress descending part is similarly evaluated with Park’s.

Mander proposed a fractional expression which was applicable to both the stress
ascending and descending parts®’. To evaluate the peak stress, confinement effectiveness
coefficients for circular, square and wall sections were proposed based on the similar
method to Sheikh’s. Furthermore, a constitutive model involving a specified ultimate
strength surface for multiaxial compressive stresses was used in this model, which enabled
to develop a theoretical model without depending on a statistical analysis of test results.
This model was found to provide good prediction for the test results®

In Japan, Muguruma proposed two second order parabolas for the stress ascending
part”’. A confinement effectiveness coefficient which took account of ineffectively confined
core was included to evaluate the confinement effect. An evaluation method for the peak
stress and the ultimate strain in terms of the confinement effectiveness coefficient was
proposed based on the test results®’

Fujii proposed a model consisting of a second order curve and a third order curve for
the stress ascending part® . A confinement effectiveness coefficient which referred to Park
was proposed, and the peak stress and the gradient at the stress descending part were
formulated by a linear function of the confinement effectiveness coefficient based on a
regression analysis of the test results.

Objectives of This Research

It is pointed out that reinforced concrete bridge piers constructed in Japan have
largely concrete section and lower hoop reinforcement ratio in comparison with ones
constructed in U.S.A. and New Zealand. Table 2 shows a summary of the previous
compressive loading tests for the confined concrete columns to study the effect of
confinement. Table 3 shows a requirement of hoop reinforcement as provided in the
Specifications' ®°. Although reinforced concrete bridge piers generally have the volumetric
ratio of hoop reinforcement of 0.3% to 0.5%, there are few researches in which test
specimens with the volumetric ratio of hoop reinforcement of 0.3% to 0.5% were used. A
few specimens containing the volumetric ratio of hoop reinforcement of less than 0.5%
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Table 2 Test Specimens in Previous Researches

‘Researcher |Cross Sectional |Size of Specimen Volumetric Ratio of Remarks
Shape (cm) Hoop ' Reinforcement(%) |
10X 15 0.35~1.87 by Soliman, eccentric loaded
Park"’ Rectangle 12.8%12.8 2.07~2.39 by Roy
| 10X 10 1.09~1.81 by Bertero, High strength Concrete
Sheikh®’ Rectangle 30X 30 0.76~2.40
Circle @50 0.60~2.50 Spiral Reinforcement
Mander®’ Rectangle 45X 45 1.86~1.97 |
Wall 15X 70 1.62~7.87
' o Circle $15 0.76~2.79 Spiral Reinforcement .
Muguruma Rectangle 19.4X 194 0.40~3.13 o SR ens Containing High
oy Cixcle ¢15 0.62~4.02
ngn  Rectangle 0.62~2.50

15X15




were tested by Park and Muguruma, however, these are special cases because some were
subjected to eccentric loading and the others used high tensile steel for hoop
reinforcement. Therefore, the previous models are not enough to study the effect of
confinement in the range of low hoop reinforcement ratio.

Table 3 Requirement of Hoop Reinforcement

Ratio of Longitudinal
Reinforcement (%) 0<pt=05 | 0.5<p:=10 | LO< pu
Volumetric Ratio of Hoo
Reinforcement p (%) P 0.3 0.4 0.5

In this research, a series of compressive loading tests on hoop reinforcement
considering volumetric ratio, spacing and hook configuration of hoop reinforcement as
parameters are conducted taking account of Japanese design practice. It is the main purpose
of this research to propose a stress—strain model for reinforced concrete bridge piers.

LOADING TEST OF CONFINED CONCRETE COLUMNS

Specimens and Experimental Procedure

The details of the specimens are given in Table 4. Both small and large specimens
which are designated herein as S Series and L Series were constructed to evaluate the
confinement effect in terms of volumetric ratio, spacing and hook configuration of hoop
reinforcement. The specimens with square cross section were tested in the S Series (S6 to
S10). Specimens L6, L7 and L8 used hoop reinforcement with semicircular, rectangular and
sharp—angled hook as shown in Fig. 1, respectively. The hook was fabricated in accordance
with the Specifications' .

Photo 1 shows an experimental set—up with 30MN universal testing machine. All
specimens were subjected to uniaxial compressive leading under displacement control, and
loading rate was set as Imm/min. The deformation of specimen between top and bottom
was measured by linear potentiometers and the longitudinal strain was obtained by dividing
the deformation by the height of specimen. To accurately record the stress—strain curve
including the stress descending part, dynamic electric instrumentation was used.

Effect of Hoop Remforcenwnt Ratio

Fig. 2 shows stress—strain curves takmg the hoop reinforcement ratio as parameter
In Flg 2, a predicted relation which will be described later is also shown for comparison.
Although the initial stiffness of each specimen is approximately equal, the peak stress and
the strain corresponding to the peak stress increase as the hoop reinforcement ratio
increases. Substantial deterioration of the compressive capacity after the peak stress is also
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Table 4 Test Specimens

Di i Str f |Hoop Reinf t |Volumetric Rati H
Series m?f%sm Ungggighneg op .e1 orceme.n ° LjtglfeHgop © Reinfoz?ggment
Specimens | Concrete Material Spacing | Reinforcement Joint
(mm) MP3) Diameter Fgm) o) '
S1 15 0.39
S2 , : 10 0.58
¢ 200
S3 18.5 SR235 6. 5 1.17 Weld
h=600
S4 2.5 2.33
: S5 - 1.25 4.66
S .
S6 15 C.39
200
S7 x 10 0.58
S8 200 232 SR235 ¢6 5 1.17 Weld
S9 ' 2.5 2.33
=600
S10 1.25 4.66
L1l A 15 0.39
L2 SD295 D10 10 0.58
L3 , 5 1.16 Weld
' Lb 14 & 500 28.8 SD295 D13| 30 0.34
| L5 | h=1500 | SD295 D16| 30 0.54
16 . ' Rectangular Hook
L7 SD295 D16| 10 0.58 Sharp—angled Hook
LS 4 ' Semicircular Hook




6, o
4¢ or —
and 6cm 2:‘Orrr$ore : f oﬁ?’”o
: _ 12 ¢ or more %0’
r :
|¢ 9 LAY |¢ p
(a)Semicircular Hook ~ (b)Rectangular Hook (c)Sharp—angled Hook

Fig. 1 Hook Configuration of Hoop Reinforcement

Photo 1 Experimental Set—up with 30MN Universal Testing Machine
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Fig. 2 Comparison of Stress—Strain Relation between
Test Results and Predicted Model by Eq.(7)

— 292 —




prevented as the hoop reinforcement ratio increases. It is noted that the square
confinement effectiveness is quite different from the circular. Therefore, the effect of cross
sectional shape is significant to evaluate the confinement effect.

The stress—strain curve consists of three parts, i.e., stress ascending part, stress
descending part and stress converging part. Severe damage such as spalling—off of core
concrete, buckling of longitudinal reinforcement and rupture of hoop reinforcement were
developed and progressed at the stress converging part. Photo 2 shows the failure mode of
the test specimens L1 to LS. It is observed that the damage of core concrete becomes less
as the hoop reinforcement ratio increases.

Effect of Spacing of Hoop Reinforcement

Fig. 3 shows the effect of spacing of hoop reinforcement for the same hoop
reinforcement ratio. It is noticed even if the same amount of hoop is provided, deterioration
after the peak stress is considerably significant when the spacing of hoop reinforcement
increases. According to Photo 2, serious outward buckling of longitudinal reinforcement
with spalling—off of core concrete was developed in L4 and L5 specimens, which had the
spacing of hoop reinforcement of 30cm. Therefore, if the same amount of hoop
reinforcement is provided, it is effective i in seismic design to place the hoop reinforcement
with smaller interval.

Effect of Hook Configuration of Hoop Reinforcement

Fig. 4 shows the effect of hook configuration of hoop reinforcement on the
stress—strain curve. Although the peak stress is approximately equal, the gradient at the
stress descending part for L7 specimen, which used the sharp—angled hook, is slight
smaller than the others. A certain reason for this is not sure, however, L6 and L8
specimens, which used smaller and larger angled hook, respectively, show similar
stress—strain relation with L2 specimen, which used the welded hoop It may be, therefore,
said that the scatter of the test results is not significant. In all specunens, rupture of hoop
reinforcement was developed not at the hook. This mean that the confinement is enough
and the effect of hook configuration is not significant, 1f the hook is designed in accordance
with the Specifications.

MODELING OF THE STRESS—STRAIN RELATION

According to the previous stress—strain models, the stress ascending part has been
mostly formulated by a second order parabola as shown in Table 1. This is because a
second order parabola is simple and well represents the stress—strain relation. However, it
should be noted that the second order parabola expression can consider three boundary
conditions, though the stress—strain model of concrete need to consider the following four
boundary conditions. '

— 293 —



STRESS(MPa)

STRESS(MPa)

STRESS(MPa)

70
60
50
40
30
20
10

70
60
90
40

10

0
0

70
60
50
40

0
0

0
0

i

—— L1 Specimen
(Hoop Pitch 15cm)
- = = |4 Specimen
(Hoop Pitch 30cm)

1 1

0.005 0.0l 0.015 0.02 0.025 0.03
STRAIN

(@)Hoop Reinforcement Ratio Approximately 0.35%

1.2 Specimen
(Hoop Pitch 10cm)
= = = L5 Specimen
(Hoop Pitch 30cm)

)

)

)
]
1
| 3

0.005 0.01 0.015 0.02 0.025 0.03
STRAIN

(b)Hoop Reinforcement Ratio Approximately 0.55%
Fig. 3 Effect of Spacing of Hoop Reinforcement
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a) Initial Condition : f.=0 at & .=0 1)

b) Initial Stiffness Condition: d f ./d ¢ .= E. at ¢ .=0 2
c) Final Condition: f.=f.. at e .= ¢ .. 3
d) Peaked Condition :d f./d € .=0 at € .= € . 4)
By disregarding Eq.(2), most of the previous models adopted the expression as
2¢ . e \?
f c— f cc - (5)
e [ »4 8 cc

However, the initial stiffness 2f../€.. in Eq.5 depends on the hoop
reinforcement ratio, while, as shown in Fig. 2, the test results show that the initial stiffness
is independent of the hoop reinforcement ratio. For avoiding such unconsistency, Mander
adopted a fractional function including the initial stiffness as one of the four boundary
conditions. And Muguruma and Fujii proposed to consider Eq.(2) as well as Egs.(1) and (3)
in formulating the second order parabola expression. But Muguruma and Fujii used two
equations to represent the stress—strain relation at the ascending part.

To include Eq.(2), and for avoiding to adopt two equations at the ascending part, it is
proposed here to assume the stress of concrete as

fe=Cire "+ Cre.+C3 (6)
in which G,C;,C; and n  are constants to be determined from Egs.(1) to (4). The
exponential function enables to simplify the expression and to satisfy the four boundary
conditions. By substituting Eqgs.(1) to (4) into Eq.(6), one obtains

fc=Ecec{1—%( ce ) ] @

€cc

where
E . :initial stiffness(MPa) and is defined by the Specifications ' ®> as shown in Table 5
n : a coefficient and is given as
EC 6 cc

= 8
" Ec Ece™ f cc ( )
Table 5 Initial Stiffness of Concrete (MPa)
Strength of
Unconfined 20.6 23.5 26.5 294 39.2 49.0
Concrete

Initial 4 4 4 4 4 4
Stiffness 230> 10°{245> 10°12.60> 10°[2.75% 107 |3.04 X 107 [{3.24 X 10

Because the effect of confinement on the initial stiffness is not significant, the initial
stiffness is assumed here by the Specifications.
On the other hand, as shown in Fig. 5, the stress descending part is modeled from
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the test results by a straight line as

fe=fce—Eacalec—€ce) 9)

where '
Eq4., :gradient at the descending part(MPa)

It is important in Fig. 5 to define the ultimate strain € .. so that the gradient
Es.. at the descending part be determined. It is assumed here that the ultimate strain
€ .u be taken as the strain corresponding to 50% of the peak stress f.. . When the
strain exceeds ¢.. , the damage of concrete is substantial and unrepairable. By
substituting f .=0.5f .. into Eq.(9), the ultimate strain € .. is obtained as

Jee

cu— cc+_——‘ 1
I3 € 9F,.. (10)

Park, Sheikh and Fujii considered the residual stress of 20% or 30% of the peak
stress at the stress converging part. In the proposed model, however, special efforts to
idealize the stress converging part was not made, because the idealization at such region is
not important in seismic design due to excessive and unrepairable damage.

N — Experimental
fee |- R R Statistical

ST Analyzed Range

STRESS

0.9 fec

Ecu

STRAIN

Fig. 5 Definition of Ultimate Strain and Gradient at Stress DeSCending part
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EVALUATION OF CONFINEMENT EFFECTIVENESS

In the proposed model by Eq.(7), factors for controlling the stress—strain relation of
confined concrete are the peak stress, the strain corresponding to the peak stress and the
gradient at the stress descending part. The effect of confinement on the three parameters
was examined based on the test results.

Parameters of confinement effectiveness may be represented as volumetric ratio,
confining dimension, confining configuration, yield strength of hoop reinforcement, and
strength of unconfined concrete. Because, it makes the expression complicate to
incorporate all parameters into the model, volumetric ratlo, confining configuration, yield
strength of hoop reinforcement and strength of unconfined concrete are considered as the
minimum parameters required to formulate a simple model. Other parameters may mostly
be regulated by the Specifications. :

Fig. 6 shows the confinement effectiveness 0. f,»/f .. vs. the peak stress
fece thus idealized. The peak stress f .. is proportional to volumetric ratio p . and
yield strength f,» of hoop reinforcement, and is inversely proportional to strength of
unconfined concrete f ., . It is observed that the relation may be approximated by a linear
function with different gradient depending on the confining configuration. From a regression
analysis for each confining configuration, the relation is written as

; == =1.07+3.70- £ ff % . for circular confinement (11
:: == =1.02+1 .Olp—’ffih— : for square confinement (12)

By comparing Eq.(il) and Eq.(12), it is noted that the gradient of the linear
approximation for the square confinement is approximately 30% of the gradient for the
circular confinement. This clearly shows that the confining conﬁguratlon has a significant
influence on the confinement effect.

Fig. 7 shows the confinement effectiveness o f yu/fco Vvs. the strain € ..
corresponding to the peak stress relation. Although some specimens with low hoop
reinforcement ratio provide the larger € .. vs. psf,u/fc. relation may be lineally
approximated. From a regression analysis for each confining configuration, the following
relation is obtained as

€ecec =0.00216+O.0335M : for circular confinement 13
S - feo R o
€ cc =O.00277+0.0126!L—}—'f’—h : for square confinement (14)

It is noted that confinement effectiveness to & cc for the square confinement is
approximately 55% of that for the circular confinement.
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Fig. 8 shows the confincment effectiveness p s f ,1/ f .2 vs. the gradient at the
descending part. It is observed that the gradient E... at the descending part is inversely
proportional to p . f ,&/ f .2 . By regressing the test data, it is wntten as

12.07
Eq..=— : for circular confinement 15
¢ ,Os fyh/fcoz . ( )
16.04 :
Ei..= : : for square confinement 16
‘ p s fyh/f c02 q ’ ( )

It is noted that E..s of square conﬁnement is about 1.33 times larger than E. ., of
circular confinement.
From Eqs.(11) to (16), the effect of conﬁnement may be wntten as

fcc : P fyh
=1+3.70a¢ ———~ 17
fco ) fc-o ( )
¢ c,=o.ooz+o.033ﬁ—’3]’fﬁ"— (18)
Ea.=12y 3o (19)
p s fyh
in which a, 8,7 are modification factors depending on cross sectional shape and are

given in Table 6.

Based on Egs. (17) to (19), the stress—strain relatxon was computed for the thirteen
specimens in Table 4. This is plotted in Fig. 2 in comparison with the test data. The
predicted relations are in very good agreement with the test results. It should be noted that
because the initial stlffness condition is included in the model, the gradient at the stress
ascendmg part predicted is independent of the hoop reinforcement ratio. 7

- For the reference, if Eq.(5) is adopted, the stress—strain relation becomes as shown
in Fig. 9. In Eq.(5), f.. and e.. were provided by Egs.(17) and (18). The gradient
predicted at the stress ascendmg part is appreciably smaller than the test result. And also,
as expected, it decreases as the hoop reinforcement ratlo increases.

Table 6 Modification Factors

Confinement a |'B 7
Circular . | 1 1 |1
Square 0.3 055 |[4/3
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COMPARISON WITH PREVIOUS MODELS

To show the effectiveness of the proposed model the stress—strain relation
predicted by the previous models was computed for the fest specunens and compared with
the test results. _

Figs. 10 to 14 compare the predicted relauon by previous models with the test
results. It is observed that the previous models mostly evaluate the gradient at the stress
ascending part larger than the test results. By comparing Fig. 2 with Figs. 10 to 14, it is
obvious that the proposed model predicts the peak stress, the strain at the peak stress and
the gradient at the descending part more accurately than the previous models. The gradient
at the descending part predicted by the proposed model approximates to test results much
better than the previous models, because the effect of low hoop reinforcement ratio is
incorporated into the proposed model.

From this comparison, the proposed model provides better agreement than the
previous models to the stress—strain relation of confined concrete with low hoop
reinforcement ratio.
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CONCLUDING REMARKS

To propose an accurate stress—strain model of confined concrete with low hoop

reinforcement ratio, a series of loading tests were made for fifteen confined concrete
columns. The conclusions from the study presented herein may be deduced as;
1) To consider four boundary conditions by Egs.(1) to (4) into the stress—strain relation of

concrete, the exponential function given by Eq.(7) is proposed.

2) The ultimate strain € .. is defined as the strain corresponding to 50% of the peak

stress, because th idealization of stress—strain relation over the strain & .. is not
important in seismic design due to substantial and unrepairable damage of concrete.

3) The peak stress, the strain at the peak stress and the gradient at the descending part

are proposed to be evaluated by Egs.(17) to (19) based on the loading test results for
specimens with a cross sectional dimension of 20 to 50cm and the volumetric ratio of
hoop reinforcement of 0.3 to 4.7%.

4) In comparison with the previous models, the proposed model seems to provide better

D
2)
3)

4)

5)

6)

)
8)

9)

agreement with the test results for the confined concrete with low hoop reinforcement
ratio.
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ABSTRACT

Presented are the seismic response characteristics of C—shaped reinforced concrete
bridge piers which is subjected to eccentric loading by the dead weights of superstructure
and cantilevered beam. The shaking table test and dynamic loading tests of model piers
were made to investigate the seismic response characteristics. It is found that the response
of pier increased only in one direction in which the bending moment increased and that the
excessive residual ‘displacement was developed. It is also found that the ductility
significantly decreased with increase of bending moment by the eccentric ioading.

INTRODUCTION

Recently, new types of structures have been constructed 1n urban areas by land use
restriction and other construction conditions. C— shaped remforced concrete (RC) bndge
pier as shown in Fig. 1 are one of the typical examples -However, the selsnnc response
characteristics of this type of RC piers have not yet been studled Becausethe C—Shaped
RC piers are subjected to eccentric loading by the dead weights of superstructure and
cantilevered beam, it is anticipated that the seismic response of the piers is developed only
in one direction during an earthquake. Therefore is an important subject to investigate the
strength .and ductility characteristics and to develop the seismic desngn method against
rlarge —scale earthquakes. . :

M . This paper presents the selsmlc reSponse charactenstlcs of C shaped remforced
concrete bndge plers through the shake table test and dynarmc loadmg tests of model piers.

DEFINITION OF ECCENTRIC LOADING

In order to define the amount of the eccentric loadmg, bendmg moment ratio is
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assumed as

M
ry:—s‘ (1)
Mo-+Mg

where
ry : bending moment ratio
Mg : bending moment by design seismic load, and
Mo : bending moment by eccentric loading of superstructure and cantilevered beam
Eq.(1) shows that when the eccentric loading increases ry deceases, on the other
hand, when the eccentric loading decreases ru increases. ry=1 means concentric
loading.
Fig. 2 shows distribution of the bending moment ratio rx based on the survey of
45 existing C—shaped RC bridge piers in the Metropolitan area, bending moment ratio
ru isin the range of 0.4 — 0.9. Averaged bending moment ratio ry is 0.55.

SEISMIC RESPONSE CHARACTERISTICS OF C—SHAPED RC PIER
BASED ON SHAKING TABLE TESTS

Bridge Pier Model Studied

In order to investigate the seismic response characteristics of a C—shaped RC pier,
shaking table test was made at the Public Works Research Institute. Objective of the
shaking table test is to investigate how the C—shaped pier responds and behaves in the
transverse direction to a bridge axis during an actual earthquake.

Fig. 3 shows a C—shaped bridge pier model used for the shaking table test. Details
of the pier model was determined based on the actual bridge pier. The actual pier with
average bending moment ratio, 7 , of 0.55 was selected as a prototype. The height of
pier is 10.2m and the height of girder is 1.5m. The similarity ratio of the pier model with
the prototype pier was assumed as 1/4.6.

The specimen has an effective height, h, of 2.55m and cross section of 52cm X
42cm (width along bridge axis : 52cm). The shear span ratio h/d, which is defined as the
effective height divided by the effective depth, d, of the cross section of 37cm, is 6.9.
Longitudinal reinforcing bars are arranged by 5 reinforcing bars with diameter of 16mm
(D16) in the initial compression side by the eccentric loading, 5 reinforcing bars with that of
22mm (D22) in the tension side, and 3 reinforcing bars with that of 16mm (D16) in the
other sides. The reinforcement ratio is 0.45, 1.06 and 0.27, respectively. Tie reinforcement
was arranged by 17.3cm pitch by reinforcing bars with diameter of 10mm (D10). Tie
reinforcement ratio is 0.16. Averaged yielding stress of the longitudinal and tie
reinforcement was 35.38KN for D16, 34.32KN for D22 and 34.83KN for D10.” Averaged
compression strength of the concrete was 3.29KN. It should be noted here that since
weight of the superstructure supported by the pier model is 393.2KN, seismic coefficient of
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the pier model can be regarded as 0.27. Axial stress by the dead weight of superstructure
was 90N. Computed yield displacement, ¢, , corresponding to one displacement ductility
factor and yield strength of the pier in the direction in which the bending moment increases
are 75.5KN and 20.5mm computed from the shifted origin. On the other hand, in the
direction in which the bending moment decreases they are 115.7KN and 91.3mm,
respectively.

Shaking Table Test

A pier model is fixed at the center of the shaking table and two spans of simply
supported girders with total weights of 393.2KN and length of 15m were placed on the pier
model. Because two ends of the girder could not be supported by the shaking table, they
are supported by the two steel frames placed outside of the table. The pier model and
girders were connected by fixed bearings. The steel frames and girder were connected by
movable roller bearings so that inertia force developed at the girder during excitation be
directly applied to the pier model. It should be noted here that although the direction of the
eccentric loading is assumed to be transverse direction, the girder axis was set up in
parallel direction with transverse direction of the pier model. However, since the two
girders was to load the weight of superstructure and to simulate the inertia force, the
direction of the girders is not important.

The shaking table was excited along transverse direction to bridge axis (direction to
the girder axis of model bridge). An acceleration record triggered at the Hachirogata during
the Nihon—kai—chubu, Japan, Earthquake of 1983 was used as an input motion by reducing
the time axis one half so that the predominant frequency of the record matches with the
fundamental natural frequency of the pier model. Intensity of the record was assumed as
3.5 tumes tlie original.

Extensive instrumentations were made to measure basic parameters including
accelerations at the foot of pier and at the girder as well as relative displacement of the
girder with reference to shaking table. Inertia force of the superstructure was computed by
multiplying the acceleration developed at the girder by the mass of girder.

Seismic Response Characleristics

Fig. 4 shows acceleration of shaking table, response acceleration and displacement of
girder. Although measured peak acceleration of shaking table is 812cm/s?, this is
spike—like response and effective seismic intensity to excite the pier model is about 0.35G
as assumed. The pier model developed residual lateral displacement with an amount of
16cm at the pier crest in the direction in which eccentric weight is loaded. However, the
stopper for preventing falling—off of girders worked at this moment. If the stopper was not
installed the larger residual displacement would be developed. Such a permanent
displacement is clearly observed in Fig. 5 from biased inelastic response displacement. The
drift of response displacement was developed at time 12sec when the first large excitation,
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which exceeded the yielding displacement, loaded. However, after the excitation with larger
displacement at time 17sec, the residual displacement reached to about 16cm. Therefore,
accumulation of drifting of response displacement after the first large excitation seems to be
less significant. It should be noted here that although the residual displacement was
developed in the shaking table test of RC pier mecdel subjected to concentric loading, the
amount was much smaller than that mentioned above.

Fig. 5 shows the failure mode of the pier model after the excitation by shaking table.
Compression failure was found in the compression side by the eccentric loading. Only
horizontal tension crack was found in the tension side.

Fig. 6 shows the hysteresis loop of the load—displacement relation obtained through
the shaking table test. The biased displacement response was clearly developed after the
first significant excitation with larger displacement exceeding the yield displacement. The
degradation of the stiffness in accordance with nonlinear response can be clearly observed.

DYNAMIC LOADING TEST OF RC PIER MODELS

Bridge Pier Models Studied

In order to investigate the strength and ductility characteristics of C—shaped- RC
pier, dynamic loading tests were made. Fig. 7 shows a C—shaped bridge pier model used
for the dynamic loading test. The pier models are basically the same as the shaking table
test as mentioned in the above. Three pier models in total were tested, in which bending
moment ratio, rx , and loading direction was varied as a parameters to be investigated.

All pier models have a loading effective height, h, of 2.55m and cross section of 52cm
X 42cm (width along in bridge axis : 52cm). The shear span ratio, h/d, is 6.9. The bending
moment ratio, 'y , was assumed as 0.69 (P—60; small eccentric loading), 0.55 (P—62;
medium eccentric loading) and 0.51 (P—64; large eccentric loading), in which the specimen
number is the serial number of pier models tested at the Public Works Research Institute.
P—62 has the same condition as one used for the shaking table test. The detail of the piers
is the same as P—62. Eccentric weight in transverse direction was not loaded for P—65.
Axial loading was assumed as 196.1KN which is the same as the shaking table test.
Therefore, axial stress by the axial loading is 90.2N. It should be noted here that the axial
force to P—60 was assumed as 127.5KN (axial stress is 58.8N) because of limitation of
loading apparatus.

Dynamic Loading Test

The pier model was anchored to the reaction wall with bolts “The large—stroke
dynamic actuator, which was installed to the reaction wall in such a manner, was fixed to
the head of the pier model. Also, axial loading apparatus was fixed to the head of the pier
models so that the necessary eccentric loading be applied. At the pier crest the steel made
apparatus was set for the purpose to eccentrically impose the axial force.
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Fig. 8 shows the pattern of loading displacement for dynamic loading tests. The yield
displacement corresponding to one ductility factor was assumed as an unit loading
displacement. However, the pier models subjected to eccentric loading is initially displaced
by displacement of J o . Therefore, unit loading displacement, & 1 , was assumed with the
assumption of that the origin is shifted to the initial point as

0 1= 0 y 0 0 (2)
where

0 1 : unit loading displacement
0 y :yielding displacement
d o : initial displacement by eccentric loading

The pier models were subjected to a series of step—wise increasing symmetric
displacement cycles as shown in Fig. 8. At each step, 10 cycles of loading with the same
displacement amplitude was carried out. It should be noted here that the yield displacement
was determined by computation with the strain of main reinforcement at the base. The
loading velocity was assumed as lcm/s. The loading direction was assumed as transverse
and longitudinal directions depending on the test objectives.

Failure Mode of Pier Models

Fig. 9 shows the failure mode of P—62 (7 x=0.55; medium eccentric loading).
Damage of a side parallel to the loading direction is shown. During 4. to d2 loading
cycles, only small horizontal cracks were found on the concrete surface. This is by the
loading in the plus side (the loading in which bending moment increases, this side is
referred to A—side), no cracks was found at the minus side (the loading in which bending
moment decreases, this side is referred to B—side). After d 5 loading cycles the cracks
was initiated to be developed in B—side. During 8 4 loading cycles, diagonal cracks were
developed from the bottom of A—side to B—side. With increase of loading cycles, the
significant cracks were developed at the bottom of B—side and cover concrete was
spalled—off. During 8¢ loading cycles, concrete of the bottom of pier was failed with a
triangular wedge shape and 2 reinforcing bars were fractured in the B—side. During d 7
loading cycles, deformation of pier was significantly extended at the base and the pier was
inclined. It should be noted here that comparing of the failure mode with the shaking table
test result, the failure mode was significantly different between two tests. Aithough the
diagonal crack was developed in the dynamic loading test, such diagonal crack was not
developed during the shaking table test. This is because that although displacement in the
minus side was forced to be loaded to the pier in the dynamic
loading test, displacement during shaking table test was developed in one direction in which
the bending moment increases.

Figs. 10 and 11 show the failure modes of P—60 (r »=0.69; small eccentric
loading) and P—64 (r ; large eccentric loading). In case of P—60, from 0. loading
cycles, crack was developed also in the B—side. Then the crack increased in both A—side

— 317 —



and B—side. During 6 ¢ loading cycles, cover concrete was spalled—off in the both sides
of the bottom. During d 7 loading cycles, 3 longitudinal reinforcing bars were fractured.
The difference in the failure mode between P—62 and P—60 is that the damage was
developed in both sides and the progress of the damage of P—60 with loading cycles
became slower than that of P—62.

On the other hand, in case of P—64 (ru=0.51; large eccentric loading), during
0 3 loading cycles the diagonal crack was developed. The cover concrete in the B—side of
the bottom was spalled—off during 44 loading cycles. During &5 , concrete at the
bottom of B-—side was failed by compression and one longitudinal reinforcing bar was
fractured. Comparing with the failure mode of P—62, the progress of damage of P—64
became faster than P—62.

Strength and Ductility Characleristics -

Fig. 12 shows the effect of bending moment ratio, ry , on load—displacement
relation. In the plus side in which the bending moment increases, the displacement range in
which load reaches to peak and the displacement increase stably was shorter as the bending
moment ratio is smaller. Therefore, the bending moment ratio is smaller, the ductility
becomes smaller.

Table 1 shows the strength and ductility of the tested pier models. The ductility was
almost same when ry is 0.69 and 0.55, but when the ry is 0.51 the ductility
decreases to one of half of those. The ratio of peak strength by yield strength of the P—64
decreases by 10% than P—60 and P—62.

CONCLUDING REMARKS

In order to investigate the seismic response characteristics of C—shaped reinforced
concrete bridge piers which is subjected to eccentric loading in the transverse direction to
bridge axis by the dead weights of superstructure and lateral beam, the shaking table test
and dynamic loading tests of model piers were made to investigate the seismic response
characteristics. - :

According to the above results the following conclusions may be deduced:

1) When the pier model subjected to eccentric loading, the displacement was developed
only in one direction in which the bending moment increases. The large amount of
‘residual displacement was finally developed.

2) When the bending moment ratio is 0.51, the ductility decreases to one half that greater
than 0.55. Therefore, the bending moment ratio is smaller, ductility becomes smaller.
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Table 1 Strength and Ductility of Pier Models

’ o o P-60 P—62 P-64
Loading Direction | Trans. | Trans. | Trans.
Bending Moment Ratio - 0.69 . 0.55 0.51

ru entric Loadingg @ | Small | Medium Large
Yield Strength P, (KN) 1245 147.1 - 2236
Peak Strength Paax  (KN) 145.1 179.5 238.3
P.../P, 117 122 | 107
Yield Displacement 6 , (cm) 1.6 1.3 2.0
Ultimate Displacement 8 . (cm) 8.8 73 54
Ductility Factor 6,/ 0 . . 55 5.6 2.7

(=
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N

Fig. 1 C—Shaped Reinforced Concrete Bridge Pier Subjected to Eccentric Loading
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Fig. 11 Failure Mode of P—64 ( r x=0.59)

- P Y F——
= i - s
L2 B =
—" -.: V.—T
t = -
AN Lo ]
Num Ex L R
- — -
EZun e e -
£ ] ry.,
[ A o %
A ] 170y
2 80 380 4 8o 5380

200 F

= C
O Ot /' ]
S i i LEGEND ]
— _100F BENDING MOMENT RATIO : Y | ]
SN / —~- Ju = 0.5l .
i —e— f — Yu =0.55 -
-200¢ o / —— 74 = 0.69 t

-0 -8 -6 -4 -2 0 2 4 6 8 10

DISPLACEMENT (cm)

Fig. 12 Effect of Bending Moment Ratio rx on Load—Displacement Relation

— 325 —






Menshin Design of |
Highway Bridges in Japan

Kazuhiko KAWASHIMA
and
Shigeki UNJOH

3rd U.S.—Japan Workshop on
Earthquake Protective Systems for Bridges
Berkeley, U.S.A.
January, 1994



iy oA

.y

KL




MENSHIN DESIGN OF HIGHWAY BRIDGES IN JAPAN
Kazuhiko Kawashima" and Shigekij»Unjohe’

1) ﬁead Earthquake Engineering Division, Pubhc Works Research Institute, Ministry of
' Construction, Tsukuba Science City, Japan
2) Senior Research Engmeer, ditto

ABSTRACT -

This paper presents the back ground of seismic isolation of highway bridges in Japan. The
Menshin Design which emphasis to reduce deck response by increasing energy dissipating
capability and ‘to distribute seismic lateral force of deck to as many substructures as
possible is presented. Design guidelines for the Menshin Design and its implementation are
described. A new joint research program on Development of New Materials and Passive
and Active Control of Long—span Bridges is introduced.

INTRODUCTION

The technology for reducing bridge response has been adopted for long time in Japan (Ref.

“1). It has been used from short and medium size bridges to long span bridges. Viscous
damper is one of the most typical examples of such technologies (Refs. 2 and 3). It has
been stccessfully adopted to distribute the lateral force to several substructures. The
viscous damper provides a resistive force when subjected to a high—velocity motion such
as the one encountered during an earthquake, while it does rot offer the resistive force to
low—velocity motion such as the deck motion caused by temperature change. Hence, by
providing the viscous damper the seismic lateral force can be more evenly carried by many
columns without constraining deck elongation and shrinkage due to temperature change.

The SU Damper is also an outcome of technical development for reducing bridge response
(Ref. 4). It consists of friction bearing and prestressed strand connecting columns and a
deck. By adjusting the prestressing of the strand, natural period of the deck is controlled.
The strand also prevents the excessive relative displacement of the deck. The friction
bearing dlssu)ates the energy SO as to increase the dampmg of the brldge

Vanous dampers have also been developed for long span bndges A spec1al type of
vane—damper was adopted to Higashi Kobe Bridge (Ref. 5) and Tsurumi Fairway Bridge
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(cable stayed bridges). A device to control the natural period and to increase energy
dissipation was adopted at Hituishi—Iwaguro bridge (cable stayed bridge) of the
Honshu—Shikoku Bridge (Ref. 6).

Base isolation (Refs. 7—10) has been highlighted in Japan as a new technology to reduce
seismic response of structures. Special interest was due to the fact the energy dissipation is
made by bearings and that compact ruminated rubber bearing such as LRB is available.
Various high damping rubber bearings (HDR) have also been developed. Although various
dampers have been successfully adopted for long time as describe above, it requires to
install dampers in addition to bearings. Maintenance of dampers requires some special
attention in addition to the usual maintenance. Some space on the pier crest is also
occupied by the dampers. It is good from such maintenance and space point of view to
adopt the compact type of bearings with energy dissipating capability such as LRB and
HDR. Furthermore, it matches with the trend that rubber bearings should be more used.
Existing steel bearings cause problem due to corrosion.

One more important motivation to adopt the seismic isolation is that it becomes possible to
construct multi—span continuous bridges. The expansion joints cause vibration and noise
pollution, and are not comfortable to drivers. They need to be replaced frequently, and this
often causes traffic congestion. Therefore although simply supported girder bridges or two
and three span continuos girder bridges have been frequently constructed, such trend needs
to be changed. Super multi—span continuous bridges with as long continuos deck as
possible are required. For such purpose, LRB and HDR are effective. Because the lateral
stiffness of LRB and HDR is small, it absorbs the deck elongation and shrmkage due to
tcmiperature change

Based on those considerations, the seismic isolation is considered promising for highway
bridges. However, there are various unique environmental and natural conditions that the
occurrence of an earthquake with magnitude over 8 is much frequent and the ground is
generally much softer in Japan as compared with in New Zealand, U.S.A. and Italy where
many seismic isolated bridges have been constructed, specific researches and technical
developments are required in Japan. Based on such technical development, the Menshin
Design which is slightly different with the seismic isolation was developed, and is being

adopted

This paper describes the history of the technical developmént in ‘seismib isolation of
highway bridges, and the state of the art of the Menshin Design and its implementation.

PAST TECHNICAL DEVELOPMENT FOR SEISMIC ISOLATION
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Guidelines for Seismic Isolation Design of Highway Bridges

For studying the application of seismic isolation to highway bridges, a committee chaired by
Professor Tsuneo Katayama, University of Tokyo, was formed through 1986 to 1989 at the
Technology Research Center for National Land Development, which was the first major
activity to study the seismic isolation of highway bridges in Japan. Three programs were
studied in the committee, i.e., 1) survey of seismic isolation devices which can be used for
highway bridges, 2) study on the key points of the seismic isolation design of highway
bridges, and 3) trial designs of seismic isolated highway bridges. As the final
accomplishments of the three year study, “"Guidelines for Seismic Isolation Design of
Highway Bridges" was published in 1989 (Ref. 11).

Pilot Construction Program of Menshin Bridges

Five highway bridges were constructed as a pilot program under the supervision of the
Ministry of Construction to verify the effectiveness and performance of the seismic isolation
(Ref. 1). A working group was formulated in the Ministry of Construction to supervise the
design and construction. Because the Menshin Design was being developed by the Joint
Research which will be described later, it was adopted in the design. Miyagawa Bridge in
Shizuoka—ken was completed in March 15, 1991 as the first Menshin highway bridge in
Japan (Ref. 12).

Joint Research on Menshin Bridges between PWRI and 28 Companies

A three—year joint research program on the Menshin Design of Highway Bridges

was made between Public Works Research Institute and twenty eight companies since July
1989. The goal of the program was to develop the Menshin Design method and the new
Menshin devices for highway bridges. Table 1 shows the research items and the
contribution of each organization.

There were four research topics in the joint program:

1)Development of new Menshin devices
The Menshin devices for highway bridges need to be compact and weather—proof since
they are installed at narrow pier crests exposed to weathering condition. Ten new
devices in total were developed in the program. Among them, 4 high damping rubber
bearings (HDR) (Ref. 13), 2 sliding Menshin devices with HDR (Ref. 14), and a roller

- -Menshin device with HDR (Ref. 15) seem promising for application. All Menshin
devices developed were tested with use of the dynamic loading system at PWRI under
the same loading conditions developed in the program (Ref. 16).
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2)Development of expansion joints and restrainers
A knock—off mechanism at an abutment to reduce the impact force induced by the
collision between a deck and an abutment (Ref. 17), and a finger expansion joint which
is distinguished from the regular finger joints by the transverse movement (Ref. 18),
were developed. A special restrainer which absorbs the energy and allows the deck to
move in two lateral directions was developed (Ref. 19).

3)Development of Menshin Design method
Taking into account the high seismic activity and the soft soil condition, the Menshin

Design method was developed as will be described later.

4)Application of Menshin design
It was found that the Menshin Design can be effectively used to construct
super—multi—span continuous bridges with deck length of 1 km (Ref. 20). Connection
of existing simple supported girders to reduce the number of expansion joints, and
retrofitting of existing bridges to increase the seismic safety by using Menshin Design
were studied (Ref. 21).

The final accomplishment of the program was complied in March 1992 as the " Manual of
Menshin Design of Highway Bridges" (Refs. 22 and 23).

MENSHIN DESIGN

Although the elongation of natural period and the increase of energy dissipation capability of
a structure are key factors in seismic isolation, the elongation of fundamental natural period
is not easily achieved for bridges in Japan from various reasons.

First reason is the soft soil condition. Because most of the populated areas are located on
alluvial fan deposits, soils are very weak. Second reason is the high seismicity
accompanying earthquakes with magnitude over 8 (Ref. 24). Large earthquakes in
magnitude produce a ground motion predominant in long period (Ref. 25). Reflecting these
environmental and natural conditions, the conservative lateral force coefficients as shown in
Figs. 1 and 2 have been adopted in seismic design of highway bridges (Ref 26).

Third reason is dlfﬁcu]ty to widen the clearance between decks, and between the deck and
abutment. The increase of natural period produces a large relative displacement between
the deck and the substructures, and requires special expansion joints which absorb large
relative displacement. From the demand of driving comfort, maintenance problems and
noise and vibration pollution, every efforts are now directed to reduce the clearance at
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expansion joints. Because even regular expansion joints currently used cause considerable
problem, the increase of gap clearance can not be incorporated.

Fourth reason is the evaluation on collision developed either between abutment and deck or
between adjacent decks. When enough clearance is not provided, collision would take place.
In fact, collision took place in the past earthquakes (Ref. 27). It is known from these past
experiences that collision did not cause critical structural problems although expansion
joints were often badly damaged (Ref. 28 and 29). On the contrary, collision dissipates
energy. From experiment and analysis, it is effective to constrain the deck response by
collision at small deck displacement (Ref. 30). From these reasons, it is superior not to
provide a large gap so as to allow the large relative displacement of deck. A little bit larger
gap than the normal gap.

Based on these considerations, it seems preferable not to intentionally increase natural
period and not to widen the gap clearance at joints. Instead of intentional increase of natural
period, combination of increase of energy dissipating capability and distribution of seismic
lateral force to as many substructures as possible is preferred in highway bridges. It may be
effective to adjust the natural period of bridges so as to avoid the resonance with ground
motion. This is an extension of the existing seismic design approach which has been
adopted in highway bridge in Japan. The design concept in which bridges are designed
taking advantage of the increase of energy dissipating capability and the distribution of
seismic lateral force is proposed to be referred as "Menshin Design(#7Z)" (Refs. 22 and 1).

Followings are the basic principles of Menshin Design for highway bridges with ordinary
span length:

1) Seismic lateral force should be distributed to as many substructures as possible. The
seismic lateral seismic force should be reduced by increasing the energy dissipating

capability with use of Menshin bearings.

2) The natural period of bridges should be not be forcibly elongated, but adjusted SO as
to avoid the resonance with a ground motion.

3) Gan at expansion joints should not be so widened.

4) The Menshin Design should be adopted only at the site with stable soil behavior. The
site vulnerable to soil liquefaction and other type of failure should be avoided.

5) The Menshin Design is encouraged to construct super—muiti—span continuous
bridges.
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MENSHIN DESIGN METHOD

Manual of Menshin Design

The Manual for Menshin Design of Highway Bridges was developed as the final
accomplishment of the 3 year joint research program between the Public Works Research
Institute and 28 companies (Ref. 22). Although this is not the mandate specificetions, it is
recommended to consider the basic requirements of the Manual in addition to the Design
Specifications of Highway Bridges (Ref. 26). The Manual consists of 9 chapters and 10
appendices. The table of contents is presented in the appendix.

The mandate specification for Menshin Design is being formulated at the Menshin Design-

Working Group, the Seismic Design Subcommittee of the Bridge Committee, Japan Road
Association, based on the Manual of Menshin Design of Highway Bridges. Because seismic
performance of Menshin bridges has not yet fully confirmed through seismic experience in
the past earthquakes, at the design seismic lateral force is not allowed to reduce from the
value specified by the Design Specifications of Highway Bridges. Since various data are
being accumulated on the seismic performance of the Menshin bridges, it is expected to
reduce the seismic lateral force in the new specifications.

Idealization

In Menshin Design, bridges are designed by following the standard static design method
(static frame analysis). Precise evaluation of seismic safety is made by the dynamic

response analysis. In such analysis, the Menshin devices are idealized by as a sei of

equivalent linear springs. Equivalent stiffness and the equivalent damping ratio of the
isolator and damper are the major parameters used in the analysis. In the static frame
analysis, natural period of the bridge can be computed for each seismic design structural
unit as :

T=2.0l/4 - 6]
f w;-u,;?
§=——— @
f W;*U; ‘
where :
T natural period (sec)
w; :dead weight (t/m) of the seismic desxgn structural unit (superstructure and
substructure above the ground surface assumed in seismic design) at point "f"
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u; :lateral displacement (m) developed in the seismic design structural unit at point
"" when subjected to w; in the direction considered in design

Damping ratio of the bridge is computed as

h:ZKm'U%:'CM
ZKBI'UIZN'CI
hs, hrui hpu'H"2
chni=hgi+ + +
n B Kp: Krui Krai (3)
C;=1+ KBI+ KB! +KBI'H2

KPI KFul KI-‘OI

where
h  : modal damping ratio of bridge
h: :damping ratio of i—th damper
hp: :damping ratio of i—th pier/abutment
hru: :damping ratio of i—th foundation associated with translational movement
hrs: : damping ratio of i—th foundation associated with rotation
Kp: :equivalent stiffness of {—th pier/abutment
hrui :translational stiffness of i—th foundation
Krs:i :rotational stiffness of i—th foundation
up; :design displacement of i—th menshin device
H : height from the bottom of pier to the gravity center of deck

Eq.(3) gives the approximate estimation of the damping ratio of a bn'dg'e; When mode
shapes are computed, the modal damping ratio may be computed as

Si¢Tihi kg

h= 4
ST K ¢, @

where
¢ :; :mode vector of j—th structural component for i—th mode
h; :damping ratio of j—th structural component -
k ; : stiffness matrix of j—th structural component
¢ v :mode vector of bridge for i—th mode
K : stiffness matrix of bridge.

Table 2 shows the damping ratio recommended for structural component Egs.(3) and (4).

Design Force
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Menshin devices are designed by the seismic coefficient method (SCM) and the bearing
capacity method (BCM). The allowable stress approach is adopted in the seismic coefficient
method, while the bearing capacity approach is adopted in the bearing capacity method.
Bridges are designed by the seismic coefficient method, and then the ductility of reinforced
concrete piers is checked by the bearing capacity method.

In the seismic coefficient method, the design lateral force coefficient is given as

ky=cz'CcgC1*Cr Cg* knoz0.1 )
cr-cg=20.8
where

¢ z : modification factor for zone (refer to Fig. 3) '

c ¢ : modification factor for ground condition (refer to Table 3)

c 1 : modification factor for importance (refer to Table 4) '

¢ r : modification factor-for structural response (refer to Table 5)

c ¢ : modification factor for energy dissipation capability (refer to Table 6)

kho : standard de51gn horizontal seismic coefficient (=0.2)

The modification factors ¢z, €e¢, €: and cr are specified in the Design
Specifications of Highway Bridges (Ref. 26). The modification factor ¢z takes a value
shown in Table 6 depending on the modal damping ratio of the bridge in the fundamental
mode. The design lateral force is reduced as large as 20%.

In the bearing capacity method, the lateral force coefﬁcxent khc and the equwalent lateral
force coefficient khe are givenas =~

khe:——'ki'_ (6)
A2p—1
thZCz'Cl'CR‘CE'khcogo.S (7)

where
¢ z : modification factor for zone (refer to Fig. 3)
¢ :modification factor for importance (refer to Table 4)
cr : modification factor for structural response (refer to Table 7)
ce :modification factor for energy dissipation capability (refer to Table 8)
knco : standard lateral force coefficient for bearing capacity method (=1.0)
¢ allowable ductility factor of reinforced concrete piers

The modification factors ¢z , ¢, , and Cr are speciﬁéd in the Seismic Design
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Specifications of Highway Bridges. The modification factor ¢ = depends on the modal
damping ratio of the bridge, and takes a value of Table 8. The desngn force is reduced as
large as 30%.

Design of Isolators and Energy Dissipators
In design of isolators and energy dissipators, the design displacement of menshin device
up , the equivalent stiffness- K» and the equivalent damping ratio hs of the Menshin

device are the key factors.

The design displacement of Menshin device us is evaluated as

kn W,
o= (S.C.Method) (@)
K» ~
k c’ Wu
Up=—-"" (B.C.Method) A N ©
Ks

where '
k» :lateral force coefficient by Eq.(5)
k e :lateral force coefficient by Eq.(7)
K :equivalent stiffness (tf/m) of Menshin device
W. : weight of the superstructure (tf) supported by the Menshin device

Requirements for Dynamic and Static Load

Various requirements for the devices against static load and dynamic load are described in
the Manual. It is unique that precise loading test procedures for both dynamic and static
loads are described in the Manual. Some of the important requirements for dynamic load is
as:

1) Menshin devices have to be designed and fabricated so that their equivalent stiffness
ks and equivalent damping ratio hp be within * 20% of the design values.

2) Menshin devu:es have to be stable agamst 50 cycles of harmonic loadmg with design
displacement of us given by Eq.(9).

3) Deck should return to the rest posxtlon even after it ‘was subjected to a large
earthquake. The residual dlsplacement usr deve]oped in menshm devices after it is
smoothly released from the deformed displacement of gwen by Eq.(9) needs to

satisfy.
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upr=0.1- Usg (10)

4) The equivalent stiffness and the equivalent damping ratio of menshin devices need to
be stable against the change of load condition at normal time, change of natural
environment such as the temperature change and earthquake—induced cyclic loading.
Stability has to be examined for 1) cyclic loading associated with the elongation and
shrinkage of deck due to temperature change and traffic load, 2) effect of loading
hysteresis, 3) variation of vertical loading, 4) effect of loading rate, 5) effect of
pre—deformation due to creep and shrinkage, 6) direction of excitation, and 7) change
of the equivalent stiffness and the equivalent damping ratio depending on the
temperature change.

On the other hand, major requirements for static load include :
1) Materials and mechanism of the menshin devices need to give credit to long term
use. They need to be stable against the daily and annual cyclic elongation and
shrinkage of deck due to the temperature change.

2) The menshin devices need to be stable against local shear strain. Check of the local
shear strain needs to be made in accordance with the Design Guidelines of Bearings
(Ref. 35).

3) In the rubber—type menshin devices, the creep of rubber which would be developed
for the life time of bridges in vertical direction due to the dead weight of
superstructure needs not to exceed 5% of the total thickness of rubber.

4) The equivalent stiffness of menshin device at —10°C need not to exceed 1.5 time the
equivalent stifness at 40°C.

IMPLEMENTATION OF MENSHIN DESIGN

Table 9 shows the dlrectory of Menshm bridges Wthh were completed or are under
construction. There are over 30 bndges under design and planmng stage. It should be noted
that as describe above because the seismic lateral force is not allowed at this stage to
reduce from the value specified in the Design Specifications of nghway Bridges, some
bridges which merely adopted Menshin bearings are included in Table 9. From the same
reason, Menshin bearings have been adopted for most of existing bridges as a tool which
enables to make simply supported girders continuous. Although the seismic retroﬁt was not
the official reason for adopting the Menshin bearings, the seismic retrofit effect is of course
expected in addition to make the deck continuous.
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The Road Bureau of the Ministry of Construction compiled in June 1993 a technical
development program which is required to challenge toward 21 century (Ref. 34). Seventy
four technologies were identified as essential, and the further development of the Menshin
Design is included as a technology required to mitigate road environment. Obviously
effectiveness of constructing super—multi—span bridges to reduce noise and vibration
pollution is highly expected in the Menshin Design. The Ministry of Construction is now
intending to effectively use the Menshin Design technology which enables to construct
super—multiple—continuous bridges which are advantageous for road environment and
enough seismic safety.

Typical implementation of the Menshin Design is as follows. The first Menshin bridge in
Japan is Miyagawa Bridge as shown in Photos 1 and 2, Shizuoka—ken. It was completed in
March 1991. A series of forced excitation tests using an eccentric mass—shaker and
quick—release hydraulic jacks were conducted as shown in Photos 1 and 2 to verify the
design. Strong motion observation has been made since the completion, and an analysis of
the first data was made (Ref. 31).

Photo 3 shows Yama—age Bridge in Tochigi—ken (Ref.32). This was the first Menshin
bridges utilizing high damping rubber bearings. Superstructure is of 6-—span
post—tensioning prestressed concrete box girder with deck length of 246.3m. Forced
excitation tests using an eccentric mass—shaker and quick—release hydraulic jacks were
made.

Photo 4 shows On—netoh Bridge on National Highway No.44 in Hokkaido. this bridge
experienced a significant shaking during the Kushiro—oki Earthquake in January 1993. The
peak acceleration of about 360 cm/sec® was induced on the ground surface near the bridge.
No damage was developed due to the earthquake. The relative displacement at the bearings
in longitudinal direction was only 2 to 2.5 cm. This earthquake provided as important data
on the response of a Menshin bridge in cold area. Because temperature dependence of LRB
was precisely investigated in laboratory (Ref. 33), a precise analysis is expected.

Photos 5 and 6 show Higashi—ohgi—shima Viaduct with 9—span continuous prestressed
concrete girder on Metropolitan Expressway and Matsuno—hama Viaduct with 4—span
continuous steel box girder on Hanshin Expressway, respectively. The forced excitation
tests were also made for these bridges and the dynamic characteristics of Menshin bridges
were investigated.

A unique application of Menshin Design is the O—hito Viaduct which is under construction
in Shizuoka—ken as a part of the Izu Crossing Highway. The bridge is of 29—span
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continuous prestressed concrete girder with deck length of 725m.

Menshin design has been applied for the jointless system and seismic strengthening of
existing simply—supported girder bridges. Photo 7 shows the replacement of existing steel

bearings by LRB.

A NEW JOINT RESEARCH FROGRAM ON SEISMIC CONTROL
OF LONG-SPAN BRIDGES

A new three—year joint research program on "Development of Seismic Control Systems of
Long—Span Bridges" was initiated from October 1993. This research is being made jointly
between the Public Works Research Institute, Public Works Research Center and 19
companies. The Public Works Research Center is a foundation belonging to the Public
Works Research Institute.

This research is directed to develop a new passive and active control technologies and to
use intelligent materials for long—span bridges. As the post Honshu—Shikoku Bridge
Project, new bridge construction with center span length over 2 km is being considered. In
the technical development program of the Road Bureau of the Ministry of Construction,
development of seismic design method for long—span bridge is included as one of the 74
key technologies. Passive and active control technologies for new types of structures are
the key issue. The joint research is intended to support this technical development.

The research program includes the following three topics.

1) Development of New Materials and Passive and Active Control
It is intended to effectively use new materials such as super low—yield strength metals,
super plastic rubbers, super high damping rubbers and rheological fluid. They may be
used to produce energy dissipators for various purpose. Intelligent dampers, a tuned
liquid damper and an intelligent knock—off device are to be developed.

2) Development of New Control Design Method
Depending on new materials and passive and active control developed in 1), new
controlling methods need to be developed. Accurate evaluation method of damping of
structure which use new materials and controlling devices, and optimum control points

are to be investigated.
3) Application to Bridges

Various application of the new materials and controlling systems can be considered.
Application of the controlling systems to substructures, high piers, suspended slabs,
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cable stayed bridges and suspension bridges are studied. Application of active control of
bridges during construction stage is promising.

Table 10 shows the research objectives and the contribution of each organization. The 19
companies include material makers, bearing supports fabricators, consulting engineering
companies, steel bridge fabricators and general contractors.

CONCLUDING REMARKS

Seismic isolation expanded the freedom of design and construction practice of highway
bridges. It has been used as a tool to construct super—multi—span continuous bridges,
curved and skewed bridges capable to move in two horizontal directions and seismic
strengthening. Data on bridge response through forced excitation tests, shaking table tests,
loading tests of energy dissipators and isolators, strong motion observation and seismic
excitation are being accumulated. It was very important that On—netoh bridge located close
to the fault of Kushiro—oki Earthquake in January 1993 behaved quite well. Through the
analysis of those data, the seismic response of Menshin bridges is being verified.

Implementation of the Menshin Design is being made throughout the country. The Menshin
Design was applied to 15 new bridges and 8 existing bridges. A number of bridges are
being designed and planned.

A new three—year joint research was initiated among PWRI, PWRC and 19 companies to
develop new materials and passive and active control systems for long—span bridges. New
innovative materials and systems are studied in the program. It is expected to develop new
materials, dampers, controlling algorithm and application.
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Table 1 Research Theme and Organizations of Joint Research Program
between the Public Works Research Institute and 28 Private Firms
for Developing Menshin Design Method of Highway Bridges

Rescarch Theme P|Kaf Si|Ob| Ka Tn) H|Ni| Sul M| G |OR| Ti| I|Nk|Ko{Ns[Ol|Y |To|Bs|Bb|Se |Sh|Pc|J |N | Crief | Sub-

1. Development of Device for Isolation . ,
1.1 High Encrgy Absorbing Rubber Bearing o : ololo o
1.2 Friction Damper : lo 91O
1.3 Steel Damper o ‘ 0O _ 0l Bs
1.4 Link Bearing Develop of : o) »

1.5 Viscous Damper :
1.6 Test Method o) o) ‘ o o)

9O

2. Development of Expansion Joint and Falling-off
Prevention Device for Isolated Bridge ‘ Te
2.1 Expansion Joint O
2.2 Falling-off Prevention Device o)

00

—9%E —

3. Development of Design - Mcthod for Isolated
Bridge
3.1 Design Philosophy
3.2 Dynamic Responce Analysis Mecthod
3.3 Design Method of Device for Isolation
3.4 Simplified Design Method
3.5 Design Method of Expansion Joint and Fall

ing-off Prevention Device

00000
O
0o
O
o
o
O
0]
)
O
o

4. Application of Base Isolation to Bridge
4.1 Application to Prestessed Concrete Bridge
4.2 Application to Steel Bridge
4.3 Application to Multiple Super-long Bridge
4.4 Application to Seismic Retrofit

010 Ob | 7

@
) o ’ . o o} (0)
' o O o @

0000
090

P: Public Works Research Institute, Ka: Kajima, Si: Shimizu, Ob: Ohbayashi, Kd: Kumagai, Tn: Takenaka Doboku + Takenaka, H: Hazama, Ni: Nishimatsu, Su: Sunﬁmb, M: Miuui. G:
Goyoh, Ok: Okumura, Ti: Taisei + Tokyo Fablic + Nippon Chuzo, I: Ishikawajima Harima, Nk: NKK + Nippon Chuzo, Ko: Kobe Steel, Ns: Nippon Sciko, Oc: Oiles, Y: Yokohama Rubber,
To: Toyo Rubber, Bs: Bridgestone, Bb: BBM, Se: Seibu Polymer, Sh: Showa Densen, Pe: Pacific Consultants, J: Japan Engineering Consultant, N: New Structural Enginecring Consultants.




Table 2 Damping Ratio Recommended for Structural Components

Structural Components Steel Concrete
Super Structures 0.02~0.03 | 0.03~0.05
Menshin Device Damping Ratio

Pier/Columns 0.03~0.05 0.05~0.1
Footing 0.1~0.3

Table 3 Modification Factor for Ground Condition ¢ ¢

Ground Group

I 1|

il

Cg

0.8 1.0

1.2

Table 4 Modification Factor for Importance ¢ ;

Group |c, Definition
Ist class | 1.0 |Bridges on expressway é\umted access hlghways),
general national road and principal prefectural
road. Important bridges on general prefectural
road and municipal road.
2nd class | 0.8 |Other than the above

Table 5 Modiﬁéation Factor for Structural Response ¢ r

Ground Group Structural Response Coefficient ¢ r
Group I . T <0. 0.1=T<1.1 1.1<T
| cr=2.69T1321.00 cr=1.25 cr=1.33T"2/3
Group II T<0.2 0.2=5TK<1.5 1.3<T
cr=2.15T"'321.00 cr=1. 25 cr=1.49T 2?73
Group II T<0.34 O.34§T 1.5 1.5<T
c.=1.80T1"321.00 c=1.25 cr=1.64T"273
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Table 6 Modlﬁcatlon Factor for Modal Dampin
- (Seismic Coefficient Meth

Og)R;amo of Brxdge CE

" Damping Ratio h

Modification Factor c¢

. h<0.1

1.0

h=0.1

0.9

Table 7 Modiﬁcation Factor for Structural Response ¢ »

Ground Group Structural Response Coefficient ¢ -
R T - T e

Table 8 Modification Factor for Modal dam
(Bearing Capacity Me

tngRaho of Bridge Cz-:ﬁ

Damping Ratio h Modification Factor c
h<0.1 1.0
0.1=h<0.12 09
0.125 h<0.15 0.8
0.15= h 0.7 -
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Table 9 Directory of Menshin Bridges in Japan

(3) New Constructions
Bridge Location Deck | Agministrator Year Super—Struéture Type | BE2ring
Length - Constructed |>UP¢ P | Type
Onnetoh - Hokkaido 1022m |Hokkaido 11993 - -]14—Span Continuous LRB
Bridge Development Steel Plate Girder
_ Bureau
Nagakigawa Akita 97m Noshiro Under 3—Span Continuous - |LRB
Bridge Construction Construction |Steel Plate Girder
Office, MOC (1993)
Maruki—bashi | Iwate 925m  |Iwate—ken 11992 3—Span Continuous LRB
Brdge Prestressed Concrete
Box Girder
Yama-—age Tochigi 250m Tochigi—ken 1993 6—Span Continuous HDR
Bridge « Prestressed Concrete
Box Girder
Miyagawa Shizuoka 110m Shizuoka—ken 1991 3—S{>an Continuous LRB
Bridge B ) Steel Plate Girder
0-—hito Shizuoka 725m Shizuoka—ken Under 29—-Span Continuous |LRB
Viaduct Construction - |Prestressed Concrete
v . Slab
Hirao Yamaguchi 350m Yamaguchi—ken Under 5—Span Continuous HDR
Bridge E Construction {Prestressed Concrete
_ (1993) Box Girder
Uehara Nagoya 65m Nagoya City 1991 2-—Span Continuous LRB
Bridge - . ’ Steel Plate Girder
Route #12 Tokyo 136.6m | Metropolitan 1991 6—Span Continuous LRB
Interchange : Expressway Prestressed Concrete | -
Bridge Public Corp. Slab
Bay Shore Tokyo 417.6m | Metropolitan Under 9—Span Continuous LRB
Route Expressway Construction |Prestressed Concrete
Public Corp. (1994) Box Girder
Matsunohama | Osaka 2115m | Hanshin Under 4—Span Continuous LRB
Bridge Expressway Construction |Steel Box Girder
Public Corp. :
Izumisano Osaka 318m Hanshin Under 6—Span Continuous LRB
Bridge Expressway Construction |Steel Box Girder
Public Corp.
Trans Tokyo |Tokyo 910m Trans Tokyo Under 11—-Span Continuous |HDR
Bay Bay Highway Construction |Steel Box Girder
Corp. (1994)
Trans Tokyo | Tokyo 800m Trans Tokyo Under 10—Span Continuous |LRB
Bay Bay Highway Construction |Steel Box Girder
Corp. (1994)
Karasaki Fukushima 76.95m |Soma Kyodo 1991 2—Span Continuous HDR
Bridge Power Company Prestressed Concrete
Ltd. Box Girder

Note) LRB: Load Rubber Bearing, HDR: High Damping Rubber Bearing
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(b) Existing Bridges

Bearing

Bridge Location I’fg“g‘m Administrator goe?fstructed‘ Super—Structure Type T
Komatsukawa | Tokyo 120m Metropolitan Under Interconnection of LRB
Route ressway Construction | Simply—Supported

Public Corp. . Girtﬁar (3—§poans)
Komatsukawa | Tokyo 120m Metropolitan Under Interconnection of LRB
Route Expressway Construction Sim{rly—Su;gwned

Public Corp. Girder (3—Spans) »
Route #6 Tokyo 80m Metropolitan 1992 Interconnection of LRB

Expressway Si;n(rly—Sugpozted

Public Corp. Girder (4—Spans)
Route #6 Tokyo 80m Metropolitan 1992 Interconnection of LRB

, ressway Sim 1y—Su1§)orted

Public Corp. Girder (4—Spans)
Rouie #6 Tokyo 80m Metropolitan 1992 Interconnection of LRB

Expressway Silxrnj)ly— u%ported

Public Corp. Girder (4—Spans)
Mon'guchi Osaka %0m Hanshin 1991 Interconnection of LRB
Route Expressway Sign(i)ly——Sup rted

Public Corp. Girder (2and3—Spans)
Moriguchi Osaka 90m Hanshin 1991 Interconnection of LRB
Route Exgressway Simply—Supported

Public Corp. Girder (2an 3—Spans)
Sakai Route Osaka 89.5m Hanshin 1993 Interconnection of LRB

Expressway Sim(fly—SupSpoxted

Public Corp. Girder (4—Spans)
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Table 10 Research Theme and Organizations of New Joint Research Program on Seismic Control of Long~Span Bridge

Research Theme

Research Group

Material Makers

Bridge Fabricaters/

eneral Contractors

Consulting Firms

pus
O

Ol |BS |YG |NJ

IH

KH

OB

OR

KA |KU|SU |TA

PS

0oC

KC |[KG |NG |PA

Development, of
New Materials
and Passive and
Active Control

Application of Super
Low Gield Strength Metals

C o

Development of Super
Plastic 'Rubber Dampers

O

Development of Super Hi
Dampin% Rubber ’ngsgh

Development of Electro
Rheological Fluid Dampers

Development of, Intelligent
Knock=off Devioces

Development of Intelligent Dampers

Application of Tuned Liquid Dampers

Development of
New Control
Design Method

Development_of Evaluation Method
of Dam%?ng Charactenstics

“O]0J0

Optimal Control Points by Dampers

Application to
ppBrldg&e

nce Conirol

Seismic Res
ction

during Cons

Development installed_ in Damping
Matenals Pavement, Curb an
Handrails . -

o] ofo[ oJo[o| o[ of o o| o[

O Oj0 O|O|O]| O] O] O] O} O,

Application to Substructures

Application to Bridges with High Pier

Application to Suspended Slab Bridges

O O

Application to Cable~Stayed Bridges

O .

O

O

Application to Suspension Bridges

O10|0|0}0
Ci01C;0|0

O

P: Public Works Research Institute, PC: Public Works Research Center, OI: Oiles, BS : Brid

IH: Ishikawajima Harima, KH: Kawasaki Heavy Industry, OB: Ohbayashi, OR: Oriental, KA: I _
PS: PS, OC: ’(l)rienta] Consultant, KC: Kaihatsu Consultant, KG: Kner}xlsetsu Gijutsu Consultant, NG: Nihon—Gijutsu Kaihatsu Consultant,
PA: Pacific Consultant, YE:Yachiyo Engineering Consultant

f{?

tone, YG: Yokohama Rubber, NJ: Shin—Nippon Steel,
’x%x;? KU: Kumagai, SU: Sumitomo, TA: Takenaka,
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Photo 1 Miyagawa Bridge (Shizuoka—ken)

Photo 2 LRB used for Miyagawa Bridge
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Photo 3 Yama—age Bndge (Tochigi—ken)

Photo 4 On—netoh Bndge (Hokkaido Development Bureau)
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(a) Removal of Existing Bearings

(b) Set—up of LRB

Photo 7 Jointless System of Existing Bridges (ITanshin Expressway)
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SEISMIC RESPONSE CONTROL OF HIGHWAY BRIDGES
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ABSTRACT

Presented is a concept of the variable stiffness control to control bridge response -
against an earthquake. The proposed concept is to shift the instantaneous natural period of
bridges using the variable dampers by avoiding the resonance with ground motions. The
effectiveness of the varlab]e strffness control through the analytical smulatlon is presented.

INTRODUCTION

The -authors proposed variable dampers in which the damping coefficient can be
" variable dependent on structural response of highway bridges. Various studies including the
applicability and practicability have been made at the Public Works Research Institute.” =9
Variable stiffness control is an another interesting field of extension of the variable

damper. If one shifts the natural -period of structures, the structural response may be
significantly reduced by avoiding the resonance with the ground motion. The variable
stiffness control is to shrft the instantaneous natural penod of bndges usmg the variable
dampers. . : , : ST :

- This paper proposes the concept of the variable shffness control using the vanable
dampers and the effectiveness of the variable stiffness control through the- analytlcal
simulation is presented

' ", CONCEPT OF VARIABLE STIFFNESS CONTROL
Most of bridges with an usual size have the natural period ranging from 0.3 to 1.5
second, and this: natural period range - corresponds to: the .predominant period of

earthquake—induced ground motiohs. Thus the resonance of the bridge response with the
ground motion tends to be developed during an earthquake. The bridge response can be
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reduced if the resonance of bridge response with the ground motion is avoided.

Although it is hard to predict the predominant period of ground motion prior to an
earthquake, it can be evaluated time by time during an earthquake. The moving window
analysis may be used for evaluatlng the instantaneous predominant period of ground motion
T* . The resonance of bridge response with the ground motion may be avoided if the
instantaneous natural period of bridges T be shifted from the instantaneous predominant
period of ground motion T*  during an earthquake.

There are various methods to slnft the instantaneous natural penod of bridges during
an earthquake. Flexibility of bearings may be changed, and active tendons/bracings may be
adopted. If one provides the variable dampers for a bridge which is elastically supported by
rubber bearings, the natural period of the bridge can be varied by changing the damping
coefficient of the variable dampers. If one makes the damping ratio of the variable damper
very large, the variable damper would acts as a damper stopper. On the other hand, if one
makes the damping ratio small, the natural period of the bridge takes the value computed
from the stiffness of the rubber bearings and piers. The variable dampers have various
advantage for controlling the instantaneous natural period of bridges because it is more
stable for long term use than the active tendons/bracing systems.

Fig. 1 shows the principal of the variable stiffness. The natural period of a bridge T

is variable in the range between Tp» and Tr . The periods T, represents that when
the damper acts as a damper stopper, it means that the bearing support condition is pinned.
On the other hand, the period Tr represents that when the dampers do not work, i.e.,
the bearing support condition is free. If the instantaneous predominant period of ground
motion T* approaches the natural peried of the bridge T , the bridge response becomes
larger by the resonance effect. Therefore, if the natural period of the bridge T can be far
from the predominant period of ground motion T * , the - bridge - response ‘ can be
significantly reduced.

ALGORITHM OF THE VARIABLE STIFFNESS CONTROL

Fig. 2 shows the algorithm of the variable stiffness control. The instantaneous
predominant period of ground motion T* at time f; 1is computed by the moving
window Fourier Spectrum. The damping coefficient of variable dampers is varied so that the
instantaneous natural period of the bridge T be shifted to prevent the resonance with the .
ground motion. .

Although several algorithm can be considered, the period shift is assumed here as

T[-]-]““an (ﬂl T;*<T1<B2 T; ) R e (1)
where,

"T; :instantaneous natural period of a bridge at time 1 ;
T* :instantaneous predominant period of ground motion at time ¢ ;
a  : control coefficient -
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B1, B2 :on—off coefficient to control

The coefficient &« has to be determined depending on the natural period of the
bridge T and the instantaneous predominant period T* of an ground motion. It is
proposed that & is set as

>1/2 (T*=T ,

o { §:r*> Tg @)

The coefficient 8 represents the on—off coefficient of the variable stiffness control.
When the instantaneous predominant period of the ground motion T ;* at time ¢ is
far from the natural period of the bridge T , the variable stiffness does not need to work.
Therefore, a certain period range to prevent the resonance is determined by the coefficient

B .
EARTHQUAKE RESPONSE ANALYSIS METHOD

The equations of motion for a linear multi—degree—of—freedom system with the
variable stiffness control may be written as

Mx+(C+HCv) x+Kx=—MXo @
in which M , C and K represent mass, damping and stiffness matrices of the sysiem,
respectively. x and xo denote displacement vector of the system and an earthquake
ground motion, respectively. Cv denotes a damping matrix of the variable dampers and is
assumed as

<

n

szgl_C_liv (4)

where
S 0

in which ¢ ;¥ and nv represent damping matrix of the variable dampers, which are
installed between the —th node and the j—th node, and a number of the variable dampers
installed, respectively. C is the damping coefficient of an each variable damper and is
given according to the control algorithm as shown in Fig. 2.

Although there are various methods to prescribe the damping matrix C of the
structure, it is assumed here to be written as Eq.(6) assuming that the damping matrix C
can be diagonalized by the modal matrix.

- C=(@) 'diagl2h ,w,J(2T)* : - 6)
in which, @ denotes a modal matrix of the system and diagl2h,w,] denotes a
diagonal matrix with elements of 2h,w, (k=1,2,3, - ; mode number).

Since Cv is time—varying, Eq.(3) has to be solved by a direct integration method.
Accordmg to the above analytical method, a computer program "VSTIFF," which can
analyze earthquake response of a multl —degree— of—freedom system with the varlable
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stiffness, was developed.

EFFECTIVENESS OF VARIABLE STIFFNESS CONTROL

To study the effectiveness of the variable stiffness control, a three—span continuous
girder bridge, as shown in Fig. 3, with a span length of 90m is analyzed. The response in
longitudinal direction is considered. The superstructure of the model is supported by elastic
bearings, and four variable dampers with the same characteristics are installed between the
deck and the piers. The weight of the superstructure and spring stiffness of the rubber
bearings are assumed as 4,719KN and 6,247KN/m, respectively. The stiffness of piers is
assumed so that the fundamental natural period of the bridge be about 0.5 sec when the
deck support condition is hinged. The stiffness of rubber bearings is set so that the
fundamental natural period of bridge be 1.0 sec. The damping ratio of the bridge without
control is assumed as 0.02.

An acceleration ground motion as shown in Fig. 4 is used as an input acceleration.
The instantaneous predominant frequency (1/7T* ) of the input acceleration is also shown
in Fig. 4. Because the predominant period of ground motion is about 1 sec, &« in Eq.(1)
was assumed as 1/2.

Fig. 5 shows the dependence of the natural period/damping ratio of the bridge on the
damping coefficient of variable dampers. Fig. 6 shows the corresponding mode shapes of
the bridge. When the damping coefficient C of the variable dampers is 0, the 1st mode is
a rigid vibration mode of the deck in the longitudinal direction and is the most predominant
mode against ground motions. The 2nd mode is the vertical vibration of the deck which
does not contribute the bridge response against the horizontal ground motion. The natural
periods of these modes are 1.0 sec and 0.23 sec, respectively.

If one increases the damping coefficient of the variable dampers, the natural periods
of the 1st and 2nd modes increase. At the damping coefficient C of about 4,200KN-sec/m,
the fundamental natural period of bridge take very large value, because this corresponds to
the critical damping of the structure. Furthermore if one increases the damping coefficient
of the variable dampers, the 1st and 2nd modes become overdamped modes and they do not
contribute the response against a ground motion. However, a new mode as shown in Fig. 5
appears as a predominant mode and the natural period decrease with increase of the
damping coefficient of the variable dampers. The natural period of the mode gradually
approaches 0.45 sec, which is the natural period when the bearing support condition is
pinned, as the damping coefficient of the variable dampers increase.

Fig. 7 shows the control relation between the predominant natural period of the
bridge and the damping coefficient of the variable dampers. Although the period shift may
be made in the damping coefficient range of 0 to over 8,000KN-sec/m, it is assumed here
that the period shift be made in the range of damping coefficient C over 4,200KN'sec/m.

Fig. 8 and Table 1 compares the deck acceleration and displacement of the bridge
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with and without control. The peak displacement and peak acceleration of deck decreases to
17% and 50% of those without control. The bending moment of pier bottom decreases to
52% of the one without control. The peak damping force required for the four variable
dampers is 761KN X 4=3,040KN and the peak stroke is 3.1cm.

CONCLUDING REMARKS

The concept of the variable stiffness control to control bridge response against an
earthquake was presented. The effectiveness of the variable stiffness control was studied
through the analytical simulation. It is demonstrated that the peak displacement and peak
acceleration of deck decreases to 17% and 50% of those without control, and that the
bending moment of pier bottom decreases to 52% of the one without control. The peak
damping force required for the four variable dampers is 761KN X4=3,040KN and peak
stroke is 3.1cm. The effectiveness of the variable stiffness control is also being studied
through the shaking table tests.

Table 1 Peak Responses

DECK PIER BOTTOM
DISP. ACCEL. BENDING
(cm) (gal) MOMENT(tfm)
NO CONTROL 33.1 1,301 3,288
WITH CONTROL 5.6 653 1,701
VD DAMPING FORCE : 77.6 tf
STROKE : 3.1cm
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ABSTRACT

This paper presents the potential application of electro —rheological (ER) fluid for the
seismic response control of structural systems. Variable damper systems using ER fluid and
the trial design are presented. The apphcablhty of the ER damper for the seismic response
control of structural systems are dlscussed '

_ INTRODUCTION

Electro rheologlcal (ER) fluid is the ﬂuld in which the wscosnty is vanable depending
on the applied electric field. Although the ER fluid has been studied for a long time, rehable
ER fluid has not developed. The ER fluid which has hlgh applicability for practlcal use has
recently been developed and the apphcatlon has begun to be made especially in mechanical
structural systems ,

_' | The authors have been studied the vanable damper usmg ER fluid (referred to ER_
damper heremafter) The ER damper has the advantages that the dampmg characteristics is
vanable wnthm a qulck response (on the order of mllhseconds) to the applied electric field,
and that the mechamcal system of ER damper can be 31mple w:thout complicated valve
systems. Therefore the reliability for practical use may be hlghel’ than an usual active
control devices.

To control structural vibration during earthquakes, relatlvely larger damping force is
required for the ER damper Therefore, it is a critial issue to design the practical ER
damper system which can vary a wide range of the damping force. This paper presents the
parametric design study of the ER damper, and the applicability for practical use is
discussed.
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DESIGN OF ER DAMPER

The damping force of the ER damper may be given by the sum of the damping force
developed by the fluid viscosity through an orifice and that developed by ER effects as
shown in Eq.(1). Supposmg a cyllnder type damper system with an orifice as shown in Fig.
1, which may be suitable for developing a larger damping force, the damping force
developed by the fluid vxscosnty and the ER effects may be ngen as Egs. (2) and (3),

respectively.
F=Fy+Fg 0y
_12-L-A?-9p
FV=- B v - . @)
3-L-A .
FE= H ‘7,(E) 3)
Where,

F : Total Damping Force developed by ER Damper
Fy : Damping Force developed by Fluid Viscosity through Orifice
Fg : Damping Force developed by ER Effects
A : Pressure Area of Piston
v : Velocity of Piston
L B JH Length Width and Dlstance of Electrodes '
7 ¢ Viscosity of ER Fluid
7 ,(E) :Shear Stress developed by ER Effects
E : Applied Electric Field Strength - _

It should be noted here that z,(E) is controlled by the applied electric field
strength between the electrodes Therefore, when E=0 , ie., no control, 7,(0)=0, on
the other hand, when E=E ., " which is the maximum electnc field strength appllcable
for the ER damper, maximum shear stress, 7 ,(E max) ; is developed. '

, Based on the above theories, the damping force developed by the ER damper agamst
the steady state loading with a constant displacement may be written in Fig. 2. As
well—known, the damping force developed by the fluid viscosity is dependent on the piston
velocity and it is not controllable On the other hand, the damping force developed by the
ER effects is not dependent on the loadmg velocnty and is controlled only by the electric
filed strength In order to control a wide range of the dampmg force itis requlred to de31gn
the damping force developed by the fluid viscosity should be as small as possxble than that
developed by the ER effects. '

APPLICABILITY OF ER DAMPER

— 376 —




Assuming that D>>D, , D>>H (see Fig. 1) for the simplicity, the pressure
area, A , and the width of the electredes, B , can be approximated as A= +D2?/4 and
B = - D . Hence, Egs. (1) to (3) may be rewritten as
F Fv FE_37I'D3'77+37I‘D2

AR A AR E g B @
FE FEmax 3”.D2 . :

< < p—s .

0s—Fs =Tl ¢ (E) )

'A_ocording to Egs. (4) and (5), the relation between the size of the ER damper and
the maximum damping forces developed by the fluid viscosity and the ER effects can be
illustrated as shown in Fig. 3. The damping forces in Fig. 3 are represented as the force
per unit length of the electrodes. Fig, 3 shows that the larger damping forces can be
developed by increasing the diameter of the piston and length of the electrode, and also by
decreasing the distance between the electrodes. Since the damping force developed by the
fluid viscosity sensitively varies depending on the piston diameter and the distance of the
electrodes, the damping force developed by the fluid viscosity tends to be larger than that
developed by the ER effects for a larger size of the damper.

Fig. 4 shows the computed damping forces for various sizes of the damper. The
damping forces are computed for the cases of the distance of the electrodes of 1, 2 and
3mm. The viscosity of the ER fluid, » , and the maximum shear stress by ER effects,
T ymax , are assumed as 1.5%107% kgfs/cm® and 1.5%107% kgffem® (E=3 kV/mm),
respectively. These values are employed as typical values based on the ER fluid which is
now in practical use. Supposing the damper system with piston diameter of 300mm, length
of the electrodes of 500mm and distance between the electrodes of 2mm, the maximum
damping force controlled by the ER effects may be 20tf, which is appllcable to the seismic
response control of structures. '

Smce the damping force developed by the fluid wscosnty is dependent on the apphed
piston velocity, it becomes much larger than that developed by the ER effects in some
loading conditions as fast loading velocity. In order to decrease the damping force developed
by the fluid viscosity, it is made by decreasing the piston diameter or by increasing the
distance of the electrodes, and by increasing length of the electrodes.

DEVELOPMENT OF EXPERIMENTAL ER DAMPER

For the purpose of proving the design method and investigating the effectiveness and
applicability of the ER damper, experimental model of the ER damper as shown in Photo 1
is now being developed. This model is designed so that the maximum damping force
developed by the ER effects be about 40kgf. The length of the electrode and the distance
between the electrodes is designed as 134mm and 3mm, respectively. Anhydrous type ER
fluid is used for the model. When the piston velocity is 300mm/sec, the damping force
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developed by the fluid viscosity is about half of that developed by the ER effects.

A wide area of experiments using the model, such as load— —displacement relation,

velocity dependency, displacement dependency, temperature dependency, controllability,
etc. is now planning, :

CONCLUSIONS

The applicability of the ER damper for the seismic response control of structures is

studied through the trial design of the ER damper It is showed that the cylinder type
damper with dlameter of 300mm can develop the requnred damping force to control the
seismic response of actual structures The expenmental ER damper model is also bemg
developed and the comprehensive tests will be made in the future

D

2)

3)

8

5)

6)
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ABSTRACT

On—netoh bridge is being constructed in the East of Hokkaido for the replacement of
the existing bridge. Menshin design using lead rubber bearings is employed for the
On—netoh bridge. In January, 1993, the Kushiro—oki Earthquake with magnitude of 7.8
occurred and it was the first time that a Menshin designed bridge experienced a major
earthquake. This paper presents earthquake response characteristics of a Menshin designed
’ bndge during the Kushiro—oki Earthquake. The analysis of acceleration records measured
close to the On— netoh bndge and the simulation analysis using the measured record are
made ' - '

INTRODUCTION

The On—netoh bridge-is now under construction on the national highway No.44 at
Nemuro Clty in Hokkaido'’. The Menshin design was adopted for the side—span of the
On- netoh bridge. Since Hokkaido is located in the North of Japan and is in a cold district,
one of the authors have been studied the temperature dependency of the horizontal
stiffness of laminated rubber bearings through loading tests of full—size models. It was
found that the stiffness of the 1so]atlon beanngs have the relatively strong temperature
dependency
' In January 1993, the Kushiro— okl Earthquake with magmtude of 7.8 on the Richiter
scale occurred approximately 100km from the On—netoh bridge as shown in Fig. 1. It was
the first time that a major earthquake occurred near the Menshin designed bridge and also
that it was at a low temperature condition. Although the strong motion observation was not
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made for the On—netoh bridge, it was obtained at the existing bridge which is located less
than 200m from the On—netoh bridge. Earthquake response characteristics of the
On—netoh bridge is studied through the analysis of measured acceleration records and the
simulation analysis of the On—netoh bridge.

ON-NETOH BRIDGE

The existing bridge was constructed in 1961 on National Highway No.44 at
On—netoh in Nemuro, Hokkaido. Fig. 2 shows the side view of the existing bridge. The
bridge length is 96.95m long which consists of a steel Warren—type truss bridge with span
length of 60m and a steel composite girder bridge with that of 35m. Width of the deck is
7.5m. Since the existing bridge becomes too old for use and the On—netoh bridge is now
being constructed for the replacement of the existing bridge. Fig. 3 shows the locations of
two bridges.

Fig. 4 shows the On—netoh bridge which is constructed by the Hokkaido
Development Bureau. Bridge length is 456m long and the bridge consists of 3 four—span
continuous plate girder bridges with bridge length of 102.2m, 104.8m and 104.8m and
Nielsen—type Lohse girder bridge with span length of 140m. The construction will be
completed in 1995. The Menshin design using lead rubber bearings is employed for the side
bridge at the Kushiro side. Photo 1 shows the general view of the bridge. The site is in a
cold region where the mean of the lowest temperature for the last 30 years at the site is
—9.1°C. Therefore, it is a distinctive characteristics of the bridge that the Menshin design
is adopted for a bridge in a cold district. ‘

Rubber bearings are used for the both ends of the girder of the On—netoh bridge,
i.e, at Al abutment and P4 pier. Lead rubber bearings are used at Piers P1, P2 and P3.
The stiffness of the bearings are designed so that the distribution ratio of the inertia force
of a superstructure in the longitudinal direction be 5% for Al and P4, and 30% for P1, P2
and P3. On the other hand, the stoppers to prevent displacement in the transverse direction
are installed at all of the bearings. Fig. 5 shows the bearings used for the bridge.

Fig. 6 shows a cross section of the strata of the construction site of the On—netoh
bridge. It consists of sand (AS1), silt (AC), sand (AS2) and loam (Nm) layers. The loam
layer which is selected as the supporting layer of the foundations is inclined with angle of
about 10% from the Kushiro side to the central span. The supporting layer is located at
10m for Al to 19m for P1 under the sea level. ,

The On—netoh bridge is designed according to the Design Specifications of Highway
Bridges issued in 1980%’. The seismic lateral force was not decreased considering the
damping effects of the Menshin bearings. Table 1 shows the natural periods of
substructures and the corresponding seismic lateral force coefficients. Table 2 shows the
design conditions for the Menshin bearings. Menshin design was made according to
Guidelines for base Isolation of Highway Bridges®’ and Manual for Menshin Design of
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Highway Bridges®’

Table 1 Natural Period and Lateral Force Coefficient

Ground |Natural Period |Lateral Force Coefficient
Condition (sec) (Kh)
Al | Typel 0.964 0.23
P1 | Typel 0.970 0.25
P2 | Typell 1.044 0.28
P3 | Typell 1.062 0.28

Table 2 Design Conditions of Bearings

RB | LRB
Maximum Vertical Reaction Force R (t)]50.0 |135.0
Dead—Load Reaction Force W (t)}|23.0 | 92.0
Live—Load Reaction Force W (tf) |27.0 | 430
Design Dlsplacement Us (cm) 15.0
(Bearing Capacity Method, Type H Ground)
Equivalent Stiffness Ks (kgflcm)] 615 | 2280
Equivalent Damping Ratio heq 0.21

Note) RB and LRB represent rubber bearing and lead rubber bearing, respectively

EARTHQUAKE RESPONSE OF ON—-NETOH BRIDGE DURING
KUSHIRO-OKI EARTHQUAKE OF 1993

The Kushiro—oki Earthquake occurred at 8:06 PM, January 15, 1993. The earthquake
was located in the center of eastern Hokkaido and affected over a wide area including
Tohoku and Kanto regions. The earthquake registered magnitude of 7.8 on the Richiter
scale and the epicenter was reported as approximately 30km off the south coast of Kushiro
city at lat. 42°51’ N, long. 144°23’ E. Depth was 107km. A number of aftershocks with
epicenters of over 90km deep occurred within one day after the main shock and a few
oconrred after two days.

Three SMAC—Q type strong motion seismographs are installed at the pier crest,
abutment crest and ground surface near the abutment of the existing bridge. Strong
motions were successively measured at three seismographs. Fig. 7 shows the measured
acceleration records. Duration time is over 240 seconds. Table 3 shows the peak
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acceleration measured at the ground surface and the abutment. Peak accelerations of the
ground surface are 341.5cm/sec’ in the longitudinal direction and 363.1cm/sec? in the
transverse direction. The peak acceleration of UD component is 114.4cm/sec? which
corresponds to about 33% of horizontal peak accelerations. Peak accelerations of the
abutment in the longitudinal and transverse directions are about 425cm/sec® and 300cm/sec
2 respectively. Fig. 8 shows acceleration response spectrum of the measured strong
motion at the ground surface. The analysis was made for the main shaking of 40 seconds
from the time of 90 second to 130 second. The predominant period of the response
spectrum of horizontal components was found to be in the range of 0.5 to 4.0 second, which
contains relatively long period components and the peak is around 0.8 second. The
predominant period of UD component is less than 1 sec.

Table 3 Measured Peak Acceleration (cm/sec?)
LG TR Ub

Ground 342 363 114
Abutment 425 300 —

Photo 2 shows the situation of the bearings of the On—netoh bridge after the
earthquake. The rubbing between the sole plate of the bearing and the side stopper
occurred and the coming off of the painting was found. According to the marks, peak
relative displacement of the bearings is estimated as about 4 to 5cm. Larger displacement
was found at Pier P4 than the other piers and abutment. No damage or mark were found at

RESPONSE ANALYSIS OF THE ON—-NETOH BRIDGE

Nonlinear time history response analysis for the On—netoh bridge was made. Direct
integration method using Newmark B algorithm was used for the analysis. Reyleigh—type
damping was assumed to represent the damping characteristics of the bridge. Fig. 9 shows
the analytical idealization of the On—netoh bridge. It was assumed that the piers be in the
elastic range and that nonlinear effect of Menshin bearings be expressed as a bi—linear
model.

The foundations of Al, P1~P3, which are the pile foundation, are modelled as a
linear spring model. On the other hand, that of P4, which is a direct foundation, is assumed
as fixed. The characteristics of the bearings used for the analysis are shown in Table 4.
Although the mean and lowest temperature in the Nemuro region at the time of the
earthquake were reported as —4.8°C and —7.9°C, respectively, the stiffness of Menshin
bearings at the temperature of 20°C and —20°C was assumed in this analysis. Stiffness of
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the Menshin bearings at those temperature condition were computed based on the loading
tests of bearings. Analysis was made for the longitudinal direction which corresponded to
the direction of Menshin design. The strong motion data with duration time of 120 seconds
between the time of 50 second to 170 second was used as an input ground motion.

Table 4 Characteristics of Bearings for Analysis

Bearings Characteristics 20° -20°
RB Stiffness Krs (t/fm)]| 363.0 | 472.0
LRB |First Stiffness Ki (t/m)}5188.0 |8953.2

Second Stiffness K2 (tf/m)| 471.1 645.0
Ratio of Stiffness K2/K1]0.07212 {0.07204
Yield Displacement 6 (m) [0.01832 |0.01244

Note) RB and LRB represent rubber bearing and lead rubber bearing, respectively

Fig. 10 shows the time histories of acceleration and displacement of deck and
relative displacement of bearing at pier P2 when the temperature is assumed as —20°C.
The responses of the deck were not elongated comparing with the ground motion because
the stiffness of the bearings become relatively large in the cold district. Peak deck
acceleration is computed as 505cm/sec’. Amplification of the ground motion is estimated as
1.48. However, the response acceleration of the deck seems to be decreased during the
time of 45 to 60 second when the excitation of the strong ground motion. The response of
deck displacement and relative displacement of bearings are almost the same and the peak
response occurred around the peak of the input ground motion. The residual displacement
with about 2mm is found at the bearings.

Table 5 shows the computed peak bending moment at the bottom of piers. Although
the peak bending moment at the bottom of pier P1 to P3 is in the range of 1,200 to 1,500tf-
m when the temperature is assumed as 20°C, on the other hand, they become twice when
the temperature is assumed as —20°C. However, those for Abutment Al and Pier P4 do
not change drastically depending on the temperature, because the variation of the stiffness
of rubber bearings with temperature is relatively small. Comparing the bending moment of
the piers between computed through the nonlinear analysis and designed, the computed
bending moment is about twice the designed bending moment.

Relative displacement of bearings are also shown in Table 5. As mentioned before,
the peak relative displacement was estimated as 4 to 5cm from the observation of the
bridge after the Earthquake, however, that computed with assumption of temperature of
—20°C is about 8 to 9cm. Therefore, relative displacement of expansion joints is also
estimated as 8 to 9cm. Design displacement according to seismic lateral force coefficient
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method is 5.5 to 6.6cm. Based on the analysis, it is estimated that the inertia force beyond
the design seismic lateral force acted to the piers. However, the actual bridge response is
much smaller than the computed one.

Table 5 Computed Peak Response

Peak Bendin Moment at Peak Relative
the Base of Pier (tfm Dlsplacement
" of Bearipg (cm)
20 —20° |design value —20
Al 485.7 4758
P1 1175.6 | 22275 806.0 9.0
P2 1295.2 | 2464.8 1053.0 8.6
P3 1528.1 | 27339 1203.0 8.0
P4 |58488 60157 19129
CONCLUSIONS

The On—netoh bridge, which employs the Menshin design in the cold and snowy

district at Nemuro, Hokkaido, experienced the Kushiro—oki Earthquake of 1993. The peak

acceleration measured on the ground surface is over 350cm/sec’. The analytical simulation
using the measured ground motion shows that the bending moment at the bottom of pier is
estimated to be over the designed one. The effect of the earthquake may be small and the
seismic isolation may be successively functioned.

D

2)

3)
4)

5)
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Photo 2 Bearings after the Earthquake
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ABSTRACT

This paper presents a Menshin desngn example of a highway bridge based on the
Japanese design specifications. The design of Yama—age Bridge which was completed in
May 1993 in Tochigi Prefecture is presented as an example. The Yama—age bridge is of
6—span continuous concrete box girder with length of 246.3m. High damping rubber
beanngs were adopted as Menshm devices.

YAMA AGE BRIDGE

Fig. 1 and Photo 1 show the Yama-—age bndge” ¥, Table 1 summarizes the
design outlines of »the Yama—age bridge. The superstructure is of 6—span continuous
prestressed concrete two—cell box girder with length of 246.3m. The deck width ranging
from 6.5m (standard section) to 8.0m (wide section). The abutment is of a inverted T—type
reinforced concrete substructure and the piers are of reinforced concrete wall type with
rectangular section. The foundations of all substructures are of direct foundation. High
damping rubber (HDR) bearing is adopted for the bridge. Since Menshin design is applied
only in longitudinal direction, the displacement in transverse direction is restrained by
stoppers. Forced excitation test using an eccentric—mass shaker and quick—release jacks
was also made for the bridge in December 1992 as shown in Photo 2*’

The ground condition of the Yama—age bridge consists of sand gravel layers and
slate layer. N—value by the standard penetration test for the sand— gmvel layers is ranging
from 30 to 50, and that of the slate layer is greater than 50. The ground condition is
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classified as Class I.

MENSHIN DESIGN OF YAMA—-AGE BRIDGE

Design Specifications
The Yama—age Bridge was designed in accordance with the regulations of the

"Design Specifications for Highway Bridges®’ ". "Guidelines for Design of Menshin Highway
Bridges®’ " and "Manual for Menshin Design of Highway Bridges”’ ~®’" were also referred
for the Menshin design issues. It should be noted that since the bridge was designed based
on the Design Specifications for Highway Bridges, the design lateral force was not reduced
in consideration of the damping effect of Menshin bearings.

Menshin Design

Fig. 2 shows the Menshin design flow used for the Yama—age Bridge. In the
Menshin design of highway bridges, the Menshin devices are designed by the "Seismic
Coefficient Method" and the "Bearing Capacity Method". In both methods, the lateral force
is statically applied to the bridge, and the seismic safety is checked based on the allowable
stress design approach in the Seismic Coefficient Method and bearing capacity basis
considering ductility in the Bearing Capacity Method. Bridges are designed by the Seismic
Coefficient Method, and then the ductility is checked for reinforced concrete piers by the
Bearing Capacity Method.

Design of Menshin Bearing
The relation between shear modulus of elasticity G( 7 ) and shear strain 7 for
HDR bearings adopted is shown in Fig. 3. The stiffness of thic bearings shows the
nonlinear characteristics depending on the strain of the bearing. The shear modulus of HDR
is given by the following experimental equatlons
G(7r)=26.3—46.07 +45. 77 —21.173%+3.8874 (0< 731 8) } 0
G(r) =0.31+6.897 —1.087 2 (7 >1.8)
The design of HDR bearings was made according to the following procedure as :
1) Assume the design displacement of bearings for two levels of seismic lateral forces and
compute the shear strain of bearings.

Usg
= 2
r Hn (2)

where,
7 : shear strain
up : design displacement of bearing
Hpy : thickness of rubber bearing
2) Compute the shear modulus of elasticity and the equlvalent stlffness of bearmgs
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Kz=AoXG(r) 3)
where,
G(7r) :shear modulus of elasticity
Kz :equivalent stiffness
Ao : sectional area of bearing
3) Compute the natural period of the bridge and the horizontal design lateral force
coefficient.
K= ZK B @

2n 'R
T:._—d- (5)

AVgKr
where,

K1 :total stifness of bearings
T : natural period
R4 :dead load of superstructure
g : gravity acceleration
4) Compute the displacement of bearings, and compare it with the assumed displacement.
R 4° k h
Ks ©

where,
ks :lateral force coefficient
Tables 2 to 4 show the design of HDR bearings of the Yama—age bridge.

Design Lateral Force Coefficient

The bridge was designed based on the Seismic Coefficient Method. Since the seismic
design structural unit of the Yama—age bridge is defined as the total bridge system,
analytical idealization of the bridge is shown in Fig. 4. Bearings and foundations were
modeled as equivalent linear spring elements. Natural period of the bridge is computed for
the seismic design structural unit as :

T=2.014/§ | | )
Jw(s)u(s)2ds

0= @®
Jw(s)u(s)ds

where,
T  : natural period
w(s) :dead weight of the seismic design structural unit at point " s
u(s) :lateral displacement at point "s " when subjected to w(s) in the
‘ direction considered in design
Design seismic coefficient is computed as:

n
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[Seismic Coefficient Method]
kn=cz'cg'crcr ko )]
¢ r=1.33: T 273 (Ground Condition : Class I) (10)

k, :lateral force coefficient

¢ z : modification factor for zone (Fig. 5)

¢ ¢ : modification factor for ground condition (Table 5)

¢ 1 : modification factor for importance (Table 6)

¢ r : modification factor for structural response (Table 7)
k no :standard design horizontal seismic coefficient (=0.2)

[Bearing Capacity Method]
ke
Bpe=—mm— (11)
A2 p—1 ,
kne=cz ci cr knco (12)
¢ r=0.876" T 272 (Ground Condition : Class 1) (13)
where,

ke : equivalent lateral force coefficient for Bearing Capacity Method -
k nc :lateral force coefficient for Bearing Capacity Method

¢ r : modification factor for structural response (Table 8)

¢ : allowable ductility factor of reinforced concrete piers

knco :standard design horizontal seismic coefficient (=1.0)

The natural period in longitudinal direction is 1.56sec, and that of the transverse
direction is 0.194sec. Therefore, the lateral force coefficients are 0.16 and 0.20 in
longitudinal and transverse directions, respectively. Since the natural penod in longltudlnal
direction with usual design is 1.075sec, the lateral force coefficient is 0.20. Hence, by
adopting the Menshin design, the lateral force is reduced by 20% than the usual design.

Table 9 shows the relative displacement of bearings by the Seismic Coefficient
Method. Table 10 shows the bending moment at the bottom of piers. The bending moment
is compared between with and without the Menshin design. Fig. 6 shows the cross section

of pier (P1).

Check of Bearing Capacity for Lateral Force

To prevent a brittle failure such as falling—off of superstructure during large
earthquakes, the bearing capacity of the reinforced concrete piers designed by the Seismic
Coefficient Method was checked by the Bearing Capacity Method.

The natural period of the bridge is computed using the equnvalent stlffness of
bearings corresponding to the design displacement and equivalent yielding stiffness of
substructures. Since it is 1.77 sec, the lateral force coefficient for the Bearing Capacity
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Method kac is 0.60. Tables 11 and 12 shows the check results of the bearing capacity
of the reinforced concrete piers.

Dynamic Analysis

Dynamic Analysis was made to check the safety of the Yama—age Bridge. the
response spectrum analysis and the time history analysis were made. The response
spectrum and time history acceleration data of the earthquake ground motion corresponding
to the Seismic Coefficient Method was used as an input acceleration. Table 13 shows the
equivalent stiffness and the equivalent damping ratio of HDR bearings.

Since the damping characteristics of the HDR bearings varies depending on the
displacement, the following experimental equation on the damping ratio was used.

hs=0.172—0.00693 y +0.00276 y 2—0.006924 y 3 (14)
where, A
hg : effective damping ratio

7 : shear strain of bearing

The damping ratio for the superstructure, substructures, and the foundations were
assumed as 3%, 5%, and 10%, respectively. Table 14 shows the natural period and the
damping ratio of an each vibration mode. The 1st to 3rd vibration modes are shown in Fig.
7. The 1st mode is a sway mode of the superstructure and this is the most predominant
mode in longitudinal direction. The damping ratio of the 1st mode is 14.3%.

Tables 15 and 16 shows the displacement of bearings and sectional forces of the pier
bottom computed through the dynamic analyses in comparison with those by the Seismic
Coefficient Method. The displacement of bearings and bending moment by the dynamic
analyses are less than those by the Seismic Coefficient Method.

Fig. 8 shows the acceleration responses of deck and pier P1 computed through the
time history analysis. It is found that the period of the deck response is elongated by
adopting the Menshin design and that the deck acceleration is reduced comparing with that
of the pier top.

It should be noted here that although the design lateral force was not reduced in
consideration of the damping effect by Menshin devices in the design, it is found through
the dynamic analyses that the response of the bridge is significantly reduced (by about 35
— 40% than those by the Seismic Coefficient Method) by adopting the Menshin design.

Design Details
According to the design specifications, the falling—off prevention devices are installed
for the bridge. Fig. 9 shows the stopper to prevent excessive displacement of the deck.
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Table 1 Design Outline of Yama—age Bridge

Bridge Type Prestressed Concrete Post Tensioning
Structure 6—Span Continuous Box Girder

Road Class Design Vehicle Speed : 60km/h

Bridge Length 2463m '

Span Length 6 X 40.8=244.8m
Deck Width %}anda;rd Section : 8,0m(roadway)+2.5m(sidewalk)=10.5m

idening section :11.0m(roadway)+2.5m(sidewalk)=13.5m
Live Load TL—-20
Impact Coefficient i=1.0/(20+L)

Alignment R=oc ~ A=240m

Vertical Gradient

1.0% ~ VCL=100m, R=2,500m ~ 5.0%

Cross Slope

1.5%(roadway), 2.0%(sidewalk)

Abutment Skew Angle |[90° (A1), 90° 27’ 43" (A2)
Ground Condition Class : I :
Design Lateral kn=0.16 ?f‘ongitudinal direction)

Force Coefficient

kn=0.20 (Transverse direction)
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Table 2 Dimension of HDR Bearings (unit:mm)

Item Al P1 P2 P3- P4 P5 . A2
Dimension 700 X855 |950 X1500 |1030X 1580|950 X1500 (950X 1500 |950 X 2500 .| 700X 855
Thickness of 14.7X14 | 21.0X6 34.0X3 | 24.0X5 24.0X6 - | 18.7X8 13.8X19 -

Rubber Layers =205.8 =126.0 | =1020 | =1200 .| =144.0 =149.6 =2622
Thickness of 42X13 4.2X5 - 4.2X2 42X4 | 4.2X5 42X7 | 42X18
Insert Plates =54.6 =21.0 =84 =168 | =210 | =294 =756 . -

Height of bearing | 260.4 147.0 - 110.4 136.8 165.0 179.0 337.8

Note)Dimension A XB represents the widths in longitudinal and transverse directions, respectively.
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| Table 3 Design of HDR Bearings by Seismic Coefficient Method

Ttem - S [1Unit| A1--| PL | P2 | P3- -|-P4 P5 A2
1Assumed Displacement , u, [cm] 7.784
Thickness of Rubber Bearing Hpe [cm]|20.58 |12.60 [10.20 [12.00 |14.40 |14.96 |[26.22
|Shear Strain ' r 10378 [0.618 |0.763 [0.649 |0.541 (0.520 |0.297
Shear Modulus of Elasticity ~ G(7) [kgfiem?®]|14.377 [10.914 |9.749 |10.618 |11.787 |12.050 |16.150
Area of Bearing Ao [cm?]|5,872 |14,137 | 16,161 |14,137 |14,137 |14,137 (5872 |
Equivalent Stiffness . 4,102 12,245 15,446 112,509 (11,571 11,387 |3,617
| BRI ~ ; K5 [kgflem?®]
Number of Bearing on Each Substructure 2
|Sum of K5 - K: [keflem?] 141,756
{Natural Period '~ T [sec]| 1.337
Dead load of Superstructure Rq [kef] 6,294,200
| Factor for Structural Response S oer 1.096
Design Lateral Force Coefficient k 0.18

Designed Displacement u, [cm]

7.770
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Table 4 Design of HDR Bearings by Bearing Capacity Method

Item. [ 1:Unit | Al Pl P2 P3 P4 P5 A2
Assumed Displacement u, [ecm] 32.69.
Thickness of Rubber Bearing Hr [cm]|20.58 |12.60 |10.20 [12.00 |14.40 [14.96 [26.22
Shear Strain ’ 7 |1.588 |2.594 |3.205 |2.724 |2.270 |2.185 |1.247
Shear Modulus of Elasticity G(7) [kgfem?®]|8.674 |10.916 |11.299 |11.064 |10.385 |10.208 |8.469
Area of Bearing Ao [em?]|5,872 |14,137 |16,161 |14,137 |14,137 |14,137 |5,872
Equivalent Stifness K [kgffem?®]12,475 12,247 17,902 (13,035 |10,195 |9,647 |1,896
Number. of Bearing on Each Substructure 2
Sum of Kz Kz [kgflem?] 134,794
Natural Period , T, [sec] 1.372
Dead load of Superstructure Rq [kef] 6,294,200
Factor for Structural Response Cr 0.700
Design Lateral Force Coefficient R 0.70

32.69

Designed Displacement U, [cm]




Table 5 Modification Factor for Ground Condition ¢ ¢

Ground Group I

I

I

Cg 0.8

1.0

1.2

Table 6 Modification Factor for Importance ¢ ;

Group |[c; Definition
1st class | 1.0 |Bridges on expressway &lumted aocess highways),
general national road and principal prefec
road. Important bridges on general prefectural
road and municipal road.
2nd class | 0.8 |Other than the above

Table 7 Modification Factor for Structural Response ¢ r

Ground Group Structural Response Coefficient ¢ ¢
Group I cr=2Té)9“/321 00 | ().10§T£1<..'12'51 | | ‘c T}—:'IIEBTT‘”"
Grow I 8 szr00| OASENE ¢ o2t o T 23
Gon 1|, It Boare] CUERSET | o L5

Table 8 Modification Factor for Structural Response ¢ r

Ground Group Structural Response Coefficient ¢ r
o0 1 oy e | VBES | oo
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Table 9 Relative Displacement of Bearingé by Seismic Coefficient Method (unit:cm)

Item Al P1 P2 P3 P4 P5 A2
Relative Displacement {1004 | 831 | 565 | 6.33 | 662 | 7.22 | 975
- of Bearings o _ v
Design Displacement . : 7.77
" of Bearings o o

Table 10 Bending Moment at the Bottom of Piers (unit:tf-m)

Ttem PL | P2 | P3 P4 | p5
Menshin Design | 4,704.7 | 3,677.2 | 2,824.4| 2,3450 | 2,017.0
Usual Design | 4,793.2 | 5062.8 | 4,760.8 | 4,601.5| 45782
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Table 11 Check of Bearing Capacity of Piers .

Item Unit Pl P2 P3 P4 P5

Width of pier m 8.0 8.0 6.5 6.5 6.5

Thickness of pier m 2.5 2.2 2.2 2.0 2.0
Main mm |D32—ctcl50 |D32—ctcl150 |D29—ctcl50 |D29—ctcl50 |D29—ctcl50

L Reinforcement , | 15 ste 1.5 ste 1.5 step 15 step. | 1.0 step

kgn gggeuxlnalent cm 1,270.7 1,270.7 835.12 835.12 .. |..552.46
Side mm, | D19—ctc150 |D19—ctc150 |D19—ctcl50 |D19—ctcl50 |D19—ctel50
Reinforcement cm. 138.03 126.57 114.42 108.69 - | . 108.69

| Allowable Ductility Factor 17 4.739 3.683 5.393 4991 4.984

Equivalent Horizontal ; - o

Seismic Coefficient Rne 0.21 0.24 0.19 0.21 0.20

Bearing Capacity for Shear .

Fau'lureg pacity P, | 1,385.95 1,209.86 995.81 899.18 - 951.53

Bearing Capacity for -

Flexu.tél fo?ge 4 P, |t 378.60 347.17 285.88 278.04 . 269.70

Bearing Capacity for B

Taterst Fobes P. |t | 37860 34717 | 28588 | 27804 | 269.70

Inertia Force P=k,.Xw | tf 348.20 346.58 239.58 - 245.54 250.82




Table 12 Relative Displacément of Bearingéj by Beaﬁng Capacity Method (unit:cm)

of Bearing

Al P1 | P2 P3 P4 ‘| P5 A2
Relative Displacement  |48.86 |30.50 |20.08 [24.85 |28.51°|34.06 |48.11
-of Bearing : ‘ o ;
Design Displacement 32.69
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Table 13 Equivalent Stiffness and Equivalent Damping Ratio of HDR Bearings

Item I o [ J:Unit| Al Pl P2 P3 P4 P5 A2
Design Displacement u [ecm]|10.04 | 831 | 565 | 633 | 662 | 722 | 9.75
Area of Bearing A [em?®]]5872 |14,137 |16,161 14,137 |14,137 |14,137 |5,872
Thickness of Rubber Bearing = Hy [cm][20.58 [12.60 [10.20 |12.00 [14.40 [14.96 |26.22
Shear Strain -~ S . r |0.488 |0.660 [0.544 0.528 [0.460 -|0.483 |0.372
Shear Modulus of Elasticity G (7 ) [keflem?]|12.505 {10.512 |11.621 |11.955 {12.943 |12.583.|14.503
Equivalent Stiffness K5 [kgf/cm?®])3,568 |11,805 |18,412 |14,084 |12,698 |11,890 |3,248
0.168 [0.167 |0.168 |0.168 |0.169 |0.169 [0.169

The Effective Damping Ratio hp




Table 15 Displacement of Bearing computed by Dynamic Analysis Method (unit:mm)

Table 14 Natural Period and Damping Ratio

Mode No. |Natural Period (sec)

- Damping Ratio

1.646

0.143

0.451

0.030

0.419

0.030

0.357

0.030

©.0.302

0.092

0.299

. 0.056

0.273

0.115

0.259

~0.031

wlo|w|lolalalw| vw!|-

- 0.253

0.114

—
=]

- 0.236

0.031

Seismic
Coefficient
Method

Dynamic - Analysis

| Response

Sppcimrﬁ
lysis i

" Time Histo
¢+ -+ Analysis i

R T

Ty

Al

100.42

65.76

68.72

P1

83.08

55.05

58.70

77.84

36.85

38.82

P3

77.84

- 41,

59

44.74

P4

77.84

43.60

47.14

P5

77.84

47.85

51.32

97.51

63.47

67.77
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Table 16 Sectional Forces at Pier Bottom computéd by Dynamic Analyéis Method

Seismic Dynamic analysis
Item Cffégfé%m Resm?\;% lgggctﬁlm Tirxga 1I;I’issigory
Al | 39981 828.9 866.4
Pl | 43544 2,665.1 - 2,7100
‘ P2 3,6529 2,3256 2,665.7
Bending Moment |P3 | 2,777.8 1,754.7 1,929.7
- (tfm) P4 | 23224 1,464.7 1,570.7
‘ P5 | 19923 1,234.7 1,272.4
A2 | 900.7 514.4 - 533.4
Al | 4266 473 49.4
P1 345.1 12000 186.2
N P2 | 2865 165.0 206.9
Shear stress P3| 2385 - 140.8 162.6
(t P4 | 2183 - 129.5 146.1
P5| 2186 1282 1382
A2 146.8 101.6 : 90.8

— 419 —




246 300

150

— 02y —

246 000
(‘\ -1 Pll £y . N
e L
i SN _

i . § A ) .
\ _r_J;; ) [l §'

PIEE

14 500/
B/
10 00
=)
I
]DJJ
1
S]]
|
|
!
|
i
i
| %— .
=0 0
ni!
}{%
8 50C
I -
o 1]
=9

=) ' i —
\_—ﬁ 70000 60000 C e

11 500 5o
—400 10500 800|___ @T[zsoo 11000 =0
2250 250 3750 , 4 250 |

£w=m 30mm

{=80mm

2000

Hﬁ@ T

2000

17 700
20100

| 1000 8000 [1000
LS.QJ.QOQ_sol * 6400 L&LL _] r_

600 oy

500

I~

1900
10

Fig. 1 Generi;l View of Yama—age Bridge




Shear moulus of elasticity’

G(n)

[
o

S

Start

Preliminary Design of Bridge

Design of Menshin Bearinﬁ v
by Seismic Coefficient Method

and Bearing Capacity Method
: I

Design of Substructure
by Seismic Coefficient Method

|

Check of Bearing Capacity of RC Piers
by Bearing Capacity Method

Check of Safety by Dynamic Analysis

End

Fig. 2 Menshin Design Flow

1.0 2.0 3.0
Shear “strain 7

Fig. 3 G(7) ~ 7 Relation of High Damping Rubber

— 421 —

4.0



=244 800

12@20 400

— ©

e
iy

@ @ 0O&d

®n

©
©

| ATMAS
S B A .
S CEERC, @@M@q
_ £01] °
o 09 0m9 U
005 71 w.@
Cr® ®  ®O®=C
Sr T eio1l t

© 000 91

000Z "000Z ~ 926

6/96

201 |

96

\ Sy L " 056 L
© 006 L1

OB ko

o3¢

grel

_0s88 " 0588

~gell

001 0¢

n® ®

e
Shee ®

S
®
—e
Io._om_..ﬂ!.nmﬁ o1 _ eovL

_mm_w 4

009 ¢cc

Fig. 4 Analytical Model

LEGEND

E3:

= 0.
{J:¢ e-07

" Fig. 5 Modification Factor for Zone ¢

— 422 —



at Nid-height

at Bottom

8O - .
105295 12 2 36D 3800 17 50 165405
21 NP l : N é ! 5
\:_.,b_‘ l ! | H 5) paz
in . f i \‘-L NLL 777775 pan
o .,\.\\\ A T\ 1if7 1/////'1"!'/”/11/'///1 H
’_-LA
= YTy ~ X [
S (, } L G ¢
~ e 1
rge; i
ga8 ' @ nia
et P/i Y
T, it :
Bl ' i s bt
(S L S >
é‘(f\ ni0 § S n1a \X\\\‘\\\\\\\\\\\(‘D n37
@ n:9q : &% pera & n1a

Fig. 6 Cross Section and Reinforcement of Pier (P1)

T

Fig, 7 Vibration Mode Shapes

— 423 —



ACCELERATION (m/s ?)

|
N

— N

!
=N AN D N
[=Y=X=K=X~]

coocoo
‘ |

coo oo

| |
10 12
TIME(sec)

o
N e
L foe
(=3}
oo]

Fig. 8 Acceleration Response of Yama—age Bridge (Pier P1)

750
125 250 250 d,} 125
Anchor Bar : ——] 5 -
N o i o ml
Pot \\;LD J I l
= == == 3
Set Bolt \\[ i NE:
| ,
JiL{L' \\\ :u?‘ 08
i I ©
i T W g
i : I 8l~ S
Hri /‘ - i "c\>
—— Lc 7 ] Q
Stopper / . | :
. Pe) =]
Space Packing”’| fzg i‘g SIS
/ D 3]
Anchor Bolt 7] . e J
150 450 150
750

Fig. 9 Stopper

— 424 —




R -

Photo 1 Yama—age Bridge
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RESPONSE ANALYSIS OF MIYAGAWA BRIDGE BASED
ON A MEASURED ACCELERATION RECORD

Kazuhiko Kawashima *, Hiroyuki Nagashima ** , Shuji Masumoto *** and Kohji Hara ****

This paper presents an analysrs of a measured acceleration record at

Miyagawa Bridge, the ﬁrst selsmically 1solated bndge in Japan. Amphﬁcatlon of

the peak accelerations is exammed between the deck pier and ground motions.
'Selsmrc isolation effect can be cleany observed Dynamlc response analysis

using the analytlczl model adopted for seismic design is made assuming the o
_ accelemtron recorded at underground as the mput ‘ground motron Response

acceleration computed at the deck is qulte “similar with the measured

acceleratlon although peak acceleratlon is larger in the analy31s

Key Words Miyagawa Bndge, strong motion obsarbahon
setsmu:ally wolated bridge, nmzshm deszgn

1. INTRODUCTION

Miyagawa Bridge is the first seismically isolated bridge in Japan, and is located on National
Highway No. 362 in Shizuoka ken '’ 2” . Tt completed in March 1991. Strong motion observation has
been made since the completion. Bemuse the ﬁrst record was obtained by an earthquake with
‘ magmtude 4.9, which took place close to the site, an analysis was made for verifying the effectiveness
of Menshin Design *? . This paper presents the seismic behavior of Miyagawa Bndge based on the
analysis of the recorded acceleratlons

2. STRONG MOTION OBSERVATION AT MIYAGA‘VAV BRIDGE
As was reported in the previous paper '’ *’ , the Menshin Design (seismic isolation design) of

* Head, Earthquake Engineering Division, Earthquake Disaster Prevention Department, Public
.. Works research Instntute, Mlmstry of Constructlon, Tsukuba— —shi, 305 »

*”"‘A' o Ichlhara Constructron ofﬁce, Chiba ken Ichrhara shn, 290 - :

'4 o (Former]y, Research Engmeer, Earthquake Engmeermg Dmsron, dntto)

*#+  Director, Road Constructlon Department, Shrzuoka ken, thzuoka Shl, 420

AR .uecond Des:gn Office, Numazu Coristruction Ofﬁce, Shlzuoka ken, Numazu—slu 420

—429—



Miyagawa Bridge was made in accordance with the Guidelines of Menshin Design of Highway
Bridges 2 . In the Menshin Design, the Menshin devices are designed by both the Seismic
Coefficient Method and the Bearing Capacity Method. In both methods, the lateral force is statically
applied to the bridge, and the seismic safety is examined based on the allowable stress design
approach in the Seismic Coefficient Method and the bearing capacity considering ductility in the
Bearing Capacity Method.

The lateral force coefficient was not, however, reduced at the Miyagawa Bridge from the design
value specified in the Specifications of Design of Highway Bridges *’ , because it was the pilot
project for verifying the effectiveness of the Menshin Design. The lateral force coefficient is therefore
0.2 in both longitudinal and transverse directions.

Lead rubber bearings *> were adopted so that damping ratio of 0.12 can be obtained for the first
mode of the bridge. Natural period of the bridge in longitudinal direction was assumed as 0.76 second
in the Seismic Coefficient Method and 1.0 second in the Bearing Capacity Method. Because of the
deformation dependence of the stiffness of the lead rubber bearings, the natural period is not the
same for the Seismic Coefficient and the Bearing Capacity Method.

Soil condition at the site is I—group (stiffy based on the classification of ground condition
specified in the Seismic Design Specifications of Highway Bridges *’

Three 3—components feed—back servo type strong motion accelerometers were placed on the
deck and pier crest at pier 1 (P1) and 10 m below the ground surface 10 m apart from the abutment 1
(Al) as shown in Fig. 1. The data are recorded on the analog magnetic type recording systern when
the ground acceleration larger than the triggering level is devéloped.

The first record was obtained by an earthquake with magnitude 4.9 which took place about 30
km north east from the site. Seismic Intensity of Japanese Methodological Agency was II.

105800

150 105 500 l150

400] 32850 . 33000 L, 32850 4400
pl _sma ¢ Pl Y i

I
0,—; HWL 5 142.09 F — A r,»}”-<.§{
e e
_ 3 l! ,__:ZLSMA |3sr58—8:<;§_ j*:f ______ 1%{[: ] ol

O E‘I- i i “% g [i 8000

[700011]1E j70003 i il s

SMA : Strong Motion Accelerograph
Fig. 1 Miyagawa Bridge and Location of Accelerometers
3. ANALYSIS OF MEASURED RECORDS

Fig. 2 shows the accelerations recorded at thé deck, pier créét and 10m below thé ground
surface. Because intensity was so small, first part of the response could not be recoxded But main

part could be successfully recorded
Table 1 shows the peak acceleration. At 10m below the ground surface, the peak acceleratlon

— 430 —




Acceleration (cm/sec®) Acceleration (cm/sec®)

Acceleration (cm/sec®)

-2.
-S.
10.

-S.
-10.
10,

-S.
10.

o Pl D . PP
[T~ T — I — I —~ I T o B — S~ I — I = T O = A I [ == 0 — T — I - B~ R — Y — Y T e I R e A -

« e & e e a s
O:ﬂQMOOmQLﬂOQU\QU\O

[ Deck on Pl

Pier Crest (P1)

10 20 30 Time (sec)

(a) Longitudinal
5 o Deck on P1
“&?‘{Wﬁ"f"’ﬂ%’wﬁv#WMMA.\MWW&._
| !}

o

L

Pier Crest (P1)

10m below Ground Surface

L

st strssrr byttt
0 10 20 30 Time (sec)

(b) Transverse

[ Deck on P1
AR Rt AR
[ Pier Crest (P1)
L _
: 10m below Ground Surface
| }}%\WWMWWWWMH——
-
NEREERER R R N IR
0 10 20 - 30 fige (sec)

(c) Vertical

Fig. 2 Measured Accelerations
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Table 1 Peak Accelerations Measured

Location Longitudinal Transverse Vertical
Direction Direction Direction
Deck on P1 5.0 4.3 2.6
Pier Crest of 1 10.4 6.6 2.5
10 m underground 11.6 8.9 2.9

was 11.6 cm/sec ? in longitudinal direction and 8.9 cm/sec ? in transverse direction. This decreased
to 10.4 cm/sec ? in longitudinal direction and 6.6 cm/sec ? in transverse direction on the pier crest.
Because the amplification of the peak acceleration from the ground to pier crest is generally about 2.5
for this type of bridges ®’ , the decrease of pier response in comparison with the ground acceleration
at 10 m below the surface is apparent. Furthermore, it decreased to 5.0 cm/sec ? in longitudinal
direction and 4.3 cnmy/sec ? in transverse direction on the deck.

Fig. 3 shows such decrease of amplification in terms of acceleration response spectra with
damping ratio of 0.05. It is apparent that although ground motion at 10 m below the surface had the
predominant peried of 0.2 ~ 0.3 second, it is not predominant in the horizontal deck motion.
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S 30F N 1 2 30} A~ < 3o0f ]
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Fig. 3 Acceleration Response Spectra of Measured Acceleration Record ( Damping Ratio of 0.05 )

For studying the amplification from the 10 m below the ground surface to the pier crest and the
deck, ratios of the acceleration response spectra presented in Fig. 3 are shown in Fig. 4. It is seen
in Fig. 4 that the acceleration response spectrum ratio R defined as the acceleration response
spectrum of the deck motion divided by the acceleration response spectrum of the ground motion
measured at 10 m below the ground surface is approximately 0.2 at natural period of 0.2 ~ 0.3
second. The motion at this period is filtered out at the deck due to the effect of seismic isolation.

On the other hand, the ratio R defined as the acceleration response spectrum of the deck motion
divided by the acceleration response spectrum of the ground motion measured 10 m below the
ground surface increases to 1.4 in longitudinal direction and 2.0 in transverse direction at natural
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Fig. 4 Ratios of Acceleration Response Spectra

period of about 0.85 second. Reminding the fact that the natural period assumed in the Seismic
Coefficient Method was 0.76 second, this represents the amplification of deck response duz to
resonance of the first mode. Reflecting the fact that the deformation of LRBs developed during the
earthquake is much smaller than that assumed in the design by means of the Seismic Coefficient
Method, stiffness of LRBs is approximately 25 % higher than that assumed in the design.

The ratio R in vertical component takes about 1.0 for natural period up to 0.3 second. This
implies that the amplification from either 10 m below the ground surface or the ground surface to the
deck is small. Although the ratio R from 10 m below the ground surface to the deck becomes large
for natural period longer than 0.3 second, it requires to clarity the reason after more data are
accumulated.

The LRBs were désigned so that yielding of the lead plug be developed for the lateral force
coefficient over 0.12. Of course, because the response during the earthquake was much smaller that

0.4 T 1 ]
& o3} .
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Fig. 5 Equivalent Damping Ratio of Lead Rubber Bearings Based on Full Model Tests
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this level, bilinear behavior of LRBs seems not significant. However it should be noted that LRBs
show high energy dissipation capability from small displacement. Fig. 5 shows the équivalent

damping ratio of the LRBs obtained from the full size test ”’ . Although the equivalent damping ratio
for shear strain smaller than 20 % is not presented here, it is known that the equivalent damping
ratio for smaller shear range can be approximately evaluated by extrapolating the relation presented
in Fig, 5. Thekgfore it may be assumed that the equivalent damping ratio of LRBs was approximately
30 % for the shear strain developed during the earthquake. |

4. STUDY OF THE RECORD BY DYNAMIC RESPONSE ANALYSIS

Because dynamic response analysis was made at the design stage for Miyagawa Bridge, it was
decided to adopt the same analytical model as shown in Fig. 6 for studying the record. The
acceleration recorded at 10 m below the ground surface was regarded as the input ground motion and
the response of the deck and substructure were computed and compared with the recorded
accelerations. Because the footings of P1 and P2 are almost on the same level with the down—hole
accelerometer placed 10 m below the ground surface (refer to Flg 1), it was considered appropriate
to apply the acceleration measured at 10 m below the ground surface to the footings. Although the
footing of two abutments, Al and A2, is shghtly higher in level than the down—hole aocelerometer, it
was disregarded in the analysis because 1t would cause only minor difference.

L 104 756 _
32350 ' RV EH 32 850 i
10950 10950 16950 13(300" 13CCO 1320011G350 109J0 ‘OCSOI
ol @l sl gl 9l el @l

fr,*f

o w1 E

Fig. 6 Dynamic Response Analysis Model of Miyagawa Bridge for Design Purpose

Analysis was made by the equivalent linear analysis. The equivalent linear analysis provides
accurate response for the seismic isolated bridges °’ . Because the deformation of the LRBs was
quite small during the earthquake, the first stiffness k 1 was assumed as the equivalent stiffness of
LRBs as

k1=6.5k, ' " 1)
ko= F—Qq '(2)

Usg
Qi=4rdo . R R
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F":AR'G'T‘AP'Q (4)
q=—283.672+183.87 +85.0 %)

where k., : 1st stiffness of LRB (kgffcm), k- : 2nd stiffness of LRB (kgf/cm), Q. : yielding force
of lead (kgf), 4o : shear stress of yielding of lead plug ( = 85.0 kgffcm 2 ), G : shear modulus of
rubber (kgf/em ?), F : shear force of LRB (kgf), u» : design displacement (cm), @ : shear stress

of lead (kgffcm *), 7 : shear strain, 4, : sectional arca of lead plug (cm 2), and Az : sectional
area of rubber (cm 2).

N g?_”hllj_l?_tl
= oKo, ©

where ¢ :; : mode vector of j—th structural component for i—th mode, h; : damping ratio of j—th
structural component , k; : stiffness matrix of j—th structural component, ®, : mode vector of
bridge for {—th mode, and K : stiffness matrix of bridge. :

Eq. (6) is effective to evaluate the modal damping ratio of bridges based on an experimental
study * . Damping ratio of structural components was assumed in design as shown in Table 2.
Because the deformation developed in LRBs is small during the design earthquake assumed in the
Seismic Coefficient Method, it was assumed in the design that the damping ratio of LRBs is zero in
the Seismic Coefficient Method. It may be therefore good to assume zero damping ratio for LRBs for
the consistency with the seismic design. However it became apparent that zero damping ratio for
LRBs gives appreciably larger bridge response than the measured values. Therefore it was assumed
as 0.3 based on the above described full model test results on the damping characteristics of LRB.

Fundamental natural period predicted in longitudinal and transverse direction is 0.50 sec and
0.49 sec, respectively. The translation of only the deck is observed in those mode shapes. Because
this corresponds to the natural period of about 0.85 second observed in Fig.4, the stiffness of the
bridge assumed in the analysis is appreciably higher than that during the earthquake.

Table 2 Damping Ratio Assumed in Seismic Design of Miyagawa Bridge

- For Design
Structufra.l Coﬁnponents 'Seismic Coefficient "Bearing Capacity For this Analysis
© Method Method
" Super structure  0.03 - o 0.03 0.03
 Piers ai}i‘d'Abutments ‘ 0.05 0.05 ' 0.05
. Foundations 01 o 0.1
Al o ol eam 0.3
Henshin P1 0 S . 0.137 0.3
¢ Bearlngs P2 o 1 0139 0.3
A2 o © 0.199 0.3
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Fig. 7 Computed Deck Acceleration

Fig. 7 shows the response acceleration of the deck thus computed. Although the computed
acceleration is 1.5~ 1.7 times larger in amplitude than the measured response, overall
characteristics of the computed response is similar with the measured acceleration. Overestimation of
response acceleration of the deck may be attributed to the fact that the stiffnesse of the model is
over estimated and that the damping ratio of the foundation is underestimated in the dynamic
analysis. This is for the sake of providing safe—side result for design purpose.

5. CONCLUSION

The first record obtained at the Miyagawa Bridge, the first Menshin bridge in Japan, was
analyzed to study the seismic behavior of Menshin bridges. The following conclusions may be
deduced based on the analysis presented herein :

1) The deck acceleration is about 50 % in amplitude of the underground acceleration at 10 m below
the ground surface. This clearly shows the effectiveness of the seismic isolation.

2) When amplification of the response from the 10 m below the ground surface to the deck is
represented in terms of the acceleration response ratio with damping ratio of 0.05, the
acceleration response ratio R defined as the response acceleration of the deck motion divided as
the response acceleration of ground motion measured at 10 m below the ground surface is only
0.25 at natural period of 0.2 ~ 0.3 second which is the predominant period of the ground motion.
However the acceleration response ratio R defined as the response acceleration of the deck
motion divided by the response acceleration of ground motion measured at 10 m below the
ground surface is 1.4 ~ 2.0 at 0.85 second which is the fundamental natural period of the bridge.
Therefore selection of the natural period in consideration with the predominant period of ground
motion is very important in the Menshin Design.

3) The dynamic response analysis model which was adopted for the seismic design of Miyagawa

Bridge can realistically simulate the response of the deck although the analysis overestimates the

measured acceleration.
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EVALUATION OF MODAL DAMPING RATIO BASED ON
- STRAIN ENERGY PROPORTIONAL DAMPING METHOD

 Kazuhiko KAWASHIMA®, Hiroyuki NAGASHIMA** and Hidcaki IWASAKI***

Presented in this paper arc a model frec—oscillation test and an él'n'alysisngo‘r
clarifying the strain energy proportional damping method which is widely adopted
for cvaluating modal damping ratios of structures. Bccause damplng ratios of ,
structural components are sometimes different even in ‘the same structure, it is
required in the modal dynamxc 1esponse. analysns to cvaluate the damping ratio for
cach mode. In this papcr it is prcsentcd from cxpcnmcnts and analyscs that the
strain energy proportlonal damping method is quite accurate in cvaluating the -
modal damping ratios of structures for seismic analysis.

Key Words:  Seismic Design, Damping Ratio, Energy Dissipation, Bridges

1 INTRODUCTION

The damping ratio is an important parameter for evaluating scismic response bf structures. Although
the mass and stiffacss can be accurately computed from mass and stiffness distribution in structures, the
damping ratio can not be evaluated in the similar manner because the prediction of energy dissipation in
structures is very complex. Therefore instead of directly evaluating cncrgy dissiphtion of structures it is
generally adopted to evaluate the energy dissipation of structures in terms of damping ratio. The damping
ratio is an appropnatc parameter for asmgnmg the dampmg charactcnstics of structurcs. It should,
however, be kept in mind that the dampmg ratio can be’ deﬁncd only for a snnglc—dcgrcc-of~frcedom'
oscillator. From the analogy of the orthogonal condition of modal matrix with respect to stiffness and

* Head, Earthquake Engineering Division, Earthquake Disaster Prevention Dcparimcnt, Public
Works Research Institute, Tsukuba—shi, lbarakl 305 '

** Engineer, Planning Depanmcnt Kanto' chlonal (lonstrucuon Bureau, Mmlstry of Construcnon,
'Chlyoda—ku, Tokyo 100 (Former Rcsearch Engmccr, dltto)

bk Rescarch Engineer, Ground Vibration Dmsmn, Earthquake Dlsastcr Puventlon Dcpartm‘*nt'

dltto

1

Notc ThlS papcr orlglnally appcarcd as part of thc Clvﬂ Engmeenng Joumal Vol35 No 5 May 1993
(in Japancse). Mmor changes have been made.
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mass matrices, the damping ratio has been assumed for seismic analysis of structures.

The damping ratios are different depending upon structural components even in the same structure.
Therefore it is required to cvaluate the modal damping ratio based on the different damping ratio
assigned for cach structural component. The strain energy proportional damping method has been widely
used for such purposes '’ # . Because most of energy dissipation is developed due to the deformation of
structures, it has been considered reasonable to employ this method. But experimental verification has not
yet fully been made.

This paper attempts to verify the strain energy proportional damping method for the application to
the seismic design of structurcs. Based on model oscillation tests which are carcfully designed for
cvaluating energy dissipation of structural components as well as of the entire structure, accuracy and
application of the strain encrgy proportional damping method is clarificd. A bridge is considered for the

analysis.
2 ENERGY PROPORTIONAL DAMPING

For a linear discrete structure, the cquauons of motion may be written as
Mu+Cu+Ku——M{100 1.0.0}' ox (1)
where
M : mass matrix
C : damping matrix
K : stiffness matrix
u, u, u : displacement, velocity and acceleration vectors

Z, : ground acceleration in x axis
Dcnotmg w; and ¢ as the undamped angular natural frequency and the mode shape for the i—th

mode, U u u may be expressed as

u=tz=l:¢,q;(t) A
u=324.4a.(1) @
i=3¢:q.(1)

in which @ 1 represents the gencralized coordinate for the i-th mode and &  represents the degree of

freedom. |
From the orthogonal condition, the stiffness matrix K  and mass matrix M become as
T

b 2y (m#n) ©)

Assuming that the damping matrix C can also be orthogonallzcd as
¢m™C ¢ .=0 @

one can have k sets of uncoupled equations of mohon as 7
q1+2hlwlq1:—rlxzax (5)

in which h, and I ;. represent the modal damping ratio and the mode participation »fa4c"t'<')r for the
i—-th mode, respectively. ' ‘ ' ‘ '
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It is important to note here that the modal damping ratio h: which is defined only for a
single-degree-of-freedom oscillator has been adopted in a dynamic response analysis of a multi-degree—~
of-frccdom system in the form as in Eq.(5) because there is no other practical definition for energy
dissipation for a multi-degrec-of-freedom system.

It is then required to cvaluate the modal damping ratio in Eq.(5) based on the cnergy dissipation
mechanism of the structure. For such a purpose it is assumed to divide a structure into several structural

1®* | The scgment is

segments in which encrgy dissipation has thc same mechanism as shown in Fig.
designated hereinafter as a substructure. A substructure may be a deck, a pier or a foundation as shown in

Fig. 2 in the analysis of a bridge.

j—th Substructure

Fig. 1 Substructures

Strain encrgy in the j—th substructure for the i-th mode may be cvaluated as
Eiy=¢;" ki ¢y ©)
where
E; : strain energy of j-th substructure for {~th mode
¢ 15 : mode shape of j-th substructure for i—-th mode
k ; : stiffness matrix of j—th substructure
Denoting the energy dissipation in the j~th substructure for the i~th mode as AE; , the damping ratio

of the j—th substructure may be evaluated as
1 AE,;

1=

47 E;:;
Because the damping ratio of a substructure depends on its mode shapes and boundary conditions, it
needs to be the one evaluated when the substructure of interest deforms as a part of the entire structure in
the -th mode shape.

(7)
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Then the strain cncrgy and cnergy dissipation of the entire structure for the f-th mode can be
evaluated as ' : '

=, ®)
AE:ngEzl

in which n  represcnts t‘hc’inumbc’r of substructures. The damping ratio of the entire structure (modal
damping ratio) for the i-th mode may be written from Eq.(8) as
1 AE
hi=t AE:
ir E;

Substituting Eqs.(7) and (8) into Eq.(9), onc obtains an cquation for cvaluating the modal damping ratio

©)

as B
2 Eijhe;
i=1 .
2. E;
=1 :
Eq.(10) is called as the strain energy proportional damping because the averaged damping ratio over each

substructure is taken with the strain energy of the substructure being the weighting function. Substituting
Eq.(6) into Eq.(10), Eq.(10) can be modified into a form which is more appropriate for computation

iz:l:¢:ir'hii'k1'¢u
hi"—-—
,g,:gb”r'kl'lﬁu

It should be noted that the natural periods of substructures are not necessarily the same as that of the
entire structure. Therefore, if the frequency dependence of the damping ratios of substructures is

significant, Eq.(11) can not be adopted.

h i—

(10)

)

Friction at Joints

Flexura! Deformation of Column

\.Fﬁction at Bearings . - -
] S = —

e ™ A

L

—~
NN
<5
(/Y ¢
\\\\

Radiation of Energy from Foundation '

Fig. 2 Substructures of Bridges in View of Energy Dissipation
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3 MODEL FREE OSCILLATION TEST-

Fig. 3 shows the model bridge studied for verifying the cffectivencss of the strain energy
proportional damping method. Photos 1 and 2 show the bridge modcl and the bearing. The girder is of a
rigid steel plate so that energy dissipation duking' excitation is negligibly small. The girder has a span
length of 2.1 m and a weight of 611.7 kgf. Each column with a height of 95 cm consists of four stecl
plates with the top of each two plates being rigidly connected. The bottom of the columns are rigidly
connected to the base frame for preventing encrgy;dissipation at the bottom.

;
;

e Ptp_oto 2 Bearings .
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Girder (Weight 611.7 kgf)

950

=~ % L
AN V4 AN
Rubber Bearing (RB), and Steel Plate —<-H—
0. High-Damping Rubber Bearing/7 T
(HDR)
AN AN
[ ] I — ]
||100 100 100|200 |100
L 2100 ] 400

Four bearings were used for supporting the deck. Two types of bearings as shown in Fig. 4 were
used for the test. One is the laminated natural rubber bearing, which is called hereinafter as RB. This was
made by laminating 25 natural rubber plates with a thickness of 0.9 mm each and 24 stecl plates with a
thickness of 0.3 mm ecach. The total thickness of rubber is 22.5 mm. It has elastic restoring force
characteristics. The other is the laminated high damping rubber bearing, which is called as HDR in this
paper. This was made by laminating 37 high energy absorbing rubber plates with a thickness of 0.5 mm
cach and 36 steel plates with a thickness of 0.3 mm cach. The total thickness of high energy absorbing

rubber is 18.5 mm.

4
/4

A1

Elastic Rubber (0.9mmx 25 layers )

Upper Plate for | ~Steel Plate
fixing to Girdery | | (0.3mmx24layers)
Lower Plate — ~! 0
for fixing » oY
to Pier—, ==
J.__#50
52

# 85

(a) Rubber Bearing

Fig. 3 Model Bridge used for Free Oscillation Test

i
High-Damping Rubber {0.5mmx37 layers)

Upper Plate for

(Steel Plate

fixing fo Girder,.

Lower Plate
for fixing

29.3
44.5

to Pier— -

¢ 40

42

% 85

(b) High Damping Rubber Bearing

Fig. 4 Modcl Bearings for Free Oscillation Test
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In the model bridge, energy dissipation is developed at bearings and columns. Therefore, bearings
and columns are regarded as substructures for cvaluating the modal damping ratio of the model bridge by
Eq.(11). Because the deck is rigid, no energy dissipation at the deck is considered in the analysis. Only
the modal damping ratio for the 1st mode is evaluated in the test in order to make the excitation simple
and casy. It should be noted that the frequency dependence of the danping ratios is small for steel,
natural rubber and the high damping rubber * .

For cvaluating the damping ratio of cach substructure, free oscillation tests were conducted
individually for two types of bearings (RB and HDR) and two columns (Column A and B). Free
oscillation tests of the model bridge were also conducted for evaluating the modal damping ratio of the
entire structure. ,

In the free oscillation test of the model bridge, the deck was displaced in the longitudinal dircction,
and by releasing it from the displaced position, free oscillation was developed. The 1st mode shape of the
model bridge in the longitudinal direction is of lateral movement of the deck with flexural deformation of
cantilevered columns. Similarly the free oscillation test was conducted individually for the columns A and
B considering the possible difference in the energy dissipation chapabilitics of two columns. For the
bearings, the free oscillation test was conducted simultancously for four bearings of a type. This was due
to difficulty in conducting the test individually for each bearing. In the free oscillaiton test, four bearings
of the same type were directly placed on a rigid steel frame and the deck was placced on the bearings.
Then the deck was displaced laterally and released smoothly so that shear deformation was developed in
the four bearings. Since the steel frame and deck are rigid, energy dissipation developed in this test
represents that developed in the bearings. The tests were made individually for RB and HDR.

Because the stiffness of the bearing depends on temperature, all the tests were conducted in a room
with a constant temperature of 20 “C. Lateral displacements of the deck and columns were measured.

evaluate the stiffness of bearings. Each test was made twice to sccure the stability of the test results.

4 FREE OSCILLATION OF MODEL BRIDGE

Fig. 5 shows the decay of free oscillation of the bridge model. It is apparent that the free oscillation
decays much faster in the model supported by HDR than in the model suppbrtcd by RB. The logarithmic
damping ratio & can be evaluated from the free oscillation as

5=;log,( = ) .~ (12)

Ags1

where
8 : logarithmic damping ratio
aa : displacément amplitude of 7m-th peak of free oscillation ,
The damping ratio h  may be evaluated from the loéarithmié damping ratio as
5= 2n h

— , a3
“i-ht -

Damping ratios have been obtained for both plus and ‘minus displacements in the frec oscillation.
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(a) Rubber Bearing

279
-219 —- v — .
2 3
Time (sec)
~ (b) High Damping Rubber Bearing
- Fig. 5 Decay of Free Oscillation of Bridge Model Deck

Displacement
{mm)

Fig. 6 shows the dependence of the thus obtained 1st-mode damping ratio of the entire model
bridge on the displaccment of the deck. Some scatter is seen at small displacements in the data for the
bridge model supported by HDR. Considering that the data with large displacements have more
significance for the seismic design, the damping ratio was analyzed for the 1st to 4th cycles of the free
oscillation. The displacement ranges of the deck are 6.3 mm - 27.9 mm for the model supported by HDR
and 23.8 mm-33.0 mm for the model supported by RB. The averaged damping ratios over the above
mentioned ranges are 11.4% for the model supported by HDR and 1.69% for the model supported by

RB.

14—
_fefp oy " o o __om J
52 . |
= 10" @ Averaged Damping Ratio=11.4% Jp7gmn ’
8 B e3mm TERE T
g sf " LEGEND
o 6l o Supporting Condition
£ Py © RB
g, o HDR
) ) *D . Averaged Damping Ratio=169%
O SRS SR TDQR CIP-W@~DG Q.. 0
0 , L 23870 | 330TM
0 10 20 30 .40

Displacement of Girder (mm)

Fig. 6 Damping Ratio of Model Bridge vs. Oscillation Amplitude
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Fig. 7 compares the decay of free oscillation of RB and HDR themselves. It is apparent that the
oscillation decreases faster in HDR than in RB. Fig. 8 shows the dependence of the bearing’s damping
ratios on the lateral displacement developed in the bearings. A decrease in the damping ratio at small
displacements is obscrved, especially for HDR. This would be the reason for the decrease of the damping
ratio observed for the bridge model supported by HDR, which is shown in Fig. 6. The damping ratios of
both RB and HDR have little displacement dependence over the displacement range observed during the
above mentioned entire bridge oscillation test. The averaged damping ratios are 3.27% for RB and 25.4%
for HDR.

= 24.7
= —
8 O
2 -24.7- . . . . .
0] 1 2 3 4 5
Time (sec)
(a) RB
g —
s 137+ -
0 1
Time (sec)
(b} HDR

Fig. 7 Decay of Free Oscillation of Bearing Displacement

30

0
b1 : LEGEND
ot 00 0 omn O RB
pyrn o W82 o HDR

20} Displacement Range Observed in
The Entire Bridge Test for HDR
(Averaged Damping Ratio =25.4%)

10 Dlsplaccmem Rangc observed in
The Entire Bridge Test for RB
(Averaged Damping Ratio =3.27%)

Damping Ratio (%)
>
L=

538 ,
! d <o ©0 00
0 05MmM . iggmm .
0 (0] 20 30 40

Displacement of Bearing (mm)
Fig. 8 Damping Ratio of Bearing vs. Shear Displacement
Fig. 9 shows the decay of free oscillation at the top of a column. Fig. 10 shows the displacement
“dependence of the column's damping ratios. It is interesting to note that the scatter in the damping ratios

is larger for Column B than for Column A. This would be due to inevitable differcnce in the rigidity of
the connection between the columns and the steel frame. The displacement observed at the column top
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during the free oscillation test of the entirc bridge model is 13.4 mm-18.2 mm when the deck is
supported by RB and 3.0 mm-10.9 mm when the deck is supportcd by HDR. For the former
displacement range, the damping ratios of the columns A and B arc 0.708% and 0.954%, respectively.
For the latter, the damping ratios of columns A and B are 0.459% and 0.544%, respectively.

g,\ 18.5
SE O
a7 -185+4
e 0

lllllllllllllllll

2 4 6 810121416
Time -(sec)

Fig. 9 Decay of Frec Oscillation of Column

18 20 22 24 26 28 30

40
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Displacement Range When
25} Girder is Supported by
32 HDR (Averaged Damping
— 2} Ratio = 0.459%)
o
& 15} _
b4 10.9mm Displacement Range When
a1 8 o0 Sirder is Supported by
3 ggg‘b RB {Averaged Damping
05} Ratio = 0.708 %)
0 05 ' 13.4mm 18.2n:m .
0 {0 20 30 40
Displacement at Pier Top (mm)
(a) Column A
3
Displacement Range When
_. 25F / Girder is Supported by
fal Soam 10’9: " HDR (Averaged Damping
o 2 Ratio= 0.544 %)
S ) o
e |5} o .
o o o |o Dlsplocement Range When
a1 18lo 8 0Q0 o Girder is Supported by
5 2 f %, 0 99,10, % 0" °RB (Averaged Domping
S 05l g |8, Ratio = 0.954 %)
© 0% 4mm 182mm
0 (0] Og 1 1
0 {0 20 30

Displacement at Pier Top (mm)
(b) Column B

- Fig. 10  Damping Ratio of Columns vs. Displacement Amplitude at Column Top
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5 ACCURACY OF STRAIN ENERGY PROPORTIONAL DAMPING METHOD

Now that the damping ratio of cach substructurc has been obtained, the damping ratio h
entire bridge model for the 1st mode may be evaluated using Eq.(10) as
WicahicatWicshicatWishyy

WicatWicst+ Wy, (14
Wica , Wics : strain energy of column A and B for 1st mode
Wi : strain energy of bearings for 1st mode

hica , hics : damping ratio of column A and B
h s : damping ratio of bearings

of the

h 1=

Since the damping ratio of the entirc bridge model was obtained from the test, accuracy of Eq.(10)

can be examined by comparing the damping ratio predicted by Eq.(14) with the one evaluated from the
test.

Strain energy of the columns and bearings may be evaluated as

1
u’lCNZEkCNuCNZ (N=A,B) (15)

1
‘Vlbzzkbu 52 (16)

where

Wica ,Wics : strain encrgy of column A and B for 1st mode

W1 : strain energy of bearings for 1st mode

kca ,kcs : stiffness of column A - and B

k, : stiffness of bearings

Uca ,Ucs : lateral displacement at top of column A and B

U, : shear displacement of bearings

The stiffness of the columns Rca and Rcs can be evaluated based on the dimensions of the
columns and elastic modulus. The stiffness of the bearings was evaluated as an equivalent stiffness from
the hysteresis loop of the force vs. displacement relation. Fig. 11 shows the relation between the thus

evaluated stiffness of the bearings and their shear displacements. As the stiffness of the bearings shows
some displacement dependency, it was approximated as

2=22.7—0.2u, for RB a7)
k,=8.0—-0.2u, for HDR
In the free oscillation test of the entire bridge model, the deck displacement can be evaluated as
Us=u.+u, @18)

where v
U 4 : deck displacement
u . : displacement at column top
U, : shear displaccment of bearings

Since U4 and uU. were measured during the test, Us can be calculated from Eq.(18). Then the
stiffness of the bearings can be estimated by Eq.(17).

Thus the damping ratio of the model bridge was cvaluated from Eq.(14) for several peaks of free
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oscillations as shown in Table 1. Fig. 12 compares the predicted and measured damping ratios of the
bridge model. The predicted valucs are very close to the measured oncs. They are within £ 20% range

of the measured damping ratio.
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a Test of Model Bridge
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Displacement of Bearing (mm)

Fig. 11 Displacement Dependence of Stiffness of Bearings

Table 1 Comparison of Predicted and Measured Damping4Ratio of Model Bﬁdgc

Number | Displocement of Bridge Model Damping Rotio and Strain Energy of Structural Maibersbrhdoloonpirgd Bridge
P2 Of} o ree. [DisplacenenlDiglocsnent [Displocenent] e A PirB | Beoring [Estimaled fyengyreg
Bearing . ot Girder ol Pier Top |at Bearing —1 by Eq.li1
" 0scilotioy ~ dg {mm) < dy [mm) dolmm)” | hpal’e) | Woa -] bps{)| Wps | Do (%] Wa ha he
Rubber | 33.0 8.2 149 ]0.708]1.437 0.954 | 1.424 | 3.273 | 2.192 ] "1.830 | 1.690
Bearig 2 29.6 16.5 13.3 | 0.708}1.181 |0.954 | 1.170 | 3.273 | 1.775| 1.881 | 1.690
(R8] 3 26.5 14.8 11.8 |0.708|0.950 |0.954 ] 0.944 | 3.273] 1.418 | 1.877) 1.690
4 | 238 13.4 10.5 {0.708]0.779 10.954 | 0.772 {3.273 | 1.137] 1.864| 1.690
gf“*;tm 1 | 219 109 | 18.2 |0.459]0.516 [0.544 {0511 [254 [o710]10.7 114
Rubber| 2 13.4 5.1 8.2 10459]0.141 |0.544 j0.140125.4 ]o213|11.2 |1.4
%ﬁ%ﬁ? 3 6.3 3.0 3.5 10.459]0.039 |0.544 |0.039 {25.4 ]0.045] 9.6 [1.4
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Fig. 12 Accuracy of Predicted Damping Ratio
6 CONCLUSIONS

The effectiveness of the strain encrgy proportional damping method has been verified through the

free oscillation test of a model bridge. Only the damping ratio for the 1st mode was analyzed because of
the simplicity of the free oscillation test. It has been made apparent that the damping ratio of the bridge
can be predicted with enough accuracy by the strain energy proportional damping mcthod when the

damping ratios of substructures are correctly evaluated.
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r DEVELOPMENT OF VARIABLE DAMPER
FOR REDUCING SEISMIC RESPONSE OF HIGHWAY BRIDGES

 Kazuhiko KAWASHIMA * , Shigeki UNJOH **, and Hidetoshi MUKAI ***

‘Presented are expenmental studles on the dynamxc charactenstlcs of a
~ variable damper developed at the Publlc Works Research Institute. A prototype
model of the vanable damper is developed and the dynamlc charactenshcs

’ Vobtamed through the dynamrc loadmg tests’ is ‘presented. Tt is found that the
damping force of the vanable damper developed is controlled as commanded.

. Key Words:  seismic cbhtfol, vanable damper, protbt}y'le modél

1”IN‘ RoDﬁC‘TION"*" A

Because integration of functions of a da}riper—‘i-s'topper'and a energy dissipator is effective for
increasing seismic safety of highway bridges, the applicability and practicability of the variable
damper, in which the damping characteristics is variable depending on the response of highway
bridges, has been studied at the Public Works Research Institute '’ 7 .

This paper presents experimental studies on the dynam:c charactenst:cs of the vanable damper.
A prototype model of the variable damper is developed and the load— dlsplacement characteristics and
the controllability obtained through the dynamic loadmg tests are presented.

2. FUNCTIONS OF THE VARIABLE DAMPER '

The vanab‘e damper is a damper in which the dampmg force is variable dependmg on the
response of lnghway bndges as shown in Flg 1 ’I‘hat is:

* Head EarthQuake EngmeenngDmsxon, EarthquakeDlsaster tPreveh'tiorl-Department,
B - Public Works research Instltute, Mlmstry of Constructlon, Tsukuba —shi, 305
** Senior Research Engineer, ditto ™~ ‘

+4+ Assistant Research Engineer, ditto
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1) The damping coefficient of the variable damper is taken large during a small deck vibration so that
the damper have the same function as a fixed bearing support against the braking load of vehicles.
It is movable against actions with low—velocity such as an elongation of deck by temperature
change.

2) When the amplitude of deck vibration becomes larget up to a certain level during an earthquake,
the damping coefficient is decreased so that the inertia force of a superstructure to substructures
be decreased appropriately.

3) Furthermore, when the vibration amplitude of the deck becomes excessive, the damping
coefficient is gradually increased in order to suppfess the excessive amplitude. Therefore, the
damper has a function as a stopper with a shock absorber function. This is to prevent the impact
response by the sudden operation of the stopper.

’I‘herefore, the variable damper has the advantages of an usual viscous damper—stopper *> “* , a
passive energy dissipator and a stopper with a shock absorber function.

The concept of the vanable damper, in which the damping charactenstlcs can be variable
depending on the situation, has been effectively adopted in a field of mechanical engineering, in
particular in a suspenswn system for an aircraft and an automobile. An active suspension to improve
driving comfortability and stablhty of the automobile is one of the examples ®* 7’ . However, it is a
new idea to apply the vaniable damper for highway bridges based on the concept of distributing the
inertia force of a superstructure to substructures.

Although various types of the variable damper can be made, the simplest one may be as shown
in Fig. 2. The basic component is an cylinder—type viscous damper. A by—pass pipe is installed
between the cylinder—cells divided by the piston. The damping characteristics can be controlled by
varying the amount of flow of viscous material which passes through the by—pass. Since various
technology for controlling such material flow has been developed, the variable damper is most
promising and near to the practical use. Furthermore, the external energy required for the operation
is significantly smaller in the variable damper than in active control devices.
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Fig. 2 Variable Damper
3. DEVELOPMENT OF A PROTOTYPE MODEL OF THE VARIABLE DAMPER

3.1 Outline of A Prototype Model of the Variable Damper

Fig. 3 and Photo 1 show a design plan and a view of the variable damper developed. The model
is designed so that the maximum damping force is 20tf, maximum relative displacement of damper
piston is within & 10cm. The control of the damping ratio is arbitrarily made by a personal computer
depending on relative displacement and velocity developed between deck and substructures.
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Fig. 3 Prototype Model of Variable Damper
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Photo 1 Prototype Model of Variable Damper

The piston—cylinder has the total length of 1,184mm, the pressure area of the piston is 137.4cm
? and the maximum stroke of the piston is * 13cm. A steel pipe by—pass with servo valves is
installed between the cylinder—cells divided by the piston. The servo valve is a D.C. proportional
relief valve. The response time lag of the servo value to the command signal is about 0.05 sec. When
the oil pressure through the valve increases to specified one, the pore oil pressure is relieved. This
pressure is defined hereafter as control pressure. Therefore, damping force of the piston is developed
by the difference of the pressure between two cells in the cylinder. The damping force increases up
to when the pressure reaches the specified one, then becomes constant after the preSsuré exceeds
the specified one. Therefore, if the control pressure of the servo valve is assumed to be constant, the
damping force is dependent on neither displacement nor velocity of the piston. Therefore, friction
type damping force is developed.

The input voltage from a servo amplifier to the servo valve is designed in the range of 0 to 5V.
The control pressure is 0 at the input voltage of OV and increases with increase of the input voltage.
The viscous material used for the variable damper is an usual oil for a dynamic loading actuator. The
variable damper also has a fail—safe function for an emergency condition such as power failure. The
control pressure can be fixed at arbitrary one for such cases. _

Fig. 4 shows the flow of the viscous material in the variable damper. The da;mper piston can
move in the left and right directions accompanying with the deck response. When the piston moves
in the left side, the viscous material flows from the left cell of the cylinder to the right one through
the by—pass and the servo valves. The difference of the pressure in the two cells is adjusted as
specified one by servo valves. When the piston moves in the opposite direction, damping force is

controlled in the same manner.
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3.2 Dynamic Loading Tests of the Prototype Model of the Variable Damper

The variable damper can vary the damping characteristics depending on the displacement and/or
velocity of the structures. Therefore, in order to provide the variable damper with the required
damping characteristics it is necessary to know the basic dynamic characteristics. The damping
characteristics of the variable damper is controlled by the contro! pressure of the servo valve and it is
controlled only by the input voltage to the servo valve from the servo amplifier. Therefore, in order
to arbitrarily control the damping force of the variable damper developed, the relation between the
input voltage to the servo valve and damping characteristics of the variable damper is essential.

Fig. 5 shows the set—up of the dynamic loading tests. Under the condition that the control
pressure of the servo valve is kept to be constant, the loading was applied to the piston by a dynamic
actuator under the displacement control. The input voltage to the servo valve, reaction force and
stroke of the piston are measured. The loading is assumed as harmonic and repeated by 10 cycles for
each loading amplitude.

SERVO AN{P
VARIABLE ¢ [ 1]
CONTROLLER DAMPER L_|
LOAD =
I SENSOR F ks
- o— o}
—A DISPLACEMENT
_ -/ ~ SENSOR
~ ACTUATOR : -
/704 » v/7//8

Fig. 5 Set .Up‘ of Loading Test
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Table 1 shows the experimental cases. Case 1 is to measure the friction force of the damper
piston. Static loading was made with loading frequency of 0.05Hz and loading displacement of = .
100mm. The input voltage of the variable damper is set to be OV so that the control pressure is
0.Case 2 is to obtain the relation between input voltage to the servo valve and damping force of the
variable damper. Loading frequency, loading displacement and input voltage are varied. It should be
noted here that the loadings, that exceed 7cm/s in maximum loading velocity were not made because
of the capability of a loading apparatus.

Table 1 Experimental Cases

. Loading Loading Input
Case Objective Fretiuency Displace- Voltage
(Hz) ment (cn) (Volt

Measurenent of
1 Friction Force of 0.05 +100 0
Danmper-stopper

Relation between
2 Danplng Force and 0.1~1.0 +2~ %100 0~3
Input Voltage

3.3 Performance of the Prototype Model of the Variable Damper
(1) Friction force of the damper—piston

Fig. 6 shows hysteresis loops of the load—displacement relation when the damper is loaded with
the loading frequency of 0.05Hz and loading displacement of % 100mm to obtain the friction force of
the damper—piston. The load—displacement relation shows almost rectangular shape. It means that
the typical friction type load—displacement relation is obtained. The hysteresis is stable for a number
of loading cycles. The average friction force is about 1tf.

10 : T T 7
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s " . !
9 O =
S -2f
..4». B
_6_ R
_8~ 4
...O ] ] 1 ]
-15 -10 -5 0 5 10 15

DISPLACEMENT (cm)

Fig. 6 Hysteresis Loops of Load—Displacement Relation
&)isplacement = 10cm, Frequency = 0.05Hz)

(2) Hysteresis loaps of the load—displacement relation

Fig. 7 shows some of hysteresis loops of the load—displacement relation obtained. The
hysteresis loops are shown for the loading frequency is 0.1Hz and loading displacement of * 1cm, *
5cm and + 10cm. The variation of hysteresis loops with the input voltage are also shown in Fig. 7.
The hysteresis loops have the rectangular shape which means that the variable damper has the
typical friction type hysteresis loops as designed. Although the damping force instantancously
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decreases from specified one to 0 at the instance when the direction of movement of the piston
changes at maximum displacement, the time—lag is found at the standing of the damping force. This
is because increase of the oil pressure from 0 to specified one takes some time. Turbulence is also
found at the instance when the damping force reaches specified one. This may be because the
pressure wave motion is developed by sudden standing of the pressure. k’I‘herefore, the controllability
of the damper may be affected by the loading fréquency'due to the response time lag of the servo
valve. Since the response time lag of the servo valve used is about 0.05 sec. It is required to use the
servo valve with the faster response capability for more preécise control.
(3) The relation between the input voltage and damping force

Fig. 8 shows the relation between the damping force and the input voltage. The empirical
equation obtained by a least square method is also shown in Fig. 8. The damping force varies as a
power function of the input voltage when the input voltage is lower than 1.8V. When the input
voltage is greater than 1.8V the relation becomes almost linear. Therefore, the empirical equation is
assumed as

{ 0.42V3 7+1.0 (0sV=1.8) "
8.14V —-9.95 (V>1.8)
where, F and V  represent damping fqrce (th and inpﬁt voltage (Volt), reSpectively. In Eq.(1), the
constants are determined as averaged values of those obtained in each loading case.
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Fig. 8 Damping Force vs. Input Voltége Relation
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(4) Controllability of the variable damper : .

Based on the above experimental results, the damping force is controlled by the 1nput voltage
using Eq.(1). The controllability of the variable damper so as to control damping force as shown in
Fig. 1 is tested. The control of the variable damper can be is made by control signal from a personal
computer according to the displacement and/or velocity obtained by sensors. -

Fig. 9 shows hysteresis loops of load—displacement relation to show the controllability of the
variable damper. The commanded damping force and the measured one are shown in Fig. 9. Fig.
9(a) and (b) show the cases when the sampling time of displacement is assumed as 0.1sec and
0.01sec, respectively. The loading frequency is 0.1 Hz. The damping force is found to be controlled
almost as commanded. Whe_n the sampling time is 0.1 sec, corrugation is found when the damping
force is varied with the displacement. Therefore, it is required to use the appropriate sampling time
in order to precisely control in consideration with the loading velocity.

30 -
- o : R%GCND T
i : —_ VE
20f —am |
10} g
’E O— ;
o | :
< :
9 -101 B
. o 4 -1
~-20¢ i
_30 .'. ~ .. ' N - ~ - — ~”. : - '.- '
T2 9 6 37 0 3 8 9 -1
DISPLACEMENT {cm) :
(@) S_am_plirig Time 0.1sec
. S —— SRR
20: : T Ao
: IO'
E 0
2 B
9 -10} k
_20-
-30 1

-2 -9 -6 -3 0 3 6 9 12
DISPLACEMENT (cm)

(b) Sampling Time 0.01sec
Fig. 9 Controllability of the Variable Damper Developed

— 465 —



4. CONCLUDING REMARKS

The applicability and controllability of the variable damper devéloped for reducing seismic
response of highway bridges are experimentally studied. The prototype model of thé variable damper
was developed and the performance was studied through the dynamic loading tests. According to the
above investigations the following conclusions may be deduced. Based on the dynamic loading tests of
the prototype model déveloped, the load—displacement relation is obtained as designed. The damping
force of the variable damper is controlled by the input voltage. The relation between the damping
force and input voltage is given by the empirical equation. Furthermore, it is found that the damping
force of the variable damper developed can be controlled almost as commanded. To implement the
variable damper for actual highway bridges, further investigations on the controllability with faster
loading frequency as well as the durability for long term use are required.
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_ SEISMIC BEHAVIOR OF BURIED PIPELINES THROUGH FIELD OBSERVATION
Kazuhiko KAWASHIMA * , Hideki SUGITA ** and Tomioru NAKAJIMA **

- This paperr presents seismic response characteristics of embedded pipes
based on field measurements. Strains induced in steel pipe and ductile pipes
with expansion joints are studied. Special attention is placed for effect of bends
on pipe response. Soil springs which are 1mportant in seismic design by means
of the seismic deformation method is also studled based on the measured data.

Key Words:  seismic deformation method, buried pipe, seis_mic design,
strong motion observation - -

1, INTRODUCTION

Selsmlc desngn of embedded pipes is generally made by the seismic deformation method *? in
which embedded plpes are assumed to respond in accordance with strain induced in ground dunng
earthquakes. Plpes are consrdered to be beams elastically supported by soﬂs when the stiffness of the
soil is modelled by spnngs Although the seismic deformation method has been adopted for seismic
design of embedded hfelme famlmes, measured data avallable for evaluatlon pipe response dunng
earthquakes is very limited. Strong motion observatlon was mibated for measunng plpe response,
because precnse evaluatmg of pxpe response in ground is essentlal for 1mprovmg seismic design
method. Spec1al attention was paid to obtain response data for pipe with bends and expansnon joints.

This paper presents an analysis of the measured data of pipe response, and soil spring stiffness
to be used in the seismic deformation method is also presented

* Head Earthquake Engmeenng D1v131on, Eanhquake Disaster Preventlon Department,
‘ Publxc Works research Instltute, Mlmstry of Constmctlon, Tsukuba Shl, 305 o
** " Research Engmeer, dltto

— 469 —



2. OBSERVATION SYSTEMS

Fig. 1 shows the observation systems placed at Sodegaura city, about 50 km east of Tokyo, for
measuring seismic behavior of embedded pipes. Continuous steel pipe with a diameter of 15 cm and
ductile pipes with diameters of 15 cm (right side in Fig.1) and 30 cm (left side in Fig.1) are embedded
1 m below the ground surface As shown in Photos 1 and 2. The length of the continuous steel pipe
is 120 m and there is a bend at 20 m from the right end. The length of one element of the ductile
pipe is 5 m in the 15 cm diameter pipe and 6 m in the 30 cm diameter pipe. They were jointed
together by expansion joints which are capable of absorbing a relative deformation of = 10 % of pipe

Ao

Bo

V2
LEGEND

s  Displacement of Joint (J1~J3)

»  Strain of Pipe {SST1~SST7,DSTI~DST3)

Down-hole Accelerometer {A~G)

Strain of Ground (GST1~GST3)

Fig. 1 Observation Systems
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length in the axial direction and a rotation of * 6 degrees. Stoppers for preventing excessive
pulling—out are provided at the expansion joints.

Dense instrumentation is made to measure the pipe response. The strain induced in the steel
and ductile pipes as well as relative displacements developed between two adjacent ductile pipe
sections were measured. Strain gauges with coating against water are placed on the both sides of the
pipes so that the flexural strain as well as the axial strain could be detected.

The ground acceleration and ground strain were measured. Three—components down—hole
accelerometers were installed at seven points to measure ground acceleration. The accelerometers
A—F were installed 1 m below the ground surface, and the accelerometer G was installed 30 m
below the ground surface. The measured data was used to compute the averaged ground strain
induced at the site. Special devices were installed 1 m below the ground surface to directly measure
ground strain. The devices consist of two 80 cm diameter circular plates and a 6 cm diameter double
tubed steel rod. The circular plates were connected to the double tubed steel rod. )

Movement of the circular steel plates in accordance with soils vibration during earthquakes
would develop small relative displacements between the two circular plates. Ground strain may be
evaluated by dividing the relative displacement by the length of the double tubed steel rod. This
device has been successfully used for measuring ground strain at several observation sites '’ .

All the measured signals are digitized with an interval of 1/100 second and recorded with a

Table 1 Major Earthquakes Triggered

NO. ! 3 EPICENTER | MAGNITUDE | FOCAL
oFEq | T EPCENTRAL L oiainune | Latimene o | pEPTH (=)
} REGION | ? i ~
Q-1 |1989.10, n U O ; 135" 63° i 33" 537 f 57 % %5
Q-2 j190. 5 1 oo | oy , 35" 38° 59 l )
£0-3 11090 6. 3 M:'jg‘i“fﬁig\i 139° 20" ! 35" 5 53 120
En- 1 51900 5271 SaGAMI-Bay 15907 | 35000 L sa 143
EQ-5 ; 1900, 3.23 ' a5 9% 1407 247 ; 3 21 5.4 5
EQ=5 {1920. 5.23] oHE OF ' 140" 24" 1 % 2 52 3 19
EQ- txoco 12.11 ‘ CHIA L OE 10019 | 35 19° 10 3
£0-3 |1090.12 16 | oaRLE OF i3 ! 3537 15 77
£Q-9 ’ 1991, 5.23% TOKYG—BAY 139" 52° : 35" 29 15 73
EQ-10 |1991. 7. ui et 138" 31" ; 36" 25° 5.4 187
EQ-11 §1991. 9_29i ot OF 140° C6° 35" 15° 19 50
EQ-12 | 1991.11.19 ! TOKYO—BAY 149° 02° 35" 35 19 31
EQ-13 §1992. 2. 2i TOKYO—-BAY ; B s | 352 5.7 »
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digital acquisition systems. Pre—event memory of about 10 seconds are provided to get full records
from their start.

3. MEASURED DATA

Observation was initiated in January 1989 and many records have been already obtained. In this
report the pipe response was analyzed based on the measured data obtained after October 1989.
Record which are large enough for analysis were measured by thirteen earthquakes as shown in

Table 1.

Max =813 p

STRAIN (1)

*(a) Strain at point SST1

STRAIN (&)

Max = 10.11 ¢

(b) Strain at point SST2

20

10

0 ‘yw&hywwﬂw
T Mox=T7.18

STRAIN ()

(c) Strain at point SST3

ACCELERATION
{em/sec?)
(@]

-100 Max = 70.01 em/sect

10 11 12 13 14 15 16 17 1'8 19 2'0 2122 23 24 25
TIME (SECOND)

(d) Acceleration at point C '

Fig. 2 Measured Axial Strain of Steel Pibe and Ground Acceleration C Point during EQ 13
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Fig. 2 shows the measured axial strain induced in the steel pipe and ground accelerations
developed by an earthquake with epicentral distance of 75 km and an earthquake magnitude of 5.7.
This earthquake is designated hereinafter as EQ 13 earthquake. The peak ground acceleration was
about 65 to 70 cm/sec * and the peak pipe strain was about 7.2 to 10.1 £ . Tt is interesting to note in
Fig. 2 that although there are many similarities of the pipe strains in the wave form between the
three locations, they are not identical. This clearly shows that the pipe response in axial direction
depends considerably on the response of nearby soil.

Because the ground motion was small, the devices for measuring ground strain did not directly
detect ground strain. Fig. 3 shows ground strains computed for the EQ 13 earthquake from measured
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20 A A A ppoy
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Fig. 3 Ground Strain Computed for EQ 13 from Measured Ground Acceleration
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Fig. 4 Measured Axial Strain of Ductile Pipe during EQ 13
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ground accelerations. The measured ground accelerations were double integrated to obtain the
ground displacements *’ . Assuming triangular elements such as A ABC and A BCD, the ground
strain along pipe axis was computed with use of the standard finite clement method * . Linear
interpolation function for displacements was assumed in each finite element. It should be noted in
Fig. 3 that there is some drift of zero strain at 13—14 second. Because the ground accelerations are
quite small, there way be some error in computing the ground strain. It should be also noted that the
peak strain is 1.6 times larger in A BCD than A ABC. This way be developed due to special
vanation of ground. If the ground strain computed for A ABC, which is the averaged ground strain
between points A and C, is compared with the axial pipe strain at point SST1, in Fig. 2, it is found
that the strains obtained are quite similar.

Fig. 4 shows axial strain induced during the EQ 13 earthquake in the ductile pipes. Almost no
relative displacement was developed at the joints. It is interesting to note that the strain of the
ductile pipe at the point DST—1 is quite similar with the strain of the steel pipe at the point SST—1.
The strain of the ductile pipe is not necessarily smaller than the strain of the steel pipe. This implies
that reduction of axial force induced in the ductile pipe due to the expansion joints was quite small
during the EQ 13. The forces developed at the expansion joints during the EQ 13 were so small that
friction at the expansion joints prevented slippage to occur between the adjacent pipe sections.

Fig. 5 shows a distribution of peak strain along the steel pipe for the EQ 13 earthquake. Both
axial and flexural strains are presented. It should be noted that although axial strain is predominant in
the straight section, flexural strain becomes larger than the axial strain at the bends. Flexural strain
has to be therefore taken into account in seismic design of pipes at bend sections.

Fig. 6 shows the axial strain of steel pipe vs. peak ground acceleration in pipe axis relation for
the data obtained by the thirteen earthquakes presented in Table 1. The strain at SST3 was plotted.
Although number of the data obtained is still small, clear correlation between the pipe strain and the
peak ground acceleration is observed. By increasing the number of data, this is expected to provide a
practical estimation for the pipe strain induced during earthquakes.

4. EVALUATION OF SOIL SPRING STIFFNESS

An analytical model presented in Fig. 7 is often adopted to estimate dynamic response analysis
of embedded pipes ®’ . The pipe is idealized by a beam elastically supported by springs which
represent pipe —soil interaction. Soil response is computed by prescribing the input ground motion at
the base rock.

In the analytical model presented in Fig. 7, it is essential to determine the stiffness of the soil
springs which elastically support correctly the pipe. Various methods have been proposed from
analytical and experimental studies to estimate the soil springs. However due to limitation of
measured data available for estimating soil springs based on measured seismic response data of pipes,
few studies have been made for soil springs. Therefore, with use of the analytical model presented in
Fig. 7, the soil springs stiffness were studied.

The response displacements of soils which were estimated from the measured accelerations
were used for computing the pipe responses. The steel pipe was idealized by a discrete analytical
model with 24 beam elements as shown in Fig. 8. Because the displacements which were computed
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‘from the measured accelerations were available at only six points, the displacements at each nodal

point of the analytical model were computed from either linear interpolation or extrapolation of the
displacements from the six points. -
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Fig. 7 Analytical Model for Dynamic Response Analysis of Embedded Pipes

Fig. 8 Analytical Model Used for Pipe Response

In the Design Specifications of Petroleum Pipelines *’ , the soil spring stiffness is stipulated to
be estimated as

K=c¢ XG, ¢y
where K : stiffness of soil spring per unit length, ¢ : a coefficient, and G, : shear moduli
of soils. The shear moduli of soils are estimated as

G.= Tg‘ XV,? @

where 7+ : unit weight of soils, V', : shear wave velocity of soils, and g : acceleration of
gravity. In the specifications the coefficient ¢ is stipulated to be determined by
appropriate tests, and a value of 3.0 is recommended when such test data is not available.

The soil spring which gives realistic estimation for the measured pipe strain was therefore
studied. Fig. 9 shows the approximation of the computed pipe strain assuming a soil spring stiffness
of 100 t/m 2 and 300 tf/m ®. The computed axial and flexural strain along the longer straight pipe
approximates quite well the measured pipe strain. However the approximation along the shorter
straight pipe and bent is rather poor. Approximation at these parts require further clarification by
accumulating the measured data. Because shear wave velocity which was measured at three points
in the observation site was about 150 m/sec at the depth between the ground surface and 15 meters

"below the ground surface, the soil spring stiffness of 100tf/m > and 300tf/m * are predicted by
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assuming a coefficient "c" of about 0.05 and 0.16 respectively in Eq.(1). From such evidence it may be
said that the recommended value of 3.0 for the cocfficient "c" in Eq.(1) is excessively conservative. It
is important to precisely study the coefficient "c" which gives a realistic soil spring stiffness.

—~ 20
15
10

STRAIN (y

0

(a) Axial Strain

— 20
15
10

STRAIN (K
(<]

——=K=100 tf/m?
o300 {Z‘,?,z} COMPUTED

o MEASURED

(b) Flexural Strain

Fig. 9 Best Correlation of Pipe Strain for EQ 13
5. CONCLUSIONS

For accumulating actual seismic behavior of embedded pipes during earthquakes, seismic
observation of two types of pipes was initiated. Based on the analyses of the measured data on the
strain of embedded pipes, the following conclusions may be deduced:

1) Although axial strain is predominant in the straight section, flexural strain is more predominant
than axial strain at the bend section of the pipe based on the measured data. Flexural strain
should be considered in seismic design at bend sections.

2) Considerably good correlation was observed between the measured axial strain of the pipe and
the peak ground acceleration. Accumulation of measured data is expected to provide a realistic
estimation method for the pipe strain based on the peak ground acceleration.

3) The computed pipe strain assuming Egs.(1) and (2) was excessively larger than the measured
pipe strain. It is thought that the spring stiffness predicted by Eq.(1) assuming the coefficient "c"
of 3.0 is too conservative. Coefficient "c" has to be precisely studied by analyzing more measured
data.
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6. FUTURE DIRECTIONS

Accumulation of measured data is required'for providing a realistic estimation method for the

pipe strain based on the peak ground acceleration, and for studying the coefficient "c" which gives a
realistic soil spring stiffness. Because the observation site is located at one of the highest seismicity
area in Japan, it is anticipated to have a number of measured data in a short time.

)
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SEISMIC RESPONSE CONTROL OF HIGHWAY BRIDGES
BY VARIABLE DAMPER

Kazuhiko Kawashima ', ShigAel‘{i‘Uhjdh 2 and Hidetoshi Mukai *

ABSTRACT

This paper proposes the variable dampers which vary the damping coefficient
depending on structural response, and the variable stiffness control in which the
-natural period of structures is varied depending on the structural Ar‘esponsé.
Effectiveness of the variable dampers is presented through a numerical analysis and
a series of shake table tests. The effectiveness of the variable stiffness control is
also presented through a numerical analysis.

INTRODUCTION

- Variable damper, in which damping coefficient can be variable dependent on structural
response, for structural response control against an earthquake was proposed by the authors in
1989 (Kawashima and Unjoh 1989), and various studies have been made at the Public Works
Research Institute. The variable damper has been effectively adopted in a field of mechanical
engineering, in particular in a suspension system for an aircraft and an automobile. An active
suspension for improving dnvmg comfortableness and stability of automobiles is one of such
examples (Sugawara 1986; Millikan 1987). However, it is a new idea to apply the variable

1 Head, Earthquake Engineering Division, Earthquake Disaster Prevention Department,
Public Works Research Institute, Ministry of Construction, Tsukuba—shi, 305
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damper for structural response control against an earthquake.

Vaniable stiffness is another interesting field of extension of the varable damper. If one
shifts the natural period of structures, the structural response may be significantly reduced by
avoiding the resonance with the ground motion.

This paper presents the current studies for the variable dampers and variable stiffness for

response control of bridges against an earthquake.

VARIABLE DAMPERS

A unique technic in application of dampers to bridges is distribution of lateral force to as
many piers as possible. Although damper is effective for reducing deck response, it is also
effective for transmitting lateral force from deck to piers when it is used at over—damper
range. Thus the damper stoppers have been successfully implemented in many bridges.

Because few energy dissipation is made in the damper stopper, it is effective to decrease
the damping ratio so that energy dissipation can be made when the bridge is subjected to a
ground motion caused by a large earthquake. Because the damper stopper is effective for
preventing a small deck vibration associated with breaking loads and wind effects, the function
as the damper stopper is effective at small deck displacement. On the other hand when the
deck response becomes excessive during an earthquake, the stopper is required to present
further build up of the deck response.

Thus, the variable dampers with the following requirements may be superior to the
existing dampers and damper stoppers:

1) Damping coefficient is very large during a small deck vibration for preventing the deck
vibration due to breaking loads of vehicles and wind effects. It is movable against the low rate
motions such as the elongation of deck by temperature change.

2) Against the seismic response with the deck response over a certain value, the dampmg
coefficient needs to be set so as to make energy dissipation maximum.

3) Against excessive deck response during an earthquake, high damping coeff cient is
required to function as a stopper. Smooth and gradual increase of the damping force may be
effective for preventing shocks. »

CONTROLLER
SUPER STRUCTURE
o)
VISCOUS MATERIAL # CYLINDER
SENSOR PISTON % g /
N\
¥ "

/4

SUBSTRUCTURE BYPASS SERVO VALVE

Fig. 1 Variable Damper

Although various types of the variable damper can be made, the simplest structure may
be an piston—cylinder viscous damper as shown in Fig. 1. A by—pass is installed between the
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cylinder—cells divided by the piston. Damping coefficient of the damper can be controlled by
varying an amount of viscous flow of the by—pass. Various technologies for controlling such
flow are available. External energy required for such control is generally much smaller than that
required for the active control.

EFFECTIVENESS OF VARIABLE DAMPERS

Fig. 2 shows the deck displacement dependent damping ratio of the variable damper
proposed for bridges (Kawashima, Unjoh, Nagashima and Shimizu 1991). Various control
algonthm may be used such as to vary h:, hz and hs in time depending on bridge
response for optimizing the deck response. The damping ratio can be varied depending on both
the deck velocity and the deck displacement (Kawashima, Unjoh and Shimizu 1991). Partial
control in which the control is made only partially in time can be made (Kawashima, Unjoh and
Shimizu 1991). It should be noted that any relation between the damping ratio vs. the relative
displacement and/or relative velocity can be incorporated in the analysis. The damping ratios
hi, h: and ha are assumed here to be constant during an earthquake.

DAMPING COEFFICIENT C

e C2fh2 ___C3 My
' I
i Cif _\ M I
I } |
: ] I 2 >
2 —
3 s 0% N

RELATIVE DISPLACEMENT (xdu)
Fig. 2 Analytical Ideallzatxon of Damping Force vs. Relative Displacement Relation

For studying the effectiveness of the variable damper, a simple span girder bnidge, as
shown in Fig. 3, with a span length of 30m was analyzed. The response in longitudinal direction
was considered. Although the variable damper has better implementation for multi—span
continuous bridges, a simple span bridge was considered for analysis for simplicity. The deck
was assumed to be supported by elastic bearings, and two variable dampers were installed
between the deck and the piers.

ISOLATOR ~. " ISOLATOR
VARIABLE :

DAMPER VARIABLE

jerl 30m — i I0m - e
T ) o ~p =}

my [

LE 3 E

P! & ~

_H___ : f._ﬁ__j_’% T mmrl‘

AJ. !6m : J”—“!Sm

Fig. 3 Bridge Analyzed and Analytical Idealization
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The fundamental natural period of the bridge is 0.5second if the both bearings are hinged,
“and is 1.0second it the bridge supported by the rubber bearings.

The bridge response with and without control by the variable dampers was computed.
The damping ratios in Fig. 2 were assumed as h;=0.5 and hz= has=3 . As shown in
Table 1, the peak deck displacement and the peak deck accelerahon decrease to 26% and 44%
of those without control, respectively.

The damping force and stroke required for the vanable dampers are 632 KN X 2 = 1264
KN and 5.78cm, respectively. Because the weight of deck is 2368KN, the damping force is 53%
of the deck weight. The variable dampers with this specification can be designed and fabricated
within the current scope of dampers technology.

- Table1 Peak Responses
Deck - Pier Variable Damper

" Displace— . Accele— | Shear Bending - | Damping Relative Relative
Ané’:?" - ment V(c;l::/:st)y ration Force | Moment Force - | Displacement | Velocity
- (cm) (covs?) | (KN) (KN-m) (XN) (cm) (cm/s) -
NO CONTROL | 33.00 189.0 1.300 1.637 32,333
WITH CONTROL 8.46 48.4 967 . ] - 186 15, 102 614 5.18 60.7

VERIFICATION OF VARIABLE DAMPER THROUGH SHAKE TABLE TEST

For verifying the feasibility of the variable dampers, a prototype variable damper was
developed. It is a piston—cylinder type viscous damper with a by—pass installed between two
cylinder—cells divided by the piston. The model was designed so that the maximum damping
force is 200KN and the stroke is * 13cm. Damping force can be controlled by a personal
computer depending on a relative displacement and/or a velocity between a deck and a pier.
The electricity required for control is only 50W. This is extremely small as compared with the
energy required for the active control.

A series of dynamic loading tests was made for the model. Fig. 4 shows a hysteresis loop
of the damping force vs. stroke. Both command signal and actual data are presented. The
hysteresis loop obtained by the loading test is very close with the command.

300 [l T [] L T T
- LEGEND .
200} ——— MEASURED :
. N 1 |=—-couvaneo R
— . 1 L7 P ] B
= 100} iM S 1
o 0 !
<< - k 2= == [} 4
S -1oo} h /\[:
= .7 2 3
-200}
_3 i 1 2 ¢ ' N f 1

2 -9 -6 -3 0 3 6 9 1
DISPLACEMENT (cm)

Fig. 4 Damping Force vs. Relative Displacement Relation from
Dynamic Loading Test of Variable Damper

For verifying the effectiveness of the variable damper, a series of shake table tests was
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made. A simple span bridge model was fabricated on a shake table as shown in Fig. 5. The
deck is 7.6m long and 390KN in weight. The piers are 1.6m long. The deck is supported by

four rubber beanngs, and the prototype variable damper was installed between the deck and the

pier.
WEIGHT 390KN

2
I
T (e}
VARIAGLE =
DAHPER EARING Ly ul
ISP I7 7777777, ’/- l
23 |14 | 23 :,
b d 3
6

(UN]T :m)
Fig. 5 Shake Table Test of a Model Bridge with a Variable Damper

The model bridge was excited by a ground acceleration. The peak table acceleration was
set as about 180cm/sec > and 413cm/sec >. The excitation by the table motion with peak
acceleration of 413cm/sec ? was not made for the model without control, because the deck
response became excessive.

Figs. 6 and 7 compares the deck displacement of the model bridge, with and without
control by the variable damper, subjected to the table acceleration with peak acceleration of
about 180cm/sec ?. Predicted response by the analysis which will be described later is also
presented. The deck responses are 376cm/sec > and 9.2cm for no control, and they are
decreased to 203cm/sec * and 1.3cm by the variable damper. The maximum damping force
required for this control is 71KN, which corresponds to 18% of the deck weight.

A simulation of the experiments by the analytical method presented in the previous
chapter was made. The deck, piers and rubber bearings were idealized by a discrete linear
frame. Figs. 6 and 7 compare the deck displacement and the damping force developed in the
variable damper between the experiments and analyses. The predicted responses are quite
close with the measured responses.

VARIABLE STIFFNESS CONTROL

Most of bridges with usual size have the natural period ranging from 0.3 to 1.5second, and
this natural period range corresponds to the predominant period of earthquake—induced ground
motions. Thus the resonance of the bridges response with the ground motion tends to be
developed during an earthquake. The bridge response could be reduced provided the resonance
of bridge response with the ground motion could be avoided.

Although it is hard to predict the predominant penod of ground motion prior to an
earthquake, it can be evaluated time by time during an earthquake. The moving window
analysis may be used for evaluating the mstantaneous predominant period of ground motion
T* . The resonance of bridge response w:th the ground motion may be avoided if the
instanfaneous natural penod of bridges T - be shifted from" the mstantaneous -predominant
period of ground motion T* during an earthquake. -
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There are various methods to shift the instantaneous natural period of bridges during an
earthquake. Flexibility of bearings may be changed, and active tendons/bracings may be
adopted.

If one provides the variable dampers for a bridge which is elastically supported by rubber
bearings, the natural period of the bridge can be varied by changing the damping coefficient of
the variable dampers. If one makes the damping ratio of the variable damper very large, the
variable damper would acts as the damper stopper. On the other hand, if one makes the
damping ratio small, the natural period of the bridge takes the value computed from the
stiffness of the rubber bearings and piers. The variable dampers have various advantage for
controlling the instantaneous natural period of bridges because it is more stable for long term
use than the active tendons/bracing systems.

Fig. 8 shows the algorithm of the varable stiffness control. The instantaneous
predominant period of ground motion T* at time ¢ is computed by the moving window
Fourier Spectrum. The damping coefficient of variable dampers is varied so that the

instantaneous natural period of the bridge T be shifted to prevent the resonance with the
ground motion.

1
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- Fig. 8  Control Algorithm of Variable Stiffness

— 487 —



Although several algorithm can be considered, the period shift is assumed here as

T=aT* GV
in which T instantaneous natural period of a bridge at time t, , T® instantaneous
predominant period of an earthquake ground motion at time ¢, , @ control coefficient. The
coefficient @ has to be determined depending on the undamped natural period of the bridge
To and the instantaneous predominant period T* of an ground motion.

EFFECTIVENESS OF VARIABLE STIFFNESS CONTROL

To study the effectiveness of the vanable stiffness control, a three—span continuous
girder bridge, as shown in Fig. 9, with a span length of 90m is analyzed. The response in
longitudinal direction is considered. The superstructure of the model is supported by elastic
bearings, and four variable dampers with the same characteristics are installed between the
deck and the piers. The weight of the superstructure and spring stiffness of the rubber bearings
are assumed as 4,719KN and 6,247KN/m, respectively. The stiffness of piers is assumed so that
the fundamental natural period of the bridge is 0.5sec when the deck is supported by hinges.
The stiffness of rubber bearings is set so that the fundamental natural period of bridge is 1 sec
when the deck is supported by the elastic bearings. The damping ratio of the bridge without
control is assumed as 0.02.

- 90 N
30 e 30 e 30 R
I I |
i
__(i\: fpj/b:
. - -
™ ' VARIABLE .
. STIFFNESS
Y I/_I\l e C._1
[T .

Fig. 9 Model Bridge Analysed
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Fig. 10 Input Acceleration and the Predommant Period

An acceleration ground motion as shown in Fig. 10 is used as an input acceleration. The
instantaneous predominant frequency (1/T*) - of the input acceleration is also shown in Fig.
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10. Because the predominant period of ground motion is about 1sec., a in Eq. 1) was
assumed as 1/2.

Fig. 11 shows how the natural- penod of the bndge change dependmg on the d'm’npmg
coefficient of the variable dampers. At the damping coefficient C of about 4,200KN'sec/m, the
fundamental. natural period of bridge take very large value, because this corresponds to the
critical damping of the structure. Although the period shift may be made in the damping
coefficient range of 0 to over 8,000KN-sec/m, it is assumed here that the period shift be made
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in the range of damping coefficient C over 4,200KN-sec/m.

Flg 12 compares the deck acceleration and displacement of the bndge with and without
control. The peak displacement and peak acceleration of deck decreases to 17% and- 50% of
those without control. The bending moment of pier bottom decreases to 52% of the one
without control. The peak damping force required for the four variable dampers is 761KN X 4
= 3,040KN and peak stroke is 3. lcm .

CONCLUDING REMARKS

Because the variable damper is a simple extension of the damper stopper technology
which has been used in Japan for long time, it is expected that the variable dampers be
implemented in near future. Various research on the varable stiffness including development of
the prototype model and shake table tests are currently being made.

The research presented herein is heing made as a part of the U.S.—Japan Cooperative
Research on Hybrid Control of Bridges under auspices of the Panel on Wind and Seismic
Effects, UJNR. The authors extend their sincere appreciation to the strong support of Dr. S. C.
Liy, NSF, Dr. H. S. Lew, NIST, Mr. J. D. Cooper, FHWA, Professor M. Shinozuka, Princeton
University and Professor J. N. Yan, University of California at Irvine.
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SEISMIC RESPONSE OF REINFORCED CONCRETE BRIDGE PIERS
SUBJECTED TO ECCENTRIC LOADING

Kazuhiko KAWASHIMA ', Shigeki UNJOH ? and Hidetoshi MUKAI *

ABSTRACT

Presented are the seismic response characteristics of C—shaped reinforced
concrete bridge piers which are subjected to eccentric loading by the dead weight of
superstructure and cantilevered beam. Shaking table test and dynamic loading tests
of model piers were made to investigate the seismic response characteristics. It is
found that the response of piers is developed only in one direction, in which the
eccentric loading is applied, resulting in large residual displacement. It is also found
that the ductility of the piers significantly decreases as the eccentric loading
increases. |

INTRODUCTION

Recently, new types of structures have been constructed in urban areas because of land
use restriction and other constructlon conditions. C— —shaped reinforced concrete (RC) bridge
piers as shown | in Fig. 1 are one of the typrcal examples. Because the C—Shaped RC piers are
subjected to eccentric loadmg by the dead weight of superstructure and cantilevered beam,it is
~ anticipated that the seismic response of the piers is developed only in one direction during an
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earthquake. It is therefore important to investigate the strength and ductility characteristics and
to develop the seismic design method against large—scale earthquakes.

This paper presents the seismic response characteristics of the C—shaped RC bridge
piers through a shaking table test and dynamic loading tests of model piers.
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Fig. 1 C—Shaped Reinforced Concrete Bridge Pier Subjected to Eccentric Loading

DEFINITION OF ECCENTRIC LOADING

To define the eccentricity, a bending moment ratio ry is assumed as
Me

" Mo+ M »

where .
Mg : bending moment due to design seismic lateral force
Mo : bending moment due te eccentric loading of superstructure and cantilevered beam
Eq.(1) means that as the eccentric loading increases ry deceases.
Fig. 2 shows the bending moment ratio ry for 45 existing C—shaped RC bndge piers
in the Metropolitan area. The bending moment ratio 7y is in the range of 0.4 — 0.9. Mean
value of the bending moment ratio ry is 0.55.

SEISMIC RESPONSE OF C—-SHAPED RC PIERS
BASED ON SHAKING TABLE TESTS

Bndge Pier Model

To investigate the seismic response of the C— shaped RC pler, a series of shakmg table
test was made at the Public Works Research Institute. Fig. 3 shows the model desngned\wth
the scale ratio of the model to the prototype pier of 1/4.6. The bending moment ratio 1 is
0.55. ;

The specimen has an effective height h of 2.55m and cross section of 52cm X 42cm. The
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Fig. 3 C—Shaped Bridge Pier Model for Shaking Table Test

shear span ratio h/d , which is defined as the ratio of the effective height to the effective
width d of the cross section, is 6.9. Reinforcing bars with a diameter of 16mm (D16) and
22mm (D22) are provided as the longitudinal reinforcement at the side where either
compression or tension are developed due to the eccentric loading. Reinforcing bars with a
diameter of 16mm (D16) are placed at two other sides. The reinforcement ratio is 1.78%.
Reinforcing bars with a diameter of 10mm (D10) are placed as the tie reinforcement with
17.3cm interval. Tie reinforcement ratio is 0.16%. Averaged yielding stresses of the longitudinal
and tie reinforcement are 35.38KN for D16, 34.32KN for D22 and 34.83KN for D10,
respectively. Averaged compression strength of the concrete is 3.29KN. It should be noted here
that since the weight of the superstructure supported by the model is 393.2KN, the model can
be considered to be designed assuming the seismic lateral force coefficient of 0.27. Axial stress
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induced by the dead weight of superstructure is 90N. Computed yield displacement 4,
corresponding to one displacement ductility factor and yield force of the pier in the direction in
which the eccentric loading is applied are 20.5mm and 75.5KN, respectively. On the other hand,
they are 91.3mm and 115.7KN, respectively in the opposite direction.

Shaking Table Test
The pier model was fixed at the center of shaking table and two spans of simply

supported girders with total weight of 393.2KN and length of 15m were placed on the pier
model. Two ends of the girder were supported by the two steel frames placed outside of the
table. The girder was supported by the pier model with fixed bearings, and by the steel frames
with movable roller bearings. Therefore, the inertia force developed at the girder during
excitation is directly applied to the pier model.

The pier model was excited along transverse direction to the bridge axis. An acceleration
record measured at the Hachirogata during the Nihon—kai—chubu, Japan, Earthquake of 1983
was used as an input motion by reducing the time axis one half so that the predominant
frequency of the record matches with the fundamental natural frequency of the pier model.
Peak acceleration of the record was assumed as 0.35G.

Extensive instrumentations were made to measure basic parameters including
accelerations at the foot of pier and at the girder as well as relative displacement of the girder
with reference to the shaking table. Inertia force of the superstructure was computed by
multiplying the acceleration developed at the girder My the mass of girder.

Seismic Response Characteristics
Fig. 4 shows the table acceleration, the response acceleration and displacement of girder.

Although the peak acceleration of the shaking table is 812(:m/s , this is due to a spike—like
residual lateral dnsplacement of 16cm is developed at the pler crest in the dnrectlon of
eccentricity. The stopper provided for preventing falling—off of girders prevented further
drfting. Such a permanent displacement is clearly observed in Fig. 5 from biased inelastic
response displacement. The drift of the response displacement which exceeded the yield
displacement was developed at the time of 12sec when the first strong excitation is loaded.
However, after the excitation at the time of 17sec, the residual displacement reached to about
16cm. Increase of the drifting of the response displacement after the first strong excitation
seems to be less. It should be noted here that although the residual displacement was also
developed in the shaking table test of RC pier model subjected to concentric loading, the
amount of residual displacement is much smaller (Kawashima, et al. 1993).

Fig. 5 shows the failure mode of the model after the excitation. Compression failure was
developed in the compression side due to the eccentric loading, while only horizontal tension
crack was developed in the tension side. .

Fig. 6 shows the hysteresis loop of the load—displacement relation obtained through the
test. The biased displacement response exceeding the yield displacement was clearly developed
after the first significant excitation. The degradation of the stiffness in accordance with
nonlinear response can be clearly observed.
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DYNAMIC LOADING TEST OF RC PIER MODELS

Bridge Pier Models Studied
Dynamic loading with use of an actuator was made for comparing the strength and

ductility with those obtained by the shaking table test. Fig. 7 shows three models used for the
test. The models are basically the same as the specimens used for the shaking table test, and
the bending moment ratio rv was varied from 0.51 to 0.69 as a parameter to be investigated.

Eccentric Loading
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Fig. 7 C—Shaped Bridge Pier Model for Dynamic Loading Tests

The three models have an effective height h of 2.55m and cross section of 52cm X
42cm. The shear span ratio h/d is 6.9. The bending moment ratios rx were assumed as
0.69 (P—60; small eccentric loading), 0.55 (P—62; medium eccentric loading) and 0.51 (P—64;
large eccentric loading), in which the specimen number represents the serial number of models
at the Public Works Research Institute. P—62 has the same scale and arrangement of
reinforcement with the one used for the shaking table test. Axial force applied to the models
was 196.1KN so that it matches with the shaking table test. The axial stress developed in the
piers is therefore 90N. It should be noted however that the axial force for P—60 was 127.5KN

(axial stress was 58.8N) because of the limitation of loading apparatus.

Dynamic Loading Test

The pier model was anchored to the reaction wall with bolts. A dynamic actuator was
fixed to the head of the pier model. Axial loading apparatus was fixed to the head of the pier
models so that the eccentric loading be applied. A steel apparatus was set at the pier crest to

apply the axial force eccentrically.
Fig. 8 shows the loading scheme for the tests. The pier models were subjected to a

series of step—wise increasing symmetric displacement cycles. At each step, 10 cycles of
loading with the same displacement amplitude was carried out. The yield displacement
corresponding to one ductility factor was assumed as an unit loading displacement. Because the
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pier models is deformed due to subjected to the eccentric loading, the unit loading displacement
0 is defined as
01=0,— 0o 2)

where

0 , :yield displacement

0 o : displacement developed due to the eccentric loading
The unit loading displacement was used for controlling the dispalcement in the step—wise
loading scheme. The loading velocity was assumed as lcm/s.

Four sides of the pier are reffered as A, B, C, and D—side as shown in Fig. 5.

8y : Yield Displacement
80 = Displacement by Eccentric Loading

i
-

i
¢RI /f '

380
Fig. 8 Loading Scheme for Dynamic Loading Tests

Failure Mode of Pier Models

Fig. 9 shows the failure mode of P—62 (rx=0.55 ) at B—~side. During 0,1 to d:
loading, only small horizontal cracks were found at A—side. No crack was found at C-side.
After éa loading the cracks was initiated at C—side. During 6 « loading, diagonal cracks
were developed from the bottom of A—side to C—side. As the loading cycles increase,
significant cracks were developed at the bottom of C—side and the cover concrete was
spalled—off. During 6 s loading, triangular wedge of the concrete at the bottom failed and two
longitudinal reinforcing bars were ruptured in B—side. During 6 7 loading, the deformation of
the pier was significantly extended at the base. It should be noted that the failure mode
developed during the shaking table test is significantly different from that developed during the
dynamic loading test. Although the diagonal crack was developed by the dynamic loading test,
such diagonal crack was not developed by the shaking table test. This is because that although
the loading in the direction of A—side was forced to be applied during the dynamic loading test,
the reseponse displacement during the shaking table test was developed in only C—side
direction.

Figs. 10 and 11 show the failure modes of P—60 ( r4=0.69 ) and P-64 (r«=0.51),
respectively. In P—60, crack was developed at the C—side from d 1 loading. Then the crack
increased at both A—side and C—side. During 8 s loading, cover concrete was spalled—off at
the both sides at the bottom. During 6 7 loading, three longitudinal reinforcing bars were
ruptured. The failue mode of P—60 is different from that of P—62. The damage was developed
only at the compression side due to the eccentric loadingin P—62, while the damage was
developed at both tension and compression sides in P—60.

On the other hand, in P—64 ( r»v=0.51 ), the diagonal crack was developed during 4 3
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loading. The cover concrete at the C—side at the bottom was spalled—off during 4 loading.
Compression failure of concrete was developed during ds loading at the C—side at the
bottom and one longitudinal reinforcing bar was ruptured. The progress of damage of P—64 was
faster than P—-62.
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Strength and Ductility Characteristics

Fig. 12 shows the effect of bending moment ratio ry on the load—displacement
relation. In the side of eccentricity, the peak strength decreases faster as the loading
displacement incerases. The ductility becomes smaller as the bending moment ratio decreases.

Table 1 compares the strength and ductility of the models. The ductility is almost the
same for ru of 0.69 (P—60) and 0.55 (P—62), but when the ry is 0.51 (P—64) the ductility
decreases to one half of P—60 and P—62. The ratio of the peak force to the yield force of P—64

decreases by 10% than those of P—-60 and P—62.

LOAD (kN)

200 ;
100} ;
0 n ,7 , .
-100| / BENDING 'Eq%gqggrommo:m ]
I N / ——— Yx = 0.5 ]
- T/ —— Yu =0.55 ]
~200 - ~T_ ‘ ,’/ —- ;u = 0.69 .
-0 -8 -6 -4 -2 0 2 4 6 8 {0

DISPLACEMENT {cm)

Fig. 12 Effect of Bending Moment Ratio rx on Hysteretic Behavior

Table 1 Strength and Ductility of Pier Models

_ P-60 P-62 P-64
Bending Moment Ratio 0.69 0.55 0.51
ru (Eccentric Loading) (Small) (Medium) (Large)
Yield Force P, (KN) 124.5 147.1 223.6
Peak Force Pa.x (KN) 145.1 179.5 2383
P.../ P, 1.17 1.22 1.07
Yield Displacement 6 , (cm) 1.6 13 2.0
Ultimate Displacement d . (cm) 8.8 73 54
Ductility Factor 6 ,/ 0 . 55 56 2.7
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CONCLUDING REMARKS o

To mveshgate the seismic response charactenshcs of C—shaped reinforced concrete’
bridge piers subjected to the eccentric deck dead weight, a series of shaking table tests and

dynamlc loadmg tests® for model pxers were made Based ‘on the above results the followmg
conclusxons may be deduoed

(1)’ ~ When 'the ‘pier model are sub;ected 'to ‘eccentric loadmg, the ;esxdual dlsplacement is

developed only in one direction where the eccentric loading is applied.

(2) The ductility becomes smaller as the bending moment ratio decereses. When the bendmg

moment ratio becomes'as small as 0.51, the ductility decreases to one half of the ductility of
piers with thebending moment ratio greater than 0.55.
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