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The steering committee for the 27th US-Japan Bridge Engineering Workshop 
consisted of Tetsurou Kuwabara, Phillip Yen, David Sanders, and Hideaki Nishida.  
The workshop was held at the NILIM and the CAESAR, PWRI, in Tsukuba, Japan. 
The 2-1/2 day workshop focused on: 1) Great East Japan Earthquake, 2) Tsunami 3) 
Load and Strength Evaluation, 4) Maintenance, 5) Inspection, 6) Design and 
Analysis, and 7) Acceleration Bridge Construction. Thirteen participants from the 
US and thirty-seven participants from Japan attended the workshop who were 
arranged by both T/C chairs in terms of the focused themes. The papers contained 
within this proceeding are the papers that were presented at the workshop (17 
papers from the Japan side and 13 papers from the US side). 
 
In addition to the workshop, there was a bridge study held after the workshop, 
November 10-12, 2011, visiting bridge sites: 
- Long-term Bridge Management Plan for Old Bridges, Kiyosu Bridge and Eitai 

Bridge (Tokyo Metropolitan Government) 
- Improvement of Seismic Performance, Katsushima area (Metropolitan 

Expressway) 
- Damaged Bridges due to Great East Japan Earthquake 

(a)Arakawa Wangan Bridge (Metropritan Expressway) 
(b)Koizumi Oh-hashi Bridge,Kesen Oh-hashi Bridge ,Osaragi Bridge and 

Kameda Oh-hashi Bridge (Tohoku Regional Development Bureau ,MLIT) 
(c)Kamata Oh-hashi Bridge (Fukushima city) 

in the Kanto and Tohoku regions. 
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DAMAGE OF HIGHWY BRIDGES DUE TO
THE GREAT EAST JAPAN EARTHQUAKE

Jun-ichi Hoshikuma1

Abstract

The 2011 Great East Japan Earthquake struck the Tohoku and Kanto area on 
March 11, 2011. Immediately after the earthquake, research engineers in NILIM/PWRI
were dispatched to Tohoku area to investigate the damage to bridges and suggest the 
technical advice to bridge administrators. On behalf of NILIM/PWRI joint 
reconnaissance team for bridge damage, author summarizes damage characteristic of 
bridges due to the earthquake in this paper. Technical issues learned from the damage 
of bridges were also described based on the investigation of bridge damage. 

Introduction

The 2011 Great East Japan Earthquake occurred at 2:46 pm on March 11, 2011. 
The catastrophic damage resulting from strong ground motion and huge tsunami was 
caused in Tohoku and Kanto regions. More than 20,000 people were killed or missing 
and various infrastructures were damaged, especially in the coastal area of Iwate, 
Miyagi, Fukushima and Ibaraki Prefectures.

Many highway bridges were also damaged in these areas due to both large 
ground motion and tsunami inundation. Soon after the earthquake occurred, NILIM and 
CAESAR in PWRI jointly investigated bridge damage and provided the technical 
supports and suggestions to bridge administrators, including Regional Bureaus of 
MLIT and some Local Governments. Furthermore, Task Committee G of UJNR Panel 
conducted the U.S.-Japan joint reconnaissance to bridge damage in early June, 2011. 

This paper presents damage characteristic of bridges. Following topics were 
focused; bridge damage due to tsunami inundation or strong ground motion effect, 
verification of seismic performance of bridges retrofitted after the 1995 Hyogo-ken 
Nambu earthquake, validations of effectiveness of the current seismic design 
specification.

 

1 Chief Researcher, Center for Advanced Engineering Structural Assessment and 
Research, PWRI 

The 2011 Great East Japan Earthquake and Ground Motion

The main shock of this earthquake (Mw=9.0, focal depth=24km) occurred at 
2:46 pm (JST) on March 11, 2011. Maximum seismic intensity was observed at 
Tsukidate, Kurihara city in Miyagi prefecture (Seismic intensity of JMA was 7) and 
large seismic intensities were observed in Tohoku and Kanto areas. Fig. 1 shows 
acceleration ground motion waveforms and spectral response accelerations at 
representative strong ground motion observation sites. 

11



Fig. 1 Acceleration Waveforms and Spectral Response Acceleration at Main Shock
(NS comp.) 
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It should be noted that 1) strong ground motion records with long duration were 
observed and 2) there were multiple pulses in some ground motion records observed 
near epicenter. This is because large fault areas collapsed continuously. It was observed 
at very large maximum response acceleration at the range of short predominant period 
such as Tsukidate record. The maximum response accelerations at the range of natural 
periods from 1.0 to 2.0 seconds, which relatively correlate with damage of ordinary 
road bridges, were equal or slightly less than those of the 1995 Hyogo-ken Nambu 
earthquake. Ground motions and maximum response accelerations at the coastal area 
of Tohoku region were not so large. However, strong ground motions and large 
response accelerations were observed at the sites where located slightly far from 
epicenter such as Fukushima, Tochigi and Ibaraki prefectures. 

Huge tsunami induced by main shock struck at Tohoku and Kanto coastal areas 
and exceeding 10m in height of wave were observed. 

Moreover, aftershocks with the JMA magnitude of 7.0 or over were occurred 
three times within a day and total of 89 aftershocks with the magnitude of 6.0 or over 
were occurred until August 3. 

Overview of Damage in Bridges

Damage of the highway bridges due to this earthquake can be categorized as 
effect of strong ground motion, effect of tsunami inundation, and effect of soil 
liquefaction. It should be noted in this earthquake that the intensive damage in highway 
bridges was mainly caused by tsunami inundation. Superstructures in twelve bridges 
including service road for pedestrian on national highway route 45 (main route along 
the Pacific coast of Tohoku Area) were washed away, which resulted in the traffic close 
after the earthquake. About 91 highway bridges in total were washed away due to 
tsunami inundation in Iwate, Miyagi, Fukushima, Ibaraki and Chiba prefectures. On the 
other hand, as long as we have investigated, 105 bridges survived even though the 
superstructures of these bridges were inundated with the tsunami. The backfill of 
abutment in some bridges were also washed out even though super- and substructures 
survived. 
 The ground motion effect to damage of bridges was less significant than the 
tsunami effect. One bridge (Rokko Ohashi Bridge, an old steel girder bridge supported 
by steel pile-bent columns located in Ibaraki prefecture) was collapsed due to the 
ground motion of the earthquake. Although the collapsed bridge was observed at the 
only Rokko Ohashi in the highway bridges, it was found in the bridge designed in 
accordance with pre-1980 design specifications that damage to RC columns at section 
of cut-off of longitudinal rebars, damage to RC pier-wall with small amount of 
reinforcement, damage to steel bearings and attachment of bearings, damage to bracing 
and steel members, and subsidence of backfill soil of abutment. These damage modes 
have already observed in the past earthquakes. However, rupture of elastometric rubber 
bearings were observed at the Sendai-Tohbu viaduct designed based on Post-1995 
design specifications. 

After the Kobe Earthquake, the seismic retrofit project has been performed for 
existing bridges columns designed in accordance with pre-1980 specifications with
high priority, to prevent the collapse of the bridge structure and unseating of the deck.
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Almost of retrofitted bridge columns were not damaged due to the ground motion of the 
earthquake, which would exhibit the effectiveness of the seismic retrofit.

Soil liquefaction was widely observed in particularly Tokyo Bay area. Although 
the effect of the soil liquefaction on the bridge damage was minor, subsidence of 
backfill soil of abutment due to the soil liquefaction effect was developed in some 
bridges.  Deck-end gap was shortened resulting from movement of substructure, which 
caused steel bearings damage and cracks in parapet wall.

Bridge Damage Due to Ground Motion

Damage of Unretrofitted Bridges Designed in Accordance with Pre-1980 Design
Specifications 

Intensive damage due to the ground motion was developed in many
unretrofitted bridges designed in accordance with pre-1980 design specifications.
Almost of damage modes of those bridges have ever been observed in the past 
earthquakes. Photos 1 to 3 show the damage to reinforced concrete piers, steel bearing 
supports and the attachment of the bearing support to pier top or the superstructure, 
respectively. Although some bridge columns collapsed during the 1995 Kobe 
earthquake, the only one bridge collapsed during the 2011 Great East Japan earthquake. 
As shown in Photo 4, an old steel girder bridge supported by steel pile-bent columns 
(Rokko Ohashi Bridge) in the local roadway was collapsed due to the ground motion of 
the earthquake. Rokko Ohashi is to be replaced a new bridge and the new one was being 
constructed at the time of the earthquake.

Damage of Bridges Designed in Accordance with Post-1995 Design Specifications 

There were few intensively-damaged bridges designed in accordance with 
post-1995 design specifications, where the seismic design acceleration increased based 
on the ground motion records of the 1995 Kobe earthquake and the details of the 
transverse steel was specified for improving the confinement effect and shear capacity 
of the RC columns. 

      

Photo 1 Damage of Reinforced Concrete Columns at Cut-off Section of 
Longitudinal Reinforcement 
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Photo 2 Damage of Steel Bearing Support             Photo 3a Damage of Pier Top 

      
 

Photo 3b Damage of Attachment of         Photo 4 Collapse of Steel Pile-bent Columns 
Bearings to Superstructure 

However, as shown in Photo 5, it should be noted that elastometric rubber 
bearings ruptured at the Sendai-Tohbu viaduct designed based on Post-1995 design
specifications. Fig. 2 illustrates the structure of the Sendai-Tohbu viaduct and the 
positions of the elastometric rubber bearing with the rupture. As seen in Fig. 2, bridge 
structure in this junction is very complicate. Bridge width changes significantly in the 
4-span continuous box girder with the change of the section. Span length of the section 
from P52 to 56 is around 70m, while that from P56 to P58 is 39m. P52 and P53 are 
single-column hammerhead steel piers, while P54, P55 and P56 are two-column steel 
frames. Rupture of the elastometric rubber bearings in the transverse direction was
observed at the deck-end of P52 side in 4-span continuous box girder, though there are 
few damaged elastometric rubber bearings at the other deck-end side of the box girder 
on Pier 56. Photo 6 shows failure mode of the elastometric rubber bearing with the 
rupture. Comparison of the failure mode with the result of the shear loading test should 
be made, to estimate the capacity of the elastometric rubber bearing and the applied 
seismic force combination.
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 Based on the lessons learned from the 1995 Kobe Earthquake, the seismic 
retrofit project has been performed for existing bridges columns designed in 
accordance with pre-1980 specifications with high priority, to prevent the collapse of 
the bridge structure and unseating of the deck. During the 2011 Great East Japan 
Earthquake, many retrofitted bridges were given a shake due to the ground motion. 

Photo 7 exemplifies the effectiveness of the seismic retrofit for bridge columns. 
As seen in Photo 7, there are two adjacent river-crossing bridges. Since one bridge 
(Nakagawa Bridge) is on the designate emergency route, bridge columns designed with
the pre-1980 specifications have already been retrofitted by reinforced concrete 
jacketing. The other bridge (Kunita Ohashi Bridge) is on the local roadway and the 
bridge columns have not yet been retrofitted at the earthquake. Although Kunita Ohashi 
Bridge suffered from the vulnerable damage and thus lost the serviceability for the 
bridge, Nakagawa Bridge did not suffer from the damage and kept the serviceability 
soon after the earthquake. Seismic performance shown in these two bridges clearly 
exhibits the effectiveness of the seismic retrofit.

Photo 7 Comparison of Seismic Performance between Adjacent Two Bridges 
(Nakagawa Bridge and Kunita Ohashi Bridge)

 On the other hand, there are a few remarkable damage examples in the 
retrofitted bridges. Photo 8 shows adjacent two reinforced concrete columns in Kameda 
Ohashi Bridge. Each column supports 2-span continuous steel box girder at the middle. 
The outbound column was designed with 1980 specifications and retrofitted by 
reinforced concrete jacketing for strengthening the cut-off section without increasing 
the flexural strength of the column base. Furthermore, additional shear keys were 
anchored to column top to supplement the strength of the existing bearings. Although 
no damage was found to the steel bearings and shear keys, vertical cracks of nearly 
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10mm width were observed at the beam section as shown in Photo 8.  The inbound 
column was designed with 1994 specifications basically and some modifications were 
made based on the 1995 tentative specifications (published soon after 1995 Kobe 
Earthquake). In the inbound column, elastometric rubber bearings were deformed in the 
transverse direction and the side stoppers were failed. Concrete of the beam edge 
portion attaching the supplemental shear keys also spalled off (see Photo 8) due to the 
transverse seismic force induced by the inertia of the superstructure, while vertical 
crack observed in the beam of the outbound column was not developed in the inbound 
beam. 
Photo 8 Comparison of Damage Mode between Adjacent Two Bridge Columns 

(Kameda Ohashi Bridge)

Photo 9 shows the failure of pier top. 
This type of damage has ever observed in 
the old bridge columns since the past 
earthquakes. Bearing capacity of the pier 
top was insufficient to transmit the seismic 
force to column. It should be noted in this 
bridge that the crack reaches the portion of 
the anchor bars of the steel bracket for 
attaching the unseating prevention devices. 
Since the unseating prevention devices 
should work at the unexpected situation of 
failure of bearing supports.                            Photo 9 Crack to Pier Top Affects Attachment
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Bridge Damage Due to Tsunami Inundation

 Many bridges built along the coast line of the Pacific Ocean in Tohoku and 
Kanto areas were affected by the huge tsunami. Photos 10 and 11 show the typical 
damage modes of bridge due to the tsunami inundation. 

The bridge shown in Photo 10a is a 6-span steel girder bridge (twin three-span- 
continuous girders), namely Koizumi Bridge. The steel girder was supported by RC
pier walls with steel pipe piles. The pier walls with the fix bearings (P2 and P4) were 
retrofitted by FRP sheets, furthermore viscous dampers were installed to the deck-ends. 
The height of tsunami has been estimated exceeding 10 meter high in this area, which 
means the steel girder was completely inundated with tsunami. Tsunami effect was so 
significant to Koizumi Bridge that the whole girder were washed away upstream and 
one RC pier-wall (P3) was also washed away. The pier-wall of P3 supported two 
girders with movable bearing supports was found about 50m away from original 
position, while the pile foundation and the footing for P3 remained at the original 
position. The pier-wall failed at the bottom section as shown in Photo 10b. The 
probable reason for only P3 being washed away was due to smaller ultimate strength 
than the other pier-walls. It is also noted that backfill soil of abutment was also washed 
away at both sides. 

Photo 11shows a 12-span PC single girder bridge, namely Utatsu Ohashi Bridge.
Piers consisted of circular RC column (P1 and P2) and rectangular RC column with PC 
piles. Bridge columns were retrofitted by RC jacketing and the seat length was 
extended at the top of pier. Total of 8 spans (from P2 to P10) were washed away to the 
inland direction. It was found that additional concrete/steel shear keys, installed at the 
pier top for the seismic retrofit of existing bearings, were damaged and some 
hammerhead beams of piers in the inland side were cracked. A lot of diagonal cracks 
were also observed at both unseated and survived PC girders.

On the other hand, it is interesting to note that there are many survived bridges 
even though the superstructures of these bridges must be inundated with tsunami. Photo 
12 exemplifies Yanoura Bridge survived washed away of superstructure due to the 
tsunami, while two spans of the water pipe bridge located adjacent to Yanoura Bridge 
were washed away. These survived bridges will hint the mechanism of resistance to the 
tsunami effect.

Impact of 2011 Great East Japan Earthquake on Seismic Design of Highway
Bridges

The seismic performance of highway bridges, designed in accordance with the 
post-Kobe Japanese specifications, was very well and these bridges were functional 
without any long-term traffic stops after the earthquake. However, there are several 
important issues and lessons we should study and review for the latest seismic design 
specifications for highway bridges. Followings are the selected issues. 
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Ground Motion 

In the 2011 Great East Japan Earthquake, many strong ground motion records 
were recorded and these records clearly showed that this earthquake generated ground 
motions with multiple pulses and thus the longer duration (more than 2 minutes) than 
other records observed in the past earthquakes. Similar ground motions were reported 
in the 2010 Chile Earthquake with the moment magnitude Mw 8.8. Therefore, the 
subduction-type earthquake with Mw of nearly 9 may induce the ground motion with 
long duration. 

In general, the long duration would affect the number of cyclic inelastic 
response of the bridge system. Past experimental researches indicated that the loading 
pattern in the quasi-static cyclic loading test, particularly the number of cyclic loading 
affects the ductility capacity of flexural reinforced concrete column.  In order to 
accommodate such effect into the seismic design, Japanese design specifications have 
determined two ductility/shear capacity factors based on the types of the ground motion, 
i.e. the subduction-type and the near-fault-type. Re-studies on the effect of the long 
duration will be required based on the ground motion observed in the 2011 Great East 
Japan Earthquake. 

The long duration would also affect the soil liquefaction. Effect of the soil 
liquefaction on the seismic design of bridge foundation was introduced in the 1971 
specifications in Japan based on the lessons learned from the 1964 Niigata Earthquake. 
Although there were no major liquefaction-induced damages in bridges during the 2011 
Great East Japan Earthquake, the long duration effect on the bridge performance built 
on the liquefiable sandy soil condition should be verified through both geological and 
structural perspectives.

Since the ground motion effect propagated wide, bridge damage developed in 
wide area. Many ground motion records were also observed in wide area. It should be 
also important to study the relation between the properties of the ground motion and 
damage of bridges.

Tsunami Effect on Bridges 

Superstructures in several bridges were washed away due to the tsunami effect. 
Backfill soil for the abutment was also washed out. Similar damage modes in bridge 
were also observed during the 2004 Indian Ocean Earthquake. Failure mechanism of 
bridge system due to the tsunami effect need to be studied, in which the resistance 
capacity of the existing bearing supports be analyzed based on both the washed-away 
and survived bridges. Also, more experimental researches on the bridge behavior due to 
the tsunami effect are required, to find the appropriate structural system for mitigating 
the tsunami effect. 

On the other hand, the design concept of bridge for unexpected extraordinary 
event would be controversial, because structural resistance capacity has a limit. 
Basically, it would be one of the options for the extraordinary tsunami effect to avoid 
routing important highway network and locating important highway routes in the 
tsunami-inundation area. In terms of structural engineering, easy-to-recover bridge 
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system employing the temporary structure with the accelerated construction technique 
is also another option. 

Validations of Effectiveness of Seismic Retrofit

Seismic retrofit have been performed step-by-step since 1995 Kobe earthquake. 
Based on the lessons learned from the past earthquakes, bridge columns in the 
important highway network designed by pre-1980 specifications have been retrofitted 
with high prioritization. Many seismic vulnerable bridges in the important route such 
as National Highway Route 4, 6, 45 etc were retrofitted up to the date of the earthquake, 
which resulted in quick recovery of the functional highway network after the
earthquake. It should be, however, important review to investigate details of the new 
type of damage in the retrofitted bridges and evaluate the seismic behavior of the bridge 
during the earthquake. 

Conclusion Remarks

This report preliminarily summarized damage to highway bridge due to the 
2011 Great East Japan Earthquake with focus of the seismic performance of the 
retrofitted bridges and tsunami effect. Based on the damage caused by the earthquake 
and tsunami, more analytical and experimental researches should be required to clarify 
the mechanism of the damage. Investigation results also indicate that subsidence of the 
backfill soil in the abutment has been remarkable with the improvement of seismic
performance for bridge structures, though details are not reported in this paper. It would 
be important to ensure the seismic performance of both bridge structures and 
embankment for highway. 
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GROUND MOTION AND TSUNAMI INDUCED DAMAGE OF BRIDGES 
DURING 2011 GREAT EAST JAPAN EARTHQUAKE

Kazuhiko Kawashima1, Kenji Kosa2, Yoshikazu Takahashi3, Mitsuyoshi Akiyama4,
and Hiroshi Matsuzaki

A number of strong motion accelerations were recorded by the National 
Institute of Earth Science and Disaster Prevention and Japan Meteorological Agency. 
Fig. 1 shows measured accelerations along the Pacific coast. Ground accelerations 
continued over 300s, and had at least two groups reflecting the fault rupture process. 
The highest peak ground acceleration of 27.0 m/s

5

ABSTRACT

This paper presents damage of road and railway bridges during the Great East 
Japan earthquake and tsunami on March 11, 2011 based on a JSCE damage 
investigation. Ground motion induced damage and tsunami induced damage of both 
road and railways bridges are presented.

INTRODUCTION

The Great East Japan earthquake (Off Pacific Coast of Tohoku Region, Japan 
earthquake) with moment magnitude of 9.0 occurred at 14:46 (local time) on March 11, 
2011 along the Japan Trough in the Pacific. It was the sixth largest earthquake ever 
recorded in the world. The fault zone extended 450 km and 200 km in the north-south 
and west-east directions, respectively. Extensive damage occurred in the wide region in 
the east part of Japan.

The authors were dispatched by Japan Society of Civil Engineers for field 
damage investigation to bridges in Miyagi-ken and Iwate-ken between March 29-April 
3, 2011. In addition to the first investigation, damage investigations were conducted 
several times. Since 1978 Miyagi-ken-oki earthquake and 2003 Sanriku-Minami 
earthquake affected this region, an emphasis was placed in the damage investigation to 
compare damage among 2011 Great East Japan earthquake and two previous 
earthquakes. This paper presents ground motion induced damage and tsunami induced 
damage of bridges during 2011 Great East Japan earthquake. 

GROUND MOTIONS AND TSUNAMI

2 was recorded at Tsukidate. However 
the high acceleration was resulted from a single pulse with high frequency components, 
and the response acceleration at 1.0 s was only 5.1 m/s2. Damage of buildings and other 
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GROUND MOTION INDUCED DAMAGE OF ROAD BRIDGES

Damage of bridges which were not yet retrofitted

Ground motion induced damage of road bridges was generally less significant. 
However extensive damage occurred at the bridges which were designed according to 
the pre-1990 design codes (JRA 1990) and were not yet retrofitted in accordance with 
the post-1990 design codes. For example, Photo 1 shows shear failure of a reinforced 
concrete column resulted from insufficient development at cut-off of longitudinal bars. 
This mode of damage occurred extensively in the 1995 Kobe, Japan earthquake 
[Kawashima and Unjoh 1997]. Extensive investigation was directed to clarify the 
failure mechanism of such columns [for example, Kawashima, Unjoh and Hoshikuma 
2005], including a project consisting of series of large scale shake table experiments 
using E-Defense [Kawashima et al 2009]. Over 30,000 columns were so far retrofitted 
since 1995 Kobe earthquake. Consequently, during this earthquake, damage due to this 
mechanism was not predominant in the bridges which were retrofitted, but damage 
occurred at the bridges which were not yet appropriately retrofitted. 

Yuriage Bridge as shown in Photo 2  suffered extensive damage at reinforced 
concrete hollow and solid columns, supports of prestressed concrete girders, and steel 
pin and roller bearings during 1978 Miyagi-ken-oki earthquake. Since the damaged 

Photo 1 Shear failure of a column due to 
termination of longitudinal bars with insufficient 
development (Fuji Bridge) (courtesy of Dr. 
Hoshikuma, J., PWRI)

Photo 2 Yuriage Bridge

Photo 3 Damage of pin and roller bearings Photo 4 Damage of PC girders near the support
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columns were repaired and strengthened by reinforced concrete jacketing, they did not 

suffer damage this time. However pin and roller bearings suffered damage again in the 
similar way as shown in Photo 3. It is obvious that pin and roller bearings are 
vulnerable to seismic action, because the stress builds up until failure by allowing 
virtually no relative displacement at pin bearings and relative displacement 
accommodated in roller bearings is insufficient to realistic relative displacement 
developed under a strong excitation.  

Furthermore, the same supports of prestressed concrete girder which suffered 
damage in 1978 Miyagi-ken-oki earthquake suffered again as shown in Photo 4. Taking 
account of likely concentration of seismic force at this region and the importance of 
anchorage of PC cables, more rigorous repair had have to be conducted after 1978 
Miyagi-ken-oki earthquake. 

Tennoh Bridge built in 1959 suffered extensive damage during 1978 
Miyagi-ken-oki earthquake. This bridge suffered extensive damage again during this 
earthquake at the same members; truss braces and pin and roller bearings as shown in 
Photo 5.  

On the other hand, damage of bridges which were already retrofitted suffered 
virtually no damage. For example, Sendai Bridge which is a symbolic bridge in Sendai 
suffered extensive damage at columns and bearings as shown in Photo 6 during 1978 
Miyagi-ken-oki earthquake. However this bridge suffered no damage during this 
earthquake, because columns were retrofitted as shown in Photo 7 and steel bearings 
were replaced with elastomeric bearings.

Photo 5 Buckled truss braces Photo 6 Damage of a pier during 1978 
Miyagi-ken-oki earthquake (Sendai Bridge)

Photo 7 Retrofitted pier of Sendai Bridge which did not suffer damage during 2011 Great East Japan earthquake
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New bridges constructed by post-1990 codes

Since 1990, the seismic design code was extensively upgraded [JRA 1990]. 
Before 1990, only elastic static and dynamic analysis was used assuming unrealistically 
small seismic design force. However after 1990, inelastic static and dynamic analyses 
based on Type I/Level 2 design ground motions (middle-field ground motions by M8 
events) and an evaluation method of inertia forces considering multi-span continuous 
effect were introduced, and introduction of those provisions much enhanced the 
ductility capacity of columns and the seismic performance of bridges. Furthermore in 
the 1996 code [JRA 1996, Kawashima 2000] which was revised taking account of 

Photo 8 Shin-Tenno Bridge Photo 9 An end of deck supported by elastomeric
bearings and unseating prevention devices

Photo 10 Piers where elastomeric bearings ruptured 
(Sendai-Tobu viaduct)

Photo 11 Transverse offset of a girder due to 
rupture of elastomeric bearings

Photo 12 One of elastomeric bearings ruptured
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damage experience of 1995 Kobe earthquake, the Type II/ Level 2 design ground 
motions (near-field ground motions by M7 events), seismic isolation and use of 
elastomeric bearings were incorporated. Furthermore, strength of unseating prevention 
devices was enhanced. 

As a consequence of the upgrading of seismic measures, damage of bridges 
which were built or were retrofitted in accordance with the post-1990 design codes 
suffered essentially no damage during this earthquake.  

For example, Photo 8 shows Shin-Tenno Bridge which was constructed in 2002 
suffered no damage. This bridge was located 150 m upstream of Tenno Bridge which 
suffered damage during 1978 Miyagi-ken-oki earthquake and suffered damage again at 
almost the same components. Photo 9 shows an end of girder at the left bank where it 
was supported by elastomeric bearings. New cable restrainers which satisfy the 
requirements by the post-1990 design code are set. No damage occurred in this bridge.  

Elastomeric bearings including lead rubber bearings and high damping rubber 
bearings performed much better than vulnerable steel bearings. However it should be 
noticed that elastomeric bearings ruptured in several bridges. For example, at 
Sendai-Tobu viaduct as shown in Photo 10, several elastomeric bearings ruptured such 
that the deck offset in the transverse direction and settled aside the ruptured bearings as 
shown in Photo11. Rubber layers detached from steel plates as well as rupture inside 
rubber layers as shown in Photo 12. Since extensive number of elastomeric bearings 
including high damping rubber bearings and lead rubber bearings are used, the damage 
should be critically investigated. It is pointed out that one of the possible reasons for the 
damage is that the interaction between adjacent bridges with different natural periods 
was not properly considered in design of elastomeric bearings. Since an expansion joint 
constrained relative displacement between adjacent decks in the transverse direction, it 
is likely that larger displacement demand of an adjacent deck is imposed to the 
elastomeric bearings which were designed based on smaller displacement demand 
[Quan and Kawashima 2009].

GROUND MOTION INDUCED DAMAGE OF SHINKANSEN VIADUCTS

Seismic retrofit program of Shinkansen 

Tohoku Shinkansen started the service in 1982 between Omiya and Morioka 
Stations. Since Shinkansen viaducts were designed prior to the occurrence of 1978 
Miyagi-ken-oki earthquake, they have smaller amount of shear reinforcements than 
required by the current code. Some viaducts of Tohoku Shinkansen between Morioka 
and Mizusawa-Esashi stations in Iwate-ken were extensively damaged during 2003 
Sanriku-Minami earthquake [JSCE 2004].  

It should be noted that all viaducts which suffered damage during 2011 Great 
East Japan earthquake had not yet been retrofitted. Most viaducts in Iwate-ken were 
single story RC moment resisting frame with a Gerber girder at both sides. Damage 
concentrated at the side columns during 2003 Sanriku-Minami earthquake as shown in 
Photo 13. Since the side columns were shorter than the center column, a parameter   
defined as a ratio of the shear capacity to the flexural capacity was smaller in the side 
columns than the center columns, which led shear failure in the side columns.  
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After 2004 Niigata-ken Chuetsu earthquake [Huyck et al 2006], the first seismic 
retrofit program was initiated for Shinkan-sen viaducts including Tohoku Shinkansen. 

Objectives of the program were to enhance the seismic performance of the columns 
with insufficient shear capacity. After retrofitting 12,500 columns, the program was 
completed by 2007. In 2009, the second retrofit program for enhancing columns 
flexural capacity was initiated.

No. 3 Odaki viaducts

No. 3 Odaki viaducts in Iwate-ken failed in shear as shown in Photo 14 during 
2003 Sanriku-Minami earthquake. The viaducts were retrofitted so that they had 
sufficient shear capacity under the first retrofit program after 2004 Niigata-ken Chuetsu 
earthquake. The retrofitted columns of the viaducts performed well with almost no 
damage during 2011 Great East Japan earthquake as shown in Photo 15. 

Fig. 5 compares the 5% damping response accelerations between 2003 
Sanriku-Minami earthquake and 2011 Great East Japan earthquake. The records were 
measured at approximately 3km from No. 3 Odaki viaducts. Since the fundamental 
natural period of a single story RC rigid frame ranges between 0.4s to 0.6s, it is 
reasonable to considered that the response acceleration of No. 3 Odaki viaducts was 

Photo 13 Single story RC moment resisting frame 
pier with a Gerber girder at both sides

Photo 14 Shear failure of RC columns at Odaki 
viaducts after 2003 Sanriku-Minami earthquake

Photo 15 No. 3 Odaki viaducts which were retrofitted
after 2003 Sanriku-Minami earthquake performed 
well during 2011 Great East Japan earthquake
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nearly the same between 2003 Sanriku-Minami earthquake and 2011 Great East Japan 
earthquake. It is considered that the seismic retrofit for No. 3 Odaki viaducts was 

effective for preventing significant damage during this earthquake.

No. 1 Nakasone viaducts

No. 1 Nakasone Viaducts, constructed in 1978, is located between Kitakami 
and Shin-Hanamaki Stations. They had the similar structural shape with the No. 3 
Odaki viaducts. No columns were retrofitted during the first seismic retrofit program 
since it was evaluated that the parameter   was not small enough.  

During 2011 Great East Japan earthquake, side columns suffered extensive 
damage as shown in Photo 16. All columns lost even the bearing capacity for vertical 
load. It was fortunate enough not to totally collapse because the viaduct was supported 
by eight columns. Side columns in other viaducts also suffered extensive damage. 
Shear failure occurred at the upper part of columns as shown in Photo 17. The damage 
was so extensive that original shear cracks could not be identified because of crash and 
spill out of the core concrete. 

In the JR seismic evaluation, it was evaluated that shear failure occurred if the 
parameter   was smaller than 0.9. From the fact that the columns in No. 1 Nakasone 
viaducts failed in shear although   was not as small as 0.9, it is recommended to revise 
the criteria of failure mode in the future seismic retrofit program.

Photo 16 Damage of R7 column, No. 1 Nakasone viaduct during 2011 Great East Japan earthquake

(a) Left, R7-1 (b) Right, R7-1 (c) Left, R7-2 (d) Right, R7-2

Photo 17 Close view of damage of R7-1 and R7-2 columns
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detached from the pier which must have happened if the decks were simply washed 
away laterally. It is likely that the decks were uplifted by tsunami buoyancy force and 
then they were washed away. Steel plate bearings used in this bridge was very simple 
as shown in Photo 22 such that both uplift and lateral force capacities were limited.  
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force which applied from the deck. It is likely that due to tsunami force the deck 
uplifted at the sea side first being supported only at the land side, which resulted in 
larger tsunami force. Thus the side stopper at the land side collapsed due to excessive 
concentration of tsunami force.  

Fig. 8 shows possible mechanism of damage of bridges due to tsunami. As 
mentioned earlier, overturning of foundation due to scouring did not occur in road 
bridges. It is likely that damage of decks in Photos 20 and 21 occurred due to 
mechanism shown in Fig. 8 (b) and (c), respectively.  

In spite of the extensive damage of superstructures, none of piers suffered 
damage due to tsunami at Utatsu bridge. 

CONCLUSIONS

Damage of road and railway bridges during 2011 Great East Japan earthquake 
was presented. Although more through collection of damage information as well as 
careful analyses is required, the following conclusions may be tentatively deduced 
based on the findings presented herein: 

1) Ground motion induced damage of bridges which were built in accordance with 
the post-1990 design code was minor. Thus the effect of enhancing the shear 
and flexural capacity as well as ductility capacity, extensive implementation of 
elastomeric bearings and strengthening of unseating prevention devises were 
effective for mitigating damage during this earthquake. However, effectiveness 
of those measures against much stronger near-field ground motions has to be 
carefully investigated since the ground motion induced by 2011 Great East 
Japan earthquake was smaller than anticipated target ground motions. 

2) On the other hand, ground motion induced damage of bridges which were built 
in accordance with old code (approximately pre-1990) or which were not yet 
retrofitted was still extensive. This was in particular true for railway bridges. 
Appropriate seismic retrofit is required in the near future. 

3) Tsunami induced damage was extensive to bridges along the Pacific coast. It 
seems that decks were uplifted and washed away upstream. Tsunami force 
effect has to be studied more so that it can be considered in design for bridges 
along the coast.
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BRIDGE PERFORMANCE DURING THE GREAT EAST JAPAN 
EARTHQUAKE OF MARCH 11, 2011 

M. Lee Marsh, Ian G. Buckle, W. Phillip Yen, Shideh Dasti, David Frost, Eric 
Monzon (See Acknowledgements for author affiliations)  

Abstract 

On March 11, 2011 the Great East Japan Earthquake struck the northeast coastal 
areas of Japan. Numerous bridges were damaged by either ground shaking or tsunami.  A 
reconnaissance team from the US visited 11 bridge sites in June, and this report summarizes 
the observations and preliminary conclusions of several of those bridges.  Staff from the 
PWRI hosted the reconnaissance effort and provided valuable technical data, excellent 
logistics, and useful insight into behavior and bridge practice throughout the reconnaissance 
effort.  

Introduction 

About 200 highway bridges and numerous rail bridges were damaged during the 
Great East Japan Earthquake of March 11, 2011, including span unseating, foundation scour, 
ruptured bearings, column shear failures and approach fill settlements. The causes of this 
damage can be broadly classified in two categories: ground shaking including ground failure 
(liquefaction), and tsunami inundation. Of these, the tsunami was responsible for about one-
half of the number of damaged bridges.  

A joint EERI/FHWA/GEER reconnaissance team visited the affected area from June 
2 to June 6, 2011 and investigated 11 bridges: 2 had extensive bearing failures, 2 had column 
failures, 2 had combined bearing and column failures and 4 suffered tsunami-related damage 
(unseated spans, scour, loss of approach fill).    

The location and names of 
ten of the eleven bridges visited by 
the reconnaissance team are shown 
in Figure 1. The eleventh bridge 
was the Arakawa Wangan Bridge 
across the Arakawa River in Tokyo. 
The performance of five of the 
eleven bridges is summarized in this 
report. A detailed description of all 
eleven bridges is given in FHWA, 
2010. 

Bridge Damage Due to Ground 
Shaking 

In general the amount of 
damage due to ground shaking was 
remarkably light considering peak 
ground accelerations in some 
locations exceeded 1.0 g, with 

FIGURE 1 – BRIDGES INVESTIGATED BY EERI\FHWA\ 
GEER RECONNAISANCE TEAM (Graphic: L. Marsh) 

39



short-period spectral accelerations in excess of 5g. The most likely explanation is that, most, 
if not all of the bridges on the national highway system had been seismically retrofitted over 
the last 10-15years (in response to the widespread damage to bridges in the 1995 Hyogoken-
Nanbu (Kobe) Earthquake). Bridges damaged in this earthquake by ground shaking were 
generally older structures owned by city and local governments, where retrofit programs have 
not been as active due to a lack of funding.   With one exception, new bridges performed very 
well regardless of ownership most probably due to the adoption of conservative capacity 
design principles in the JRA Design Specifications in the 1990s. The one exception was the 
failure of elastomeric bearings in a section of the Sendai-Tobu Viaduct as described below.   
Three bridges are described in this section.  

Sendai-Tobu Viaduct 
The damage to this 4.4 km long, multi-span viaduct in north Sendai was largely 

confined to a 10-span section between Piers 52 and 62. Built in 2000, this section of the 
viaduct was being widened at the time of the earthquake. New on- and off-ramps were under 
construction between Piers 54 and 56 to connect Route 10 carried by the viaduct to Route 141 
below. Span lengths and type between Piers 51 and 58 are shown in Table 1.  

TABLE 1. SPAN DETAILS AND DISTRIBUTION OF FAILED STEEL STOPPERS AND 
ELASTOMERIC BEARINGS IN SENDAI-TOBU VIADUCT. 

Span
No. 

Span
(m)

Span 
Type 

Pier 
No.

Pier 
Type 

No.
failed  

(damaged)2

stoppers in 
main event 
3/11/2011 

No. 
ruptured 

(damaged)2

bearings in 
main event 
3/11/2011 

No.
failed  

(damaged)2

stoppers in 
aftershock
3/11/2011 

No. 
ruptured 

(damaged)2

bearings in 
aftershock 

4/7/2011 
   51 1-col. 0 0 0 0 

52 39.0 8  I-girders       
   521 1-col. 0/6 0/8 0 0 

53 71.0 4  box 
girders       

   53 1-col.. 5 0 0 0 

54 72.0 4  box 
girders       

   54 2-col. 4(2) 1 0 0 

55 72.0 5  box 
girders       

   55 2-col. (6) 0 0 0 

56 71.0 3  box 
girders       

   561 2-col. 6/6 (1)/8 0 0 
57 39.0 8  I-girders       
   57 1-col. 1(1) 0 3 0 

58 39.0 8  I-girders       
   581 2-col. 4(2)/5 1/0 0 (2)/0 

59 39.0 8  I-girders       
   59 2-col. (3) 0 0 0 

TOTALS 37(14) 18(1) 3 (2)

Note 1. There are two lines of stoppers and bearings on Piers 52, 56, and 58. 
 2.  Numbers in parentheses are numbers of stoppers and bearings damaged but not ruptured.  
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The superstructure  
comprises eight steel plate girders 
(I-girders) between Piers 50 and 
52, three, four, or five steel box 
girders between Piers 52 and 56, 
and  eight steel  plate girders 
between Piers 56 and 63. 
Elastomeric bearings are used 
exclusively with external stoppers 
to restrain transverse movement at 
almost every pier. Piers 54, 55, 56, 
58 , 59 and 60 had recently been 
converted from single steel box 
columns to two-column steel box 
frames to accommodate the new 
on- and off-ramps (Figure 2). The 
remaining piers (51, 52, 53 and 
57) are single-column steel boxes 
(Figure 3).  

The bridge suffered 
moderate-to-major damage 
during the earthquake but no 
span collapsed. This damage 
included the failure of 40 steel 
stoppers and 18 elastomeric 
bearings. Another 14 stoppers 
and 3 bearings were heavily 
damaged.  In addition, girder 
stiffeners, gusset plates, and 
cross-frames were buckled or 
severely distorted.  Locations of 
the failed and damaged stoppers 
and bearings, due to both the 
March 11 main shock and the 
April 7 aftershock, are given in 
Table 1. 

The pattern of the bearing damage in Table 1 is particularly interesting. It is 
concentrated in regions of the viaduct where there is a significant change in lateral stiffness – 
from single-column hammerhead piers at Pier 57 to two-column frames at Piers 54, 55 and 
56, for example. There is also a significant change in the in-plane stiffness of the 
superstructure in this section, from eight I-girders in Spans 52 and 57 to multiple single-cell 
box girders in Spans 53 to 56. This section of the viaduct is therefore very stiff (and 
particularly Spans 55 and 56) while sections to the north and south are comparatively flexible. 
When earthquake loads are applied, the difference in displacements at the two interfaces 
(Piers 52 and 56) generate high lateral forces in the stoppers at these two piers leading to their 
failure and the transfer of load to the bearings.  

Inspection of the damage to the bearings showed that many had ruptured completely 
through the elastomer, as if in direct tension. Others showed damage to the internal shims 
which had been severely distorted (Figure 4). Typical dimensions of the bearings at Pier 56 

FIGURE 2 – TWO-COLUMN FRAME, PIER 56 
SENDAI-TOBU VIADUCT (Photo: E. Monzon) 

FIGURE 3 – SINGLE COLUMN, PIER 57 
SENDAI-TOBU VIADUCT (Photo: E. Monzon) 
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are 820 x 870 x 508 mm, with 8 x 33 
mm layers of elastomer, 7 x 4.5 mm 
shims and 2 x 45 mm end plates. The 
masonry and sole plate connections 
were detailed to transfer both shear and 
axial forces (tension and compression) 
into the bearings. 

It seems possible that the 
bearings failed due to the combination 
of two effects. First the high lateral 
forces in the steel stoppers at Piers 52 
and 56 were probably not evenly 
distributed amongst the three effective 
stoppers. (Although there are six 
stoppers at each pier, only three are 
effective in any one direction at any 
point in time.) This uneven distribution 
arises because the gaps between the 
stoppers and the sole plates of the 
bearings are not exactly the same at each location and one stopper will generally engage 
before the others. Overloading of this stopper is very likely, leading to its failure, followed by 
the transfer of load to the other stoppers which then fail in turn. Once all the stoppers have 
failed the transfer of load to the bearings places them under very high shear strain. 

The second effect is the generation of high tensile forces in the bearings at these same 
locations due to the difference in pier type. For example Pier 56 is a 2-column frame and Pier 
57 is a single column hammerhead pier. Under lateral load the hammerhead rotates about a 
longitudinal axis twisting the superstructure about the same axis. But the pier cap in the 2-
column frame at Pier 56 does not rotate in this manner and this frame resists the twisting of 
the superstructure. High tensile forces are developed in the bearings as a result.  

The simultaneous occurrence of high tension and high shear in the bearings could 
have led their failure. 

The shim damage seen in Figure 4 most likely occurred when a ruptured bearing 
impacted a toppled stopper puncturing the cover rubber layers and distorting the edge of the 
shim plate. On the other hand, the expected failure mode of an elastomeric bearing is rupture 
within a rubber layer and not delamination at the shim plate. The clean surface of this plate in 
Figure 4 implies inadequate bond between the elastomer and shim during manufacture thus 
reducing the bearing’s capacity for combined tension and shear.  

Other damage to the superstructure included buckled cross-frame members, gusset 
plates and stiffeners, possibly due to the abrupt change in load path where the transverse 
member changes from a partial height diaphragm to a full depth cross-frame. But a more 
likely scenario is that this damage is due to the failure of the bearings below the girders 
leading to differential ‘settlement’ of the cross-frames and corresponding distortion and 
distress. 

Yuriage Bridge 
The Yuriage Bridge carries Route 10 over the Natori River near the Sendai airport. 

The area experienced tsunami run-up, but the wave passed under the bridge and the 

FIGURE 4 – DAMAGED ELASTOMERIC 
BEARING FROM PIER 52, SENDAI-TOBU 
VIADUCT (Photo: E. Monzon) 

42



superstructure was not impacted. 
The bridge was built in 1974 and 
is comprised of ten spans with an 
overall length 542 m. The three 
main spans, located between Piers 
2 and 5, are cast-in-place concrete 
box-girders and the center of these 
three spans comprises two 
balanced cantilevers meeting at 
mid span (Figure 5). The approach 
spans are prestressed concrete I-
girders, simply supported on steel 
bearings at the pier caps, founded 
on wall piers with caisson-type 
foundations.   

Pier 1 was damaged 
during the 1978 Miyagi-Oki 
Earthquake and was repaired with 
a concrete jacket. No widening or 
other seismic retrofits have been 
made since that time.

Complete bearing failures 
occurred at Piers 2 and 5, at the 
transition between the approach 
spans and main spans. These 
failures are attributed to 
permanent pier movement 
possibly caused by liquefaction. 
Evidence of extensive liquefaction 
was found under the approach 
spans and in some cases 30 cm of 
ground settlement was observed 
adjacent to one of the piers under 
the south approach. Since Piers 2 
and 5 are close to the river, lateral 
spreading may have caused these 
piers to move towards the center of the river channel. Figure 6 shows this movement for Pier 
2 to be of the order of 6 cm, which clearly exceeded the capacity of the roller bearing at this 
location. In addition damage to the transverse stopper is evident, indicating the simultaneous 
occurrence of significant shaking transverse to the bridge.  

Shida Bridge and Levee  
The Shida Bridge is a nine-span steel plate-girder bridge carrying Route 32 over the 

Naruse River east of Osaki.  The bridge was built in 1957 and is comprised of a two-girder 
steel superstructure supported on concrete two-column piers.  The foundation type is 
unknown.  The bridge is straight, has no skew and only a slight vertical curvature.  Typical 
piers are shown in Figure 7.  The superstructure is articulated in every other span with drop-in 
spans, whose in-span seats form inflection points rendering the structure determinate (Figure 
8).  Such a drop-in span is visible in the center span of Figure 7 where rust stains from the 

FIGURE 5 – MAIN SPANS OF THE YURIAGE 
BRIDGE (Photo: E. Monzon) 

FIGURE 6 - EJECTED ROLLER BEARING AND 
PERMANENT LONGITUDINAL MOVEMENT AT 
PIER 2, YURIAGE BRIDGE (Photo: E. Monzon) 
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Bridge Damage due to Tsunami Inundation 

Twelve bridges on Route 45 were seriously damaged by the tsunami, which had wave 
heights from Sendai to Hachinohe ranging from 6.2 to 11.8 m. Damage to two of these 
bridges and nearby rail bridges are described in this section. 

Koizumi Highway and Rail Bridges 
The Koizumi bridge spans the Tsuya River on Route 45 just south of the city of 

Kesennuma. The bridge was constructed in 1975, has six 30.1-m spans (total length 182 m), 
and is 11.3-m wide. The superstructure comprised four steel plate girders supported by 
concrete piers on deep foundations. The bridge is without skew and only a slight vertical 
curve. The superstructure segments were continuous over three spans with expansion joints at 
the abutments and at the center pier (Pier 3). Piers 2 and 4 had fixed bearings, while Piers 1 
and 5 had sliding bearings in the longitudinal direction.  

The bridge had been seismically retrofitted using hydraulic dampers at the abutments. 
It is not known if similar restrainers or dampers had been installed at the expansion joint over 
the center pier. No other retrofitting, such as support length extensions or substructure 
strengthening was evident. 

All six spans were swept away during the tsunami (Figure 13). Wave heights of the 
order of 11.8 m were registered at Ofunato City just north of this site and the tsunami clearly 
overtopped this bridge taking all six spans upstream. Based on damage to the levee on the 
north bank of the river, some of these spans were lifted off their piers and swept along the top 
of the levee on the north bank, then over the levee altogether on the north side, and later back 
over the levee into the main channel where they came to rest about 400 m upstream from the 
bridge (Figure 14).  Other spans took a different path and came to rest  
about 300 m upstream but on the south side of the levee on the south bank of the river. Four 
of the five piers are still standing, but the center pier (Pier 3) was overturned and believed to 
be under water in the river channel just upstream of the bridge (Figure 13).  

FIGURE 13 – REMAINING PIERS OF KOIZUMI BRIDGE. TEMPORARY BRIDGE IS UNDER 
CONSTRUCTION ON SEAWARD-SIDE OF ORIGINAL BRIDGE (Photo: E. Monzon) 
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It is clear that the 
longitudinal dampers installed at 
the abutments and the transverse 
keys (stoppers) over the piers, 
offered little restraint to the lateral 
loads imposed by tsunami. Once 
these devices failed, the relatively 
light weight of the steel I-girders, 
together with the buoyancy effects 
of air trapped between the girders, 
enabled the superstructure to be 
easily lifted and carried significant 
distances upstream. The loss of 
Pier 3 was probably due to scour 
but this could not be confirmed. 
Despite the low tide at the time of 
the visit, the foundation was still 
underwater.   

About 900 m upstream of 
the Koizumi Bridge, the JR East 
rail line to Kesennuma crosses the 
Tsuya River on a multispan, 
prestressed concrete girder 
viaduct. Five of these spans were 
washed out, but the piers survived 
(Figure 15).  The in-coming 
tsunami apparently breached the 
levee behind the piers allowing 
flow oblique to the channel. The 
piers are tilted toward the breach, 
and the simple span, three-girder 
superstructures came to rest on the 
opposite side of the levee.  

Of interest is the damage to the lower portions of the piers. The exposed 
reinforcement seen on the left side of the each pier appears to have been pulled outward from 
the center of the column and rupturing the relatively light transverse steel. This type of 
behavior is seen in the failure of beams that are unreinforced for shear, where a shear crack 
precipitates failure and tearing of the tensile reinforcement from the beam. In the case of the 
JR East piers, potential buoyancy of the superstructure due to trapped air and the 
hydrodynamic forces produced lateral loads on the piers along with eccentric vertical loading. 
The piers may have failed in shear above the foundation after plastically deforming under the 
combined lateral and vertical effects. Following the loss of shear capacity at the base, the 
tension reinforcement was torn from the piers.   

In this postulated mode of failure the tilting of the pier is due to structural failure and 
not to scour and subsequent rotation of the foundation. Inspection of the columns and footings 
below the water line is required to confirm this behavior. 

FIGURE 14 – GIRDERS FROM KOIZUMI BRIDGE 400m 
UPSTREAM IN TSUYA RIVER CHANNEL (Photo: E. 
Monzon) 

FIGURE 15 – DAMAGED PIERS OF THE JR RAIL 
VIADUCT AT THE TSUYA RIVER (Photo: S. Dashti)
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Nijyu-ichihama Highway and Rail Bridges 
The Nijyu-ichihama highway bridge spans a small stream on Route 45 south of 

Kesennuma and the Koizumi and Sodeo-gawa bridges.  This bridge was built in 1971 and is a 
single-span prestressed concrete I-girder bridge supported on tall, cantilever abutments, which 
are in turn supported on steel pipe piles.  The bridge has no skew, no curve and essentially no 
grade.  The span is 16.64 m and the total width of the original structure is 8.7 m. End 
diaphragms engage each of the eleven I-girders comprising the deck and in turn, and were 
anchored to the abutment seats with tie-down rods in each bay.  These same diaphragms acted 
as transverse shear keys restraining 
the lower flange of each girder from 
lateral movement. 

The bridge has been 
widened on both sides at some time 
in the past using precast double-tee 
beams spanning between new 
abutments each founded on steel 
piles with heads at a much higher 
elevation than those of the original 
structure. The tsunami washed out 
the backfill behind both abutments 
and temporary approach spans, 
using steel I-girders, were placed to 
open the road to traffic. These spans 
are seen in Figure 16. Temporary steel towers to support these spans may also be seen in this 
figure.  

Apart from the loss of the seaward extension, this bridge has performed remarkably 
well from a structural point of view. It is essentially intact and the principal reason for closure 
was the loss of back fill due to erosion. Despite the buoyancy of trapped air, the 
superstructure was well anchored both vertically and laterally to the abutment seats and was 
not dislodged by the tsunami 
despite being overtopped. It is of 
course possible that the erosion of 
the abutment backfills and the 
opening up of two alternative 
hydraulic channels took load off 
the bridge, but nevertheless the 
performance of this bridge under 
these circumstances is noteworthy.    

About 100 meters 
upstream from the Nijyu-ichihama 
bridge is the JR East line to 
Kennesuma, which runs a distance 
of several hundred meters across 
the valley between tunnels at 
either end. This section of rail line 
was supported on a long fill 
embankment, two box culvert 
roadway underpasses, and a 
prestressed concrete, single span 

FIGURE 16 – LOSS OF BACKFILL ON BOTH 
APPROACHES TO SINGLE-SPAN NIJYU-ICHIHAMA 
BRIDGE (Photo: L. Marsh) 

FIGURE 17 – EXPOSED WINGWALLS OF JR RAIL 
BRIDGE 100m UPSTREAM OF NIJYU-ICHIHAMA 
BRIDGE DUE TO LOSS OF APPROACH EMBANKMENT 
(Photo: D. Frost) 
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bridge over the river (Figure 17). The unprotected embankment fill appeared to be a granular 
material. As the wave overtopped the embankment, it displaced the tracks and significantly 
scoured and removed the upper 4 to 5 m of the fill. Apart from the loss of the approach fills, 
all the bridges in the valley appeared to be intact.  

Preliminary Conclusions  

The following conclusions are based on observations made, and data recovered, 
during this reconnaissance exercise. They are, however, of a speculative nature due to the 
small number of bridges investigated and the absence of detailed field data such as foundation 
and soil details, bearing and tie-down details, superstructure weights, wave heights, and 
velocity profiles at each site. These conclusions are therefore likely to change as additional 
data becomes available and further studies are completed.         

1. Despite the magnitude of this earthquake, bridge damage outside of the coastal zone 
was not heavy. This is believed to be partly due to the distance from the epicentral 
region, and partly to the fact that a conservative form of capacity design was 
implemented in Japan for new bridges in the 1990s. Furthermore an active retrofit 
program was undertaken for older bridges following the Kobe earthquake in 1995, 
especially on the national highway system.  

2. Aftershocks that follow large magnitude main events can, themselves, be large and 
damaging. The damage sustained by some bridges was aggravated in subsequent 
aftershocks.  

3. Retrofitting is an effective means for minimizing earthquake damage in older bridges. 
Most of the observed structural damage occurred in older bridges that had not yet 
been retrofitted, or only partly so. It is recommended that strong encouragement be 
given to owner agencies to accelerate their retrofit programs. 

4. With the exception of several spans in the Sendai area, elastomeric bearings 
performed well and considerably better than older-style, steel bearings. The reason 
for the poor performance of the Sendai-Tobu bearings needs to be determined quickly 
for it has widespread implications on their growing worldwide use as movement and 
isolation bearings.    

5. Damage to several older, un-retrofitted, bridge piers was concentrated in the 
reinforcement termination zone, and this vulnerability should be considered when 
prioritizing bridges for retrofitting. Bridges damaged in this manner are susceptible to 
additional damage during aftershocks that will lead to longer repair times and more 
restrictive load limits or even closure during repair. 

6. Design methods to mitigate tsunami damage from inundation should be developed. 
Strategies to keep superstructures in place (such as using integral connections and 
venting trapped air to reduce buoyancy and equalize hydrostatic pressures on deck 
slabs) should be explored, along with armoring techniques to prevent undue scour of 
foundations and approach fills. In addition, the cost of deeper foundations should be 
weighed against the potential loss of a pier and the need for replacement of one or 
more spans.     
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7. Until analytical studies are complete it is not known to what extent the duration of 
this earthquake affected the observed damage, but it is expected to have been 
significant. The effect of duration on structural response should be investigated.   
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DEVELOPMENT OF TSUNAMI DESIGN CRITERIA FOR  
OREGON COASTAL BRIDGES 

Bruce Johnson1

Based on research and documents by Solomon Yim2 et al 

Abstract

This paper describes Oregon Department of Transportation (ODOT) efforts to develop 
guidelines for estimating tsunami forces on bridges.  ODOT contracted with Oregon State 
University (OSU) to conduct two studies.  First we needed a model of the potential tsunami wave 
characterized by a height, direction and speed. Second, we needed a model to develop uplift and 
horizontal forces on a bridges generated from a wave with the three tsunami wave 
characteristics.  OSU developed a numerical code to perform modeling of tsunami impact on 
bridge superstructures on four bridges located on US Highway 101 in the Siletz Bay area on the 
Oregon Coast. The numerical results were incorporated into a mathematical formula to provide a 
simplified, approximate method for estimating tsunami forces on bridge superstructures.  

Introduction

The Oregon coast is vulnerable to large seismic events from the Cascadia Subduction Zone 
(CSZ) which shares common seismic characteristics with those at Sumatra that generated large 
tsunamis in the Indian Ocean in December 2004. Studies of tsunami deposits and evidences of 
coastal subsidence indicate that an average of large seismic events in CSZ occurs once every 
300-500 years (Goldfinger et al. 2003). The most recent large seismic event in the CSZ occurred 
in 1700; therefore, there is a relatively high probability that a large seismic event will occur in 
the near future that could damage structures along the coastal area in the Pacific Northwest. 

The bridges along the Oregon Coast are an important part of the transportation system. Any 
major damage to these bridges would result in traffic disruption and impede post-event 
emergency response. Since these bridges, mostly built in the 1950-70’s, were not designed to 
resist large seismic or tsunami loads, they are at the risk of being severely damaged during large 
seismic events. However, unlike seismic loads, currently there is no specific design standard for 
estimating tsunami forces on bridge superstructures in the US in general and in Oregon in 
particular. Therefore, an understanding of tsunami impact on bridge superstructures is of major 
interest to the practicing engineering community. Consequently, the Oregon Department of 
Transportation (ODOT) initiated a research program to develop guidelines for estimating 
tsunami forces on bridge superstructures in the tsunami run-up zone along the Oregon Coast.  

The study first developed numerical models to simulate tsunami impact on bridge 
superstructures, and calculate reaction forces due to tsunami loads on four selected bridges on 

1 State Bridge Engineer, Oregon Department of Transportation 
2 Professor, School of Civil and Construction Engineering, Oregon State University 

67



the Oregon Coast. The four bridges – Schooner Creek Bridge, Drift Creek Bridge, Millport 
Slough Bridge, and Siletz River Bridge – are located on Highway 101 in the Siletz bay area. The 
study also developed a guideline for estimating tsunami forces on bridge superstructures to be 
used as preliminary guidance for design of bridges in the tsunami run-up zone. The developed 
guidance is based on existing literature and the time-history results obtained from the numerical 
models calculated in the first part. 

OSU had conducted a previous case study of tsunami design criteria on the Spencer Creek 
Bridge, on US 101 in Oregon, conducted by Nimmala et al. (2006). The Spencer Creek project 
was conducted by developing numerical models of tsunami impact on bridge deck to determine 
the time-history forces on the bridge by using LS-DYNA software. The analysis is revisited in 
this paper to examine the applicability of the guideline developed in the present work. 

Tsunami Flow Simulation

The input tsunami flow fields, water surface elevation and water velocity time-histories, for the 
simulation models were obtained from tsunami numerical models developed by Cheung and 
associates from the University of Hawaii (Cheung et al. 2010). The nonlinear shallow-water 
model by Yamazaki et al (2009) was utilized to capture hydraulic processes – wave overtopping, 
hydraulic jump formation, and bore propagation – describing flow conditions at the interested 
bridge sites.

The development of a rupture model based on 500-year return period CSZ earthquake scenarios 
from the National Seismic Hazard Maps.  These rupture boundaries extend approximately 1,100 
km from Cape Mendocino in northern California to Vancouver Island in British Columbia. The 
western boundary of the rupture is specified along the trench at the base of the continental slope. 
Additional conditions are provided by Wang et al (2003) to define the eastern rupture boundaries 
at the midpoint of the transition zone (MT) and the base of the transition zone (BT). Moreover, a 
global analog (GA) of shallow-dipping subduction zones, from Tichelaar and Ruff (1993), is 
used to define the eastern rupture boundary at 123.8 W at 30 km depth. 

The tsunami flow model developed by Cheung included four hours of data simulating a 500-year 
Cascadia tsunami event at the Siletz Bay for six different scenarios. The six tsunami scenarios 
are based on four rupture configurations at moment magnitude (Mw) 9.0 and two additional 
moment magnitude 8.8 and 9.2 events at the rupture based on global analog zone. The first 
configuration assumes the rupture occurs within the locked zone (LZ) only. The eastern rupture 
occurs at the midpoint of the transition zone (MT) and at the base of the transition zone (TZ). 
The fourth rupture configuration is assumed to occur at 30 km depth based on global analog 
(GA).

A relative weight distribution probability of occurrence for the rupture configurations (0.1, 0.2, 
0.2 and 0.5 for LZ, MT, BT and GA, respectively) and moment magnitudes (0.6, 0.2 and 0.2 for 
Mw 9.0, 8.8 and 9.2) are assigned based on the logic tree in the Pacific Northwest seismic source 
model in Cheung et al. (2010).
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Currently, there is no specific code of practice to estimate forces on bridge superstructures due to 
tsunami loads. However, there is some relevant literature of wave forces on highway bridge 
decks and offshore platforms, and some literature on tsunami forces for other types of structures 
such as vertical walls, elevated slabs, and columns of different shapes.  

Development of Equations to Estimate Forces from Tsunami Waves

Bea et al. (1999) presented a modification of the American Petroleum Institute (API) guidelines 
for estimating wind-induced wave forces on a platform deck of offshore structures by separating 
the total wave force into two components, horizontal force and vertical force. The horizontal 
force consisted of slamming force, drag force, and inertia force. The slamming force and drag 
force depended on the horizontal velocity of the waves while the inertia force depended on the 
acceleration. The vertical force consisted of a buoyant force and a lifting force, which depends 
on the vertical velocity of the waves. 

Wave Forces on Bridge Decks

Douglass et al. (2006) presented a method for estimating wave forces on typical U.S. coastal 
bridge spans due to wind waves and storm surge to offer a preliminary guidance for design 
engineers. The estimated horizontal and vertical forces in that method mainly depend on the 
elevation of the wave crest. Other than water elevation, the horizontal force is also dependant on 
the number of girders supporting the bridge deck. This recommended approach was verified with 
post-storm damage on U.S. 90 Bridge across Biloxi bay, Mississippi by Hurricane Katrina. 

[1 ( 1)]( ) ( )H r h va h im hF C N C C h A
( ) ( )V v va v imF C C h Av

where  is a reduction factor for forces distribution on the internal girders;  is number of 
girders supporting bridge deck;  and  are empirical coefficients for slow varying 
horizontal and vertical force respectively;  and  are empirical coefficients for 
horizontal and vertical impact force respectively. The other parameters are generally defined in 
notation.

Previous Research on Wave Forces

FEMA P646 (2008), guidelines for design of structures for vertical evacuation from tsunamis, 
summarized the relevant design code, and presented equations for estimating tsunami forces on 
vertical evacuation structures. It also provided some suggestions on how to combine tsunami 
force with other loads such as dead load and live load. Load effects that had to be considered for 
tsunami forces consisted of hydrostatic, hydrodynamic, impulsive, buoyant and uplift forces. The 
hydrostatic force depended on water elevation and would be considered to be zero when water 
fills up on two opposite sides. Unlike the wave forces due to storm surge, the hydrodynamic 
force due to tsunamis depended on flux momentum (hu2) where h is elevation of water crest and 
u is horizontal velocity. The impulsive force due to tsunami could be estimated by taking 1.5 
times the corresponding hydrodynamic force for conservatism.
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Douglass et al. (2006) developed a method for the Federal Highway Administration (FHWA) to 
estimate wave forces on highway bridge decks due to storm surge. Their approach was 
developed based on laboratory experiments of a scaled bridge deck model in a 3D wave basin. 
The resulting predictions were shown to be adequate for estimating the wave force induced by 
storm as verified by measured field damages from Hurricane Ivan and Katrina. However, the 
equations presented in that method depended only on wave crest elevation without considering 
the importance of water velocity, which is an important factor in tsunamis.  

Numerical Models for Tsunami Impact Loads on Bridges

The models are developed to perform numerical testing of tsunami impact on realistic bridge 
superstructures to predict the magnitude of tsunami forces that could occur on specific types of 
bridge superstructure. This section presents details development of the numerical models, bridge 
descriptions as well as time-history of fluid loads on bridge superstructures under various 
tsunami flow fields. Effects of different cross-sectional bridge types and the effect of bridge rails 
to fluid loads are discussed followed by cumulative probabilities of tsunami forces and 
overturning moments. Furthermore, computational efforts are also summarized and presented in 
this section. 

Two-dimensional (2-D) numerical models are developed using a finite-element based code. The 
provided tsunami flow velocities are assumed to be uniform over depth and resolved in the 
direction perpendicular to the longitudinal span of the bridge. The cross-section of the bridge 
superstructure normal to the longitudinal span is modeled by assuming simply supported under 
external girders. 

In general, a simulation model consists of two major material parts: a fluid part and a rigid 
structure part. The fluid part is a composition of water and air materials which are demonstrated 
by appropriate material type combining with equation of states. For computational efficiency, an 
approximating rigid body material was used to represent the bridge part and reaction forces are 
determined by replacing four rigid elements at supports by elastic material. The OSU study 
focused on quantifying the maximum value of the horizontal force, vertical force, and 
overturning moment due to tsunami loads on the selected bridges; thus, the simulation began at a 
time immediately prior to first water impact the superstructure and terminated after obtaining the 
peak values of the time-history of the loads. 

The Lagrangian-Eulerian coupling algorithm combined with an Arbitrary Lagrangian-Eulerian 
(ALE) solver was used in the numerical models as it is the most mature formulation to simulate 
the problem involving interaction between fluid with high velocity and rigid structure. The basic 
concept of the Lagrangian-Eulerian coupling algorithm is to track the relative displacements of 
the corresponding coupling points defined at the interfaced between the Lagrangian surface 
(bridge superstructure part) and inside the Eulerian elements (fluid part). 

FIGURE 1 shows an example of the numerical model of the Millport Slough Bridge developed 
in this research. The model consists of three material parts: water, air, and bridge parts. Material 

70



properties for each part – such as material mass density, pressure cut-off, fluid viscosity, 
modulus of elasticity, and Poisson’s ratio – are specified appropriately as they are used in the 
ALE differential equation and in calculating of interface stiffness. Even though the numerical 
model is two dimensioned, it could be thought of as a three dimensional rectangular cross-
section with unit thickness in z-direction. The cross-section is composed of water and air 
material parts with a bridge part inside.  

FIGURE 1, MILLPORT SLOUGH EXAMPLE SIMULATION MODEL 

Example Bridges and Waves

Numerical models of four selected bridges in the Siletz bay are developed for this tsunami load 
estimation study. The first is the Schooner Creek Bridge located close to the open channel of the 
bay facing directly toward the incoming tsunamis. The reference bridge elevation measured at 
the support of the lowest (west-most) bridge girder is approximately 18 feet above mean sea 
level (MSL).  

The second bridge is the Drift Creek Bridge located southeast of the Schooner Creek in a more 
open area. The bridge geometry is similar to that of the Schooner Creek Bridge (deck-girder 
section) with a smaller cross-sectional width and less number of girders supporting the bridge 
deck. The bridge is designed for a 2% slope with a reference elevation of approximately 14 feet 
above MSL.  The third bridge is the Millport Slough Bridge located at the south end of the Siletz 
Bay on Highway 101. The bridge has a 2% slope crown with a reference elevation of 15 feet 
above MSL.  Finally, the fourth bridge is the Siletz River Bridge. This bridge, which is a box 
section, with a reference elevation of approximately 33 feet above MSL, is at a higher elevation 
compared to the other three bridges. 

Six different tsunami flow fields are provided for each bridge site (GA Mw 8.8, GA Mw 9.0, GA 
Mw 9.2, LZ Mw 9.0, MT Mw 9.0 and TZ Mw 9.0). However, the maximum water surface 
elevations generated in some scenarios are lower than the reference bridge elevation, and can be 
neglected because tsunamis in these scenarios would not induce forces on the superstructures. In 
particular, five tsunami scenarios – GA Mw 9.0, GA Mw 9.2, LZ Mw 9.0, MT Mw 9.0 and TZ 
Mw 9.0 – are applicable to the Schooner Creek Bridge, and the three of these scenarios – GA 
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Mw 9.2, LZ Mw 9.0 and MT Mw 9.0 – are also applicable to the Drift Creek Bridge and the 
Millport Slough Bridge. On the other hand, the tsunami flow of all six tsunami scenarios were 
below the beam elevation of the Siletz River Bridge, so no tsunami loads were modeled for that 
bridge.

Example Tsunami Force Time-History

Time-histories of the predicted horizontal and vertical reaction forces due to tsunami loads on the 
three affected bridges were calculated from the numerical models. The Schooner Creek 
horizontal tsunami forces are shown in FIGURE 2.  The forces on the box section (black line) 
show a pattern of a short duration high intensity force at the time immediately after water 
impacting the bridge followed by fluctuating drag forces similar to those reported by Yeh et al. 
(2005). The impact forces on the box section are approximately 1 to 2.5 times the corresponding 
drag forces; whereas the maximum impact horizontal forces on the deck-girder section are 
sometimes smaller than the corresponding maximum drag force. A comparison of the vertical 
tsunami force time-histories on both box section and deck-girder for Schooner Creek is shown in 
FIGURE 3. The vertical tsunami forces on both sections show similar pattern as they are rapidly 
increased at the time water impacts the structure followed by steady forces for a while until the 
water subsides.  Similar results were obtained for Drift Creek and Millport Slough. 
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FIGURE 2, SCHOONER CK HORIZONTAL TSUNAMI FORCE TIME-HISTORIES
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FIGURE 3, SCHOONER CK VERTICAL TSUNAMI FORCE TIME-HISTORIES 

To summarize, tsunami forces on the superstructure of the selected bridges are quite difference 
given the same tsunami scenario. According to the results discussed above, the Siletz River 
Bridge could survive a 500-years Cascadia tsunami event because the designed reference 
elevation of the bridge superstructure is sufficiently high to avoid tsunami loads while the other 
three bridges are inundated in some scenarios. The Schooner Creek Bridge and the Drift Creek 
Bridges were subjected to large tsunami forces, compared to the forces on the Millport Slough 
Bridge, because they are located in an open area close to the inlet channel of the bay facing 
directly to the incoming tsunamis while the Millport Slough is located far from the inlet channel. 
A regression line relating the maximum horizontal forces and the corresponding maximum flux 
momentums is plotted in FIGURE 4. It is reasonable to assume that the maximum horizontal 
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force is approximately linearly proportional to the maximum flux momentum as suggested in 
FEMA (2008) and PBTE (2010). 

FIGURE 4, MAXIMUM FLUX (Horizontal axis, in3/sec2) VERSUS MAXIMUM 
HORIZONTAL TSUNAMI FORCE (Vertical axis, pounds/in) 

According to the numerical results, the magnitude of the tsunami forces on a bridge 
superstructure generated from different rupture configurations and moment magnitudes can be 
significantly different. 

Estimation of Tsunami Forces on Bridge Superstructures 

This section presents a development of a guideline for estimating tsunami forces on 
superstructures for preliminary design of bridges in a tsunami run-up zone along the Oregon 
Coast. This approach is developed by incorporating the relevant existing literature and the 
tsunami forces obtained from the numerical models developed in the OSU Study for Oregon 
DOT.

The total tsunami force on a bridge superstructure can be considered separately as horizontal and 
vertical components. The horizontal component acts perpendicularly at the center of gravity of 
the longitudinal span of the bridge superstructure while the vertical component acts in upward 
and downward directions at the center of gravity of the superstructure normal to the wave 
direction.
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FIGURE 5, SIMULATED HORIZONTAL AND VERTICAL TSUNAMI FORCES 

Horizontal Forces

The total horizontal forces on the bridge superstructures due to tsunami loads are a combination 
of hydrostatic and hydrodynamic pressures. The hydrostatic pressure is induced by gravity, and 
increases with water depth. The total force due to hydrostatic pressure is a result of imbalanced 
pressure, which could be considered zero when water filled up both side of the structure. The 
hydrodynamic pressure is induced by horizontal water velocity which is a significant factor in 
the tsunami events. The hydrostatic and hydrodynamic forces are considered linearly 
proportional to the water elevation and the flux momentum (hu2), respectively. 

The total horizontal wave-induced force on bridge superstructures presented by Douglass et al. 
(2006) is estimated by combining the hydrostatic pressure on the seaward external girder and the 
total pressure on the internal girders. The total force on the internal girders can be estimated by 
multiplying reduction factor with the corresponding force on the seaward external girder. The 
horizontal force due to hydrostatic (Douglass et al. 2006) and hydrodynamic (Yeh 2007) 
pressures, therefore, can be formulated as shown below. 

*(1 ( 1))h rF C N C h hF
2

m ax0 .5 ( )d dF C b hu
Where Cr = 0.4 reduction coefficient for pressure on internal girders; N = number of girder 
supporting bridge deck; ; Cd = empirical drag coefficient;  = seawater mass
density; and  = maximum flux momentum.(hu 2)max

Fh = max)Ah
*

The total horizontal force due to tsunami loads consists of hydrostatic force (water elevation-
dependent term) and hydrodynamic force (flux momentum-dependent term). Even though the 
maximum of these forces might not occur exactly at the same time, combining these maximum 
forces together is considered reasonable (and conservative) for design purpose. Therefore, the 
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maximum horizontal force on bridge superstructure due to tsunamis can be estimated by 
combining the equations above as follows: 

*
max(1 ( 1)) 0.5 ( )

H h d

r h d

F F F

C N F C b hu 2

An empirical drag coefficient, Cd, for bridge superstructures were evaluated in this research 
based on the time-history results obtained from the numerical models. A plot between the total 
horizontal force and flux momentum can be considered separately into two parts. The first part is 
where the horizontal force increases rapidly with a small change in the flux momentum (flux 
momentum-independent part). The second part is where the horizontal force increases 
proportionally to the corresponding flux momentum (flux momentum-dependent part) as shown 
in FIGURE 6. The empirical coefficient was estimated from the slope of the graph between flux 
momentum and the total horizontal force as . Therefore, the drag coefficient 
is approximately 1.0 for the deck-girder bridge type. 

FIGURE 6, TOTAL HORIZONTAL FLUX VERSUS FLUX MOMENTUM 

In determination of wave forces due to wind wave and storm surge, it is recommended that the 
total horizontal pressure on internal girders could be estimated as 40% of the pressure on the 
external seaward girder. However, horizontal pressure time-history results at the bottom of 
bridge girders are determined to evaluate an appropriate reduction coefficient for the distributed 
pressure on the internal girders under tsunami loads. The results (refer to the figures that show 
these results) show that the maximum pressure on the internal girders is approximately 20% to 
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50% of the corresponding pressure on the external seaward girder. Therefore, the reduction 
coefficient, , for this study was taken as 0.4 until further information is obtained. 

A comparison between the estimated maximum horizontal forces and the predicted forces 
calculated from the numerical models are shown in FIGURE 7. The straight line in that 
graphError! Reference source not found. represents a perfect fit between estimated force and 
the predicted force. It can be observed that the estimated forces could be overestimated or 
underestimated in some cases because the recommended empirical coefficients are based on an 
average value of the scattering data as shown above. 

FIGURE 7, CCOMPARISON OF NUMERICAL PREDICTION OF HORIZONTAL FORCE 
VERSUS RECOMMENDED FORMULA ESTIMATE 

Vertical Forces

Load effects due to tsunamis that must be considered for estimating vertical force under bridge 
girders consist of hydrostatic and hydrodynamic pressure. The hydrostatic pressure is induced by 
water elevation as mentioned earlier while the hydrodynamic pressure is induced by horizontal 
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and vertical water velocity. The summation of estimated pressures under the bridge 
superstructure can be estimated by following equation. 

2 21 1( )
2 2x yP h u u

However, the hydrodynamic force induced by the vertical component of water velocity is 
relatively small compared to the corresponding hydrostatic and hydrodynamic forces due to 
horizontal velocity; thus, it can be neglected. Consequently, the maximum vertical force due to 
tsunami loads can be estimated by the simplified equation below. 

2
max ,max

1{ ( ) }
2VF h ux vA

x

It is important to remember that these maximum forces might not occur at exactly the same time.  
It is considered appropriately conservative to combine these maximum forces together for design 
purpose until model testing is conducted to verify the recommendations developed by the 
research.

In general, the provided tsunami flow field data – water velocity and water elevation – is based 
on tsunami flow without obstruction (which is a bridge superstructure in this study). The results 
from the numerical models suggest that the output water elevation and water velocity of tsunami 
waves near the bridge are higher than the input values. FIGURE 8 shows a plot between input 
value of water velocity and the output value of water velocity obtained from the numerical 
models. The output water velocities are measured near the bottom of the seaward external girder 
as pressures at this location represent up to 80% of total pressure under the bridge cross-section. 
It can be interpreted that the output water velocity near the bridge superstructure is 
approximately 3.5 times the input water velocity, based on scattering data shown in FIGURE 8. 
The relationship between these input and output water velocity can be formulated as shown in 
the following equation. 

*
, m a x , m a x3 .5xu u

where  = adjusted horizontal water velocity (output water velocity); and  = input 
horizontal water velocity.  
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FIGURE 8,  COMPARISON OF HORIZONTAL WATER VELOCITY WITH AND 
WITHOUT OBSTRUCTIONS (BRIDGE SUPERSTRUCTURE) 

A comparison of the estimated maximum vertical force and the predicted maximum vertical 
force obtained from the simulations is shown in FIGURE 9. The estimated vertical forces are 
observed to be overly conservative for small values and slightly under-estimated for large values. 
However, the recommended equation is considered appropriate for estimating vertical force due 
to tsunamis until further study.  

FIGURE 9, CCOMPARISON OF NUMERICAL PREDICTION OF VERTICAL FORCE 
VERSUS RECOMMENDED FORMULA ESTIMATE
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The maximum percentage values of pressure distribution time-histories under each girder along 
the cross-section of the deck-girder bridges are not evenly distributed along the cross-section. 
The model found that a maximum 70 to 100% of total pressure is applied to the external seaward 
girder and it rapidly decreases for the internal girders. However, the total vertical force is 
assumed to interact with the bridge at the centroid of the cross-section for simplification at this 
time.

Conclusions

The recommended approach is intended to be used for estimating tsunami forces on bridge 
superstructures as preliminary guidance for design. This approach is developed by incorporating 
those proposed in literature and the time-history of the tsunami forces on bridge superstructures 
calculated from the numerical models developed in the OSU research. Given the uncertainties in 
tsunami flow field and lack of laboratory results on realistic bridge model, an appropriate factor 
of safety should be added into these equations. 

The input parameters required for estimating tsunami forces by the recommended approach 
consist of maximum water elevation, horizontal water velocity, maximum flux momentum, and 
elevation of bridge superstructure. Moreover, tsunami waves usually loosen sediment saturated 
with seawater while surging inland increasing the effective fluid density above that of typical 
seawater. Thus, FEMA (2008) recommended the fluid density be set equal to 1.2 times typical 
freshwater density for tsunami forces calculation. 

The recommended empirical coefficients are given here. The reduction factor for forces on 
internal girders, , is given as 0.4 which corresponds to that presented in Douglass et al. (2006) 
as the maximum fluid pressure on the internal girders is approximately 20% to 50% of the 
pressure on the seaward external girder. The drag coefficient  was obtained for bridge 
superstructures under tsunami loads in this study.   

The recommended approach is developed based on the deck-girder bridge section only. It might 
not be appropriate to apply these recommended equations directly to calculate tsunami forces on 
other types of bridge superstructures.

ODOT considers the research to be a good start in developing design criteria.  However the 
proposed formulas for estimating forces need to be verified and the coefficient needs to be 
calibrated to actual experience.  Wave tank model testing is one way we are considering to refine 
the results of the OSU research.    
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Abstract 
 

This paper describes the Federal Highway Administration’s (FHWA) seismic 
research program to mitigate earthquake loss of highway infrastructures.  Since 1992, 
FHWA has initiated three major research projects in the seismic hazard mitigation; 
they are Seismic Vulnerability Study for Existing and New Highway Constructions, 
Seismic Vulnerability of Highway System, and the SAFETEA-LU Seismic Research 
Program. Major products of these three research programs were introduced and future 
developments under the current studies and recommended future studies due to the 
effects of recent large devastated earthquakes were also discussed. 

 
 
Introduction 
 

The public relies on highways for the safe transport of goods and people 
across the country. Because roads serve as critical lifelines in the delivery of basic 
daily needs, they need to function even in the face of adverse weather and natural 
hazards. From 1993–1996, the United States spent approximately $250 million per 
week responding to the impacts of natural disasters, with earthquakes, hurricanes, and 
floods being the major causes of monetary losses. At times, earthquakes can top the 
list. One of the most costly natural disasters in the United States between the late 
1980s and late 1990s was California’s Northridge Earthquake of 1994, which resulted 
in $20 billion in damages. 

 
 The loss of life and extensive property damage inflicted by the 1989 Loma 
Prieta and 1994 Northridge earthquakes emphasized the need to minimize seismic 
risks to the U.S. highway system. Seismic research projects conducted by the Federal 
Highway Administration (FHWA) are developing mitigation approaches to reduce 
those risks, including a method for assessing seismic risks and various structural 
designs and retrofitting measures.  

 
Since 1992, FHWA has initiated a series of comprehensive seismic research 

studies targeting retrofitting, design, and risk analysis issues and the seismic research 
has produced a number of nationally applicable seismic retrofitting manuals and 
design and risk analysis tools. 

 

                                                 
1Principal Bridge Engineer, Office of Bridge Technology, Federal Highway Administration, 1200 New 
Jersey Ave. S.E., Washington, DC 20590 USA, Email address: Wen-huei.Yen@dot.gov 
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Early Earthquake Mitigation Research 
 

FHWA initiated its earthquake investigations after the 1964 Prince William 
Sound Earthquake in Alaska. FHWA’s followup focused on how bridge engineers 
could learn from the Alaska earthquake in terms of geotechnical issues such as soil 
properties.  
 

Following the defective performance of bridges during the San Fernando 
Earthquake in 1971, FHWA and the California Department of Transportation 
(Caltrans) began exhaustive studies of the seismic performance of bridges. FHWA 
and Caltrans invested $3 million in basic research to develop national guidelines for 
bridge seismic design. The study evaluated the criteria used at the time for seismic 
design, reviewed findings from seismic research for potential use in a new 
specification, updated guidelines for seismic design, and evaluated the impact of those 
guidelines on construction and costs.  
 

In 1979, FHWA and Caltrans completed the guidelines, which the American 
Association of State Highway and Transportation Officials (AASHTO) adopted in 
1983 as its Guide Specification for Seismic Design of Highway Bridges. This 
specification became the national standard in 1992, following the Loma Prieta 
Earthquake. The design philosophy underlying this specification was to prevent 
collapse of any span or part of a span during large earthquakes. In small to moderate 
seismic events, the code’s intent was for bridges to resist seismic loads without 
significant damage to structural components. Under this code, the design earthquake 
has a 475-year return period. 
 
ISTEA and the Seismic Research Program 
 

FHWA’s earthquake research did not end with the adoption of this 1992 
standard. The agency renewed its commitment to mitigating effects on highway 
structures by establishing a seismic research program, as called for in the Intermodal 
Surface Transportation Efficiency Act (ISTEA) of 1991. The National Center for 
Earthquake Engineering Research, later renamed the Multidisciplinary Center for 
Earthquake Engineering Research (MCEER), conducted this program for FHWA. 
Under ISTEA, Congress funded the research with more than $14.5 million between 
1991 and 1997, and the program covered all major highway system components 
(bridges, tunnels, embankments, retaining structures, and pavements). Approximately 
65 percent of the Nation’s 600,000 highway bridges were constructed prior to 1971, 
with little or no consideration given to seismic resistance. In recognition of that 
situation, the FHWA seismic research program initiated two comprehensive studies. In 
the fall of 1992, the program began studying the seismic retrofitting of existing 
highways, and in spring 1993 began studying the seismic design of new highways.  
 

The first product of this research, Seismic Retrofitting Manual for Highway 
Bridges (FHWA-RD-94-052), appeared in 1995 and summarized lessons learned from 
more than 20 years of earthquake engineering research and implementation, and 
provided procedures for evaluating and upgrading the seismic resistance of existing 
bridges. In 1999 the program published Impact Assessment of Seismic Design of 
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Highway Structures, which became the major documentation used to develop 
recommendations for the seismic design of new bridges. In 2006, FHWA issued the 
final products of this research, Seismic Retrofitting Manual of Highway Structures–
Part I (Bridges) (FHWA-HRT-06-032) and Part II (Retaining Structures, Slopes, 
Tunnels, Culverts, and Roadways) (FHWA-HRT-05-067).  These new seismic design 
specifications were performance-based, and the major difference between them and 
the 1992 design code was that they had a two-level design criterion. The higher level 
was based on a 1,000-year return period, and the lower on a 100-year period. 
 
Seismic Research Under TEA-21 
 

In 1998 FHWA launched a congressionally mandated seismic research 
program under the Transportation Equity Act for the 21st Century (TEA-21), funded 
by another $12 million, to study seismic vulnerability. In cooperation with MCEER, 
the program conducted a series of studies to develop tools for evaluating and 
assessing the social costs and impacts of earthquakes on the U.S. highway system. 
The goal was to reduce the likelihood of damage to existing and future highway 
structures caused by moderate to significant seismic events.  
 
 The main tasks undertaken within this program were the following:  
• Development of loss estimation methods for highway systems 
• Preparation of a manual for the seismic design and retrofitting of long-span 

bridges  
• Development of protective systems and a systems design manual for bridges 
• Specialized ground motion, foundation, and geotechnical studies 
 

Under TEA-21, FHWA worked with the National Cooperative Highway 
Research Program (NCHRP) in 2001 to develop new seismic design specifications. 
The project number and name was NCHRP 12-49, Comprehensive Specification for 
the Seismic Design of Highway Bridges. AASHTO then reviewed and revised the 
new design specifications and adopted them in 2007. The NCHRP 12-49 specification 
was developed from the 1999 recommendations and is about the same. The 2007 
specification is a one-level design criterion for a 1,000-year return period. 
 

With the TEA-21 seismic research program, FHWA developed a software 
package called REDARS: Risks from Earthquake DAmage to Roadway Systems to 
estimate the loss of highway system capacity due to earthquakes. The tool helps 
bridge owners estimate how earthquake damages affect post-earthquake traffic flows 
and enables them to consider those effects during pre-earthquake planning and 
prioritizations, and in post-earthquake responses, such as rescue and management of 
damage investigations. The seismic research program released REDARS in 2006.  
 

REDARS is a multidisciplinary tool for seismic risk analysis of highway 
systems nationwide. For any given level of earthquake, REDARS uses state-of-
knowledge models to estimate seismic hazards (ground motions, liquefaction, and 
surface fault rupture); the resulting damage (extent, type, and location) for each 
component in the highway system; and repairs of each component’s damage, 
including costs, downtimes, and time-dependent traffic (that is, the component’s 
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ability to carry traffic as the repairs proceed over time after the earthquake). 
 

REDARS incorporates these traffic states into a highway network link-node 
model to form a set of system-states that reflect the extent and spatial distribution of 
roadway closures at various times after the earthquake. REDARS then applies 
network analysis procedures to each system-state in order to estimate how these 
closures affect systemwide travel times and traffic flows. Finally, REDARS estimates 
corresponding economic losses and increases in travel times to and from key locations 
or along key lifeline routes. Users can apply these steps for single earthquakes with no 
uncertainties (deterministic analysis) or for multiple earthquakes and in estimates of 
seismic hazards and component damage (probabilistic analysis).  
 

Although REDARS adequately replicated the performance of the highway 
system in the San Fernando Valley during the Northridge Earthquake, much work still 
needs to be done to enable engineers to use the methodology with confidence. Indeed, 
the researchers developed REDARS with the expectation that new and more 
sophisticated modules will be developed over time to improve its accuracy and 
expand its range of application. 
 

Also in 2006, the program published the Seismic Retrofitting Manual for Truss 
Bridges, particularly addressing truss bridges that are more than 500 feet (152 meters) 
long. The program also released a third report, Isolation Bearing Design/Retrofit 
Manual, in 2006.   

SAFETEA-LU Seismic Research 
 

In 2005, Congress passed the Safe, Accountable, Flexible, Efficient 
Transportation Equity Act: A Legacy for Users (SAFETEA-LU). Under the new 
legislation, FHWA oversaw $12.5 million in seismic research to work with the bridge 
engineering community and enhance the earthquake resistance of U.S. highway 
bridges. 
 

Also, SAFETEA-LU mandated a technology exchange and transfer task, 
which FHWA conducted through a series of bridge engineering workshops and 
conferences held nationally and internationally. The meetings involved exchange of 
technical information and performance of cooperative studies. 
 

The outcomes of the succession of programs held over the past four decades 
include greater understanding in three areas: seismic vulnerability of specific 
locations, geotechnical hazards, and infrastructure vulnerability. Building on this 
increased body of knowledge, FHWA currently is developing improved seismic 
designs for new and retrofitted bridges, plus instrumentation to monitor performance. 

 
(1) Assessing Seismic Vulnerability: Hazard Maps 
 

To design a bridge to resist earthquakes, understanding the seismic vulnerability 
or earthquake intensity of the bridge’s location is essential. This vulnerability usually 
is described as seismic hazard. The U.S. Geological Survey (USGS) publishes 
National Seismic Hazard Maps that display various probability levels of earthquake 
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ground motions across the United States. The seismic provisions of building codes, 
insurance rate structures, risk assessments, and other public policy provisions 
commonly apply probability levels based on the hazard maps. 
 

A 2003 update of the maps incorporates new findings on earthquake ground 
shaking, faults, and seismicity (that is, how prone a region is to earthquakes). USGS 
derived the new maps for a grid of sites across the United States by calculating 
seismic hazard curves that describe the frequency of exceeding a set of ground 
motions. Currently, the new seismic design and retrofitting criteria for bridges use a 
1,000-year return period for a given level of earthquake, which represents not greater 
than a 7 percent probability of that earthquake occurring during a bridge design life of 
75 years. AASHTO and USGS issued the new maps and computer software for 
obtaining seismic hazards by entering ZIP Codes or longitudes and latitudes.  
 
(2)  Assessing Geotechnical Hazards 

 
Another factor in designing and retrofitting highway bridges is the geotechnical 

hazards that earthquakes can trigger, such as soil liquefaction and settlement, slope 
failure (landslides and rockfalls), surface fault ruptures, and flooding. Assessing 
geotechnical hazards is a two-part procedure. First, engineers conduct a quick 
screening evaluation, generally using information available from field reconnaissance. 
 

If various criteria are satisfied, they consider the risk to be low and require no 
further evaluations. If a hazard cannot be screened out, they conduct more detailed 
and rigorous evaluations, which usually require obtaining additional data to assess the 
hazard and its consequences.  
 
(3)    Assessing Infrastructure Vulnerability 

To assess the seismic vulnerability of the U.S. bridge inventory, researchers 
often use an indices method to determine a seismic rating. The method involves 
assessing a bridge’s structural vulnerability, the site’s seismic and geotechnical 
hazards, the socioeconomic factors affecting the structure’s importance, and other 
issues such as bridge redundancy and nonseismic structural issues. Through this 
method, researchers arrive at a final, ordered determination of the retrofitting priority 
of individual bridges and, ultimately, for the Nation’s entire infrastructure inventory.  
 

The rating system has two parts. The quantitative part produces a seismic rating 
based on structural vulnerability and site hazard. The qualitative part modifies the 
rank in a subjective way that accounts for importance, network redundancy, 
nonseismic deficiencies, remaining useful life, and similar issues to arrive at an 
overall priority index. 
 
(4) Mitigation Design of New Bridges  

Based on advanced seismic research and experience with destructive 
earthquakes, AASHTO, NCHRP, and FHWA have improved seismic designs for new 
bridges. The results include design details that directly affect bridge performance 
under increased loadings due to earthquakes and other natural hazards. 
 

The performance of U.S. highway bridges in recent large earthquakes has shown 
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that the current state of the art has saved many bridges from collapse caused by 
unseating of the superstructure or shear failure of the columns,”  
 

The fundamental design objective of current seismic specifications in small to 
moderate events is to resist seismic loads within an elastic range without significant 
damage to structural components. The objective in large earthquakes is that no span, 
or part of a span, should collapse. The specifications consider limited damage to be 
acceptable in these circumstances, provided it is confined to flexural hinging (that is, 
a hinge that allows an angle to be adjusted while it remains in place) in pier columns. 
Further, damage above ground is preferable so that it is visible in sections of the 
bridge that are accessible for inspection and repair.  
 

Under current specifications, the seismic performance objective is no collapse 
based on a one-level rather than a two-level design approach. The current single-level 
design criterion is based on a 1,000-year return period event with not greater than a 5 
percent probability of occurring during a bridge’s 50-year design life. As an 
operational objective, a bridge’s designers may use a higher, two-level performance 
level, but only with authorization from the bridge’s owners. Current specifications, 
however, do not provide guidance beyond the one-level approach.  
 
(5) Seismic Retrofitting of Existing Bridges 
 

Retrofitting is the most common method of mitigating risks; in some cases, 
however, the cost might be so prohibitive that abandoning the bridge (total or partial 
closure with restricted access) or replacing it altogether with a new structure may be 
favored. Alternatively, doing nothing and accepting the consequences of damage is a 
possible option. The decision to retrofit, abandon, replace, or do nothing requires 
careful evaluation of the structure’s importance and degree of vulnerability. Limited 
resources generally require that deficient bridges be prioritized, with important 
bridges in high-risk areas being retrofitted first. 
 

Bridges constructed prior to 1971 in particular need to be retrofitted, based on 
seismicity and structural types. Toward this end, FHWA issued several publications, 
including Seismic Retrofitting Guidelines for Highway Bridges (FHWA-IRD-83-007) 
in 1983 and Seismic Design and Retrofitting for Highway Bridges (FHWA-IP-87-06) 
in 1987. In 1995, FHWA updated these manuals with more current knowledge and 
practical technology; FHWA Seismic Retrofitting Manual of Highway Bridges 
(FHWA-RD-94-052). 
 

Then, as mentioned earlier, FHWA published Seismic Retrofitting Manual of 
Highway Structures–Part I and Part II. This two-volume manual contains the 
following procedures for evaluating and upgrading the seismic resistance of existing 
highway bridges: 
• A screening process to identify and prioritize bridges that need to be evaluated for 

seismic retrofitting 
• A methodology for quantitatively evaluating the seismic capacity of a bridge  
• Retrofitting approaches and techniques for increasing the seismic resistance of 

existing bridges 
• A methodology for determining the overall effectiveness of alternative retrofitting 
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measures, including cost and ease of installation 
 

The manual does not prescribe rigid requirements as to when and how bridges 
are to be retrofitted. The decision to retrofit depends on a number of factors, several of 
which are outside the engineering realm. These other factors include, but are not 
limited to, the availability of funding and a number of political, social, and economic 
issues. A bridge may be exempt from retrofitting if it is located in a seismic zone with 
very little ground motion or has limited remaining useful life. Temporary bridges and 
those closed to traffic also may be exempt.  
 
 
Future Developments 
  

The recent huge earthquakes in Japan, Chile, and China have challenged 
earthquake engineering communities around the world. The intensity of peak ground 
accelerations and long duration of shaking in large earthquakes create greater 
difficulties for designing and retrofitting highway bridges. FHWA’s seismic research 
program is exchanging technical information and collaborating on research with 
seismically active States in the United States and with other countries, including 
Chile, China, Italy, Japan, Taiwan, and Turkey. 
 

Over the past 15 years, the program has held a series of conferences around 
the United States and bilateral workshops with other countries to promote new 
technology and exchange technical information. In 2009, the 25th U.S.–Japan Bridge 
Engineering Workshop, held in Tsukuba, Japan, marked the silver anniversary of this 
technology exchange and cooperation. 
 

Under SAFETEA-LU, FHWA is working with MCEER, located at The State 
University of New York at Buffalo, and the University of Nevada, Reno, to initiate 
two major seismic research studies to help highway infrastructure face the challenges 
of big earthquakes yet to come. These studies focus on innovative protection 
techniques and seismic resilience. 
 
(1)   Developing Innovative Technologies  

 
The first study’s objective is to improve the seismic resistance of the U.S. 

highway system by developing innovative technologies, expanding their applicability, 
and developing cost-effective methods for implementing design and retrofitting 
technologies. As FHWA applies accelerated techniques to construction of new 
bridges and maintenance of existing bridges in high seismicity areas, this study is 
attempting to develop more advanced design details to accommodate large ground 
motions and increase the mobility and safety of the surface transportation system.  
 
(2)   Improving Seismic Resilience  
 

  Life-safety (no collapse and no loss of human life) is no longer the sole 
requirement for success in designing a highway system capable of resisting the 
impacts of a major earthquake. The traveling public now expects resilience as well—
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that is, rapid recovery and minimal impact on the socioeconomic fabric of modern 
society.  
 
 The need for resilience has led to development of the concept of performance-
based seismic design. Performance measures calculated by REDARS include 
congestion and delay times. These measures allow system-level performance criteria 
to be specified for earthquakes of various sizes, such as maximum permissible traffic 
delay times and minimum restoration times. Thus, these measures allow resilience of 
a highway system to be defined and measured in quantitative terms, such as the time it 
takes to restore the system’s pre-earthquake capacity. Accordingly, local transportation 
authorities can develop financial and societal incentives that will improve resilience 
and at the same time reduce risk to life and property.  
 
 FHWA and others have made substantial progress in this area, particularly 
with respect to the performance of individual components of the built environment, 
such as buildings and bridges. But the real potential for performance-based design 
comes when these concepts are applied to systems and subsystems of the 
infrastructure, such as transportation networks, subject to both service load conditions 
and extreme events. 
 

This project’s objective is to study the resilience of highway systems with a 
view to improving performance during major earthquakes. By improving current loss 
estimation technologies such as REDARS, the FHWA researchers will develop a 
comprehensive assessment tool to measure highway resilience. They will identify 
factors affecting system resilience, such as damage-tolerant bridge structures and 
network redundancy, and develop design aids for curved bridges and structures in 
near-fault regions. To the extent practical, they will implement the new methodologies 
and technologies in REDARS and conduct outreach to improve seismic safety.  
 
Concluding Remarks 

The greatest difficulty in mitigating earthquake hazards is that seismic events 
occur without any notice and without any way of accurately predicting when they will 
occur, nor what their magnitude will be. Earthquakes are devastating, often resulting 
in a large number of deaths, injuries, and extensive infrastructure damage. These 
losses occur within minutes. Systematic approaches to evaluating earthquake risks, 
including indirect losses such as economic impacts, have become an important issue 
to the engineering community. Hazard mitigation methods to reduce earthquake losses 
require an enormous effort for development and implementation. FHWA is working 
closely with AASHTO and NCHRP to mitigate earthquake hazards and reduce losses, 
and the efforts to implement all practical measures to enhance the safety and mobility 
of the highway infrastructure are in a race against time with earthquakes.   
 
Reference: 
 

FHWA Congressional Seismic Research Studies under the ISTEA, TEA-21, 
and SAFETEA-LU Program. 
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FAILURE INVESTIGATION AND RETROFIT STRATEGIES OF A 22-SPAN 
STEEL GIRDER BRIDGE DURING THE 2010 CHILE EARTHQUAKE 

Zuocai Wang1, Genda Chen2, Phillip W. Yen3, and Ian Buckle4

Abstract

This paper presents a case study on the Cardinal Raúl Silva Hen iquez Bridge 
that was significantly damaged during the Chile Earthquake on February 27, 2010.  
Field observations and finite element simulations indicated that the bridge failed 
mainly because the excessive longitudinal load of 22 continuous steel-girder spans was 
transferred from the girders to their bearing masonry plates at two abutments with a 
weld connection detail, locally bending the girders due to axial load eccentricity. 
Parametric studies demonstrated that an effective retrofit strategy can be developed by 
reducing the number of continuous spans, modifying the connection detail, and 
increasing the capacity of girders with enlarged bearing seats, additional stiffeners for 
girders, and thicker flanges and webs. 

Introduction

On February 27, 2010, the M8.8 offshore Maule earthquake occurred on a 
thrust fault along the boundary between the Nazca and South American tectonic plates 
[USGS, 2010]. The Chile earthquake damaged about 200 bridges and led to 20 
collapses. One of the significantly damaged bridges is the Cardinal Raúl Silva 
Hen iquez Bridge. Based on the field inspections by Chen et al. [2010], bottom flanges 
and webs of the steel girders at abutment supports and the girder-to-abutment weld 
connections were severely fractured during the earthquake. This type of damage is 
indicative of the presence of excessive longitudinal loads in the bridge superstructure 
since only one center expansion joint exists in the entire bridge structure. In addition, 
the bottom flanges of the girders were welded on masonry steel plates at abutments. 
This detail is not representative to the common practice in continuous steel girder 
bridge constructions where a continuous bridge section is simply supported on one 
fixed bearing and multiple expansion bearings [Saadeghvaziri et al., 2000]. The 
specific girder-to-abutment connection detail in the Cardinal Raúl Silva Hen iquez
Bridge attracted not only axial and shear forces but also a bending moment in the 
longitudinal plane of the bridge under earthquake loads. 
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Missouri University of Science and Technology, Rolla, MO, USA 
2 Professor, Dept. of Civil, Architectural, and Environmental Engineering, Missouri 
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3 Research Structural Engineer, Turner Fairbank Highway Research Center, Federal 
Highway Administration, McLean, VA, USA 
4 Dept. of Civil and Environmental Engineering, University of Nevada, Reno, NV, 
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Previous research concluded that steel bridge superstructures are susceptible to 
damage under low or moderated earthquakes and even more fragile than concrete 
superstructures if designed improperly [Itani et al., 2004]. For example, bearing failure 
in the steel girder bridges that were designed without seismic considerations has been 
commonly seen during previous earthquake events due to insufficient seat length. The 
load path and the capacity of a bridge system and its individual components at end 
supports must be evaluated case by case. 

The objectives of this study are to investigate the failure mechanism of girders 
and end bearings at two abutments of the Cardinal Raúl Silva Hen iquez Bridge during 
the 2010 Chile Earthquake and develop various effective retrofit strategies for them 
through sensitive studies with a finite element model of the bridge.  

Bridge Description and Field Observed Damage 

(1) Configuration of the Bridge 

Built in 2002, Cardenal Raúl Silva Hen iquez Bridge is a 22-span, steel-girder 
structure crossing the Maule River near Constitución in the NE-SW direction. Each 
span length is 41.5 m. The bridge is supported by two seat-type abutments and 
twenty-one intermediate bents. As partially shown in Fig. 1, the first five bents from 
the NE abutment are supported on two reinforced concrete (RC) columns and drilled 
shafts. The next six bents are supported on three RC columns and drilled shafts. The 
following eight bents are steel pile bents with three legs (one vertical and two inclined) 
with horizontal struts and diagonal braces interconnecting the legs in each bent. The 
last two bents are supported on three RC columns that rest on footings. The bridge 
superstructure is comprised of two continuous 11-span-long segments with three 
expansion joints at the two ends and in the middle of the bridge. It is connected to the 
bridge substructure by elastomeric pads at all piers to allow for longitudinal movement 
except for two abutments. At each abutment, three girders were welded to their bearing 
masonry plates that are anchored into the abutment. 

                  

Fig. 1 Cardenal Raúl Silva Hen iquez Bridge       Fig. 2 Acceleration Response Spectra 
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(2) Acceleration Response Spectra 

The 2010 Chile earthquake generated ground motions with long duration and 
multiple pulses [Boroschek et al., 2010]. The three-component earthquake ground 
motions at the Hospital Station in Curicó near the bridge site were successfully 
recorded but not released to the public as of today. However, their acceleration 
response spectra were made available as shown in Fig. 2. It can be seen from Fig. 2 that 
the NS and EW acceleration spectra are much larger than the vertical acceleration 
spectrum in a period range from 0.2 sec to 0.6 sec and from 0.8 sec to 1.5 sec. On the 
other hand, the natural periods of the particular steel-girder bridge almost fall in this 
range. In other words, the bridge is more sensitive to the longitudinal and transverse 
motions. 

(3) Field Observed Damage 

During the earthquake, the NE portion of the bridge moved transversely from 
west to east as shown in Fig. 3(a). All steel stoppers were deformed and girders were 
displaced from their elastomeric pads, resulting in the web and flange bending of the 
exterior girder about its weak axis. At the NE abutment, the webs and bottom flanges 
were fractured in all three girders, and both bearing stiffener and web buckled as 
illustrated in Fig. 3(b). The cause of this type of damage is indicative of excessive 
longitudinal loads in the superstructure that was resisted by the weld bearing 
connection at the abutment. At the SW abutment, the welds from the girder bottom 
flanges to the masonry plates were fractured [Chen et al., 2010].

   
(a) Girder offset and cross frame buckling      (b) Girder fracture at the north abutment 

Fig. 3 Superstructure Damage at the NE Portion 

Response Spectrum Analysis of the Bridge System 

(1) The Grillage Finite Element Model  
A typical cross section of the bridge is schematically shown in Fig. 4. The 
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bridge has a total of 12 types of cross sections with various flange widths and 
thicknesses. The flange width of steel girders varies from 0.25 m to 0.62 m, and the 
thickness changes from 12 mm to 40 mm. The height and thickness of girder webs are 
2.06 m and 12 mm, respectively. The bridge has two types of steel diaphragms spaced 
every 2 m. It also has two types of piers: concrete and steel pile bents. The diameter of 
circular concrete columns is 1.5 m while the outer diameter of the 12-mm thick thin 
walled circular steel pile is 1.0 m. The concrete bridge deck is 10 m wide and its 
thickness is 0.25 m.  

Fig. 4 Bridge Cross Section 

To understand its complicated seismic behavior, a grillage mesh finite element 
model was established to represent the global responses of the entire bridge, and a 
detailed three-dimensional (3-D) model was created for the local failure analysis of the 
fractured girder portion. In the global grillage model as shown in Fig. 5, the beam 
elements were used to represent the bridge decks and other components (girders, bent 
caps, and columns). The longitudinal beam elements represent the centerline of bridge 
members passing through the neutral axis of all cross sections. The moment of inertia, 
cross sectional area and unit mass of the longitudinal grillage members were 
determined from the properties of as-built girders and a portion of bridge decks based 
on the effective width of composite beams [Eugene and Damien, 2005]. 

 
Fig. 5 Grillage Modeling of the Bridge 

All transverse grillage members were placed at the location of diaphragms. 
Their properties were directly calculated from the as-built diaphragm frames. The 

10 m 

4.34 m 4.34 m 

Longitudinal grillage beam 

Transverse grillage beam 
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equivalent cross area and moment of inertia of each diaphragm frame were calculated 
based on the equivalent displacement criterion. The properties of bent caps and 
columns (reinforced concrete or steel tube) were estimated based on their as-built cross
sections. The cross sectional areas and moments of inertia of various grillage members
are presented in Table 1. Here, Ix and Iy represent the moments of inertial about the 
strong (horizontal) and weak (vertical) axes of a cross section, respectively. The
Young’s Modulus of Elasticity for the longitudinal and transverse grillage beams and
steel tubes is
2.5 1010

2 1011  N/m2, while that for the concrete bent caps and columns is 
 N/m2.

Table 1 Section Properties of Grillage Beam Elements 

Grillage beams Area (m2) Ix (10-3 m4) Iy  (10-3 m4)

Longitudina
l

1 0.17 51.4 3.3 
2 0.18 92 3.5 
3 0.19 107 3.7 
4 0.19 119 3.9 
5 0.19 123 4 
6 0.18 99 3.5 
7 0.17 84 3.4 
8 0.19 116 3.8 
9 0.21 159 4.4 
10 0.17 78 3.4 
11 0.19 130 4.2 
12 0.18 98 3.5 

Transverse 1 0.003 0.002 0.0002 
2 0.007 4.67 0.001 

Concrete column 1.78 249 249 
Steel pipe 0.04 4.55 4.55 

To take into account soil-foundation-structure interaction, all columns in each 
bent were simply considered to be fixed at certain depth that can be estimated by 
[Davisson and Robinson, 1965]:  

                (1) 

in which

Lf = 1.8 E1
n h

0.2

 and  are the modulus of elasticity and the moment of inertia of columns, 
respectively, and nh is the coefficient of the horizontal subgrade modulus of soil 
materials. The grillage finite element model of the entire bridge was set up with 
SAP2000 as shown in Fig. 6.
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Fig. 6 Finite Element Model of the Bridge based on Grillage Method 

 (2) Response Spectrum Analysis 

The complete quadratic combination (CQC) rule was applied to combine the 
effects of modal responses [Chopra, 2007]. Therefore, the peak value of a structural 
response can be written as: 

                               (2) 

where N represents the total number of vibration mode of engineering interest; r0 is a 
peak response of the bridge system;  and  are the peak responses of the ith and nth
modes of vibration, respectively; and  is the correlation coefficient between the two 
modes. 

The natural frequencies of the first transverse, first vertical, and first torsional 
modes of vibration are listed in Table 2. The maximum axial force, bending moment, 
and shear of the NE end girders where significant damage was observed are presented 
in Table 3. It can be seen from Table 3 that the maximum axial force is 8750 kN mainly 
due to the longitudinal earthquake ground motion. Due to load transfer eccentricity (2 
m) at each end of the bridge, the axial force causes a significant bending moment at the 
end of each girder, which is most likely underestimated in design. This moment is 
almost 6 times as large as that of the bending moment directly caused by the earthquake 
load.

Table 2 Natural Frequencies of the First Transverse, Longitudinal, Vertical and 
Torsional Modes 

 1st Mode  Transverse Longitudinal Vertical Torsional 
Natural frequency (Hz) 0.45 1.21 1.85 2.05 
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Table 3 Maximum Axial Force, Bending Moment, and Shear at the NE End Girders 

Axial force (kN) Moment (kN-m) Shear (kN) 
8750 2970 240 

3D Finite Element Model for the Fracture Analysis of Girders 

To better understand the stress concentration around the fracture location of 
girders, the area of crack initiation, and the process of failure, a 3D finite element 
model of a small portion of girder (including bearing stiffeners) was established with 
ABAQUS. Considering 0.7 m fillet weld on the bottom flange of each girder at the 
abutments or 0.7 m bearing seat length, the detailed 3D model is selected to be 1.7 m 
long as schematically illustrated in Fig. 7(a). The steel girder and reinforced concrete 
deck were modeled by plate and solid elements, respectively, as shown in Fig. 7(b). 
The portion of the bottom flange of the girder, welded on the masonry plate at 
abutments, was fixed in the fracture analysis of girders. The flange width and thickness 
of the girder are 0.28 m and 12 mm, respectively. The web and stiffener thicknesses are 
12 mm and 20 mm, respectively. The maximum axial force obtained at the end of 
girders from the global grillage model of the bridge system was divided into two 
components based on the weight ratio between the bridge deck and steel girders. Each 
component was uniformly distributed and applied on its respective deck or girder cross 
section.

To understand the crack initiation and failure process, four (4) load cases were 
considered for elastic-plastic analysis: 130, 300, 440, and 700 kN. The stress 
distribution for each case is presented in Fig. 8. It can be observed from Fig. 8 that 
damage likely initiated at the bottom flange of the girder under an axial load of 130 kN. 
Cases 2 and 3 in Fig. 8 indicate that the maximum stress will extend into the girder web 
in the area of observed damage after the Chili Earthquake. Eventually, the girder failed 
at an axial force of 700 kN, which is 8% of the maximum axial load obtained from the 
response spectrum analysis. Based on the stress distributions under various load cases 
and field observations, it was verified that the web fracture was indeed caused by the 
excessive longitudinal load, which can be estimated to be approximately 12 times of 
the actual capacity of the steel girder bearing system. 
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Fig. 7 Modeled Portion of Steel Girder and ABAQUS 3D Finite Element Model 

Fig. 8 Stress Distribution under Each of Four Axial Forces 

Parametric Study 

In this section, several potential retrofit strategies are investigated either by 
reducing the longitudinal earthquake load or increasing the seismic capacity to ensure 
a smooth transfer of the seismic load from the girder to abutment. To limit the scope of 

(a) Steel Girder  (b) 3D Model  

(a) Case 1: Axial force=130 kN (b) Case 2: Axial force=300 kN 

(c) Case 3: Axial force=440 kN (d) Case 4: Axial force=700 kN 
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work, it is assumed that both abutments are adequate to transfer the seismic loads from 
the bridge superstructure to ground. Example retrofit strategies for the bearing 
connections include: 

1. Reducing the longitudinal seismic load by increasing the number of joints in 
bridge superstructure (both deck and girder) so that bearing elements between 
the super- and sub-structure can transfer the seismic load satisfactorily, 

2. Changing the bearing connection detail between the bottom flange of girders 
and the masonry plate of abutments, and 

3. Increasing the seismic capacity of the girder-to-abutment system by increasing 
the thicknesses of web and bottom flange, the number of stiffeners, and the 
bearing area at abutments.  

More advanced retrofit strategies include the use of base isolators at each bent 
and abutment so that the longitudinal load on each bent can be regulated based on its 
available capacity for load transfer, and the use of passive energy dissipation systems 
so that earthquake energy can be dissipated. In what follows, only the three strategies 
that are detailed above are discussed. 

(1) Number of Joints 

One effective way to reduce the longitudinal seismic force is to increase the 
number of joints at intermediate bents. Towards this endeavor, the number of 
continuous spans was considered to be 1, 2, 3, 4, 5, and 6. In each case, the longitudinal 
force calculated from the response spectrum analysis based on the grillage beam model 
is shown in Fig. 9. It can be clearly seen from Fig. 9 that the axial force is significantly 
reduced as the number of continuous spans is reduced.  

Fig. 9 Axial Force at the End Girder of Bridge with Various Continuous Span Numbers 

 On the other hand, more expansion joints in bridge deck mean more 
maintenance since these are often the areas for water leakage and corrosion developed 
over the years. Furthermore, as the number of expansion joints increases, the redundant 
effects for extreme loads diminish. Therefore, there must be a tradeoff between seismic 
performance and maintenance cost in practical applications or advanced retrofitting 
strategies with dampers and isolators can be developed. 
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Table 5 Axial Force Capacities of Retrofitted Bearing Connections with Three Added 
Stiffeners (kN) 

Plate thickness 
(mm) 

Bearing seat length (m) 
0.7 1 1.2 

12 2137 3215 3907 
25 2961 4599 5843 
50 4520 7192 9329 

In retrofitted design, the seismic capacity of the structure must be larger than 
the seismic demand by a certain safety margin. As indicated in Tables 4 and 5 for the 
Cardenal Raúl Silva Hen iquez Bridge, only when the thickness of the web and flange 
is increased to 50 mm, three 30 mm thick stiffeners are added at the girder end, and the 
bearing seat is lengthened to 1.2 m can the retrofitted bearing connection transfer the 
excessive longitudinal earthquake load from the girder to abutment without requiring 
additional expansion joints over intermediate bents. If the number of continuous spans 
is reduced, the longitudinal earthquake load can be significantly reduced and thus more 
bearing connection retrofitting options in Tables 4 and 5 are viable in design. For 
instance, Fig. 11 shows the seismic demand versus seismic capacity for various 
combinations of reducing span numbers and increasing web/flange thickness and 
bearing seat length; when the bridge girders are simply supported, the current bridge 
design can transfer the earthquake-induced load. For a specified continuous span 
number, the seismic demand (axial load) can be determined from a global bridge 
analysis as shown in dash line in Fig. 11. Various retrofitting options as shown in solid, 
dotted, and long dash dotted lines in Fig. 11, which can increase the seismic capacity 
(axial force) above the seismic demand, can be considered as viable designs with 
adequate performance. 
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Fig. 11 Seismic Demand (Load) versus Seismic Capacity (Force) for Various 
Continuous Span Numbers and Bearing Connection Retrofit Designs 

Fig. 11 also indicates that if the bearing weld connection were changed to a pin 
connection, the bending moment due to the welded bottom flanges of girders at 
abutments would disappear and the bending moment due to load eccentricity would be 
approximately 8750-2970 = 5780 kN. Indeed, re-running the grillage beam model with 
pin supports at two abutments gave a moment of 6800 kN. Even with pin supports, the 
bridge must be retrofitted further by increasing seismic capability such as adding three 
stiffeners and/or increasing web/flange thicknesses. The main difference between the 
pin and fixed supports, however, lies in the design of masonry plates and abutments. 
With pin supports, the masonry plates are subjected to both axial and shear forces only, 
which can be significantly less demanding in comparison with the fixed supports as 
seen in the current bridge design.  

Conclusions 

To understand the main causes of the steel girder fracture and weld fracture of 
a 22-span Cardenal Raúl Silva Hen iquez Bridge during the 2010 Chile Earthquake, a 
grillage beam model of the entire bridge system and a 3D finite element model of the 
bearing connection at bridge abutments have been developed. The representative 
acceleration response spectra at the Hospital Station in Curicó near the bridge site were 
used for the global bridge analysis. Parametric studies were conducted to investigate 
the effects of various retrofit designs at bearing connections. Following is a summary 
of the preliminary findings from this study: 

1. The current bridge design has 11 continuous spans that are all rested on 
elastomeric bearings except for end bearing connections at abutments. The 
elastomeric bearings allow for some longitudinal displacement under the 
longitudinal component of ground motions. Therefore, the fixed 
girder-to-abutment bearing connection attracted the longitudinal load of all 
continuous spans, causing fracture damage at abutments. 

2. Reducing the number of continuous spans can significantly reduce the 
longitudinal load applied at the bearing connection system. However, the 
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current bearing connection design is still inadequate to transfer the longitudinal 
load unless all girders are simply supported. Their combinations may be 
necessary to transfer the loads induced by a mega earthquake such as the 2010 
M8.8 Chile Earthquake. 

3. Increasing the web and flange thickness of girders, number of stiffeners, and 
length of bearing seats at the bearing connection are all effective measures for 
seismic retrofitting of the bridge. 

4. For the multi-span bridge structure, the longitudinal component of the 2010 
Chile Earthquake induced ground motions caused more significant damage 
than the vertical earthquake motion. Therefore, due considerations must be 
taken of the longitudinal ground motion effect in bridge design and a decision 
may have to be made to trade off the seismic design load and the seismic 
redundancy in lieu of the number of continuous spans. 
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EARTHQUAKE RESPONSE OF HIGHWAY BRIDGES SUBJECTED TO 
LONG DURATION SEISMIC MOTIONS

Kataoka Shojiro1

Abstract

Strong motion records obtained during the 2003 off Tokachi, Japan, earthquake 
(Mw8.0) and the 2010 Maule, Chile, earthquake (Mw8.8) are used to investigate 
effects of duration of seismic motion on earthquake response of highway bridges.  Not 
much difference was found between the responses excited by the seismic motions from 
the two earthquakes despite difference of the duration.

Introduction

Current Japanese design specifications (Japan Road Association, 2002) require 
highway bridges to be checked if the bridges satisfy target seismic performances 
against Level 1 and Level 2 earthquake motions.  Level 1 earthquake motion covers 
ground motion highly probable to occur during service period of bridges and its target 
seismic performance is set to have no damage.  Level 2 earthquake motion is defined 
as ground motion with high intensity with less probability to occur during the service 
period of bridges.  The target seismic performance against Level 2 earthquake motion 
is set to prevent fatal damage for bridges with standard importance and to limit damage 
for bridges with high importance. 

There are two types of Level 2 earthquake motion, i.e. Type I and Type II 
earthquake motions.  Type I represents ground motions from large-scale plate 
boundary earthquakes, while Type II from inland earthquakes and directly strike the 
bridges.  These design earthquake motions are defined as design acceleration response 
spectra with damping ratio of 0.05.  Time history waveforms are also shown in the 
design specifications as examples for seismic design using dynamic response analyses. 
 The time history waveforms were produced by spectral fitting using strong motion 
records as original waveforms; their acceleration response spectra were adjusted to fit 
to the design spectra by means of a spectral fitting technique. 

As for Type I earthquake motion, strong motion records obtained during plate 
boundary earthquakes of which magnitudes ranging from 7.4 to 8.2 were used as 
original waveforms.  Duration of the example waveforms are up to only 55[s] (duration 
in this paper will be defined in the next section).  Ground motion records with long 
duration, however, were obtained during the 2003 off Tokachi, Japan, earthquake 
(Mw8.0) and the 2010 Maule, Chile, earthquake (Mw8.8).  Besides, it has been pointed 
out that super-giant earthquakes, of which magnitudes are as large as 9, may occur in 
Suruga-Nankai trough, south-western Japan, in the near future – though the 2011 off 
the Pacific coast of Tohoku earthquake (Mw9.0) had never been imagined. 
                                                     
1 Senior Researcher, Earthquake Disaster Prevention Division, National Institute for 

Land and Infrastructure Management (NILIM)
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In this paper, effects of long duration seismic motions on earthquake response 
of highway bridges are investigated using the strong motion records from the 2003 off 
Tokachi and the 2010 Maule earthquakes. 

Strong Motion Records and Adjusted Waveforms

Table 1 lists 10 observation stations where strong motion records were obtained 
by the Department of Geophysics, the University of Chile, during the 2010 Maule 
earthquake.  The digital data were downloaded from its website 
(http://ssn.dgf.uchile.cl).  Locations of these observation stations are shown in Figure 
1 with the epicenter and surface projection of the source fault.  The strong motion 
recorded at CCSP (Figure 2) has the largest PGA and the longest duration.  In this 
paper, the duration is defined as the time between first and last moments when 
amplitudes exceed 50 [cm/s2].   The durations of NS, EW, and UD components of the 
strong motion at CCSP are 151[s], 152[s], and 122 [s], respectively. 

The acceleration response spectrum of EW component of the strong motion at 
CCSP was adjusted to target response spectra by spectral fitting.  The target response 
spectra are set as shown in Figure 3.  Type I, II, and III grounds are stiff, medium, and 
soft soil conditions, respectively.  Since there was no available information about the 
soil condition at CCSP, three acceleration waveforms that represent Type I, II, and III 
grounds were produced as shown in Figure 4; the acceleration response spectra of these 
waveforms were adjusted  to the target response spectra (Figure 3) by spectral fitting.  
The durations of the waveforms produced here are very close to the duration of the 
original waveform (152 [s]). 

Acceleration response spectra of strong motion recorded during the 2003 off 
Tokachi earthquake were also adjusted to the same target response spectra by spectral 
fitting.  The strong motion records obtained at UKE (Urakawa-Efue), CKB 
(Chokubetsu), and TCS (Taikicho-Seika) stations were chosen to represent Type I, II, 
and III grounds, respectively.  The original and adjusted waveforms are shown in 
Figures 5, 6, and 7.  The durations of the adjusted waveforms are 75[s], 78[s], and 96[s], 
which are more than 50[s] shorter than those produced from the strong motion during 
the 2010 Maule earthquake. 

Analytical Models of Highway Bridges

Analytical model of highway bridges and nonlinear models for plastic hinge 
section of RC piers and seismic isolation bearings are shown in Figures 8 and 9.  
Rubber bearings, seismic isolation bearings, and fixed bearings were chosen for Type 
I, II, and III grounds, respectively.  Spread foundation was chosen for Type I ground, 
while pile foundation was chosen for Type II and II grounds.  All three analytical 
models were designed under the current seismic design specifications and their 
fundamental natural periods are 1.25[s], 1.15[s], and 0.71[s] for Type I, II, and III 
grounds, respectively. 
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Earthquake Response of Highway Bridges

Figure 10 shows hysteretic force-displacement response of the analytical model 
subjected to the long duration seismic motions produced from the strong motion 
records obtained during the 2003 off Tokachi and the 2010 Maule earthquakes.  The 
amplitudes of the adjusted waveforms were magnified to 1.2 times for seismic input to 
check nonlinear response of the model more clearly.  We can see that peak response 
displacements of the bridge models due to the adjusted waveforms from the 2003 off 
Tokachi earthquake are as large as or larger than those from the 2010 Maule 
earthquake.

Hysteretic force-displacement response of the seismic isolation bearings, 
adopted for Type II ground, subjected to the long duration seismic motions from the 
two earthquakes are compared in Figure 11.  The amplitudes of the adjusted waveforms 
were magnified to 1.2 times for seismic input as well.  The peak response 
displacements of the bearings are not much different and do not exceed 250% shear 
strain.

Table 2 summarizes residual displacements of the analytical models subjected 
to the long duration seismic motions.  The amplitudes of the adjusted waveforms were 
magnified to 1.2 times and 1.4 times for seismic input.  It was found that the residual 
displacements vary case by case and that seismic motions with longer duration are not 
always more severe in terms of the residual displacement. 

Conclusions

In this paper, strong motion records obtained during the 2003 off Tokachi 
earthquake (Mw8.0) and the 2010 Maule earthquake (Mw8.8) are used to investigate 
effects of duration of seismic motion on earthquake response of highway bridges.  We 
could not find notable difference between the responses, i.e. the peak response 
displacements of RC piers and seismic isolation bearings and the residual displacement, 
excited by the seismic motions from the two earthquakes though there are differences 
of more than 50 [s] between their durations.  Further investigations will be carried out 
using the abundant strong motion records obtained during the 2011 off the Pacific coast 
of Tohoku earthquake. 
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(a) NS component (duration: 151[s]) 

(b) EW component (duration: 152[s]) 

(c) UD component (duration: 122[s]) 
Figure 2  Strong motion recorded at CCSP during the 2010 Maule earthquake. 
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(c) Type III ground (duration: 152[s]) 
Figure 4  Acceleration waveforms produced by spectral fitting from EW component of 
the strong motion at CCSP.  The acceleration response spectra of these waveforms 
were adjusted to the target spectra shown in Figure 3. 

(a) Original waveform (duration: 46[s]) 

(b) Adjusted waveform (duration: 75[s]) 
Figure 5  Original (a) and adjusted (b) waveforms for Type I ground.  The original 
strong motion is observed during the 2003 off Tokachi earthquake at UKE 
(Urakawa-Efue) station. Adjusted waveform was produced by spectral fitting 
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(a) Original waveform (duration: 68[s]) 

(b) Adjusted waveform (duration: 78[s]) 
Figure 6  Original (a) and adjusted (b) waveforms for Type II ground.  The original 
strong motion is observed during the 2003 off Tokachi earthquake at CKB 
(Chokubetsu) station. Adjusted waveform was produced by spectral fitting 
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(a) CKB-Tokachi                                        (b) CCSP-Maule 

Figure 11  Hysteretic force-displacement response of the seismic isolation bearings, 
adopted for Type II ground, subjected to the long duration seismic waves. The 
amplitudes of the adjusted waveforms were magnified to 1.2 times for seismic input. 

Table 2  Residual displacements of the analytical models subjected to the long duration 
seismic motions.  The amplitudes of the adjusted waveforms were magnified to 1.2 
times and 1.4 times for seismic input. 

Residual displacement [mm] Ground Fundamental 
natural period Strong motion record 1.2 times 1.4 times 

UKE-Tokachi 11 34 Type I 1.25 [s] CCSP-Maule 17 39 
CKB-Tokachi 73 82 Type II 1.15 [s] CCSP-Maule 1 2 
TCS-Tokachi 57 156 Type III 0.71 [s] CCSP-Maule 100 57 
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EXPERIMENTAL INVESTIGATION OF INFLUENCE OF LIVE LOAD ON 
SEISMIC RESPONSE OF A HORIZONTALLY CURVED BRIDGE

Hartanto Wibowo1, Danielle M. Smith1, Ian G. Buckle2, and David H. Sanders3

Abstract

Little is understood about the dynamic interaction between heavy vehicles and 
bridge systems during strong earthquakes. An experimental study was therefore 
undertaken to investigate this phenomenon. Six, full-scale, pickup trucks were placed 
on a 3-span, large-scale bridge model, which was supported on the 4 shake tables at the 
NEES Equipment Site at the University of Nevada Reno. Comparison of behavior 
when the same model was tested without trucks showed their presence to have a 
beneficial effect up to a level of shaking defined by the Design Earthquake, and an 
adverse effect for shaking greater than the Design Earthquake.    This bimodal result has 
been reported by other researchers and confirms the difficulty of isolating and 
quantifying the critical parameters that govern response.  

Introduction

Design procedures for earthquake-resistant bridges in most countries do not 
require the simultaneous presence of live load and earthquake load to be considered. 
This decision is based on two major assumptions. First, it is assumed the full design live 
load will not be on the bridge at the time of the design earthquake, and second, the 
seismic response of a bridge is dominated by its dead load and live load inertial effects 
are negligible by comparison. However for bridges in urban areas where congestion is a 
frequent occurrence, some fraction of the design live load (usually 50%) is now 
recommended to be included with the dead load when computing gravity load effects 
(AASHTO, 2010). But this recommendation applies only to gravity load effects and not 
to inertial effects.  

The omission of inertial effects in design is the result of a prevailing attitude 
that the suspension system of a heavy vehicle acts as a tuned mass damper and reduces 
the motion in the bridge. It is therefore believed to be conservative to ignore these 
effects. But in fact little is understood about the dynamic interaction between heavy 
vehicles and bridge systems during strong shaking and there is no hard evidence that 
the tuned mass damper model is universally applicable. It is equally possible that the 
added weight increases the inertial loads in the bridge and the corresponding 
displacements and forces. 

Currently, very little research has been conducted to resolve this issue, and the 
first step is to understand and model vehicle suspension systems and their interaction 

                                                    
1 Graduate Research Assistant, Department of Civil and Environmental Engineering 
2 Foundation Professor and Director of Center for Civil Engineering Earthquake Research 
3 Professor, Department of Civil and Environmental Engineering, University of Nevada, Reno, MS 0258, 
Reno, NV, 89557 
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with the bridge structural systems. Then these numerical models need to be calibrated 
against experimental work, and finally the validated models should be used to study 
bridge-vehicle interaction during earthquake ground shaking. 

This paper describes an experimental study to calibrate a previously developed 
numerical model and give some insight into the circumstances leading to beneficial and 
adverse behavior of live load during an earthquake. This study is part of a larger project 
involving the development of a set of findings and recommendations concerning the 
effect of live load on seismic response and how these effects may be included in the 
seismic analysis and design of bridges in the future. 

Literature Review

Most of the research reported in the literature to date on the effect of live load is 
related to the calculation of impact factors (vehicle dynamic load allowance) for gravity 
load design. It appears that very little work has been done on the influence of live load 
on seismic response of bridges. Also, experimental tests on large-scale bridges to study 
the effects of vehicle-bridge interaction under seismic load do not appear to have been 
previously carried out. 

 A study by Sugiyama et al. (1990) used a single degree-of-freedom vehicle 
system that can model rolling in the transverse direction and pitching in the longitudinal 
direction, but the properties are not given. The bridge was idealized as a nine-mass 
system with transverse and rotation inertia connected by linear springs and damper 
elements. A vibration test is reported on an existing steel girder bridge with and without 
trucks in the longitudinal and transverse directions to verify the results. In the test, two 
large trucks were parked facing the same direction on a portion of an existing off ramp 
whose girders were vibrated with an electro-hydraulic exciter. The bridge was tested 
with the vehicles empty and loaded to various capacities. The results show that the 
dynamic effect of the vehicle is more dominant in the transverse direction and the 
vehicle tends to reduce the response of the bridge. The authors also note that as the 
exciting force level increases, the effects of nonlinearity become more apparent since 
the dynamic characteristics of the vehicle itself are nonlinear. These results are 
corroborated by Kameda et al. (1992) who used a 5 degree-of-freedom model in their 
study. These authors state that the vehicle tends to increase the bridge response when 
the vehicle is in the in-phase mode with the bridge and decrease the bridge response 
when it is in the out-of-phase mode. Moreover, they also concluded that the ratio of the 
fundamental frequency of the bridge to the vehicle plays an important role for the 
response of the bridge. 

 Another study of the seismic response of a bridge with live load was done by 
Kawatani et al. (2007). These authors analyzed the seismic response of a steel plate 
girder bridge under vehicle loadings during earthquakes. The vehicles were modeled 
with 12 degrees-of-freedom that took sway, yaw, bounce, pitch, and roll into account. 
The observations from the numerical analysis showed that heavy vehicles, acting as a 
dynamic system, can reduce the seismic response of bridges under a ground motion 

120



with low frequency characteristics, but the vehicles have the opposite effect and 
slightly amplify the seismic response of the bridge under high frequency ground 
motions. 

 Kawashima et al. (1994) and Otsuka et al. (1999) performed a series of studies 
to determine the effect of live load on a bridge when combined with seismic load. The 
study modeled a two-span simply supported girder bridge with a mix of ordinary cars, 
modeled as additional dead load, and large trucks, each modeled with 5 
degrees-of-freedom. The bridge was only analyzed in the transverse direction because 
it was estimated that the deck response would be significantly affected by the rolling of 
the large trucks. The studies found that the displacement response of the girders 
increased by 10% when the live load was included; ductility demand at the bottom of 
the column also increased by 10% with live load on the bridge. This study concluded 
that these increases were not enough to be significant and that existing safety factors 
should be adequate to cover these effects. It was also concluded that the increase in 
response was due to the increase in weight.  However, the effect of the large trucks was 
not just to increase the dead weight, they also behaved as a mass damper. 

 Scott (2010) developed a simplified modeling approach for dynamic analyses to 
account for combined live load and seismic load. It is shown that for short-span bridges, 
the displacement responses are mainly due to the fundamental bridge mode. In 
addition, for long-span bridges, vehicle speed had small influence on the displacement 
and acceleration responses of the bridge. 

 A recent study on the effects of live load a highway bridge under a moderate 
earthquake in the horizontal and vertical directions is reported by Kim et al. (2011). 
The study concluded that the seismic response of the bridge is amplified when the 
vehicle is considered as merely additional gravity load or mass and the amplification is 
dependent on the relationship between the fundamental frequency of the bridge and the 
response spectrum of the ground motion. However, when the vehicle is considered as 
dynamic or mass-spring-damper system, which is more realistic, the dynamic effect of 
the vehicle is greater than its gravity load effect and thus it reduces the seismic 
response. In addition, the study also showed that the effect of a moving vehicle as 
compared to a stationary vehicle is negligible, and it is sufficient to model the vehicle as 
stationary for these studies. 

Bridge Model

A three-span, curved bridge model was tested in the Large-Scale Structures 
Laboratory at University of Nevada, Reno. This 2/5-scale model has a steel plate girder 
superstructure, single-column reinforced concrete substructures, and seat-type 
abutments. Overall dimensions are shown in Table 1. 

The bridge model has a total length of 145 ft, a total width of 12 ft, and 
subtended angle of 104° as shown in Figures 1 and 2. Each bent has a single circular 
column. The column height is 7 ft - 8 in with a diameter of 24 in. The superstructure is 
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a three-span, three-girder steel bridge with concrete deck. The detail of the 
superstructure and the column can be seen in Figure 3. The superstructure is supported 
by fixed (rotation-only) pot bearings at the bent locations and slider bearings at the 
abutments. Moreover, shear keys are provided at the abutments to restrain movement in 
the radial direction during small amplitude earthquakes, but are designed to fail at 
higher events to protect the abutment foundations against damage. 

The prototype bridge was designed for a site in Seismic Zone 3 (AASHTO 
2010) with a 1,000-year spectral acceleration at 1.0 sec (S1) of 0.4 g. Under this Design 
Earthquake (DE), the bridge is expected to be damaged but not collapse. The record 
selected as the input motion for the experimental studies was the Sylmar record from 
the 1994 Northridge Earthquake near Los Angeles, scaled to have the same spectral 
acceleration at 1.0 sec. A scale factor of 0.475 was therefore applied to both the NS and 
EW time histories of ground acceleration from this station. 

Table 1. Bridge Geometry Summary. 

Parameter Prototype Model 
Total Length 362’-6” 145’-0” 
Span Lengths 105’-0”, 152’-6”, 105’-0” 42’-0”, 61’-0”, 42’-0” 

Radius at Centerline 200’-0” 80’-0”
Subtended angle 104° (1.8 rad) 104° (1.8 rad) 

Total Width 30’-0” 12’-0”
Girder Spacing 11’-3” 4’-6” 

Total Superstructure Depth 6’-6.125” 2’-7.25”
Column Height 19’-2’ 7’-8” 

Column Diameter 5’-0” 2’-0” 

Test Vehicles

The vehicles used in these experiments were six Ford F-250 trucks, each 
weighing 10,000 lb (10 kip). Dynamic properties of a typical truck were found by shake 
table testing using the 6 degree-of-freedom shake table in the Structures Laboratory. 
The ratio of the total vehicle weight to the superstructure weight is around 22%. The 
rationale of selecting the vehicle is discussed below. 
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Figure 3. Typical Superstructure and Column Details. 

The starting point for selection of the test vehicle was the H-20 truck from the 
Caltrans Bridge Design Specifications. This truck is a two-axle vehicle weighing 40 
kips (8 kips on the front axle and 32 kips on the rear axle) with a 14 ft wheel base. For a 
0.4-scale model, the model truck would have a wheel base of 5.6 ft, be 2.4 ft wide, and 
weigh 6.4 kip. Since such a vehicle would most likely have to be custom-built, the 
decision was made to select from commercially available vehicles. The closest possible 
vehicle to match the modeling requirements was found to be the Ford F-250. Although 
the similitude requirements are not fully satisfied, the dynamic properties of the chosen 
vehicle can produce similar effects to those of the target vehicle. 

(a) 

(b) 
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Table 2. Ford F-250 Dimensions and Weight Ratings

Parameter Value 
Overall Length 247 in 
Overall Width 68 in 
Overall Height 80 in 

Wheel Base Length 156 in 
Ground Clearance 7.9 in 

Curb Weight 6.7 kip 
Gross Vehicle Weight Rating 10 kip 

Max Allowable Payload 2.3 kip 

Experimental Setup

The bridge model was assembled on the four shake tables in the Large-Scale 
Structures Laboratory and the vehicles positioned on the deck as shown in Figure 4. 
Instrumentation has been installed on the columns, bridge girders, and trucks to gather 
response data during testing.  The types of instruments range from strain gauges on the 
column rebar, string pots on the bridge girders and trucks (to measure displacements), 
and accelerometers on the bridge deck and trucks (to measure accelerations). During 
the experiment, 383 data acquisition channels were used. 

The test protocol followed for this experiment started with 10% of the DE and 
then the motion was increased in successive increments to 20%, 50%, 75%, 100%, 
150%, 200%, 250%, 300%, and 350% of the DE. Before each run, a series of white 
noise excitations were run to characterize the system’s dynamic properties. 

Figure 4. Bridge Model with Live Load (Courtesy of M. Wolterbeek, 2011) 
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Preliminary Results

One of the parameters that may be used to quantify the effect of live load is the 
column displacement. Figures 5 and 6 show the north and south column displacements 
with and without live load under 75% and 100% of DE, respectively. It is shown that 
for these two runs, the maximum displacement is less when live load is present.  It is 
also important to note that during the no-live load case, the shear keys at the abutment 
failed during the 75% DE run, whereas it took a stronger ground motion (100% DE) to 
fail these keys when live load was present, i.e. the live load reduced the forces in the 
shear keys at the same level of excitation. This shows that at these levels of shaking, the 
existence of live load caused less demand in the column and reduced the radial shear 
forces at the abutments. The damage in the column was also found to be minor and not 
as severe as for the no-live load case. 

 On the other hand, observations from the higher amplitude runs, after the shear 
keys at the abutments had failed, show a different result. Figures 7 and 8 show the 
displacements in the north and south columns with and without live load after 250% 
and 300% of DE, respectively. It is seen at these levels of shaking (and after the keys 
had failed), the live load exercises the columns to a greater extent and the maximum 
displacements at the top of the columns became closer to the no-live load case. It is also 
seen that the residual displacements in the columns for the live load case are about 
double those without live load. These larger residual displacements indicate greater 
distress to the columns, and especially the south column, due to the presence of the live 
load. 

Concluding Remarks

A recent experiment was conducted in the Large-Scale Structures Laboratory at 
University of Nevada, Reno, to study the effects of live load on a 0.4-scale horizontally 
curved bridge model. From the experimental results for the column displacements and 
radial shears forces at the abutments, with and without live load, some preliminary 
conclusions can be drawn. In lower amplitude motions, when the shear keys were still 
intact, live load gave a beneficial effect. In higher amplitude motions, after the 
abutments were free to move, live load gave an adverse effect. It is not known at this 
stage whether this reversal in effect is due to (1) the deteriorating nature of the bridge 
under increasing levels of shaking and thus a changing vehicle-to-bridge frequency 
ratio, or (2) the changed configuration of the bridge when the abutments were released 
in the radial direction after the shear keys failed, or 3) both of the above. Studies are 
continuing to better understand this phenomenon.   
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From To Multiply by 
in mm 25.4 
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lb kg 0.45 

131



132



Discussion Method by using Dynamic Analysis for Quakeproofing Long-Span Bridges

Manager, Bridge Section, Road Department.          Takumi Nishikawa
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Bridge Section, Road Department                 Shunji Nagahashi

1. Introduction
The capital in Western Japan, Osaka City, is the second largest city in Japan, with 

only Tokyo surpassing it, and is the center for finance and culture. Osaka City is known as the 
“City of water”, and its bridges have been loved by the Japanese, down through the ages. 
Currently, the Construction Section of Osaka City manages 764 bridges, which includes about 
720,000 square meters of bridge. There are a great variety of bridges, including continuous 
viaducts where 100,000 or more cars a day pass through, long-span bridges across large rivers 
(Picture 1), and bridges (Picture 2) that have been loved by the locals throughout history and 
are closely connected to the lives of the average person. 

Figure 1 Location of Osaka City 

Picture 1 Continuous viaduct 
(New Midosuji line)

Picture 2 Historical bridge
(Namba Bridge)
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4. Survey on earthquake resistance of the current reinforced concrete bridge support
The basis of earthquake-resistant reinforcement for a reinforced concrete bridge 

support is to change the failure mode to a flexure failure mode on the bridge support 
foundation where toughness is expected, while avoiding shear failures which show drastic 
failure on the bridge support. 

The method described in “Existing bridge earthquake resistant reinforcement
method cases” 4) published by the Japan Bridge Engineering Center was used to evaluate 
the damage on the cut-off area of longitudinal reinforcing steel. If the reinforcement of the 
bridge support foundation was implemented on a large scale, and it was difficult to change a 
failure mode to a flexure failure mode of the bridge support foundation, we surveyed that 
the plasticity rate of the cut-off area was to the extent that the proof strength will not lower 
(the maximum response yield curvature of the cut off area should be twice the initial yield
curvature or less). 

In order to confirm safety, the response rotation angles of the plastic hinges, the 
response shear force of the bridge supports, and the values of the residual displacement of 
the bridge supports, acquired from dynamic analyses were surveyed. Concretely, we 
surveyed that the maximum response rotation angle of the plastic hinges shall be the 
allowed rotation angle specified in Specification for Highway Bridges with Commentary,
PART V:SEISMIC DESIGN Section 10.2, or smaller, the maxim response shear force of 
the bridge supports shall be shear force of the reinforced concrete bridge support or lower, 
and the residual displacements of the bridge supports calculated using the maximum 
response plastic rate shall be the allowed residual displacement (1/100 of bridge support 
height) or lower. As the bridge support is a wall type bridge support, the effects of the deep 
beams are considerate for calculation of the shear proof strength at the transversal direction 
to the bridge axis.

Earthquake resistance of a structure with the current bearing support condition 
(Table 2 CASE 1) being maintained was surveyed in the case of a ground motion at level 2. 
The bridge support foundation and cut-off area of P2, P4, P5 and P7 bridge supports lacked 
flexural and shear proof strength to the bridge axis direction (Table 3 CASE 1). P1 bridge 
support showed an adequate earthquake resistance. Although the cut-off area of P3 and P6
bridge supports reached to the plastic field, that range was only to the extent in which proof 
strength did not decrease. 

All bridge supports showed the shear failure type to the transverse direction to the 
bridge axis. The shear proof strength calculated in consideration of the effects of the deep 
beams exceeded the maximum response shear force, and met the required 
earthquake-resistant strength. Therefore, if the bridge supports were mechanically 
reinforced against earthquake loads acting on each support, while the current bearing 
support conditions were maintained, the reinforcement of the cut-off area of P2, P4, P5 and 
P7 bridge supports, and the shear reinforcement and flexural reinforcement of the 
foundation would be necessary. Especially, the flexural reinforcement of the bridge support 
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foundation should be large scale reinforcements in which longitudinal reinforcing steel is 
established to the footing.

5. Discussion on earthquake-resistant reinforcement 
5-1. Determination of the policy for reinforcement  

For discussion of the whole structure of the Bridge, under the conditions of 
bearing supports indicated in Table 2, a bridge support reinforcement method where 
reinforcement against earthquake loads acting on the bridge support was implemented 
(CASE 1), a seismic isolation method which makes vibration periods of the structures 
longer and enhances attenuation (CASE 2) and a seismic response control method which 
enhances attenuation and distribution of earthquake loads (CASE 3) were weighed. Table 3 
shows the results of the need of bridge support reinforcement.

In CASE 2, the natural period was lengthened by using seismic isolation bearing 
supports, such as a laminated rubber bearing, and the inertial force was expected to be 
reduced by improving the attenuation performance. Reinforcement of P1 and P6 bridge 
supports was necessary, as well as reinforcement of P2, P4 and P5 bridge supports, and the 
scales of flexural reinforcement, shear reinforcement and the cut-off reinforcement were 
larger, resulting in the construction costs being high. The traveling distances of the beam on 
A1 abutment, P6 bridge support and A2 abutment were greater than those of the expansion 
gap, resulting in a collision of the beams. 

CASE 3 was a construction method which controls deformation of the entire 
bridge and attenuates the inertia force transmitted to the bridge support by installing 
dampers that deforms during an earthquake and absorbs the energy around the bearing 
supports. The seismic response control dampers were located at A1 and P2 supporting 
points of the 4 span continuous beam ranging from A1 to P4, P4 supporting point of the 
Nielsen-Lohse beam ranging from P4 to P5, P5 supporting point of the simple beam 
ranging from P5 to P6, P7 supporting point of the 2 span continuous beam ranging P6 to A2,
and A2 supporting point. In this structure, the inertia force transmitted to the substructure 
dramatically decreased, shear and cut-off reinforcements were necessary only for P2, P4
and P5 bridge supports. As flexural reinforcement (establishment of longitudinal reinforcing 
steel to the foundation) was unnecessary, the earthquake loads to the foundation did not 
increase. A travelling distance of the beam at staggered areas was shorter than the expansion 
gap with the adjacent beam, and beams did not collide with each other. 

As a result of a comparison of the construction costs of these three methods, we 
decided on the earthquake-resistant measure based on CASE 3, which controlled 
deformation of the entire bridge and attenuated the energy by installing seismic response 
control dampers. For this basic structure, construction methods for the reinforcement of the 
bridge supports were compared, types of seismic response control dampers were compared, 
and shear plate type dampers and friction hysteretic dampers were designed. 
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Table 2 Bearing support conditions

 
Table 3 List of need of bridge support reinforcements

5-2. Bridge support reinforcement  
A PC confined method was adopted for reinforcement of the bridge support at 

the low-water channel of a river. The PC confined method enables improvement of the 
horizontal proof strength and toughness during an earthquake by prestressing the PC steel 
wires inserted into the sheath in the PC precast panel after the panel is installed around the 
bridge supports, as well as improvement of work efficiency at the site, by using precast 
panels manufactured at a plant.  

A reinforced concrete lining method, a carbon fiber material lining method, and a 
steel plate lining method were compared and studied for the reinforcement of the bridge 
support at the high-water channel of a river. As the carbon fiber material lining method has 
excellent work efficiency but is vulnerable to fires and shocks, this method still has 
operation and maintenance problems. The least expensive method of these methods, the 
reinforced concreted lining method was adopted. 

5-3. Seismic response control dampers 
Seismic response control dampers have shear panel and friction hysteretic 

dampers. The shear panel damper (Picture 5) absorbs earthquake energy and reduces the 
cross-sectional force which transmits to the substructure due to the shear deformation of the 
panels which are composed of low yield point steel. This damper normally works as a 
fixation device and when a level 1 earthquake occurs. The shear panel yields with ground 
motion due to an earthquake at level 2 and this damper absorbs earthquake energy with 
hysteresis attenuation of shear plastic deformation. As this damper normally works as a 
fixation device, it was installed at one supporting point of each beam, so that the beam could 
be elastic during temperature changes (P4 supporting point of the Nielsen-Lohse beam and 
P5 supporting point of the simple steel plate 2 main beam I beam).
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6 Conclusion 
For earthquake-resistant reinforcement, structures of a general reinforcement 

method which reinforces each bridge support against cross-sectional force acting on the 
bridge support while the current bearing support conditions are maintained were discussed 
as well as the seismic isolation construction method, and the earthquake response control 
method. Accordingly, the optimal method was selected where a high attenuation device, 
such as a seismic response control damper, could absorb the earthquake energy, reduce the 
earthquake loads transmitted to the bridge supports, and control the deformation of the 
entire bridge. Then, the friction hysteretic damper and shear panel damper that use a low 
yield point steel were designed, in consideration of the structure characteristics of the Bridge. 
Currently, the reinforcement construction of the Nagara Bridge has been conducted for early 
completion. We received guidance from Hirokazu Iemura (professor emeritus at Kyoto 
University) for this paper. We will express our sincere gratitude to him.
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Analysis Examples of Periodic Inspection Results
of National Highway Bridges in Japan 

-Application of degree of damage for element level-

Fumihiko Nomura1, Masanori Okubo2, Takashi Tamakoshi3

Abstract

In order to have enormous highway bridge stocks in Japan already, it is 
important to save safe and smooth traffic networks and to have them maintained both 
economically and rationally. Thus, it is a matter of urgent business to grasp and 
evaluate their states appropriately, and to develop well-planned maintenance methods. 

National Institute for Land and Infrastructure Management (NILIM) conducts 
feature arrangements and analyses of damage by statistical processing of national 
highway bridges periodic inspection data, and provides the insights into the further 
rationalization and standardization of their periodic inspection. 

In this paper, the features of generation and progress of damage on bridges are 
reported based on analysis examples of element periodic inspection results, and the 
direction of the goal of bridge maintenance in Japan is explained. 

Introduction

Periodic inspection of national highway bridges in Japan based on ‘Bridge 
Inspection Manual’ (Public Works Research Institute Document No.2651, July 1988) 
had been conducted every 10 years, and that based on ‘Bridge Periodic Inspection 
Manual’ (National Highway and Risk Management Division, March 2004) (hereinafter 
referred to as ‘Periodic Inspection Manual’) has been being conducted within two 
years for initial inspection, and every five years after that since 2004.
      Data as objective facts for damage and deterioration obtained from inspections is 
made use of future projections and trend analyses by grasping continuously as well as 
be indispensable for cause estimation and evaluation of current performances. In order 
to be used for statistical processing and quantitative projection, it is important that the 
data is the objective one based on a uniform standard possible to be used for relative 
comparison over time.  
      On the other hand, for road administrators who do not always have the knowledge 
enough to judge effects on bridge performance, primary diagnosis as evaluation of 
functional states of bridges is essential to take action to make appropriate decisions for 
taking measures to traffic regulations, and repairs and retrofits. In other words, except 
the facts as individual kinds of damage and damage progression, it is possible for road 
administrators to make responses to conduct the further surveys right after obtaining 
measures for effects of damage on functional states of bridges. So, in case primary 
diagnosis has no troubles, it is so difficult for them to have suspicions about the results.  

                               
1 Researcher, Bridge and Structural Division, Road Department, NILIM 
2 Senior Researcher, Bridge and Structural Division, Road Department, NILIM 
3 Head, Bridge and Structural Division, Road Department, NILIM 
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DAMAGE PROGRESSION

A tendency of damage progression was analyzed by calculating transition 
probability of degree of damage (from ‘a’ to ‘e’) for each member and region in order 
to grasp how the degree of damage will progress within 5 years by using two periodic 
inspection results (hereinafter called ‘the new inspection’ for the most recent 
inspection, and ‘the old inspection’ below) conducted to the same bridge in the 
different time. 

A group of data consisting of the most recent periodic inspection results based 
on the manual and the results based on the manual of 1988, and a group of two data of 
bridges conducting two periodic inspection based on the manual are used for the 
analyses.

For the verification of the old and new inspection results, the results which 
satisfy the following extracted conditions were regarded as the effective data. 

         i) Inspection interval is within five years. 
ii) The old and new inspection data for the same elements exist. 
iii) No repairs were done between the old inspection and the new inspection. 
iv) Degree of damage for the new inspection is the same or the worse as compared 

to that for the old. 

The total is 5,109 bridges, and the objective bridges were extracted for each 
analysis.

In this chapter, analysis examples of steel corrosion and crack of slab 
remarkable for features of damage for each member and region in the previous chapter 
were indicated. The analysis contents are a transition probability made up the degree 
of damage for the new inspection to the old one, Markov chain based on that, an 
expected value for Markov chains every five years weighting each degree of damage 
(‘a=1.00’, ‘b=0.75’, ‘c=0.50’, ‘d=0.25’, and ‘e=0.00’), and standard deviation in some 
of these graph. 

(1) Corrosion of steel plate girder bridges 

For corrosion of main girder of steel plate girder bridges in a A & B type of 
painting, Figure 16 shows transition probability, Markov chain, and expected values 
for whole members (from the left to the right), Figure 17 for the end of the girders, 
Figure 18 for the middle, Figure 19 for the outside girders, and Figure 20 for the inside 
girder.

For the transition probability of the left figure, for example, 80% of the degree 
of damage ‘a’ (no corrosion) for the old inspection keeps the same state, while most of 
the rest of 20% progress the degree of damage ‘b’, others progress ‘c’, ‘d’, and/or ‘e’. 
Thus, the damage progression depends on the bridges, and so it has a tendency to vary 
to some extent. 

In this way, features shown in the damage progression states were also shown 
in the damage occurrence states. 

Moreover, the deterioration prediction distribution varies, however, the 
accuracy improvement of the deterioration curve by each region in Figure 17 & 18 
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Maintenance of ASR-affected Structures in Hokuriku Expressway, Japan

Mamoru Moriyama1, Masahiro Nomura2

Abstract

Increasing amounts of deicing salts have been used to ensure the safety of road
surfaces in Hokuriku district, Japan. Sodium chloride, which accounts for the majority
of deicers, has been causing damage to road concrete structures due to alkali-silica
reaction. This report describes the current state of maintenance and repair techniques
of these road structures affected by deicer-related alkali-silica reaction.

Introduction

Increasing amounts of deicing salts have been used to ensure safety of road
surfaces in Hokuriku district, in Japan. The deicers used in this area have been mainly
of sodium chloride (NaCl) type. In addition, the structures alongside the Japan sea
coastline are subjected to monsoons, which increase its exposure to airborne chlorides
from the sea. Therefore, these natural conditions set the road structures of the Hokuriku
district in a permanent saline environment. As the effect of this chloride supply, the
cases that alkali-silica reaction (ASR) deteriorates road structures have been increasing.
On the other hand, river gravels and river sands have been used as concrete aggregates for
a long time and these aggregates have been found in seriously ASR-affected structures.
ASR has occurred mainly in structures primarily built from 1970 to 1985, a time when
high alkali cement had been produced in Japan. Over the course of time, reactive river
sands and gravels may not be properly assessed since these aggregates contain a wide
variety of rock types, as well as different types and contents of reactive minerals.

Central Nippon Expressway Company has covered the sections from Kinomoto
IC (Shiga Prefecture) to Asahi IC (Toyama Prefecture) in Hokuriku Expressway and
Oyabe-tonami JCT (Toyama Prefecture) to Shirakawago IC (Gifu Prefecture) in
Tokai-Hokuriku Expressway, a total of 300km (9-39 years in service). There are 545
bridges, 1200 C-Boxes and 45 tunnels in these sections. ASR occurs in some of these
structures and the application of efficient maintenance techniques have been put in
place.

This report presents the current state of inspection and survey of road structures
under saline environment in the Hokuriku district, the methods of diagnosis, repair and
repair prioritization of ASR damaged structures.

1 Central Nippon Expressway Company Limited Kanazawa Branch
2 Researcher, Central Nippon Highway Engineering Nagoya Company Limited Kanazawa Branch
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The ASR Characteristics in Hokuriku district

The Hokuriku district is located approximately in the center part of the Japan
Sea coastline and is characterized by severe weather conditions: hot and humid summers
and cold and snowy winters (see Fig. 1 Fig. 3).

Figure 4 shows the map of deteriorated structures in the Hokuriku district. In the
expressways ASR occurs in almost all areas of Toyama Prefecture and parts of Ishikawa
and Fukui Prefectures. The reactive aggregates were confirmed as andesite, rhyolite and
tuff, from volcanic rock deposits (see Fig. 5). Deterioration of road structures by ASR
has been often assessed as a combined effect of rainwater, road drainage and deicer
application (see Fig. 6).

Maintenance

The inspection of road structures is classified as regular inspection or detailed
inspection. Regular inspections are conducted once a year, while detailed inspections are
carried out in the span of 2 to 5 years. These inspections have been mainly visual. In
addition, continuous survey of the expansion behavior of the structures (by contact

is conducted every year and followed by a thorough investigation.
Fig. 7 shows the flow of assessment of ASR-deteriorated structures, which has

been applied in reference to the case-studies shown in Fig. 6. In addition, the structure’s
database is comprised with the construction company, concrete plant, cement maker,
aggregate quarry or supplier once construction is elaborated. In the deterioration cases
where the assessment is inconclusive, ASR occurance is determined by a comparative
evaluation of the database of other structures supplied from the same concrete plant. If
it cannot provide a proper judgment, then a detailed investigation has to be carried out.

Detailed ASR investigation includes the mineralogical composition of coarse
aggregates, thin section observation with a polarizing microscope, alkali and chloride
contents in concrete, and the residual expansion of concrete cores drilled from the
structures. In particular, considering the feature of Hokuriku district, the residual
expansion test of concrete cores, which is a technique that conforms with the alkali
external supply, has been adopted . The test method is described in Table 1 and shown
through Fig.7 Fig. 11.

Repair and monitoring

Figure 12 shows the flow of repair method selection of ASR-deteriorated
structures. Since there are a considerable number of ASR deteriorated structures in the
Hokuriku district and, therefore, a need for reducingmaintenance costs, a ranking system
based on the visual inspection has been created for chosing the ASR repair method. For
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ranking“A” structures, crack injection and surface coating is applied, including the time
reference results of residual expansivity tests of concrete cores. For ranking “B or C”
structures, the road surface drainage countermeasures are applied, followed by close
observation of the improvements. Repair rankings are priority for important
intersections (such as national road and railway) and the areas affected by concrete
spalling or peeling off, works include section repair and coating with fiber sheets. In
addition, due to the severe environment conditions in the Hokuriku region, the
rehabilitation period has been set to about one or two year longto ensure quality control.

After the repairing is concluded, monitoring is applied for inspection purposes.
Focus point is the effect of road surface drainage. Also, a special attention is paid to
bridge abutment front, where the water absorption from the back part often leads to
swelling of the surface coating. The effective countermeasures for stopping water
migration from the back part of bridge abutments are a matter of serious concern.

Concluding Remarks

The extent of ASR deterioration of concrete structures in the Hokuriku district is
significant if compared to other areas of Japan. In some cases, fracture of reinforcingsteel
bars due to ASR expansion has been reported. The lack of appropriate repairing
countermeasures to stop ASR progress is still a matter of fact. If the repair occurs ASR,
there will be no drastic measures. At present, ASR in bridge superstructure has not
reached deterioration levels which exert influence on the load bearing capacity. In the
future we will plan to continue the conduction of detailed inspections and surveys on
these ASR-affected structures.

Table 1 Outline of ASR test methods
Lithological
composition
of gravel

In regard to particles 5mm or more in diameter visible on the
surfaces of concrete cores, the lithological composition is
calculated by the point count method using a 5mm mesh.

Alkali-silica
reactivity:

Alkali-silica reactivity is judged by the presence of rims
and/or alkali-silica gel around aggregate particles. Thin
sections are prepared from some specimens for polarization
microscopy observation.

Alkali content
of concrete:

A 10-g sample ground to particles less than 150 m in
diameter is added to 100ml of distilled water at 40 C and
agitated for 30 min. The mixture is then filtered, and the
alkali concentration of the filtrate is measured by atomic
absorption photometry, to calculate the Na2O equivalent
(Na2O + 0.658 K2O).

169











Crack injection Surface coating Water jet

Section repair with shotcrete Execution of fiber sheet coating Completion of repairing
works

Fig.13 Maintenance of ASR-affected bridges
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LOAD-CARRYING CAPACITY OF REINFORCED CONCRETE BEAMS WITH 
ADHESIVELY BONDED STEEL PLATES 

Yoshiki Tanaka1

Jun Murakoshi1

Eiji Yoshida1

Abstract

To evaluate the load-carrying capacity of reinforced concrete beams with 
externally bonded steel plate, the influence of the bonded steel plates to the soffit on the 
shear strength of the beams, and the effect of shear strengthening using wing-type side 
steel plates for stocky concrete beams (broad and low web) have been examined. From the 
results, it was found that the shear strength is properly evaluated by shear capacity 
equations for non-plated reinforced concrete beams unless a crack develops at the edge of 
the steel plate, and that the side plate bonding is likely to have a potential to be effective in 
strengthening for the stocky beams without stirrup. Additionally, loading tests using two 
75-year-old deteriorated reinforced concrete beams with adhesively bonded steel plates to 
the soffit were carried out. The bonded steel plates no longer contributed to the load 
carrying capacity after the joints between the steel plates failed due to debonding. 

Introduction

In Japan, a number of the concrete girders and decks of existing highway bridges 
were strengthened with adhesively bonded steel plates or fiber reinforced polymer (FRP) 
sheets when design loads were changed or when the members deteriorated (Figs. 1 and 2). 
For the efficient management of existing bridges, the load-carrying capacity of not only 
conventional concrete beams but also concrete beams with the bonded steel plates should 
be properly evaluated.  

The late 1960s, several researchers dealt with the strengthening method that steel 
plates were adhesively bonded with a two-part epoxy resin adhesive on the soffit of 
reinforced concrete beams. In those days, because the fatigue deterioration of concrete 
decks was frequently found on the Japanese highway bridges, experimental studies on the 
steel plate bonding technique applying to the bridge decks were carried out.1-4 Then the 
FRP sheets were not major materials for construction. The steel plate bonding immediately 
became a major tool to improve the durability of bridge decks, having the advantage of 
applicability in service, and the efficient strengthening with the minimum change in  

1 Public Works Research Institute, Japan 
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appearance. The strengthening method using FRP sheets for reinforced concrete was 
developed in early 1990s. Currently, the materials became used commonly to improve the 
durability of bridge decks after a revision of the legal maximum weight for trucks from 20 
tons to 25 tons in 1993, and the ductility of existing bridge piers after the great Hanshin 
earthquake in 1995. Extensive research works were carried out not only in Japan, but also 
in the world. Based on the results, several design guidelines for strengthening reinforced 
concrete members using FRP have been established.5-8 On the other hand, the effects of the 
steel plate bonding technique has not been so sufficiently identified as a guideline could be 
established. In a research program from FY2008 to 2010, the effect of shear strengthening 
using the steel plate bonding on reinforced concrete beams was examined. This summary 
report provides the outlines of three series of experimental studies focusing on; Series I: 
the influence of the steel plate bonded to the soffit on the shear capacity of reinforced 
concrete beams (further for the evaluation of plated concrete decks), Series II: the effect of 
side steel plate bonding on the shear capacity of stocky reinforced concrete beams,9 and 
Series III: the load-carrying capacity of two 75-year-old deteriorated concrete girders with 
the steel plate bonded to the soffit.10

Series I: Influence of Steel Plate Bonded to the Soffit on Shear Capacity of 
Reinforced Concrete Beams

Test Program: A test scheme and details of specimens are shown in Fig. 3 and Table 1. 
The height of the specimens, except Specimens A-7 and A-8, was set as 190 mm, referring 
to the thickness of the typical bridge decks built in 1960s. No stirrup was arranged except 
that on the support points for arranging main reinforcing bars. Specimens A-1 to A-8 had 
two longitudinal reinforcing bars. For Specimens A-4 to A-8, the steel plate with a 
thickness of 4.5 mm was adhesively bonded on the soffit of concrete beams. The steel plate 
and an adhesive layer for every beam were as wide as the beam with a width of 150 mm. 
The thickness of the adhesive layer was 5 mm. The distance from the center of each the 
support point to the end of the steel plate xa was 80 mm, and that from the edge of a steel 
plate for the support was 30 mm. 

The test parameter of Specimens A-4 to A-6 is the ratio of shear span a to effective 
depth ds, which excludes the dimension of the steel plate. The effective depth and shear 
span of Specimens A-7 and A-8 ware larger than those of Specimen A-5 with the same a/ds

ratio. Control specimens A-1 to A-3 with no steel plate had different reinforcement ratios, 
respectively.

Specimens B-4 to B-6, and B-8 had a main reinforcing bar and a doubly reinforcing 
bar, the steel plate being bonded to the soffit. The thickness of the steel plate of Specimens 
B-4, B-5, and B-6 was 4.5, 6, and 12 mm, respectively. Specimens B-4 to B-6 were simply 
supported on the bonded steel plate, as the shear span was 400 mm. Then the bonded steel 
plate had no curtailment near the supports. For Specimen B-8, the steel plate was bonded 
after the concrete beam had been precracked under cyclic loading with a shear span of 500 
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mm. Specimen B-8 was monotonically loaded with a shear span of 1000 mm, having the 
curtailment of the steel plate with a distance to the center of the support xa of 80 mm. 

Plate bonding was carried out at three weeks or more after casting. Anchor holes 
were drilled and mechanical steel anchors were installed on the soffit of concrete beams, 
which was roughened with a hand grinder. The steel plate was supported with the anchors 
as the gap to the surface of concrete was held with 5 mm spacers. Side openings ware 
capped with epoxy resin putty. The epoxy resin adhesive was filled into the gap by 
grouting. In Specimens A-4 to A-8, inorganic zinc-rich primer for protecting the steel plate 
up to bonding remained similarly to practice. The steel plates for Specimens B-4 to B-6, 
and B-8 were not coated. 

Loading tests were conducted at a week or later after the grouting. The putty on the 
sides was ground; that at the ends of the steel plates remained. The tensile-shear bond 
strengths of the epoxy resin adhesives were 12.3 MPa to 18.4 MPa. 

Results: All test results are also shown in Table 1. Specimens A-4 to A-6 failed due to 
cracking at the end of steel plate (Fig. 4).The shear force at cracking at the end of the steel 
plate Vp2 may be calculated based on a model provided by Tumialan et al.11 In the model, 
the maximum (tensile) principal stress acting on the concrete near the end of the bonded 
steel plate is estimated based on the approximate solution by Roberts12, being compared 
with the tensile strength of concrete. Although Tumialan et al.11 applied the modulus of 
rupture fr to the threshold tensile strength, the splitting tensile strength ft is applied in this 
report, because it is more understandable for the model. Figure 5 shows the relationship 
between the calculated shear force at the cracking Vp2 and the experimental results Vex

including the results of Specimens A-4 to A-6 and the other experimental results obtained 
from previous research13-24 except the results of specimens with a ratio xa /a of more than 
0.25. The calculated values Vp2 are somewhat larger than the experimental values when the 
value is larger. However, considering that the previous data contain the several unknown 
parameters, it appears that the shear force at the cracking can be properly estimated. 
Incidentally, the database based on the previous research shows that the results of 
specimens with a ratio xa /a of more than 0.25 showing debonding failure do not depend on 
the value of Vp2, rather they mainly depend on the ultimate flexural strength of non-plated 
reinforced concrete beams. 

In Fig. 6a, the results of specimens exhibiting flexure-shear failure in concrete are 
shown in relation to the calculated shear strength Vsh based on the conventional empirical 
equation25 for estimating a shear force at flexure-shear failure. The influence of the bonded 
steel plates is estimated by substituting the dimensions containing the steel plate for the 
calculation of the reinforcement ratio and the effective depth in the equation. The other 
triangle symbols indicate the results of control specimens containing Specimens A-1 to 
A-3 and the previous research related. For the results of specimens with a ratio a/d of 1.7 
to 1.75, the other empirical equation for deep beams26 is applied. From the results, it was 
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found that the shear capacity of the plated beams can be estimated by the conventional 
equations. For reference, the calculated shear strength based on an equation in ACI318 (Eq. 
11-5)27 with a factor of 1.3 is also compared with the test results except the deep beam in 
Fig. 6b. 

Series II: Effect of Side Steel Plate Bonding on Shear Capacity of Stocky Reinforced 
Concrete Beams9

Test Program: Configurations of specimens and a test setup are shown in Figs. 7 to 8. Of 
the same dimension of two reinforced concrete beams, Specimen S, of which wing-type 
steel plates was adhesively bonded on the sides of web at both shear spans. The other beam 
with no steel plate was named Specimen N. The concrete beams were designed as a simply 
supported T-shaped beam with a stocky cross section consisting of a web width of 600 mm 
and a height of beam of 850 mm, containing ten No.11 longitudinal reinforcing bars with 
a yield point of 534 MPa. For both specimens, four 9 mm dia. stirrups with a spacing of 250 
mm were arranged at a shear span (right side in Fig. 8), no stirrup being at the other shear 
span. Similarly to the old reinforced concrete bridges, all the stirrups were round steel bars 
with a yield point of 292 MPa. The compressive cylinder strength of concrete was 33 MPa. 

Four steel plates with a size of 2400 mm x 520 mm x 4.5 mm and a yield point of 
360 MPa, coated by inorganic zinc-rich primer, were prepared. The procedure for bonding 
was the same as Series I. The tensile-shear bond strength of the epoxy resin adhesive was 
16.1 MPa. Twelve steel anchors with a size of M10 and an embedded length of 70 mm for 
supporting each the steel plate at grouting were preinstalled before casting. The thickness 
of adhesive of 5 mm was kept. 

Two point loading were monotonically applied to the beams with a shear span of 
2 m. Cracking inside the web concrete covered by the steel plates were monitored using 
molded gauges and gauges on the stirrups. After shear failure occurred at the shear span 
with no stirrup, once unloaded. Then a vertical restrainer consisting of four tendon bars 
with 13 mm dia. were installed at 1/3 of the shear span with no stirrup from the near 
loading point. Reloading beyond the yielding of stirrups became available by using the 
restrainer, although finally the flange yielded at the shear span with no stirrup. 

Results: Relationships between load and deflection at midspan for both specimens are 
shown in Fig. 9. Cracks observed on the web at the first peak due to shear failure at the 
shear span with no stirrup are shown in Fig. 10. The load at each event in the loading tests 
is summarized in Fig. 11. The load at diagonal cracking (detected with the molded gauges 
in Specimen S) was attributed to neither the stirrup nor the bonded steel plate. For the web 
without stirrup, the bonded steel plates showed an appreciable effect of improving the 
shear capacity, which was approximately 1.5 times as high as that of the non-plated 
specimen. 
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The side steel plates of both shear spans were debonded at similar loads regardless 
of stirrups, while the debonding of the steel plates on the web with stirrups did not 
immediately expand compared with that on the web without stirrup. At the shear span with 
stirrups, even after debonding, the steel plates were to some extent likely to contribute to 
the delay in failure. The stirrups, however, showed ductile behavior compared with an 
estimated level based on the modified truss theory despite the bonded steel plates. 

Series III: Loading Tests of Old Concrete Beams with Steel Plate Bonding10

Outline of test beams: To examine the load-carrying capacity of old reinforced concrete 
beams with externally bonded steel plates to the soffit, six beams with a span length of 10 
m were taken from the first and seventh spans of a concrete highway bridge built in 1935 
(Fig. 1). In about 1981, steel plates were bonded to the soffit of most decks and beams in 
the bridge. Because the significant deterioration of the decks and beams was found when 
the administrator was considering the delivery of the bridge to the other small 
administrator, eight deteriorated spans of the bridge were replaced in 2010. According to 
the results of the investigation and observation before the removal, the degree of the 
deterioration of eight spans differed widely from each other. On the beams at the first span, 
corrosion of steel plates, water leakage and cracks in concrete were widely observed. The 
beams at the seventh span less deteriorated than that at the first span. Of six beams obtained, 
a beam from the seventh span and another beam from the first span, named Specimen S1 
and S2, respectively, were tested. 

Observations and survey of materials: Cracks observed on the test beams before the 
loading test and each cross section cut after the test are shown in Fig. 12. Coating partially 
covering web concrete was removed for the observations. The cracks were widely 
observed on the web of Beam S2. The crack depth, however, was found to be shallower 
than that concerned. Innumerable horizontal cracks were found in the flanges of both 
beams. Hammer soundings detected the debonding area of the steel plates as shown in Fig. 
12. From a partial dissection survey conducted after the loading tests, two 8 mm dia. 
stirrups with a spacing of approximately 200 mm were found. The mechanical properties 
of concrete cores at uncracked parts, reinforcing bars and the steel plate taken from the 
tested beams are shown in Tables 2 to 3. It should be noted that the modulus of elasticity 
of the concrete cores taken from Beam S2 was considerably lower than that of Beam S1.

Test program: Two point loading were carried on the beams with a span length of 10 
meters as the original span. Two strain gauges were mounted on the main reinforcing bars 
at a loading point section, after the web concrete was dug as small as possible. Asphalt 
surfacing remained at loading, because the removal would affect the cracked flange, and an 
additional preparation for the surface would be required. The tests were carried out in 
winter. For Beam 2, vertical restrainers were installed at the joints between the bonded 
steel plates in order to temporarily attempt to mitigate the debonding of the splice plate, 
although no effect was found from the result. 
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Results: Relationships between load and deflection at midspan of both the old beams are 
shown in Fig. 13. In Table 4, the maximum loads are compared with calculated ultimate 
loads, which were obtained using the measured dimensions and the properties of materials, 
except the asphalt surfacing. The sign of debonding of splice plates in Beam S1 was 
detected at 400 kN by using LVDTs (Fig. 14a), and in Beam S2 at 320 kN. After the sign 
of debonding in Beam S1, the load further increased up to the ultimate flexural capacity of 
the conventional reinforced concrete beam with no deterioration, while the rigidity 
significantly decreased. The flexural capacity of the deteriorated beam S2 was 8% lower 
than that of Beam S1, being 5% lower than the estimated value. After the peak, yielding of 
the main reinforcing bars was recognized by strain readings, and the flange was moderately 
crushed (Fig. 14b).  

Conclusions

1 - From the test results and the previous research, it was found that the shear capacity of 
reinforced concrete beams with a steel plate bonded to the soffit is properly evaluated by 
substituting the dimension containing the steel plate for the calculation of the 
reinforcement ratio and the effective depth in the shear capacity equations for non-plated 
reinforced concrete beams, unless a crack develops at the edge of the steel plate. 
2 - The side plate bonding is likely to have a potential to be effective in strengthening for 
the stocky reinforce concrete beams without stirrup. The effect of the side steel plates, 
however, may be limited depending on the web reinforcement ratio in existing beams. 
3 - In the results of loading tests using old reinforced concrete beams, the bonded steel 
plates no longer contributed to the load carrying capacity after the steel splice plates failed 
due to debonding. 
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Table 1 Details and test results of specimens in Series I 
Specimen A-1 A-2 A-3 A-4 A-5 A-6 A-7 A-8 B-4 B-5 B-6 B-8

Steel plate strengthening No No No Yes Yes Yes Yes Yes Yes Yes Yes Yes
Continuity of steel plate at support No No No No No Yes Yes Yes No

Height of beam h, mm 190 190 190 190 190 190 250 330 190 190 190 190
Shear span a, mm 480 480 480 320 480 640 660 900 400 400 400 1000

Effective depth d, mm 
(after strengthening) 160 160 160 183 183 183 237 315 189 191 197 189

a/d 3.0 3.0 3.0 1.7 2.6 3.5 2.8 2.9 2.1 2.1 2.0 5.3
Longitudinal reinforcing bars 2-#7 2-#5 2-#6 2-#5 2-#5 2-#5 2-#7 2-#8 1-#5 1-#5 1-#5 1-#5
Ratio of reinforcement before 

strengthening, % 3.23 1.66 2.39 1.66 1.66 1.66 2.35 2.25 0.83 0.83 0.83 0.83

Ratio of reinforcement after 
strengthening, % - - - 3.90 3.90 3.90 4.07 3.57 3.09 3.83 6.77 3.09

Doubly reinforcing bars - - - - - - - - 1-#5 1-#5 1-#5 1-#5
Thickness of steel plate tsp, mm - - - 4.5 4.5 4.5 4.5 4.5 4.5 6.0 12.0 4.5

Comp. cylinder strength of 
concrete, MPa 27.7 28.0 28.5 29.4 28.6 29.7 29.8 30.6 27.8 27.8 27.8 28.3

Splitting tensile strength of 
concrete, MPa 2.3 2.3 2.3 2.3 2.3 2.3 2.3 2.3 2.0 2.0 2.0 2.4

Yield point of reinforcing bars, 
MPa 369 390 374 390 390 390 369 362 348 348 348 348

Yield point of steel plate, MPa - - - 300 300 300 300 300 306 318 330 306
Diagonal cracking load Pcr,ex, kN 88 77 79 78 75 73 121 158 90 112 131 86 

Maximum load Pmax,ex, kN 122 94 79 121 78 74 121 158 - - - 86 
Type of failure S S S D D D S S ** ** ** S† 

Note: 1) Width of beams and plates : 150 mm, Thickness of adhesive layer : 5 mm 
2) **: Loading was stopped at diagonal crack load. 
3) A steel plate was installed on the soffit of Specimen B-8, after initial cracks developed due to cyclic loading when the 

shear span was set as 500 mm. 
4) S : shear failure, D : failure due to cracking at the edge of steel plate,  

† : Shear failure happened after the yielding of steel plate. 

Fig. 4  Failure due to cracking at the edge of  
the bonded steel plate in Specimen A-6 
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Summary of NCHRP Research on Recalibration of the LRFR Load Factors 
in the AASHTO Manual for Bridge Evaluation 

Waseem Dekelbab1 

Abstract

This paper summarizes the findings of research conducted under NCHRP Project 
20-07, Task 285 “Recalibration of the LRFR Load Factors in the AASHTO Manual for 
Bridge Evaluation”. The objectives of the project were to (1) develop and recommend 
reliability indices better aligned with current permit operations for routine and special 
permit calibrations and (2) recalibrate LRFR live load factors for the recommended 
reliability indices for use with either the LRFD distribution formulas or refined methods 
of analysis such as finite element analysis.

Introduction

For single and multiple-trip special permits that are allowed to mix with traffic 
(without restrictions on other traffic), the Load and Resistance Factor Rating (LRFR) live 
load factors were derived to provide a higher level of reliability consistent with the 
AASHTO inventory ratings and Load and Resistance Factor Design (LRFD) design
loading. The prescribed higher target reliability considers the increased risk of structural 
damage and benefit/cost associated with very heavy special permit vehicles compared to
other truck classes. Though this higher level reliability index is justified based on 
structural safety, it has caused operational difficulties for bridge owners because the past 
permitting practices have allowed permits to operate at a lower reliability level.

The target reliability index for routine permit crossings is currently established at 
either a reliability index beta of 2.5 or 3.5. This reliability index needs to be compared
with reliability indices used in current routine permit practices and adjusted as 
appropriate to meet operational needs. 

The live load distribution for special permits is based on the tabulated LRFD one-
lane distribution factors with the built-in multiple presence factor (i.e., 1.2) divided out. 
The live load distribution analysis for routine permits uses LRFD two-lane distribution 
factors assuming the simultaneous side-by-side presence of non-permit heavy trucks on 
the bridge. The load factors are higher for spans with higher average daily truck traffic 
(ADTT) and lower for heavier permits. The current LRFR permit load factor calibration 
for routine and special permits is tied to the LRFD distribution analysis method and does 
not provide guidance on the use of refined methods of analysis for heavy permits or for 
permits with non-standard gage widths. Therefore, live load factors and analysis guidance 
that are appropriate for analysis methods other than the LRFD distribution formulas need 
to be derived. 
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This paper summarizes the research conducted under this project to achieve the 
research objectives. This summary is based on the contractor’s final report authored by 
Mr. Bala Sivakumar of HNTB Corp., New York and Dr. Michel Ghosn of the City 
College of New York, New York. 

Analysis of Representative WIM Data

To verify that the AASHTO LRFR produces acceptable and uniform levels of 
reliability for typical U.S. bridges under current loading conditions, it is critical to use the 
most representative statistical information on truck weights, truck configurations, and 
multiple presence data. In this study, weigh-in-motion (WIM) data were analyzed to 
obtain projections for the maximum bridge load effects from six sites located on
interstate highways in New York, Mississippi, Indiana, Florida, California, and Texas. 
The data were gathered in 2005 and 2006 for each traffic direction and included the 
number of axles, axle spacings, and axle weights for each truck. Multiple presence 
probabilities were assembled from a representative site in New York (Sivakumar et al 
2008). Table 1 lists descriptive information for each site including the average daily truck 
traffic (ADTT) and the number of truck records after filtering the data to eliminate any 
questionable data. 

Table 1 WIM Data for LRFR Recalibration

Site State
Interstate 

Route 
(Direction)

#Trucks 
Recorded

ADTT
Mean GVW 

(kips) 

Mean of top 
10% GVW 

(kips) 

0001 CA I-5 (E/N) 1,537,613 5,058 56.0 80.6
I-5 (W/S) 1,470,924 4,839 53.3 81.9

0526 TX I-20 (E/N) 1,330,799 4,070 55.6 80.8
I-20 (W/S) 1,174,954 3,593 56.7 81.5

2606 MS I-55 (N) 564,393 1,622 66.5 108.7
I-55 (S) 604,919 1,733 63.2 83.5

9121 NY I-81 (N) 531,042 1,715 57.2 101.7
I-81 (S) 525,733 1,614 57.8 98.3

9512 IN I-74 (E) 931,971 2,596 60.7 82.5
I-74 (W) 1,003,443 2,795 60.1 87.3

9926 FL I-75 (N) 1,096,076 4,136 48.4 84.1
I-75 (S) 1,032,680 3,897 53.5 84.6
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Table 2 Average Reliability Index Values for Random Trucks on 2-Lane Bridges

Bridge Type ADTT=5000 ADTT=1000 ADTT=100
Moment Shear Moment Shear Moment Shear

T-Beam 1.291 0.978 1.855 1.180 1.855 1.558
Prestressed Concrete 1.083 0.995 1.329 1.204 1.783 1.595
Noncomposite Steel 1.124 0.809 1.361 1.067 1.799 1.547

Composite Steel 1.113 0.793 1.351 1.052 1.790 1.533

Permit Trucks on Two-Lane Bridges

The reliability analysis was performed for the selected bridge configurations 
assuming that AASHTO LFR operating rating factor for each permit truck of the set of 
typical permit trucks is equal to 1.00. The member resistances that would be required to 
allow a permit truck to cross each bridge are calculated assuming that the bridges are 
being evaluated using the current AASHTO LFR operating rating criteria with a live load 
factor 1.3 applied on the routine permit and using the two-lane distribution factor. 

Table 3 provides a summary of the average values for each bridge type and ADTT 
for both moment and shear. The overall average reliability index is 2.94. This average 
value is considerably higher than that observed for previous case (random trucks on 
span). This difference is because the rating process uses the actual permit load and 
assumes that the random truck alongside the permit is of equal weight. The difference is 
also due to the fact that the permit trucks weights are much better known and are 
associated with lower coefficient of variation values than the random trucks.  Although 
the permit truck may still cross the bridge with a random truck, the chances of having a 
permit truck alongside a truck of equal or higher weight are relatively low. These factors 
lead to significantly higher reliability index values for the permit trucks than in the cases 
of random loading. 

Table 3 Average Reliability Index Values for Permit Trucks on 2-Lane Bridges 

Bridge Type ADTT=5000 ADTT=1000 ADTT=100
Moment Shear Moment Shear Moment Shear

T-Beam 2.71 2.58 2.75 2.61 2.83 2.68
Prestressed Concrete 2.99 2.66 3.05 2.69 3.25 2.76
Noncomposite Steel 3.01 3.10 2.99 3.14 3.10 3.23

Composite Steel 2.93 3.09 2.98 3.13 3.10 3.23

Permit Trucks on Single Lane Bridges

The reliability analysis approach used for permit trucks on two-lane bridges was 
applied using the one lane distribution factor; the results are presented in Table 4. The 
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average reliability index for all the cases considered is 3.62, which is higher than that 
obtained for the permits crossing over two-lane bridges.  This difference is because the 
permit truck on a 1-lane bridges is alone on the bridge and thus the total applied load is 
better known than in the case where the truck may cross alongside a random truck which 
would govern the analysis of permit truck crossing two-lane bridges.

Table 4 Average Reliability Index Values for Permit Trucks on Single Lane Bridges

Bridge Type All ADTTs
Moment Shear

T-Beam 3.60 3.39
Prestressed Concrete 4.01 3.04
Noncomposite Steel 3.91 3.56

Composite Steel 3.91 3.55

Reliability Targets for Permit Load Recalibrations

 Target reliability index for the calibration is set at 2.5 with the goal of achieving 
a minimum reliability index values for all conditions above 1.5.  

Permit Load Classifications 

The recalibration of the live load factors for permits considered the following four 
cases:

I. Permit vehicle alone on a bridge which can occur whether the permit has been 
issued for a single trip or multiple trips.

II. Unlimited crossings of multiple trip permits in which two permit trucks could 
cross a bridge simultaneously side-by-side.

III. Unlimited crossings where a permit truck mixes with other random vehicles. 

IV. Limited number of trips (1 and less than 100) where the permit truck can mix 
with other random trucks. 

Cases I, II, and III consider routine permits where the actual truck weight may 
sometimes exceed the weight limit.  Cases I, II, and IV consider special permits where 
the weights are assumed to be fully controlled and are not expected to exceed the permit 
weight allowed.  For routine permits, it is Case III that is expected to govern, while Case 
IV should govern for special permits.  Case I is analyzed to check the safety of escorted 
permit trip.   The analysis of Case II is performed to verify that it will be overshadowed 
by Cases III and IV.

Case I is not affected by the WIM data for the random trucks.  Case II considers 
the probability of having two permit trucks side-by-side cross a bridge within the five 
year rating period.  In the reliability analysis, it assumed up to 100 permits per day as an 
upper limit for the number of trips (Moses 2001).  The probability of having two side-by-
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side permits is 0.5% based on the WIM data collected on New York state sites on low 
truck traffic volume days (Sivakumar et al, 2008). 

For cases III and IV, the reliability analysis should account for the number of 
random vehicles that may cross the bridge simultaneously with the permit truck.  
Following the AASHTO LRFR classifications sites with ADTT of 5000, 1000, and 100 
are considered.   The percentage of side-by-side vehicles (Psxs) is 2%, 1.25%, and 0.5% 
for sites with ADTT of 5000, 1000, and 100, respectively.  These Psxs values are upper 
bounds obtained from the headway data collected at ten WIM sites in New York State 
(Sivakumar et al 2008).

Key Findings

The calculations performed demonstrate that using a live load factor of 1.10 for 
escorted special permit loads will provide average reliability index values greater than 2.5 
when the single lane AASHTO LRFD load distribution factors are used to check whether 
the permit truck can be allowed to cross a bridge.  When performing a refined analysis of 
the bridge, it is recommended to use the same live load factor (i.e., 1.10) for escorted 
special permits.  Special permits travelling over bridges at crawl speed should still be 
checked with a dynamic allowance factor of 1.05 to satisfy the minimum reliability index 
of 1.5.

For the case when a refined analysis is performed for special permits that may 
mix with traffic, the target reliability is also exceeded when a live load factor of 1.00 is 
applied on the permit truck while a live load factor of 1.10 is applied on the governing 
AASHTO legal truck placed in the adjacent lane.

For the cases of routine permits, where data shows that permit loads may exceed 
the permit weight limits, having live load factors varying from 1.40 for sites with ADTT
of 5000, 1.35 for sites with ADTT of 1000, to 1.30 for sites with ADTT of 100 will lead 
to average reliability index greater than 2.5 while the minimum reliability index values 
remain above 1.5. These checks should be performed with the two-lane AASHTO LRFD 
load distribution factors. 

The above live load factors for routine permits can be reduced for the cases where 
the permit truck’s gross vehicle weight is high in order to reflect the lower probability of 
having a random truck of equal or higher weight crossing alongside the permit truck.   
Specifically, for trucks with GVW/AL < 2.0 kip/ft (i.e., gross vehicle weight (GVW) over 
front axle to rear axle length (AL)), it recommended to use the above mentioned live load 
factors (1.40, 1.35, and 1.30 for sites with ADTT of 5000, 1000, and 100, respectively).  
For trucks with GVW/AL between 2.0 and 3.0 kip/ft, the recommended live load factors 
are 1.35, 1.25, and 1.20 for sites with ADTT of 5000, 1000, and 100, respectively.  For 
trucks with GVW/AL above 3.0 kip/ft, the live load factors are 1.30 1.20, and 1.15 for 
sites with ADTT of 5000, 1000, and 100, respectively. 
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The research also recommended revisions to LRFR permit rating specifications 
with commentary suitable for inclusion in the AASHTO Manual for Bridge Evaluation 
including a new table of LRFR permit load factors.

Acknowledgments 

The work summarized herein was performed under NCHRP Project 20-07, Task 
285 and was guided by NCHRP Project Panel 20-07, Task 285. Dr. Waseem Dekelbab 
served as the responsible NCHRP staff officer. The final report was prepared by Mr. Bala 
Sivakumar of HNTB Corp., New York and Dr. Michel Ghosn of The City College of 
New York, New York.

References

Moses, F. (2001). “Calibration of Load Factors for LRFR Bridge Evaluation,” NCHRP 
Report 454, Transportation Research Board, National Research Council, Washington, 
DC. 

Sivakumar, B., Ghosn, M., and Moses, F. (2008). “Protocols for Collecting and Using 
Traffic Data in Bridge Design,” Unpublished draft final report for NCHRP Project 12-76, 
National Cooperative Highway Research Program, Transportation Research Board, 
Washington, DC.  

Sivakumar, B. and Ghosn, M. (2011). “Recalibration of the LRFR Load Factors in the 
AASHTO Manual for Bridge Evaluation,” Final report for NCHRP Project 20-07/Task 
285, National Cooperative Highway Research Program, Transportation Research Board, 
Washington, DC. 

199



200



COMPRESSIVE LOADING TEST OF CORRODED GUSSET PLATE 
CONNECTION IN STEEL TRUSS BRIDGE 

Jun Murakoshi1, Naoki Toyama1, Mamoru Sawada1, Kentaro Arimura1, Lu Guo1

Kuniei Nogami2, Teruhiko Yoda3, Hideyuki Kasano3

Abstract

With the stock aging of the majority of highway bridges in Japan constructed 
during the 1950s–1970s, some serious corrosion deterioration cases of fracture critical 
members in steel truss bridges have been reported recently. In this paper, compressive 
loading test of severely-corroded gusset plate connections cut out from a demolished 
truss bridge were conducted in order to assess the remaining load capacity.  

Introduction

The majority of highway bridges in Japan were constructed during the 
1950s–1970s which coincides with Japan’s high economic growth period, and the 
number of bridges over 50 years is increasing drastically. With increase of aged bridges, 
since these bridges are exposed to heavy traffic and severe natural environment, it is 
highly probable that the deterioration and damage will increase rapidly. Improvement 
of technologies related to inspection, diagnosis, repair, and rehabilitation needed. 
Concerning steel bridges, some serious deterioration cases of FCMs on steel truss 
bridges have been reported recently. A tension diagonal member of steel truss 
embedded inside the deck concrete fractured in the Kiso River Bridge and Honjo 
Bridge on the National Route because of corrosion that invisibly progressed inside the 
concrete in 2007. Fracture of diagonal members or gusset plate connections of truss 
bridge is likely to lead to fatal damage of whole bridge. On the other hands, there was 
no effective measure to evaluate remaining strength of such deteriorated components 
and the whole bridge system with the uncertain section loss from corrosion. 

The authors initiated research project in order to identify the remaining load 
capacity and to investigate how to evaluate the remaining strength of deteriorated 
diagonal members and riveted gusset plate connections subjected to severe corrosion. 
In this research project, several corroded specimens are going to be tested within a few 
years. These specimens consist of diagonals and gusset plate connections which were 
cut out from demolished steel bridges which were in service about 50 years near 
coastal area. 

This paper reports the preliminary results from of compressive loading test of 
the first one specimen conducted in September, 2011, and discusses compressive 
behavior and the ultimate strength for severely-corroded gusset plate connection.  
                                                     
1 Center for Advanced Engineering Structural Assessment and Research(CAESAR),  

Public Works Research Institute(PWRI)
2 Department of Civil and Environmental Engineering, Tokyo Metropolitan University 
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Before the test, section loss was measured using laser measurement equipment, and the 
effect of the section loss on failure behavior and the ultimate strength were examined 
by Finite Element analyses to complement experimental results. Then the authors 
compare experimental results with analysis results and strength equations in gusset 
plate connections. 

Bridge Description

Figure 1 shows a bridge utilized in this project, which is called Choshi Bridge. 
It was built in 1962 across Tone River, called Choshi Bridge. It was 5-span steel 
through truss bridge with total length of 407.4m. Figure 2 shows general and section 
view of the bridge. The average daily traffic is about 20,000 with 10% of heavy 
vehicles. It was located in river mouth and had suffered from salt damage by airborne 
salt and heavily corroded. Although repainting, strengthening and partial replacement 
of severely corroded members were conducted several times through its service life, it 
was finally replaced in 2009 at 47 years old, because the corrosion was unlikely to stop 
and it is considered to be impossible to assess remaining strength and remaining 
service life.

Figure 3 shows corrosion damage focusing on main members and gusset plate 
connection that influence safety of the whole bridge. Steel members of this bridge have 
been repainted by the thick fluorine coating material, so section loss was not able to be 
observed exactly by visual inspection. Corrosion of gusset plate connections are shown 
in Figure 3(a) (b). Several connections and diagonals were strengthened with steel 
plate bonding (see Figure 3(c) ).  Intense corrosion of diagonal joint is shown in Figure 
3(d). Pitting of diagonal was observed in Figure 3(e). Concerning floor beams, Figure 
3 (f) shows typical area of deterioration of floor beam with debris accumulation. 

Compression Load Test

Specimen Description and Experimental Setup 

After demolished, several connection parts and diagonal members were cut out 
as experimental specimens, and carried to our laboratory after the coating was removed. 
For the present, we are planning to conduct the loading test for 4 specimens which have 
different gusset configurations. Figure 4 shows the first one test specimen, which was 
cut out from upper chord connection P25d near intermediate support. The diagonal is 
square box type section with flange of 500mm width and 10 and 12 mm thickness at the 
connection, and thickness of gusset plate is 12mm. Design axial force/stress of the 
diagonal members are listed in Table 1. Steel grade is SM40 (400MPa nominal tensile 
strength), the yield strength is 284MPa by tensile material test of the diagonal member. 

Section loss at the outer and inner surface of the specimen was measured using 
laser surface measurement equipment (see Figure 5). The measurement interval was set 
to 1mm to understand the mechanical behavior for uneven surface. As it was difficult 
to measure the inner surface directly, the surface shape was taken using plaster, and 
then it was measured. Figure 6 shows contours of corrosion areas. Red area means 
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large section loss, and yellow color means non-corrosion areas. Severe section loss was 
observed at connection parts of diagonal and gusset plate. As for the gusset plates, 
severe sections loss on the outer surface was not be seen except the rivets areas. Severe 
section was observed on the inner surface, where humidity seems high and airborne salt 
is likely to accumulate. As for the compression diagonal, large section loss on the outer 
surface was hardly found except the edge of flange, however, large section loss was 
shown on the inner surface around the gusset plate boundary. The maximum corrosion 
depth on the inner surface of the compression diagonal is 8.0mm (thickness of the 
diagonal flange: 12mm), the average corrosion depth is 3.4mm. The maximum and the 
average corrosion depths on the inner surface of the gusset plate are 9.0mm and 4.0mm 
 respectively. The average corrosion depth at the plate area underneath the diagonal is 
6.7mm. The average remaining thickness of the gusset plate is 8.0mm. The average 
reduction area ratio is 19% for the compression diagonal and 33% for the gusset plate. 
 Comparing the measured section loss distribution with FE analysis results, it was 
found that severe corrosion part generally corresponded to the part where large stress 
appears. As a result, gusset plate connections may be structural weakpoint. 

Figure 7 shows outline of specimen and loading frame. Figure 8 shows 
experimental setup. The compression and the tension axial loads were applied to the 
diagonal members at the same load increment step, because the absolute values of the 
design axial forces of both diagonals are almost equal. However, by the restrictioin of 
capacity of tension jack, tensile load was fixed to 2000kN. 30MN testing machine for 
compression and loading frame with jacks for tension were used for bi-axial loading. 

Analysis Method 

FE analyses were carried out to investigate the effect of section loss on 
compressive behavior by using a model shown in Figure 9. The analysis model 
simulated test condition. In modeling, 4 nodes shell elements were used for gusset 
plates and diagonals. Rivet fasteners were modeled by spring elements. The 
stress-strain relation of steel was assumed to be bi-linear, with a second modulus of 
E/100(E=2×105MPa). Upper chord was restrained with the loading frame at 
connection part. The displacement along the loading direction at the loading point is 
free, and the displacements of two other directions are fixed. In this analysis, the initial 
imperfection is not considered.   

Analyses were conducted for two cases of non-corroded and corroded model 
simulating test specimen. Figure 10 shows assumed plate thickness of corroded model 
which reflects the measured data. Average thickness reductions were 2.0mm for the 
diagonal flange, 3.0mm for the diagonal web and 4.0mm for the gusset plate, 
respectively.

Experimental and Analysis Results

Figure 11 shows the curves of load versus vertical displacement at the loading 
head. The analytical ultimate strengths were 4953kN for the un-corroded model and 
3346kN for the corroded model. The ratio of the strengths is about 2/3, which is similar 
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to average thickness loss of the gusset plate. The measured ultimate strength was 
3598kN, that is about 1.1 times the analytical value for the corroded model. Linear 
behavior was observed until the out-of-plane deformation of gusset plate become large. 
After that, the load reached maximum load gradually and fell down moderately. The 
measured value and analytical value show generally the same curves and ultimate 
loads.

Figure 12 shows failed specimen after the test. The failure mode of the 
specimens was plate local buckling of the gusset. Figure 13 shows out-of-plane 
deformation and relations between load and the deformation of the both side of gusset 
plates at major points. With increase of vertical load, deformation of one side of the 
gusset plate preceded with the other side of the gusset.  As a result, the buckling shape of 
unsupported edge shows unsymmetry. As for the analytical results of the corroded 
model, Von Mises stress contours and yielded area at the peak load are shown in Figure 
14 and Figure 15, respectively.  The local buckling occurred at the plate area 
underneath the diagonals and free edges of the gusset plate. Figure 16 compares the 
out-of-plane deformation at major points where large deformations were measured and 
shows good agreement. For reference, analytical out-of-plane deformation contours of 
the corroded model are also shown in this figure.  The results in these figures provide 
verification of the corroded model using shell element to evaluate compressive 
behavior of the corroded gusset plate connection. About the modeling of the corrosion, 
the use of average reduction thickness of gusset plate seems reasonable to evaluate the 
behavior of the gusset plate in this specimen, however detailed investigation is required. 
Figure 17 shows the out-of-plane displacement along the line parallel to the centerline 
of the compression diagonal.  

Strength Estimation Equations of Truss Gusset Plate Connections

 Strength Equations 

After the collapse of I-35W Bridge, “Load Rating Guidance and Examples for 
Bolted and Riveted Gusset Plates in Truss Bridges” [2] was issued by FHWA in 2009. 
 By referencing the Guidance and previous experimental research results [3]- [7], limit 
state of gusset plate and diagonal members are assumed as follows as shown in  Figure 
18,

a) Strength of fasteners in compression and tension 
b) Cross section yielding or net section fracture strength of gusset plate 
c) Block shear rupture strength in tension 
d) Cross section yielding or net section fracture strength of diagonal member 
e) Compressive strength 
f) Shear fracture strength 

This paper only discusses compressive strengths of b), d) and e). The resistance 
factors are1.0 in this study.
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Cross section yielding strength of gusset plate in compression 

The Whitmore effective width[3] is used for estimating yielding of the gusset 
plate. The effective width is bound on either side by the closer of the nearest adjacent 
plate edges or lines constructed starting from the external fasteners within the first row 
and extending from these fasteners at an angle of 30 degrees with respect to the line of 
action of the axial force (see Figure 19). The cross section yielding is taken as: 

eygy AfP                                                          (1) 

where:
Ae:gross cross-sectional area of Whitmore effective width of the plate, Ae=Let(mm2)
fy: yield strength of the plate  (N/mm2)
Le:Whitmore effective width (see Figure 19)(mm) 
t: thickness of the plate (mm) 

Cross section yielding of diagonal member 

The smallest sectional area of the diagonal members near the gusset plate 
boundary is assumed to be yielded. The cross section yielding strength is expressed by: 

gydy AfP       (2)
where:

fy: yield strength of the diagonal (N/mm2)
Ag: gross cross-sectional area of the diagonal (mm2)

Local buckling at the plate area underneath the splice member of diagonals 

The Whitmore effective width and an unbraced gusset plate length which is 
average of the three lengths was used for estimating buckling strength. Standard 
buckling equations specified in Japanese Design code (JSHB) was used. Ignoring any 
lateral constraint to the gusset plate, the effective length factor, β (β=1.2) was used for 
unbraced gusset plate assuming the buckled shape as shown in Figure 20. The local 
buckling equation is taken as: 

gygcr AfP (
―

0.2)                (3a) 

gygcr AfP )545.0109.1(   (0.2 <
―

1.0)     (3b) 

gygcr AfP )773.0/(0.1( 2     (1.0<
―

)                   (3c) 

where:
fy: yield strength of the plates (N/mm2)
Ag: gross cross-sectional area (mm2)
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The column slenderness ratio  is given by: 

s

cy

r
L

E

f1                                  (4) 

where:
E: Young’s modulus of plate (N/mm2)
: effective length factor (=1.2) 

Lc: Lc = (L1+L2+L3)/3
L1, L2, L3: distance from center or each end of the Whitmore width to the edge in the 
closest adjacent member, measured parallel to the line of action of the compressive 
axial force (see Figure 19). 
rs: radius of gyration about the plane of buckling,

ggs AIr /  (mm) 
Ig : moment of inertia  (mm4)

Comparison of Analysis Results and Calculation Results 

Table 2 outlines the comparison of the experimental results, FE analysis results 
and the calculation results for the specimen.  The ratio means the calculated or 
measured value to the analytical value. The calculated yield strength by the Whitmore 
effective width was to some extent close to the analytical ultimate strength  with ratios 
of 0.97 (un-corroded model) and 0.95 (corroded model). On the other hand, the 
calculated yield strength of the diagonal was larger than the analytical value with ratios 
of 1.23 and 1.39. It is indicated that the gusset plate failure preceded with yielding of 
the diagonal. Strength equation for local buckling gives conservative estimates with 
strength ratio of  0.59 (un-corroded model) and 0.36 (corroded model), much below 1.0. 

Regarding the compressive strength of the gusset plate connection, the results 
in this study were compared with experimental results[4]-[8]. Figure 21 shows 
comparison of the measured ultimate loads and the calculated values for local buckling 
and yielding respectively. Figure 22 shows relations of ultimate strength and 
slenderness ratio. Calculated values are also conservative for the experimental data, 
and the correlation is not good. Then, we are investigating more accurate estimation of 
ultimate strength of the gusset plate. According to the failure mode, the ultimate 
strength is likely to depend on the buckling strength of the compressive unbraced area 
parts and the strength of its surrounding plate area. As one of our ideas, we are trying 
to evaluate the compressive strength by the summation of following strength equations 
of gusset plate divided into 3 areas as shown in Figure 23. 

gsygcrgcrgcr PPPP 21  (5) 
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Pgcr1 is expressed by: 
gygcr AfP 1 (

―

1.0)                                  (6a) 

gygcr AfP 21
1

   (1.0<
―

)                                    (6b) 

The column slenderness ratio  is given by: 

s

cy

r
L

E

f1    (7) 

where:
: effective length factor (=0.65) 

Lc: Lc = (L1+L2+L3) / 3 
L1, L2, L3: The distance from center or each end of the width of diagonal end to the 
edge in the closest adjacent member, measured parallel to the line of action of the 
compressive axial force (see Figure 23). 

Pgcr2 is expressed by: 
12 singygcr AfP     (R 1.0)                        (8a) 

122 sin1
gygcr Af

R
P     (1.0<R)                          (8b) 

The plate slenderness ratio R is given by: 

kE

f

t
b

R y

2

2 )1(12                                      (9) 

where:
: The Poisson's ratio (=0.3) 

k: The buckling coefficient , 24

2

22

2015
3
404

k

: =hc  / b2

hc: hc=(h1+h2) / 2 

Pgsy is expressed by: 

2cos
3

g
y

gsy A
f

P                                             (10) 

Figure 24 shows comparison of the measured ultimate loads and the calculated 
values. It is noticed that failure modes of all data are local buckling, not compressive 
and block shear failure which is described in [8]. Considering that previous 
experimental data contain various gusset configurations, it appears the ultimate 
strength can be approximately estimated. Still there is a difference, further study is 
required to estimate the ultimate strength for compressive load. 
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Conclusions

Compressive loading test of the corroded gusset plate connection specimen 
from decommissioned truss bridge was performed, and the FE analyses were 
conducted to complement experimental results. As for compressive strength estimation 
of gusset plate connection, from practical viewpoint, application of strength equations 
were discussed with use of previous experimental research results. The major findings 
are summarized as follows. 

1) Based on thickness loss measurement of gusset plate connection, advanced 
corrosion of diagonals and gusset plate was observed around the connection 
parts. Severe corrosion part generally corresponded to the part where large 
stresses appear. 

2) The effect of the section loss on the compressive strength of the gusset plate was 
evaluated by experimental and analytical results. Compressive behavior of the 
gusset plate was properly evaluated by shell element model in consideration of 
the average thickness reduction. 

3) Local buckling strengths by the Whitmore effective width provided conservative 
estimates to the experimental ultimate strength. Taking the buckling strength of 
the compressive area and the strength of its surrounding plate area into 
consideration gave more proper prediction. 
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INTRODUCTION OF NON-DESTRUCTIVE HIGHWAY INSPECTION 
METHODS USING HIGH DEFINITION VIDEO AND INFRARED 

TECHNOLOGY

Koji Mitani1 and Masato Matsumoto2

Abstract

In order to make timely and appropriate maintenance and rehabilitation 
decisions for deteriorating highway structures, constant monitoring of structural 
conditions is necessary. While most agencies recognize the importance of timely 
bridge inspections, such programs tend to be time consuming and expensive. Under 
these circumstances, NEXCO-West has been able to reduce highway structure 
inspection costs by introducing an innovative highway inspection technical approach 
that uses a combination of high definition video (HDV) and infrared (IR) 
thermographic technology. This paper describes these inspection methods using HDV 
and infrared technologies and introduces some examples of practical on-site 
application to highway bridge superstructures.

1. Introduction

Today, proper maintenance and management of deteriorating infrastructure 
under severe budget constraints have become serious issues for bridge owners. 
Traditionally, highway bridge conditions have been monitored by visual inspection 
with structural deficiencies being manually identified and classified by qualified 
engineers and inspectors. However, the quality of inspection results obtained through 
the traditional approach depends on the individual inspector’s subjective judgment 
based on his/her knowledge and experience.  In addition, these traditional inspection 
procedures require significant investments in both time and labour cost. These factors 
support the necessity for research and development for more reliable, objective and 
efficient bridge inspection methods.   

With traditional site inspections, qualified inspectors are performing close-up 
visual inspections and sounding tests, often from crane suspended lifting cages or 
built-in inspection staging; arguably putting inspectors at some safety risk. The need 
for safer inspection methods calls for new innovations in bridge inspection 
technologies. In addition, new technologies that improve inspection efficiencies will 
help address the upcoming shortage of qualified bridge inspectors. 

Bridge inspector responsibilities include preparing summaries of bridge 
condition factors that, by their nature, reflect the individual inspector’s engineering 
judgement. If we can improve data collection efficiencies and reduce the time required 
                               
1 President and CEO, NEXCO-West USA, Inc. 
2 Executive Vice President, NEXCO-West USA, Inc. 
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by inspectors in the field to make general structure condition assessments, more time 
will be made available for these same inspectors to perform detailed hands-on 
inspection for those pre-screened bridge elements where structural defects require 
special attention.

The West Nippon Expressway Company Ltd. (NEXCO-West) has been 
working to develop efficient non-destructive highway bridge inspection methods using 
High Definition Video (HDV) and Infrared (IR) Imagery technologies. This paper 
describes the mechanisms of these inspection technologies and presents results from an 
on-site pilot project performed to evaluate the feasibility of these technologies in 
Florida, USA. 

2. New Inspection Technologies 

2.1 Inspection Methods Using High Definition Video HDV

Recently, research and development on crack detection methodologies for 
efficient highway bridge inspection using digital images of the structures have seen 
significant technological progress. In the past, conventional inspection techniques 
using digital image processing had not been widely applied for practical use due to its 
limited image quality. The equipment was typically expensive and their application 
was limited primarily to technical research applications and special forensic 
professional services. However, recent innovations and improvements in image quality 
and data processing technology have contributed greatly to the technical viability of 
this inspection technology. 

FIGURE 1 shows the mechanism of pavement crack detection using HDV. The 
technology is the combination of GPS, GIS and HDV image pictures. The GPS 
navigation system, HDV and laptop computer are included inside the inspection 
vehicle. The HDV camera is attached on top of the inspection vehicle to record the 
surface condition (FIGURE 2).  The recorded data is analyzed by image processing to 
determine an individual structure’s current condition as related to crack size, location 
and distribution. The detected cracks are identified in a digital crack map. The crack 
size and length are determined by computer software, and these quantitative 
characteristics are also summarized in spreadsheet format. The obtained crack maps 
and related data are provided to engineers for their subsequent structural diagnosis and 
rehabilitation planning.

A special advantage of HDV technology, with respect to crack identification 
and measurement, is the ease of maintaining a historical record of bridge cracks for use 
in monitoring crack propagation over time.  The image processing includes a two- 
gradation analysis and line featuring analysis. The first step of the two-gradation 
analysis converts the digital picture into binary (black-and-white) data by analyzing the 
degree of color transition from the nearby pixels, enabling our computer program to 
differentiate the spectrum and identify individual cracks. The second step then 
identifies the lines of black pixels in order to confirm the existence of cracks (see 
FIGURE 3). 
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Keys (see FIGURE 7). Currently, condition of the bridge is regularly monitored 
through established visual inspection procedures performed by qualified inspectors.  
 
3.2 The Pilot Project Results 

(1) Deck Surface Inspection Using HDV 

In order to record the deck surface cracks using an HDV camera, proper height 
(approximately 3 meters) and recording angle (no greater than 45° from vertical) are 
required. The HDV camera was attached to a custom-made camera mount and video 
data was gathered facing in the backward direction. HDV recordings of the concrete 
deck surface were conducted at a speed of 70km/h.  

FIGURE 8 shows an example of a crack map for a concrete deck surface.  
Cracks of 3mm or greater were detected by a software supported automatic crack 
detection program, followed by supplemental manual crack checking by an 
experienced engineer. Manual crack checking successfully detected cracks of 0.8mm 
or greater. According to the Bridge Inspectors Field Guide (Florida Department of 
Transportation (2008)), cracks should be classified into three categories as shown in 
Table 2, and the NBI (National Bridge Inventory) specified “Distressed Area” is 
calculated for the rectangular area including “Significant,” “Moderate,” or “Severe” 
cracks. Inspectors are responsible for proposing priorities on rehabilitation to the 
bridge owners by comparing the “Distressed Area” for each span or bridge. The results 
of pilot area bridge deck surface inspections proved the accuracy of crack detection 
using HDV technology to be satisfactory for routine in-service deck inspections. The 
new inspection technology provides additional benefits by increasing the level of 
safety for both inspectors and motorists and storing position recorded historical 
inspection data for monitoring of crack propagation. The digital crack map database 
can be a powerful tool for supporting those engineers responsible for maintenance plan 
preparation and work task priority decision-making. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

FIGURE 7 - LOCATION OF THE SEVEN MILE BRIDGE 
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that have been covered with fiber reinforced polymer (FRP) materials (see FIGURE 
13).  Another application is to identify subsurface irregularities (grout covered rock 
pockets) in new construction structure immediately after the removal of form work. 

FIGURE 13 DETECTING POTENTIAL SPALL BENEATH THE FRP COVER 

5. Summary and Conclusions 

This paper described the mechanism of non-destructive bridge inspection 
methods using HDV and IR imagery technology and results of the on-site pilot project 
performed to evaluate the feasibility of applying these technologies for in service 
bridge inspection in the State of Florida, USA. 

It was verified from the pilot project results that the accuracy of detection and 
measurement surface cracks and potential subsurface deterioration using these new 
technologies provided satisfactory and acceptable results for practical routine and 
special condition bridge inspections in compliance with recognized inspection 
practices. It was also demonstrated that new HDV and IR technologies could 
significantly reduce site inspection times and on-site inspection resource requirements.  

With the quantity of roadway structure assets increasing annually, coupled with 
concurrent increasing rates of deterioration being experienced by many of the existing 
structures, bridge owners need to find new and creative ways to ensure the structural 
safety of their bridges while they all too often face problems of reduced budgets and 
dedicated bridge inspection resources. Using the proposed new HDV and IR 
technologies, bridge engineers can quickly and efficiently obtain objective current 
bridge condition information that has traditionally been obtained by more time 
consuming and, in some instances, more subjective close-up visual inspections and 
sounding tests. The digital output of these HDV and IR inspection techniques improves 
on-site inspection safety and objectivity and contributes to improved inspector 
efficiency by reducing significantly the amount of on-site inspection time in the field. 
However, it must be noted that while HDV and IR technologies do offer new 
efficiencies to the bridge inspection process, they are not a substitute for inspectors 
conducting on-site specific follow-up and detailed structure investigations. While 
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improved efficiencies in bridge inspection brought about by the application of HDV 
and IR technologies bring significant benefits to the overall bridge inspection process, 
they are not a substitute for the continued need for sound experienced engineering 
judgement.     

Currently, costs of traditional and new inspection technologies are similar with 
new tech's lower field data collection costs being somewhat offset by additional costs 
for computer supported analysis. We expect with likely improvements in computer 
technology that these new inspection technologies will become increasingly cost 
effective. The authors believe that by offering experienced bridge engineers and 
inspectors new improved inspection technologies, bridge inspection programs will be 
strengthened through improved inspection data, increased safety and more economical 
operations…bringing tangible benefits to bridge owners and the motoring public alike. 
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CHARPY IMPACT TESTS WITH TEST SPECIMENS  MADE  
WITH STOP-HOLE-SIZE CORES

Kiyoshi Ono1, Kengo Anami2 and Mitsuharu Oikawa3

Abstract

In order to examine or repair fatigue damaged steel bridges, it is necessary to 
obtain information of mechanical and chemical properties of steel of damaged members 
or joints. However, for the old bridges, it is sometimes difficult to obtain such kinds of 
information from design articles.  For such case, a sample material might be taken from 
the structures, but the sample should be as small as possible.  

This study examines the use of small steel pieces regarded as cores, which are 
taken from stop-holes or bolt-holes. Test specimens for Charpy impact test are made 
with small steel pieces by Electron Beam Weld (EBW) and the effect of the steel piece 
size on Charpy absorbed energy are examined. 

Introduction

Fatigue damage in steel bridges have been reported  (Japan Road Association. 
2007, 2009; Miki et al. 2007)and the number of reported fatigue damage has increased. 
Some of the fatigue damage are serious fatigue damage such as the fracture that 
extended halfway through the circumference of a steel pipe column of a pedestrian 
bridge and the crack on the web plate of a steel girder whose length is about 1.1m. In 
order to identify the cause of fatigue damage or examine the retrofitting methods of 
fatigue damage, it is necessary to gain the information on the mechanical, chemical and 
fracture properties of materials of steel bridges. Especially as for the old steel bridges, 
there are some cases that the information about the material does not remain or the 
standard of the material does not exit at all. In such cases , the test specimens or samples 
are picked from the base material of steel bridges. For example, test specimens of 
Charpy impact tests were made with the material removed form the base material and 
Charpy impact tests were carried out in order to examine the fracture toughness (Miki 
et al. 2009). However, it is desirable that the area picked from the sound base material 
is as small as possible. 

By the way, there are cases that stop-holes are bored for preventing the crack 
propagation and the holes for high tension bolts are bored for retrofitting by the bolted 
splice steel plates. It is very effective and useful to use the stop-hole-cores or 
bolt-hole-cores as the test specimens or samples.  

1 Associate Professor, Dept. of Civil Engineering, Osaka University 
2 Associate Professor, Dept. of Civil Engineering, Shibaura Institute of Technology 
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 In order to evaluate the fracture toughness by using stop-hole-size cores, this 
study examines to make the test specimens with the stop-hole-size cores and conduct 
Charpy impact tests by using the test specimens. To be concrete, a small steel piece 
including the V-notch area gained from the stop-holes or bolt-holes is connected to the 
other parts of the test specimen by electron beam weld (EBW) as shown in Figure1. The 
effect of the width of the small piece on the Charpy absorbed energy is investigated. 

Mechanical and chemical properties of material

One of the major interest of this study is to investigate the material properties of 
the old steel. Therefore, the steel plates for the test specimens were picked from a web 
plate at a cross beam of a steel bridge constructed in the 1920's or 1930's and test 
specimens were made with the steel plates. The plate thickness of the targeted steel plate 
is 9mm. The information on the material properties does not remain at all. Therefore, the 
tensile tests and the chemical analysis were carried out in order to get the basic 
information on the material properties before Charpy impact tests. 

 Test specimens were removed in longitudinal direction of the cross beam and 
direction perpendicular to longitudinal direction. The number of test specimens in each 
direction is three and the total number is six. Table 1 indicates not only the average 
values of major mechanical properties about the strength and elongation in each 
direction but also the values specified in the 2008 JIS (Japanese Industrial Standards) as 
for SS400 that is rolled steel for general structures and SM400A that is rolled steel for 
welded structures. Figure 2 shows an example of stress-strain relationship gained from 
the tensile tests. As shown in Table 1, the mechanical properties of the steel satisfy the 
specifications of SS 400 and SM400A in  the 2008 JIS. 

 Table 2 shows chemical analysis results and chemical components specified in 
the 2008 JIS in respect of SS400 and SM400A. As shown in Table 1, although the 
amount of "S" does not satisfy the specification as for SM400A in JIS, the other 
components in Table 2 satisfy the specifications as for SS400 and SM400A in JIS.  
  

Assumed size of cores 

The main purpose of this study to make the test specimens with the 
stop-hole-size cores for Charpy impact tests in order to evaluate the fracture toughness. 
Figure 1 shows an outline of test specimen examined in this study. As shown in Figure 
1, a small steel piece including the V-notch area corresponding to a stop-hole core or a 
bolt-hole core is connected to the other parts of the test specimen by EBW. It is assumed 
that a diameter of the stop-hole or bolt-hole is 24.5mm or 26.5mm. It is thought that the 
stop-hole-size core whose diameter is 20mm can be obtained from the assumed 
stop-hole or bolt-hole. Figure 3 shows the relationship between an assumed 
stop-hole-size core gained from steel bridges and a small steel piece including the 
V-notch area of a test specimen. As shown in Figure 3, the square steel pieces whose 
size is 13mm can be gained from the stop-hole-size core whose diameter is 20mm. In 
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consideration of Figure 3, 13mm is decided as the maxim size "B" of square steel pieces 
gained from the stop-hole-size cores. 
 
Procedure of making test specimens by EBW 

The welding condition of EBW used in this study is as follows. 
       Voltage: 60(kV), Current: 65(mA), Welding speed: 650mm/min. 

EBW was carried out from the one side of test specimens. The outline of the 
procedure of making test specimens is as follows. 

Small steel pieces corresponding the main part of test specimens including V-notch 
(  in Figure 4),  steel spacers (  in Figure 4), edge parts of the test specimens  (
in Figure 4) and the bucking metal are set as shown in Figure 4.  The steel grade of 
edge parts of the test specimens is SM490. 
EBW (Blue solid lines in Figure 4) is conducted. 
Cutting along the yellow dotted lines in Figure 4 is conducted. 
Making test specimens are completed by cutting and shaving off until the 
predetermined size and thickness of under-size Charpy V-notch impact test 
specimens specified in JIS. 

 
Types of test specimens 

It was impossible to make the standard-size Charpy V-notch impact test 
specimens whose thickness is 10mm because the thickness of targeted steel plates is 
9mm. Therefore, under-sized Charpy impact V-notch test specimens whose thickness is 
7.5mm were made in this study. In the case of making test specimens by welding, the 
influence of welding on the change in the material properties like the heat-affected zone 
should be considered. Moreover, some previous studies  (Seo et al. 1982; Seo et al. 
1983) pointed out that Charpy absorbed energy is effected by restriction by EBW and 
the adequate test results can not be gained if the distance between each EBW is small. 
Therefore, test specimens were set with focusing on the width of small steel pieces  "B" 
in Figure 5. "B" corresponds to the distance of the center of each EBW as shown in 
Figure 5.  Table 3 shows types of test specimens and the values of "B". In Table 3, the 
test specimen "B-0" indicates the test specimens without EBW. According to the 
experience of EBW until now, it is supposed that the width of the heat-affected zone by 
EBW whose welding condition is almost the same as that in this study may be 6mm. The 
width of the non heat-affected zone of each test specimens is supposed to be (B-6)mm 
as shown in Figure 5. Judging from this assumption about the width of the heat-affected 
zone by EBW, it is estimated that all over the V-notch area of test specimens "B-4" may 
become the heat-affected zone by EBW. 
 
Macrostructure tests and Vickers hardness tests 

Macrostructure tests and Vickers hardness tests were conducted in order to 
investigate the heat-affected zone by EBW. The weight of Vickers hardness test in this 
investigation was 9.8N. The location of the measuring points is the center of the height 
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of test specimens and the interval of the measuring points is 0.5mm. Pictures 1 and 2 
show the results of the macrostructure tests of the test specimens "B-1" and "B-3". 
Figures 6 and 7 show the test results of Vickers hardness tests of those. In the pictures 
and the figures, "Front surface" indicates the surface in which electron beam was 
discharged and "Back surface" indicates the opposite side. In Figures 6 and 7, read 
dashed lines express the supposed center of EBW.  

According to the results of the macrostructure tests and Vickers hardness tests, 
it is found that heat-effected zone by EBW on the front surface is wider than that on the 
back surface because the front surface is a surface in which electron beam was 
discharged. Judging from the hardness gained from Vickers hardness tests, it is thought 
that there is a correlation between "B" and the width of the non heat-affected zone "L", 
in which the hardness is almost the same as that of the base material. The values of "L" 
are described in Table 3. As shown in Table 3, the values of "L" become smaller as those 
of "B" become smaller. 

Results of Charpy V-notch impact tests 
 
 Charpy V-notch impact tests were conducted with under-sized test specimens 
whose thickness is 7.5mm. The temperature for the Charpy V-notch impact tests was 
0°C, -30  and -60 . Figure 8 shows the results of the Charpy V-notch impact tests. 
The significant difference in the test results at -60  and -30  among all test specimens 
is not found and the values of the Charpy absorbed energy at -60  and -30  are very 
small as a whole. On the other hand, the difference in the Charpy absorbed energy at 0
can be found depending on the type of the test specimens. The Charpy absorbed energy 
of the test specimens "B-13" whose "B" is 13mm is almost the same as that of the test 
specimens "B-0" that is test specimens without EBW although the variation in test 
results can be seen. The Charpy absorbed energy of the test specimens "B-4" in which 
all over the V-notch area is a heat-affected zone is the smallest of all types of test 
specimens. The Charpy absorbed energy of the test specimens "B-9" whose "B" is 9mm 
exist between that of "B-4" and that of "B-0" or "B-13". The test results show that the 
Charpy absorbed energy depends on the width "B" and the  wider "B" leads the higher 
Charpy absorbed energy. Furthermore, the Charpy absorbed energy of the test 
specimens "B-13" whose "B" is 13mm is almost same as that of test specimens without 
EBW. Therefore, it is thought that the Charpy absorbed energy of test specimens made 
by EBW may converge to that of test specimens without EBW when "B" is almost 
13mm. This fact indicates the possibility that the Charpy absorbed energy can be 
evaluated adequately with the test specimens made with stop-hole-size cores by EBW. 

Concluding remarks

This study examines the use of small steel pieces regarded as cores, which are 
taken from stop-holes or bolt-holes. The targeted steel is the steel removed from a web 
plate at a cross beam of steel girder bridges constructed in the 1920's or 1930's. Test 
specimens for Charpy impact test are made with small steel pieces by Electron Beam 
Weld (EBW) and the effect of the steel piece size on Charpy absorbed energy are 
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examined.  

As a result, it is found that the Charpy absorbed energy depends on the width of 
the steel pieces and the wider steel pieces leads the higher Charpy absorbed energy and 
it is thought that the Charpy absorbed energy of test specimens made by EBW may 
converge to that of test specimens without EBW when the width of the steel pieces is 
almost 13mm. This fact indicates the possibility that the Charpy absorbed energy can be 
evaluated adequately with the test specimens made with stop-hole-size cores by EBW.  

Acknowledgments

This work was supported by the Grant-in-Aid for Scientific Research (S: No. 
18106010) from the Japan Society for Promotion of Science (JSPS). 

References

Japan Road Association (2007): Collection of Example of Retrofitting of Highway 
Bridges. (in Japanese) 

Japan Road Association (2009): Collection of Example of Retrofitting of Highway 
Bridges. (in Japanese) 

Chitoshi Miki and Takuyo Konishi (2007): Retrofit Engineering for Steel Bridge 
Structures in Japan, A-0673, IABSE SYMPOSIUM, WEIMAR, 2007. 

C. Miki, K. Ono, K. Yokoyama and T. Harada (2009): Identification of the causes of 
fracture in the steel pipe column of a pedestrian bridge, Welding in the World, 
Vol.53(9/10), pp.229-237. 

Kenji Seo and Junichi Masaki (1982): Physical Interpretation for the Upper Shelf 
Energy of Weld Zone in Charpy Impact Test, Journal of the Japan Welding 
Society, Vol. 51, No.3, pp.39-45. (in Japanese) 

Kenji Seo, Junichi Masaki, Fumio Nogata and Kunihiko Sato (1983): Effect of 
Mechanical Heterogeneity on the Ductile-to-Brittle Transition Behavior of Weld 
Metal in Charpy Impact Test, quarterly journal of the Japan Welding Society, 
Vol.1, No.2, pp.123-129. (in Japanese) 

237











242



BRIDGES: THE NEXT GENERATION OF EXPERIMENTAL RESEARCH
IN STRUCTURAL FIRES

John L. Gross1 and Stephen A. Cauffman2

Abstract

Bridge fires, while not common, can have an enormous economic impact and can 
adversely affect the community served by the bridge, diminishing community resilience.  
Regulatory approaches that have been successful for buildings may not be applicable to 
bridges.  And, while provisions addressing the protection of the structural elements of a 
bridge from high temperatures exist, little guidance is available to the bridge engineer to 
apply such provisions.  This paper looks at these issues as well as a few examples of 
recent bridge fires, and attempts to make the case for the need to conduct large-scale 
experiments on bridges and bridge components under realistic fire conditions.  Such tests 
can provide the technical basis for a performance-based approach to the design of bridges 
to resist fires.  A new structural fire test facility, under construction at the National 
Institute of Standards and Technology, will enable the evaluation of the performance of 
large-scale bridge structures subjected to realistic fires. The capabilities of the National 
Fire Research Laboratory are presented along with its technical specifications.

Introduction

“Among the public safeguards that have been found necessary where buildings 
are built in proximity to each other are those pertaining to fire.  Such regulations are 
founded on the long community experience that has been had with fires” [Ingberg, 1929].   
Ingberg’s comment addresses, of course, the objectives of minimizing life and property 
loss due to building fires.  If, however, one were to extend his tenet to include 
transportation systems, one would need to add the objectives of minimizing economic 
impact and increasing community resilience.  Highways are critical lifeline systems 
enabling commerce and the transportation of people and goods within and among 
communities.  Failure of a single bridge can have a significant economic impact in terms 
of direct costs and lost productivity due to traffic disruptions and detours. 

Regulations intended to reduce the risk of damage or collapse and minimize 
economic impact by protecting bridge structures from high-temperature exposure do exist 
[NFPA, 2011], but guidance in their application is limited.  A performance-based design 
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approach for fire holds promise for bridge structures, but the technical basis for 
predicting analytically the performance of a bridge structure exposed to fire, including 
complex nonlinear behavior, is lacking.  To date, there have been no fire tests on the 
performance of bridge structures to provide the required technical basis and analytical 
model validation. 

Recent Bridge Fires

Garlock et al. [2011] have shown, through a literature review and case studies,
that bridge fires can lead to significant structural damage, partial or complete collapse, as 
well as costly detours in traffic flow.  Garlock et al. go on to report on the frequency of 
bridge fires and notes that a 2008 New York Department of Transportation national 
survey found that, of the 1746 bridge failures reported (the majority resulting from 
flooding or collision), 52 were due to fire and 19 due to earthquake; in other words, 
bridges were almost three times more likely to collapse due to fire than to earthquakes. 

In this paper two recent examples which led to significant cost of repair and 
disruption are highlighted: the McArthur Maze fire which involved the collapse of a 
section of an overpass onto the roadway below, and the fire on the Mezcala (Mexico) 
cable-stayed bridge that involved the failure of one stay and damage to a second. 

McArthur Maze Fire – Steel Plate Girder Failure

Early on the morning of April 29, 2007, a tanker truck carrying nearly 3400 L 
(9000 gallons) of gasoline overturned on the I-80/880 interchange in Oakland, California 
and burst into flames [Bulwa and Firmrite, 2007].  The accident occurred at 3:41 A.M.
and just over 20 minutes later, at 4:02 A.M., the elevated roadway collapsed (see Figure 
1).  “As the fire progressed, the bolted connections in the collapsed girder began to 
weaken due to heat and were placed under increasing load from the weakening of the 
remainder of the bridge” [Kodur, et al., 2010]. 
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Figure 1 - Collapse of the McArthur Overpass
Photograph by Robert Campbell (used with permission) 

Mezcala Bridge Fire – Stay Cable Failure 

In March of 2007, a traffic accident involving two school buses and a truck 
transporting coconuts caused a fire on the Mezcala Bridge, a cable-stayed bridge in 
Mexico, that resulted in failure of one stay and damage to a second [Zoli and Steinhouse, 
2007].  It is reported that flammability of the exterior corrosion protection system on the 
bridge cables added to the thermal loading on the cables.

Structural Fire Resistance Regulations – A Historical Perspective

A historical look at the development of regulatory approaches to fire resistance of 
buildings provides the context for discussion regarding the challenges faced in 
determining the fire resistance of bridges.

Building Fires

In 1791, just four years after the U.S.  Constitution was signed, President George 
Washington issued the first regulations limiting building heights in the nation’s new 
capitol of Washington D.C., “concerned as much about structural and fire safety as about 
urban design” [Lewis, 1994].  Thus, regulations to limit the spread of fire dates back over 
200 years.

The U.S. grew rapidly with population centers in Philadelphia, New York, 
Boston, Chicago and San Francisco.  Along with this growth came devastating fires that 
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affected all of these burgeoning cities.  The Great Chicago Fire of 1871, in which over 
17,000 buildings were destroyed, marked a significant turning point in building practice 
whereby the fire resistance of a building began to be considered explicitly.  “Although 
the early knowledge of the requirements for fire protection resulted from a study of the 
behavior of structures in fires and from examination of fire-damaged buildings, the 
development of skeleton-type construction made the necessity for fire endurance testing 
apparent” [Shoub, 1961].  New York City was the first American city to introduce a 
standard fire test method in the 1899 New York Building Code [Babrauskas and 
Williamson, 1978].  But it was the Great Baltimore Fire of 1904 that prompted the 
American Society for Testing and Materials (ASTM) to organize a national effort to 
standardize fire resistance testing; “A Standard Test for Fire-Proof Floor Construction” 
was issued just three years later in 1907. ASTM continued its work and in 1917 
Committee C-5 issued a report that proposed a standard test method notable for two 
aspects, “the provision that structures be classified by their attained fire resistance” 
[Shoub, 1961], and the notion that “a furnace does not heat up instantaneously; for 
reproducible results, this initial heating should be quantified” [ Babrauskas and 
Williamson, 1978].  The furnace time-temperature curve introduced by Committee C-5 
remains unchanged to this day in the ASTM Standard E 119, Standard Test Methods for 
Fire Tests of Building Construction and Materials [ASTM, 2011], the standard 
commonly used in the United States for establishing fire resistance ratings. 

It was Simon Ingberg of the National Bureau of Standards, now the National 
Institute of Standards and Technology( NIST), who introduced the fire “severity” concept 
suggesting that “all fires of the same severity have approximately the same effect on a 
structure” [Babrauskas and Williamson, 1978].  “Ingberg’s work on fire severity and fire 
resistance was adopted by national standards and model building codes…and his 
classification of building types [fireproof, incombustible, exterior-protected and wood] 
remains the basis for requirements for fire resistance of building components…” [Evans 
et al., 2001].  Fire resistance ratings for buildings, as established by ASTM E 119, are 
intended to ensure the that a fire will not spread beyond the compartment of origin. 

One significant addition to building codes in the United States has been the 
provision that “an approved automatic sprinkler system…shall be allowed to be 
substituted for 1-hour fire-resistance-rated construction” [ICC, 2006].  This provision, 
known as the “sprinkler tradeoff” provision, recognizes the effectiveness of automatic 
sprinklers in suppressing a fire in its early stages, thereby preventing the fire from 
becoming a threat to the building or its occupants. 
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Bridge Fires

Consideration for the need for fire protection for bridges is more recent.  And, as
noted in the introduction, the impact of a bridge fire extends beyond life safety and 
replacement cost to the broader impact on the community served by the bridge.

The National Fire Protection Association (NFPA)  Standard for Road Tunnels, 
Bridges, and other Limited Access Highways [NFPA, 2011] contains provisions for the 
consideration of fire.  Quoting directly from Chapter 6: 

6.3.1 …all primary structural elements shall be protected in accordance 
with this standard in order to: 

(1) Maintain life safety
(2) Mitigate structural damage and prevent progressive structural 

collapse
(3) Minimize economic impact

6.3.2 Critical structural members shall be protected from collision and 
high temperature exposure that can result in dangerous weakening or 
complete collapse of the bridge or elevated highway.   

However, as pointed out by Garlock et al. [2011], “…current bridge design codes and 
standards offer limited information concerning the fire hazard.” 

A Case for Structural Fire Testing of Bridges

From the above discussion, one can identify three regulatory approaches to fire 
resistance for buildings: (1) construction restrictions (e.g., zoning and occupancy 
restrictions), (2) limiting the spread of fire beyond the compartment of origin (e.g., fire 
resistance rating requirements), and (3) active fire suppression (e.g., sprinklers).  It is not 
at all clear, however, that any of these regulatory strategies would be effective in 
reducing the hazard from fire for bridges and elevated highway structures. 

Additionally, results of tests on building components and assemblies are generally 
not applicable to bridge structures.  For example, building fires are generally considered 
to be confined to a compartment, while bridges are likely to be exposed to plume fires.  
The combustible materials in a building  (e.g., wood, paper, upholstery) are likely to have 
different burning characteristics than those affecting a bridge which may involve 
petroleum products (hydrocarbons).  Finally, structural elements of a building are often 
different from elements found in bridges (e.g., steel plate girders or box sections, pre-
stressed concrete beams, suspension cables, etc.). No systematic study has been 
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conducted to date to quantify the effects of damaging hydrocarbon pool fires on the wide 
variety of bridge forms in use today.  Such a study is required to fully understand the 
behavior and modes of failure exhibited by the various structural forms when exposed to 
extreme temperatures.

By treating fire as a design condition in the design and analysis of bridges, one 
can implement a performance-based design approach. Performance-based design 
generally involves the calculation of the structural response of a bridge to the effects of a 
postulated fire, developed through consideration of possible fire scenarios.  One of the 
main obstacles for moving towards performance-based fire safety design is the lack of 
knowledge about bridge fire response.  Numerical models are needed as well as design 
tools, but these models and tools need to be validated with experiments since the bridge 
response under high thermal loads is complex and nonlinear. 

To conduct such experiments requires a facility with the capability to: 
Conduct tests on real-scale structural systems and components 
Apply controlled loads to test structures to simulate true service conditions 
Create realistic fires that grow, spread and decay
Characterize the fires in real time 
Measure the response of structural systems and components to the point of 
incipient collapse.

Until now, no laboratory in the world has possessed this combination of capabilities.

The National Fire Research Laboratory (NFRL)

The National Institute of Standards and Technology (NIST) is adding a new, 
unique facility that will serve as a center of excellence for fire performance of structures 
ranging in size from small components to large systems (see Figure 2).  The laboratory, 
called the National Fire Research Laboratory (NFRL), will be led, managed and operated 
as a collaborative facility through a public-private partnership between NIST and 
industry, academia, and other government agencies.

The work of the laboratory will be focused on the NIST Engineering Laboratory 
mission: to promote US innovation and industrial competitiveness in areas of national 
priority by anticipating and meeting the measurement science and standards needs for 
technology-intensive manufacturing and construction in ways that enhance economic 
prosperity and improve the quality of life. 
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Figure 2 - Rendering of the new NIST facility for large-scale structural fire research

Scientists and engineers from industry, academia, and government agencies will 
work side-by-side with NIST researchers to address significant technical problems and 
fill critical knowledge gaps, and international scientists and engineers will be welcome to 
partner with NIST in areas of mutual interest.  Projects may be funded by industry and 
government on a cost-shared basis.

The additional capabilities will allow NIST to:

Test the performance of large-scale structures, including bridge components, 
subjected to realistic fires and structural loading under controlled laboratory 
conditions. 
Develop an experimental database on the performance of large-scale structural 
connections, components, subassemblies, and systems under realistic fire and 
loading. 
Validate physics-based models to predict fire resistance performance of 
structures.
Enable performance-based standards for fire resistance design of structures and 
foster innovations in design and construction. 

The NFRL is adding 1990 m2 (21,400 sq ft) laboratory space to its existing Large Fire 
Laboratory (Building 205) (see Figure 3) and installing an environmental control system 
(ECS) to supplement the existing ECS to accommodate fires up to 20 MW heat release 
rate.
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Figure 3 -Floor Plan of the National Fire Research Laboratory Expansion 

The new laboratory space will accommodate structural systems or components 
9 m (30 ft) high and roughly 12 m (40 ft) by 18 m (60 ft) in plan.  Gravity loading will be 
applied using hydraulic actuators or fixed loads.  Fully involved building fires, fueled by 
gas or liquid fuel, wood cribs, or actual building contents, will be employed to simulate 
building fire conditions.  Characteristics of the fire (heat release rate) will be measured 
accurately using calorimetry.

The test area will consist of a 18.3 m  27.4 m (60 ft  90 ft) strong floor with 
anchor points on a 0.61 m  0.61 m (2 ft 2 ft) grid.  The floor will be supported on a 
nine-cell reinforced concrete box girder providing a basement below the strong floor with 
a ceiling height of 2.7 m (9 ft).  To one side of the strong floor will be a 9.1 m (30 ft) high 

 18.3 m (60 ft) wide concrete strong wall with anchor points on the same grid as the 
strong floor.  The strong wall will act to stabilize a test specimen to prevent uncontrolled 
failure, provide lateral restraint, or to laterally load a structure to simulate earthquake 
damage. A 13.7 m  15.2 m (45 ft  50 ft) hood, centered above the strong floor, will 
capture and remove smoke and hot gases.

The size of the test area was selected to enable the testing of large-scale structural 
systems or components; including bridge girders, cable systems, piers, etc.; under 
realistic hydrocarbon fires and controlled loading comprised of self-weight and vehicles.  
Technical specifications for the NFRL expansion are given in Appendix A. 
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Summary 

In summary, the following points have been made: 
Fire represents a significant hazard in bridges
Consequences of a bridge fire include:

o structural damage, partial or complete collapse necessitating repair or 
replacement

o disruption to traffic flow during repair or replacement
o economic loss and adverse impact on community resilience 

The 100-plus year history of fire resistance regulations for building structures 
offers little guidance for bridge and transportation structures
Current bridge design codes and standards offer limited information concerning 
the fire hazard
Fire hazard can be overcome by addressing fire explicitly in the design and 
analysis of bridges    
Identification of failure modes and validation of advanced numerical models 
requires well controlled full-scale experiments
The National Institute of Standards and Technology’s new, unique fire/structure 
test facility, the National Fire Research Laboratory, will enable the evaluation of 
the performance of large-scale bridge components subjected to realistic fires.
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Appendix A - Technical Specifications

Strong Floor 
18.3 m  27.4 m (60 ft  90 ft) post-tensioned floor with full basement 
9 cell RC box girder with 406 mm (16 in) thick shear walls at 3.0 m (10 ft) o.c. 
Basement ceiling height: 2.7 m (9 ft)
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Floor thickness: 1.07 m (3 ft-6 in) with 152 mm (6 in) sacrificial top surface 
1218 anchor points on 0.61 m  0.61 m (2 ft 2 ft) grid (sleeves or anchors)
Load per anchor point: 445 kN (100 kip) up or down 
Shear capacity per anchor point: 222 kN (50 kip) (at top of slab) 
Moment capacity per anchor point: 136 kN·m (100 ft kip) (at c.g. of strong floor)

Strong Wall 
9.1 m high  18.3 m wide (30 ft high  60 ft wide) 
1.2 m (4 ft) deep post-tensioned concrete wall
420 anchor points on 0.61  0.61 m (2 ft 2 ft) grid
Horizontal load: 146 kN/m (10 kip/ft) at 9.14 m (30 ft) 

ECS Hood and Pollution Control System 
13.7 m  15.2 m (45 ft  50 ft) steel hood 
Height above floor: 12.5 m (41 ft) (excluding skirts)
ECS maximum sustained capacity: 20 MW
ECS maximum flow rate: 5100 m3/min (180,000 ft3/min) 

Cranes
Two 20-ton bridge cranes (sharing single set of rails) 
Height of rails above floor: 11.2 m (36 ft-8 in) 
Clearance, bottom of bridge-to-floor: 9.8 m (32 ft) 

Configurable Hydraulic Loading System
Hydraulic Power Unit 340 L/min (90 gal/min) 
Actuators (double acting) 762 mm (30 in) stroke w/ servo valve, load cell and swivels 
o Eight 240 kN (55 kip) Tension, 365 kN (80 kip) Compression 
o Two 445 kN (100 kip) Tension, 650 kN (145 kip) Compression 
o Two 956 kN (215 kip) Tension, 1470 kN (330 kip) Compression 
Four hydraulic service manifolds 
Controller 
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The maintenance Problem of the painting in the steel bridge
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Fundamental researches about the Non Destructive Inspection method of the 
coating deterioration using the Terahertz wave

1.   Investigation contents and outline of Terahertz Imaging system  

2.  Investigation by the deterioration coating specimen
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Test construction for confirmation of application to the new blast method using
the special tool on steel bridge coating repair construction site

1.  New blasting method with the special tool

2.  Test construction with the new surface cleanliness method

(1) Surface Roughness
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FHWA’S NEW INFRASTRUCTURE RESEARCH AND TECHNOLOGY 
STRATEGIC PLAN

Ian M. Friedland, P.E.1

Abstract

 In the fall of 2010, the Federal Highway Administration (FHWA) undertook an 
effort to develop a new, longer-term strategic plan and roadmap for infrastructure 
research and development, and technology deployment.  This paper provides an overview 
of the new infrastructure R&D strategic plan, and deployment roadmap. 

Background

Over the years, the Federal Highway Administration’s (FHWA) bridge and 
structures research and development (R&D) efforts have addressed a range of topics and 
focal areas.  Past efforts have included research as wide-ranging as that of assessing and 
reducing the seismic vulnerability of the U.S. national highway system, to curved steel I-
girder bridge behavior, to understanding the forces associated with spill-through 
abutment scour, to the use of ground penetrating radar for concrete bridge deck 
inspection.  R&D topics were typically developed based on the knowledge of technology 
gaps by FHWA engineers, input from a wide variety of stakeholders, and–occasionally–
direction from the U.S. Congress.  In addition, “failures” within the highway 
infrastructure also drove the decision-making regarding bridge and structures R&D. 

Starting in the middle of 2006, the FHWA Office of Infrastructure R&D took a 
more strategic approach to its funded and planned research agenda.  This approach 
looked at blending the two distinct infrastructure program areas – pavement R&D, and 
bridge and structures R&D – into a more comprehensive and integrated infrastructure
R&D program.  The overall focus of this effort was on long-term infrastructure 
performance.  The result of this was a multi-tiered, multi-year strategic plan and research 
roadmap, as documented in the 2008 FHWA publication titled “Highways of the Future:  
A Strategic Plan for Highway Infrastructure Research and Development” (publication 
FHWA-HRT-08-068, July 2008). 

The 2008 strategic plan addressed six primary R&D areas:

Long Term Infrastructure Performance
Durable Infrastructure Systems

• Accelerated Highway Construction

1 Assistant Director for Bridge and Structures R&D, Federal Highway Administration,
Washington, DC, USA 
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Environmentally Sensitive Infrastructure 
Performance-Based Specifications
Comprehensive & Integrated Asset Management

The basis for focusing on these six areas are the many critical challenges currently facing 
highway agencies, not only in the United States, but worldwide, including: 

The need to extend the service life of existing highway infrastructure.
The need to build, rehabilitate, and rebuild infrastructure in ways that: 
o Minimizes the impact of construction activities on already congested highways.
o Optimizes the overall cost/benefit for the improved infrastructure.
o Facilitates future adaptation to accommodate changing demands.
The need to effectively address the mobility challenges posed by natural or man-made 
extreme events and hazards – including earthquakes, hurricanes, floods, collisions, 
and acts of terrorism – by designing and constructing less vulnerable infrastructure to 
minimize loss, and employing rapid restoration techniques to restore functionality 
after a disaster occurs.

This FHWA infrastructure R&D strategic plan was the guiding document for all 
infrastructure R&D investments between 2007 and 2010. 

The 2011 FHWA Infrastructure Research and Technology Strategic Plan

In the fall of 2010, FHWA initiated an effort to better integrate all elements of the 
agency’s work related to highway infrastructure; i.e., not just R&D, but inclusive of all 
highway infrastructure technology and innovation development and deployment 
including design and construction, structures and pavement, asset management and long-
term infrastructure performance.  This required a more inclusive outreach within the 
agency which brought together all of FHWA’s infrastructure offices and functions.  The 
result was a new multi-year strategic plan and roadmap that describes the direction and 
outcomes to be pursued through FHWA’s infrastructure Research and Technology (R&T) 
program for the next five to ten years.  It is founded on and informed by input from a
broad array of highway stakeholders gathered through both formal and informal 
mechanisms.

The United States highway system is entering an unprecedented era of change that 
brings with it significant challenges and opportunities for highway infrastructure. The 
country is experiencing unprecedented fiscal challenges to operate, maintain, and invest 
in infrastructure in order to maintain a state of good repair and provide the improvements 
needed to sustain and grow the economy.  In these challenging times, there is no choice 
but to develop and apply innovative solutions to meet the needs of the travelling public.  
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Past infrastructure research and technology investments have produced and put 
into practice innovations that have resulted in longer-lived assets at lower costs, reduced 
environmental impacts, saved lives, and improved economic efficiency.  Additional 
innovation will be needed to further improve safety, reduce congestion, address 
environmental and energy concerns, provide the quality highway system the nation’s 
citizens expect and address the Department’s Strategic Goals.  Conducting research that 
addresses national highway infrastructure needs, developing new and updated policy, 
guidance and technologies to address these needs, and effectively deploying policy, 
guidance, and technologies are key programmatic activities that must be embraced to 
meet the challenges faced by the United States – and similarly worldwide. These efforts 
will be directed to ensure that highway infrastructure is delivered in ways that impact 
traveler mobility as infrequently as possible, for the shortest amount of time, providing 
the greatest mobility and safety.  Transportation infrastructure must be managed in a way 
that addresses the new challenges and puts the needs of the American people and their 
communities first.

This overarching FHWA R&T infrastructure strategic plan and its supporting 
roadmap is now guiding FHWA’s Infrastructure R&T efforts for the next 5 to 10 years.
The plan provides a comprehensive focus and direction across organizational boundaries;
assists in prioritizing program initiatives, allocating resources, and improves the 
processes relative to how FHWA achieves its mission well into the future; and recognizes 
the inter-relationships and interdependencies among the different infrastructure 
disciplines and provides a framework for collaboration across disciplines and with other 
FHWA programs.

The strategic direction articulated in this plan is founded in the FHWA Strategic 
Plan1 and the U.S. DOT Strategic Plan, FY 2010- FY 2015, Transportation for a New 
Generation2. The outcomes that will be achieved to support the goals identified in these 
plans are as follow:

1. Highway safety is improved; 
2. Management of the infrastructure system is continuously improved; 
3. Economic returns on transportation infrastructure investments are improved; 
4. Delivery of high quality infrastructure projects is expedited; 
5. Durability and longevity of highway infrastructure are improved;
6. The condition of the highway infrastructure is improved; 
7. The sustainability  of highway infrastructure design, construction, maintenance and 

operation is improved and adverse environmental impacts are reduced through 
environmental stewardship; and  

8. Personal and commercial mobility is improved. 

The specific objectives that will be pursued to achieve these outcomes and 
contribute to achievement of the FHWA and DOT strategic goals are as follows: 

269



1. Reduce the number of fatalities attributable to infrastructure design characteristics 
and work zones.  

2. Improve the safety and security of highway infrastructure. 
3. Improve the management of infrastructure assets and advance the implementation of 

a performance-based program for the NHS. 
4. Improve the ability of transportation agencies to deliver projects that meet 

expectations for timeliness, quality and cost.  
5. Reduce user delay attributable to infrastructure system performance, maintenance, 

rehabilitation and construction. 
6. Improve highway condition and performance through increased use of design, 

materials, construction and maintenance innovations. 
7. Reduce the life-cycle environmental impacts of highway infrastructure (design, 

construction, operation, preservation, and maintenance). 

The outcomes delivered through the objectives articulated in this strategic plan 
are aimed at delivering benefits to the American public by enabling improvements in 
safety, performance, and cost effectiveness of the U.S. highway infrastructure, while 
minimizing the environmental impacts of highway construction, maintenance, and 
rehabilitation.  The results will make possible reductions in highway congestion, 
improved travel time reliability, improvements in highway safety, and enhancement of 
the overall driving experience for the American public.

FHWA Infrastructure R&T Program Roadmap – Objectives, Strategies, and 
Initiatives

Details on the FHWA Infrastructure R&T Strategic Plan are provided in the 
following program roadmap.  As noted earlier, this plan and roadmap will drive FHWA’s
infrastructure R&D investments for the next 5 to 10 years. 

Objective 1:  Reduce the number of fatalities attributable to infrastructure design 
characteristics and work zones.

Strategy Initiative 
1.1 Develop and deploy best 
practices and opportunities 
to improve infrastructure 
safety performance. 

1.1.1 Assessment of the adequacy of current policies and 
practices with regard to ensuring the safety of highway 
infrastructure and provide updated policy and best 
practice where warranted. 

1.2 Develop and deploy 
technologies, standards, and 
test methods that optimize 
surface characteristics with 
regard to friction, texture 
and splash and spray. 

1.2.1 Develop, standardize, and deploy test methods, 
technologies and specifications for enhancing 
friction/texture on new and existing surfaces. 
1.2.2 Identify and prioritize data needed to fully 
characterize the safety-related characteristics of 
highway infrastructure, including geometrics and surface 
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characteristics. 
1.2.3 Evaluate, refine, and standardize test methods for 
friction and texture for effectiveness, repeatability, and 
reproducibility. 

1.3 Develop and deploy 
technical guidance to 
support infrastructure safety 
management programs. 

1.3.1 Improve effectiveness of friction management 
programs. 

1.4. Develop and deploy 
construction administration 
practices that enhance safe 
operation of the highway 
system by reducing work 
zone exposure.     

1.4.1 Evaluate existing practices for accelerated 
construction practices related to contract administration 
for effectiveness to reduce crash risk in work zones. 
1.4.2 Update and enhance policy and technical guidance 
with regard to accelerated construction practices related 
to contract administration. 
1.4.3 Develop and deliver training and technical support 
for implementation of policy and technical guidance 
related to accelerated construction and contract 
administration. 

Objective 2.  Improve the safety) and security of highway infrastructure.

Strategy Initiative 
2.1 Develop and deploy 
planning, analysis and design 
methodologies for highway 
infrastructure to reduce 
vulnerability to physical 
damage.  (Design) 

2.1.1 Implement an integrated interagency Federal 
approach that consolidates capabilities in a unified effort 
for security to prevent human induced hazard events. 
2.1.2 Improve and optimize Infrastructure System design 
to improve safety and security. 

2.2 Develop and deploy 
hazard mitigation, 
adaptation and restoration 
strategies and techniques.  
(Rehab) 

2.2.1 Research, develop, and deploy strategies, 
technologies, and programs to mitigate specific known 
infrastructure hazards and adaptation needs. 
2.2.2 Development of hazard mitigation and adaptation 
countermeasures for existing and new structures that 
includes a national data archive resource that captures 
experimental data as well as field reconnaissance data. 

2.3 Develop and deploy 
improved decision support 
tools and sensing and 
monitoring technologies for 
hazard detection.  

2.3.1 Development of improved decision support tools 
and methodologies for assessing hazards to 
infrastructure. 
2.3.2 Research, develop, and deploy better detection 
and surveillance technologies for evaluation, prevention, 
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(Monitoring and 
assessment) 

and mitigation of extreme events. 

2.4 Develop and deploy 
methodologies and guidance 
for assessing safety of 
infrastructure after a hazard 
event.  (Repair and/or 
replace) 

2.4.1 Development of protocols/inspection techniques 
for rapid assessment of infra structures after a hazard 
event. 
2.4.2 Research and deployment of ‘smart structure’ 
designs that sense damage and provide active/semi-
active control of structural response to hazard events. 
2.4.3 Research, develop, and deploy new infrastructure 
systems that can rapidly be repaired and reconstructed 
following a hazard event. 

Objective 3: Improve the management of infrastructure assets and advance the 
implementation of a performance-based program for the NHS.

3.1 Develop and deploy 
reliable performance 
prediction models and 
practices in the design, 
construction and 
management of the highway 
infrastructure. 

3.1.1 Establish performance standards for 
infrastructure 
3.1.2 Identify and fill gaps in performance prediction 
models and practices across the asset life-cycle 
spectrum. 
3.1.3 Develop and deploy improved traffic prediction 
tools   
3.1.4 Develop and deploy improved prediction tools for 
environmental and climate change impacts on 
infrastructure performance.  
3.1.5 Conduct research to understand performance 
issues; and identify design, construction, preservation, 
and maintenance strategies to assure durability and 
longevity of infrastructure. 

3.2 Develop and deploy sound 
measures and practices to 
assess infrastructure 
condition and to assure data 
quality in infrastructure 
management and 
performance predictions. 

3.2.1 Develop improved methodologies & tools to more 
effectively collect and manage infrastructure condition 
data at the national, network and project levels to 
more effectively identify causes of deterioration and to 
make more informed decisions on system performance 
and health. 
3.2.2 Develop and deploy non-destructive evaluation 
(NDE) tools, software, and guidance for condition 
evaluation, construction quality assurance, and the 
prediction of key highway infrastructure performance 
at the network & project levels through the entire life 
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cycles of the infrastructure assets. 
3.2.3 Conduct research to develop and deploy new 
methods & technologies to monitor infrastructure 
conditions in real time.  
3.2.4   Develop tools and technologies for, and promote 
consideration of uncertainties and risks in, data quality. 
3.2.5 Develop and implement guidance, technical 
support, training, and technology transfer for data 
quality management and to control affects from data 
variability.  

3.3 Develop and deploy 
decision support tools, 
systems, and processes to 
support rational, and 
comprehensive engineering 
and economic analysis 
methods for project, 
program, and national level 
investment decisions. 

3.3.1 Identify, assemble, analyze the required data 
needs & develop analysis methodologies for an overall 
integrated asset management approach.  
3.3.2   Develop and deploy tools, technologies,  and 
systems for project and program level management 
decisions 
3.3.3 Develop and deploy tools and technologies for 
cross-asset analysis involving existing assets and 
proposed future assets, and including the inherent 
uncertainties and risks. 
3.3.4   Develop tools and technologies for, and promote 
consideration of, uncertainties and risks inherent in 
longer term investment decision making process. 

3.4 Develop and deploy 
guidance, management 
approaches, and policies for 
management of infrastructure 
assets and for 
implementation of a 
performance-based program 
for infrastructure on the NHS. 

3.4.1 Define & deploy a consistent and reliable method 
to describe and project the health of the highway 
system in collaboration with stakeholders. 
3.4.2 Conduct research to determine the impact 
infrastructure condition has on users, and develop 
analysis tools to better assess those impacts. 
3.4.3 Develop and deploy management approaches and 
policies for corridors, tunnels, ancillary structures and 
other transportation assets. 

Objective 4: Improve the ability of transportation agencies to deliver projects that meet 
expectations for scope, timeliness, quality and cost. 

Strategy Initiative 
4.1 Develop and deploy 
expanded and consistent use 
of the elements of a quality 
assurance program to 

4.1.1 Develop and deploy a composite index for project 
value that incorporates scope, costs, time, and quality.   
4.1.2 Develop guidance and tools, conduct program 
reviews, and deploy effective Quality Assurance plans 
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improve infrastructure 
design, materials testing, 
construction, and inspection 
procedures. 

and best practices. 

4.2 Develop and deploy 
innovative processes and 
project management 
practices to enhance project 
delivery in highway design 
and construction. 

4.2.1 Identify, further develop, and deploy improved, 
streamlined and refined analysis, design, and 
construction procedures. 
4.2.2 Develop and deploy tools and guidance for innovative 
project delivery methods. 
4.2.3 Develop and deploy tools and technologies to 
assure and improve the quality & maintainability of 
accelerated construction projects. 

4.3 Develop and deploy 
contracting tools and 
practices to effectively 
manage risk in acceptance of 
and payment for construction 
and materials. 

4.3.1 Develop and deploy tools that project the long-term 
performance and value as a result of the as-built condition of 
the infrastructure asset. 

4.3.2 Develop and deploy approaches and specifications 
that link payment and acceptance to long-term 
performance and quantities to minimize agency risk. 

Objective 5. Reduce user delay attributable to infrastructure system performance, 
maintenance, rehabilitation and construction. 

Strategy Initiative 

5.1 Develop and deploy tools 
and methodologies to assess 
the impact of decisions 
(design, construction, 
contracting, etc.) on user 
delay. 

5.1.1 Improve tools to more effectively assess user 
delay during design. 
5.1.2 Develop and deploy tools to evaluate the impacts 
of different construction delivery approaches on user 
delay (i.e. full closure vs. variable closures) at the 
project and corridor levels. 
5.1.3 Develop methods to evaluate the impacts of 
different contracting methods on user delay (i.e. design 
build, warranties). 

5.2 Develop and deploy 
construction, inspection, 
maintenance, preservation, 
and rehabilitation practices 
that minimize impact to 
users. 

5.2.1 Develop and deploy techniques for prefabricated 
construction of the infrastructure.   
5.2.2 Research, develop and deploy technologies and 
processes to accelerate construction and preservation. 
5.2.3 Develop and deploy approaches to automate the 
construction and preservation inspection, sampling and 
testing associated with the production and placement of 
highway related materials and systems (includes all 
related highway systems; pavement, bridge, culvert, 
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etc.). 
5.2.4 Research, develop and deploy new approaches to 
conduct infrastructure condition inspections to 
minimize user delay. 

Objective 6:  Improve highway condition and performance through increased use of 
design, materials, construction and maintenance innovations.

Strategy Initiative 

6.1 Develop and deploy 
approaches to effectively and 
systematically preserve and 
improve the highway 
infrastructure condition and 
performance. 

6.1.1 Develop methodologies to effectively apply 
treatments using asset management principles at the 
project and network levels.  
6.1.2 Develop and deploy technologies and processes to 
enhance the effectiveness of preservation activities. 
6.1.3 Develop and deploy technologies and techniques 
to enhance the effectiveness of rehabilitation and 
reconstruction activities. 

6.2 Develop and deploy 
design and preconstruction 
technologies and innovations 
to improve infrastructure 
condition, durability and 
service life, and 
constructability. 

6.2.1 Deploy existing and proven criteria, technologies 
and procedures to design infrastructure to more reliably 
achieve intended performance and service life. 
6.2.2 Research and develop the next generation of 
analysis and design tools to improve design reliability to 
achieve intended performance and service life. 
6.2.3 Develop and deploy contracting procedures to 
improve infrastructure condition and performance. 
(warranties, value engineering, etc. to allocate risk) 

6.3 Develop and deploy 
alternative project delivery 
methods, construction 
approaches and 
specifications where the 
emphasis is on the long-term 
performance of the 
infrastructure system. 

6.3.1 Develop and deploy tools to assist in the 
allocation of risk between agencies and industry. 

6.3.2 Develop and deploy technologies to improve the 
efficiency of construction processes. 

6.4 Develop and deploy 
methods that will improve 
the quality of materials and 
systems used for highway 
infrastructure. 

6.4.1 Develop and deploy new tests and methods to 
more accurately and efficiently characterize materials.  
6.4.2 Develop and deploy best practices for selection of 
materials and systems, tests and methods to assure and 
improve quality. 
6.4.3 Develop and deploy innovative materials, and 
systems to improve the durability and longevity of 
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highway infrastructure. 

Objective 7:  Reduce the life-cycle environmental impacts of highway infrastructure 
(design, construction, operations, preservation, and maintenance).  

Strategy Initiative 

7.1 Advance the application 
of sustainable practices in 
project level infrastructure 
design. 

7.1.1 Develop and deploy Life-Cycle Assessment (LCA) 
methodologies, tools, policy and guidance to implement 
and to quantify the environmental impacts of design. 
7.1.2 Develop and deploy tools and practices for 
assessing sustainability in project-level decision-making. 
7.1.3 Develop policy and guidance, and implement 
sustainable design approaches to adapt to the impacts 
of Climate Change.  
7.1.4 Develop policy and guidance, and implement 
context sensitive design practices that improve 
sustainability. 
7.1.5 Evaluate, develop policy and guidance, and 
implement sustainable aspects of existing and new 
materials, technologies and practices. 
7.1.6 Develop policy and guidance, and evaluate 
practices that maximize the use of marginal and locally 
available materials. 

7.2 Develop and deploy 
sustainable methods to 
reduce air pollutants and 
other emissions resulting 
from the construction and 
preservation practices.  

7.2.1 Evaluate, develop policy and guidance, and 
implement aspects of infrastructure materials and 
technologies to reduce air pollutants and other 
emissions. 

7.3 Develop and deploy 
sustainable methods to 
reduce water runoff and 
pollutants through 
improvements in design, 
construction, operations, 
maintenance, and 
preservation. 

7.3.1 Evaluate, develop policy and guidance, and 
implement use of materials and technologies to reduce 
water runoff and pollutants. 
7.3.2 Develop policy and guidance, and implement 
practices to improve storm water management. 
7.3.3 Develop policy and guidance, and implement 
practices related to non-storm water runoff and 
pollutants. 

7.4 Develop and advance 
sustainable practices that 
reduce noise during 

7.4.1 Develop, standardize and deploy test methods for 
pavement noise to more effectively characterize noise 
performance of surfaces. 
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construction and throughout 
the service life. 

7.4.2 Evaluate, develop policy and guidance, and 
implement use of materials and technologies that 
reduce noise such as optimizing pavement surface mix 
designs to reduce noise. 

7.5 Identify, develop, and 
advance alternative energy 
sources for use during 
construction, operations, 
preservation and 
maintenance. 

7.5.1 Evaluate, develop policy and guidance, and 
implement aspects of materials and technologies for the 
use of alternative energy sources. 
7.5.2 Develop policy and guidance, and implement 
infrastructure component technologies that generate 
energy. 

7.6 Advance and increase the 
use of renewable, reusable, 
and recycled (3R) materials in 
highway-related 
infrastructure. 

7.6.1 Evaluate the long-term performance of renewable, 
reusable, and recycled (3R) materials and implement the 
expanded use of 3R materials in highway-related 
infrastructure. 

7.7 Minimize impacts of 
highway infrastructure on 
wildlife. 

7.7.1 Develop, evaluate, improve, and deploy practices 
that minimize impacts on wildlife. 
7.7.2 Develop and deploy highway materials that are 
benign or less damaging to wildlife.  
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UNBONDED PRESTRESSED COLUMNS FOR EARTHQUAKE 
RESISTANCE 

Alex S. Larkin1, David H. Sanders2, M. Saiid Saiidi3

Abstract

The implementation of unbonded post-tensioning in bridge columns reduces 
damage and repair time by minimizing residual displacements. This research 
investigates the use of unbonded post-tensioned tendons in bridge columns. Two 
unbonded post-tensioned columns were tested that are identical except for the amount 
of longitudinal reinforcement crossing the joint between the footing and column base. 
The placement of post-tensioning in a full-scale column was taken into consideration 
which resulted in four tendons being placed around the center of the column cross 
section instead of one through the center of the column as has been done in previous 
experiments. The tendons are anchored in the side of the footing for ease of 
replacement following an earthquake. 

Introduction

The number one concern for engineering seismic design is to maintain life 
safety. Once a structure can maintain life safety through an earthquake, the next step 
is to minimize the amount of damage to the affected structure. Minimizing the amount 
of damage will allow for rapid repairs and minimal closure time. For bridge columns, 
the use of unbonded post-tensioned tendons reduces the amount of residual 
displacement following an earthquake, allowing for minimal closure time of the 
bridge while repairs are made. 

For full-scale columns, the amount of post-tensioning needed to promote re-
centering effects would be between 8% and 10% f’cAg. Typically, the initial stress in 
the tendons is between 20% to 30% fpu. Therefore, if the column is 60 inches (1524 
mm) in diameter, and 0.6 in (15.2 mm) strands are used, a total of between 62 and 86 
strands would be needed. In addition to this being a large number for one tendon, 
multiple tendons allows for a tendon to be replaced while still maintaining post-
tensioning and also increases redundancy. The columns being tested are 0.4-scale 
model, with a diameter of 24 in (610 mm). Therefore, to evenly distribute the force 
required for re-centering, four tendons, each with four 0.6 in (15.2 mm) Grade 270 ksi  
______________________ 
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(1862 MPa) 7-wire strands were evenly spaced at 5.4 in. (137.2 mm) around the 
center of the column cross section (see Fig. 1). 

Following a major earthquake, bridge columns are likely to have undergone 
large lateral displacements. Post-tensioned columns are typically designed to not have 
tendons yield or be damaged. It is critical for it to be possible to inspect and replace 
the tendons. Previous tests have utilized straight tendon or bar that exited through the 
bottom of the footing; this configuration makes it impossible to replace the tendon. By 
exiting out the side, or out the top of the footing for large footings (180 degree bend 
for the post-tensioning tendon), the tendons can be removed. For these specimens, the 
tendons exited out the side of the footing (see Fig. 2). 

Literature Review

Excessive residual displacement is an issue with columns following an 
earthquake. Unbonded post-tensioned tendons have been used in columns that have 
shown reductions in residual displacements. Research performed by Ou showed the 
re-centering capabilities of unbonded post-tensioned columns. Ou’s report also 
indicates that high lateral column displacements lead to high strain in the unbonded 
post-tensioned tendons (Ou et. al. 2009). Hewes has also indicated the importance in 
the selection of the initial post-tensioned force in the tendon. The higher tendon forces 
aid in reducing the residual displacements at low drift levels, but can lose their 
effectiveness at high drift ratios due to the yielding of the tendon. Hewes’ report also 
indicates the benefit of using unbonded tendons as opposed to bonded tendons 
because the localized inelastic straining due to large drifts can be avoided, 
maintaining the re-centering force throughout testing or throughout an actual 
earthquake (Hewes and Priestley 2002). While the column may still show damage 
depending on the intensity of the earthquake, repairs can be made quicker when the 
column re-centers itself. Sakai concluded that adding a steel jacket to the column 
plastic hinge region as well as locally unbonding the mild reinforcing steel that cross 
the joint between the footing and column base prevented damage compared to a 
conventionally reinforced column and  a partially prestressed column (Sakai et. 
al.2006). 

Justification

 The amount of post-tensioning was selected by keeping the initial force (10% 
f’cAg) in the post-tensioning at or below a tendon stress of 20% fpu. The amount of 
longitudinal reinforcement that crosses the joint between the footing and the base of 
the column was selected based on the literature review. Much of the previous post-
tensioning experiments had very little to no longitudinal reinforcement crossing the 
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joint between the footing and column as past researchers were just interested in the re-
centering effects of the tendon. Now that post-tensioning has shown excellent re-
centering effects, the combination of post-tensioning with longitudinal reinforcement 
should be investigated. Sakai had a longitudinal reinforcement ratio of 0.65% with a 
single tendon in his report. This amount of reinforcement allows for some 
longitudinal column capacity in case of a tendon failure, and is small enough to allow 
for minimal residual displacement. While the research described in this paper utilized 
several tendons located around the center of the column cross section, it used a small 
longitudinal reinforcement ratio to capture the re-centering effects for one column. 
The second columns reinforcement ratio was doubled from the first to determine how 
the amount of longitudinal reinforcement affects re-centering. 

Design of Specimens and Test Setup

 The two columns selected for testing were initially targeted to have identical 
properties except for the amount of longitudinal reinforcement crossing the joint 
between the footing and the column base. Achieving identical forces in the tendons 
between the two columns was difficult and ended with slight variations in the initial 
post-tensioning (%f’cAg) between the two specimens. The column parameters are 
shown in Table 1 and the cross section for each column is shown in Figure 1. The 
material properties for each column are shown in Tables 2 and 3.  

The test setup for each column consisted of a reaction wall, strong floor, and a 
220-kip actuator to produce the cyclic loading protocol in Figure 3. The reaction wall 
was created by stacking two columns of three 4x4x8 foot (1.22x1.22x2.44 m) 
concrete blocks, with one additional block added to the top of the front stack to 
achieve the proper height for the actuator to meet the column head. The reaction wall 
was secured to the strong floor using 1.25 in. (31.75 mm) DywidagTM post-tensioned 
bars. The footing of each column was secured to the 3 foot (0.91 m) deep strong floor 
with six 1.25 in. (31.75 mm) DywidagTM post-tensioned bars. Each DywidagTM bar 
for the reaction wall and footing had a 100 kip (444.84 kN) force applied.  

 A steel spreader beam was bolted to the top of the column to apply the axial 
dead load. Two hydraulic rams were attached to the top of the spreader beam on each 
side of the column and two high strength 1.25 in. (31.75 mm) threaded rods ran 
through the hydraulic ram, load cell, footing, and attached to the bottom of the strong 
floor to apply the axial dead load. The axial dead load was maintained through an 
accumulator which held constant and equal load in each of the hydraulic rams 
throughout testing. The test setup is shown in Figure 4. 
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Results

The cyclic loading for each column produced a lateral force and displacement 
hysteresis curve. The hysteresis curve was broken up into the positive backbone 
envelope, considered the push cycle, and the negative backbone envelope, considered 
the pull cycle. The absolute values from the negative backbone envelope were 
superimposed with the positive backbone envelope and an average curve was taken 
from the two envelopes. The average curve is considered the pushover curve for the 
column. The pushover curve for columns PT-LL and PT-HL are shown in Figures 5 
and 6 respectively. 

Column PT-LL had a first bar yield displacement of 0.63 in (16.0 mm). This 
was determined by finding the displacement when the first longitudinal bar yielded. 
This value was used to plot a straight line on the pushover curve, beginning at zero 
displacement and zero force. A straight line was then plotted across the top of the 
curve, where the area under the straight line bounded by the top of the pushover curve 
was equal to the area under the pushover curve bounded by the straight line. The point 
at which these two straight lines intersect is the effective yield displacement (0.95 in. 
(24.2 mm). The ultimate displacement was defined as the displacement at 80% of the 
peak lateral force in the column. The ultimate displacement of column PT-LL was 
8.64 in (219.5 mm) at a drift of 8.0%, and a displacement ductility of 9.1. Column PT-
HL had a first yield displacement of 1.0 in (25.4 mm) that lead to an effective yield 
displacement of 1.36 in (34.5 mm). The ultimate displacement for column PT-HL was 
9.17 in (232.9 mm) at a drift of 8.5% resulting in a displacement ductility of 6.7. 

Each of the four tendons consisted of four 0.6” (15.24 mm) Grade 270 ksi 
(1862 MPa) 7-wire strands. Tendons 2 and 4 were located on the same axis that the 
column was rotated about. Tendons 1 and 3 were located on the extreme ends and felt 
the largest strains. The initial force in the tendons was carefully selected and kept 
within the lower elastic region so the tendons would not yield under large lateral 
displacements. Figures 7 and 8 show the microstrain in tendons 1 and 4 with respect 
to the drift ratio of the column. The outermost tendons (tendons 1 and 3) felt the 
largest strains as shown in Figure 7, compared with tendons located on the same axis 
the columns were rotated about (tendons 2 and 4) shown in Figure 8. The tendons do 
not begin to yield until a microstrain of at least 8000 is reached. It can be seen that 
even the most extreme tendons, such as tendon 1 did not reach their yield strains, even 
at very large drift ratios. Column PT-HL behaved very similarly to column PT-LL and 
did not reach a strain of more than 6500 microstrains, even at drift levels as high as 
10%. 

284



 Figure 9 shows the full hysteresis curve for column PT-LL. During 
construction, the cover concrete was almost double the amount on one side of the 
column in relation to the other side. Uneven column cover lead to the core being 
shifted and not in the true center, causing residual displacements and peak loads to 
differ from a push and pull cycle. Figure 9 displays the enhanced re-centering effect 
provided by post-tensioning. At a drift level of 6% (6.48 in, 164.6 mm), column PT-
LL had a residual displacement on the positive side of the hysteresis curve of 1.57 in 
(39.9 mm) and a residual displacement  on the negative side of the hysteresis curve of  
3.45 in (87.6 mm), resulting in an average residual displacement of 2.51 in (63.8 mm). 
The full hysteresis for column PT-HL is shown in Figure 10. The residual 
displacements are larger than PT-LL due to the increase in amount of longitudinal 
reinforcement. At a drift level of 6% (6.48 in, 164.6 mm), column PT-HL had a 
residual displacement on the positive side of the hysteresis curve of 3.12 in (79.2 mm) 
and a residual displacement on the negative side of the hysteresis curve of 3.31 in 
(84.1 mm), resulting in an average residual displacement of 3.22 in (81.7 mm). 

Conclusions

Two unbonded post-tensioned columns have been tested for seismic design. 
The columns had identical properties except for the amount of longitudinal 
reinforcement crossing the joint between the footing and the base of the column. Each 
column had four tendons evenly spaced around the center of the column cross section 
to evenly distribute the force required for re-centering. While past research has 
anchored the tendons in the base of the footing, this research anchored the tendons in 
the side of the footing for the ease of inspection and replacement following an 
earthquake. 

Tendon location and the initial tendon force selected (based on keeping the 
post-tensioning at or below an initial tendon stress of 20% fpu) were satisfactory. The 
extreme tendons (tendons 1 and 3) did not begin to yield, even at large drift ratios of 
10% (10.8 in, 274.3 mm). Tendons located at 22.5% of the column diameter from the 
center of the column cross section provide re-centering capabilities and do not yield at 
large drift ratios. Exiting the tendons out the side of the footing did not display any 
negative effects. 

 The amount of longitudinal reinforcement had a large impact on the re-
centering capabilities of the column. PT-LL had a residual displacement of 1.5 in 
(38.1 mm) at 6% drift (6.48 in, 164.6 mm), while column PT-HL had a residual 
displacement of 3.1 in (78.7 mm) at 6% drift (6.48 in, 164.6 mm. The displacement 
ductility of column PT-LL was 8.1 as opposed to 6.7 for column PT-HL. 
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TABLE 1: COLUMN PARAMETERS 

TABLE 2: CONCRETE PROPERTIES 

US Customery Units SI Equivalent
1 in 25.4 mm
1 ft 0.3048 m

1 kip 4.45 kN

Column l s PT (initial) Dead Load

PT-LL 0.685%    
(10 #5's)

1.00% 8%f'cAg, 157 kips 
(698 kN)

6%f'cAg    
(122 kips)

PT-HL 1.33%    
(10 #'7's)

1.00% 9%f'cAg, 186 kips 
(827 kN)

6%f'cAg    
(122 kips)

4.5

4.5

Height, in 
(m)

Diameter, in  
(m)

108 (2.74) 24 (0.61)

108 (2.74) 24 (0.61)

Aspect 
Ratio

Column Segment 7-Day Strength, psi (MPa) Test Day, psi (MPa)
Footing 4361 (30.1) 5384 (37.1)

Column & Column Head 3380 (23.3) 4330 (29.9)
Footing 4361 (30.1) 5500 (37.9)

Column & Column Head 3380 (23.3) 4570 (31.5)

PT-LL

PT-HL
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TABLE 3: STEEL PROPERTIES FOR COLUMN PT-LL 

FIGURE 1: CROSS SECTION FOR PT-LL AND PT-HL 

Note: Cross
section through
center line of
footing.

Footing

FIGURE 2: TENDONS EXITING OUT THE SIDE OF THE FOOTING 

Tested Bar fy, psi (MPa) fu, psi (MPa)
Transverse Bars: #3 71300 (492) 94500 (652)
Longitudinal Bars: #5 71800 (495) 96600 (666)
Longitudinal Bars: #7 69800 (481) 112200 (774)

Post-tensioned Strand: 0.6" 247000 (1703) 281000 (1937)

2'

#3 Spiral 2" Pitch
Tendon Duct

10 - #5 bars

Section A-A PT-LL

Tendon Duct
#3 Spiral 2" Pitch

2'

10 - #7 bars

Section A-A PT-HL

(1)

(2)

(3)

(4)

(1)

(2)

(3)

(4)

(Tendon Numbers Shown in Parenthesis)

287























Conclusion
 

 

Acknowledgments

References

298



 

299



300



SEISMIC PERFORMANCE ASSESSMENT OF CONCRETE BRIDGES 
DESIGNED BY DISPLACEMENT-BASED METHODS 

Kevin Mackie1, Vinicio Suarez2, and Oh-Sung Kwon3

Abstract

With the advent of performance-based design, it is necessary to consider the 
performance of bridges as an intrinsic part of the design process. However, even when 
performance is measured in terms of deformations and displacement-based design is 
utilized, it is of interest to know whether designs actually result in the desired 
performance under ground shaking representative of the design hazard. Four case 
studies are designed in this paper, ranging from an elasto-plastic oscillator to a three-
span continuous prestressed concrete bridge. The distribution of peak responses was 
assessed for each case study in reference to the original target displacement used for 
design.

Introduction

Performance-based design (PBD) aims to improve performance by defining 
performance criteria that must be satisfied at more than one earthquake level. 
Generally, better performance is expected for important structures and smaller 
earthquakes, while lower levels are required for ordinarily structures and more rare 
events. Performance is no longer related to collapse prevention or life safety only; 
deformations, functionality, economic losses, and downtime are additional criteria 
(Mackie and Stojadinovic, 2007; Mackie et al., 2010). Yet, there is a question as to 
whether the PBD procedure actually results in a structure that meets the performance 
objectives.

PBD explicitly considers how a structure is likely to perform. The 
performance assessment requires detailed analysis because it becomes an intrinsic part 
of the design process. A good preliminary design will reduce or eliminate the need for 
iteration required to meet the performance objectives. Design procedures that are 
useful within this framework must: (i) Take any combination of earthquake level and 
performance criteria; (ii) Produce a design that meets the target performance; (iii) Be 
rational and easy to execute. Both force-based and displacement-based procedures are 
potential design methodologies for applicability as PBD tools; however, each with 
differing merits in terms of the three criteria listed above.  

Regardless of the design methodology adopted; however, design should be 
carried out considering the following. First, seismic resistant bridges should have a 
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simple configuration, such that their behavior can be easily modeled and analyzed. 
The chosen configuration should also aim to include energy dissipation in different 
components of the structure with ductile mechanisms. Second, in conventional 
bridges, pier columns provide the primary energy dissipation mechanism, while 
abutments can provide additional energy dissipation (Priestley et al., 1993). 
Recommended earthquake resisting systems for bridges are given in the Guide 
Specifications for LRFD Seismic Bridge Design (AASHTO, 2009). Finally, capacity 
design principles must be applied in all cases to protect the components outside the 
ductile mechanism and to prevent non-ductile modes such as shear. 

Force-Based Design (FBD) and Displacement-Based Design (DBD)

Seismic design of bridges can be accomplished following different 
approaches. The traditional procedure is force based since damage in the structure is 
controlled by the assignment of a certain level of strength. The procedure uses 
strength reduction factors to reduce the elastic force demand while considering 
importance, assumed ductility capacity, over-strength and redundancy in the structure. 
FBD is found in the AASHTO LRFD Bridge Design Specification (AASHTO, 2004) 
and was first adopted by AASHTO in 1983 following recommendations of the 
Applied Technology Council (ATC, 1981). 

There are several problems attributed to FBD. First, strength is used as a 
means to control damage, although these parameters do not correlate well. Second, it 
is assumed that strength and stiffness are independent. Third, force reduction factors 
(R) are used assuming that the ductility demand will be the same for each type of 
structure. Finally, the R factors are given generally for a single level “no-collapse” 
design. Multi-level design would require the specification of different R values.  

After the Loma Prieta earthquake in 1989, extensive research has been 
conducted to develop improved seismic design criteria for bridges, emphasizing the 
use of displacements rather than forces as a measure of earthquake demand and 
damage in the structure. Research has also focused on the application of capacity 
design principles to assure ductile mechanisms and concentration of damage in 
specified regions. Several DBD methodologies have been developed including: 

• Direct Displacement Based Design (DDBD) (Priestley, 1993) 
• MCEER/ATC-49 Recommended LRFD guidelines for seismic design of 

bridges (ATC, 2003) 
• Seismic Design Criteria (SDC) of Caltrans (Caltrans, 2004) 
• Guide Specifications for LRFD Seismic Bridge Design (AASHTO, 2009)

DBD has gained popularity in the last fifteen years, as it addresses several 
shortcomings of the conventional FBD procedure, while serving as a useful tool for 
performance-based seismic design. The primary difference between DBD and FBD is 
that the former uses displacement as a measure of seismic demand and also as an 
indicator of damage in the structure. DBD takes advantage of the fact that 
displacement correlates better with damage than force. DBD also overcomes serious 
problems of FBD such as ignoring the proportionality between strength and stiffness 
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and the generalization of ductility capacity through the use of force reduction factors. 
DBD can be used with any combination of earthquake level and performance criteria. 

Both conventional DBD and direct DBD are compared briefly below;
however, DDBD is selected as the design procedure for the case studies presented in 
this paper. The primary differences in the AASHTO (2009) LRFD procedure and 
DDBD are linearization and the execution. The displacement demand assessment 
procedure in the AASHTO LRFD Seismic guide uses elastic analysis and the equal 
displacement approximation (Veletsos and Newmark, 1960) to obtain inelastic 
displacement demands (an amplification factor is used with short period structures). 
In the elastic analysis the structure is modeled with cracked section stiffness. DDBD 
uses the equivalent linearization to overcome the limitations of the equal displacement 
approximation (Suarez, 2008). In execution, the AASHTO LRFD uses a 
demand/capacity assessment procedure. In contrast to this, DDBD goes directly from 
target performance to required strength. The amount of reinforcement does not need 
to be assumed during design. 

Conventional Displacement-Based Design approach

The Seismic Design Criteria by Caltrans (2004) shifted towards displacement-
based design in 1999 by consolidating ATC-32 recommendations (ATC, 1996). 
Currently, Caltrans has an iterative design procedure in which the lateral strength of 
the system (size and reinforcement of the substructure sections) is assumed at the 
beginning of the process. Then, by means of displacement demand analysis and 
displacement capacity verification, it is confirmed that the bridge has an acceptable 
performance, otherwise, the strength is revised and the process repeated.  

In the demand analysis, the peak inelastic displacement demands are estimated 
from a linear elastic response spectrum analysis of the bridge, with cracked (secant to 
yield point) component stiffness. Then, elastic peak displacements are converted to 
peak inelastic displacements using an equal displacement approximation (Veletsos
and Newmark, 1960) with modification for short period structures. Once the 
displacement demands are estimated, the procedure requires the verification of the 
displacement capacity of each pier by means of a pushover analysis. Finally, the 
substructure sections and protected elements are designed and detailed according to 
capacity design principles. 

The AASHTO Guide Specifications for LRFD Seismic Bridge Design (2009) 
recognizes the variability of seismic hazard over the US territory and it specifies 
different Seismic Design Categories (SDC). Each SDC links seismic hazard to 
expected performance. The design procedure in the AASHTO DBD approach is in 
concept similar to the Caltrans approach. Depending on the configuration of the 
bridge, the demand analysis is performed by the uniform load method for regular 
bridges, while spectral modal analysis can be used for all bridges. The capacity 
verification can be done using implicit equations for seismic design category B or by 
pushover analysis for categories C and D.  As with the Caltrans approach, and with 
the exception of seismic category A, the proposed guide requires the use of capacity 
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design principles for the detailing of the substructure sections and protected elements.  

Current Caltrans and AASHTO approaches utilize acceleration spectrum 
curves to determine the displacement demand at the system level. The main 
limitations of this approach are: 

• The use of the equal displacement approximation. Research conducted on 
displacement modification factors (FEMA 440, 2005) has shown that the ratio 
between inelastic and elastic displacement depends on period, hysteresis shape, and 
other factors. In addition to this, assuming that the elastic displacement demand 
equals the inelastic demand is not appropriate when additional damping exists in the 
structure as a result of soil-structure interaction or other sources. 

• The use of acceleration response spectrum to compute displacement demand.  
The displacement spectrum seems a more rational source of seismic hazard for DBD. 

• The procedure is iterative in nature since reinforcement in the pier sections 
must be guessed at the beginning of design.  If the displacement capacity is ultimately 
less than the displacement demand, the process must be repeated increasing the 
amount of reinforcement. If the inverse occurs, no iteration is needed; however, the 
resulting design will be overly conservative.  

Direct Displacement Based Design (DDBD)

DDBD has been conceived as a tool to achieve deterministic PBD, as a simple 
methodology that can be used to go from basic geometry to properly detailed sections 
and structural components. Research conducted in the last fifteen years have shown 
the method produces satisfactory bridge designs (Kowalsky et al., 1995, Calvi and 
Kingsley, 1995, Dwairi et al., 2006, Suarez and Kowalsky, 2007, Priestley et al., 
2007), however a formal reliability study has not been yet conducted and the use of 
DDBD within the scope of probabilistic PBD requires further research. The DDBD 
method was initially proposed by Priestley (1993). In its current state, DDBD works 
with any combination of seismic hazard and performance criteria, and it is intended to 
produces structures that meet (theoretically in the mean), rather than be bounded by, 
the target performance. This makes DDBD a very attractive alternative for 
preliminary design since it reduces, and in some case might eliminate, the need for 
iteration in a general PBD procedure. 

DDBD differs from the DBD procedure in the AASHTO Guide Specifications 
for LRFD Seismic Bridge Design in the use of an equivalent linearization approach 
and in the execution of the procedure. DDBD starts with the definition of a 
performance-based target displacement for the structure and returns strength required 
to meet the target displacement under the specified earthquake. The method is 
referred to as “direct” since, in contrast to the traditional DBD procedure of AASHTO 
or Caltrans, the reinforcement and thus the strength of the structure does not need to 
be assumed at the beginning of the design and modified iteratively until a 
demand/capacity check is satisfied. 
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(a) Equivalent Linearization           (b) Displacement Spectrum 
FIGURE 1 - Fundamentals of DDBD 

DDBD uses an equivalent linearization approach (Shibata and Sozen, 1976) 
where an inelastic system at maximum response is modeled by an equivalent elastic
system with secant stiffness (Keff) and equivalent viscous damping (ξeq) (FIGURE 1a). 
A design objective must be defined as a combination of a performance criterion and 
design earthquake. The performance can be specified in terms of material strains, 
curvature, drift, or ductility in the piers. In all cases, consideration of abutment 
displacements as a limit state, as well as P-Δ effects of bridge piers should also be 
addressed. The design objectives can also be those stated for each SDC in the 
AASHTO LRFD Seismic Guide Specification. The design earthquake is represented 
by a displacement spectrum that is reduced to the level of damping of the structure 
(FIGURE 1b).

In most cases DDBD can be applied with simple hand calculations. Modal 
spectral analysis or pushover analysis are not required. A major limitation of this 
approach is the target displacement can only be estimated for simple pier 
configurations (the most common at least). Since a pushover analysis is not carried 
out, the flexibility of cap beams and rotation of foundations (for example) cannot be 
incorporated without some iteration. In addition, the procedure is direct (no iteration) 
only when the shape of the displacement profile is known. This scenario occurs only 
in bridges with regular distributions of mass and stiffness. Curved bridges are design 
as straight. 

Analysis Procedure

A DDBD procedure is carried out for four bridge case studies in this paper. A 
location is selected in the central United States to define an equal hazard spectrum for 
all four case studies, except for the final bridge structure that has a higher design 
spectrum. After a target displacement is selected for each structure based on 
appropriate limit state definitions (specific to reinforced concrete bridges), the 
performance of the case study structures was assessed using nonlinear time history 
analysis (THA) with recorded ground motions. The probabilistic assessment allows 
confirmation of whether the target displacement is achieved in the mean, reflecting an 
unbiased design procedure. Due to the assumptions surrounding the DDBD 
procedure, meeting the performance objective in the mean is unlikely; therefore, this 
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paper investigates whether the design procedure can be formulated to achieve a 
conservative design. Above and beyond this, it is demonstrated that under a given 
performance objective and probabilistic acceptance criterion, a modifier on the initial 
design displacement can be specified so that the procedure retains the advantages of 
being non-iterative (see FIGURE 2).

FIGURE 2 - Probabilistic considerations in DDBD and assessment 

A complicating factor for nonlinear assessment of structures designed 
according to DDBD is that bridges are inherently three-dimensional (3D) systems. 
Two important phenomena are illustrated in the case studies presented in this paper:
1.) 3D excitation and response impact performance in ways that are difficult to 
account for in only longitudinal or transverse simplifications (or combination rules), 
and 2.) the bridge responds as a system, with contributions from several load-resisting 
components such as shear keys, abutments, foundations, and the superstructure itself. 
Therefore, assessment often yields different response quantities than the initial design. 
The choice of assessment procedure and degree of model complexity also influence 
agreement between design and assessment. Allowance for different assessment 
techniques (linear dynamic, nonlinear static, nonlinear dynamic, etc.) should be 
considered when proposing any modification factors on the initial target 
displacement; however, only nonlinear THA is considered in this paper. 

Hazard, DDBD, and Case Study Details

A site near the New Madrid seismic zone was selected (-90.196, 35.212). 
Multi-level hazards are defined based on USGS seismic hazard maps. Spectral 
acceleration curves were generated for three hazard levels: 10%-, 5%-, and 2%-
probability of exceedance in 50 years and 5% equivalent viscous damping. The 
acceleration spectra were converted to displacement spectra and then linearized 
(relationship between T and Sd). The peak spectral displacement was assumed to 
occur at the corner period of 3 sec. Based on extrapolation of the Sd curve, the Sd at 
corner period are 5.76, 16.1, 33.4 (cm) for each of the three hazard levels. The 
spectral displacement hazard at the 2% probability of exceedance in 50 year level was 
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raised to 72 cm for the bridge in case study as it was originally designed for a site in 
California with substantially higher hazard. 

Once the design objective has been selected, the main steps of the DDBD 
procedure are: (i) Select the dimensions of the components of the earthquake resisting 
system on the basis of past experience. (ii) Compute a target displacement based on 
the performance level for the structure. Depending on whether this is specified as a 
strain, ductility, etc., it may be necessary to use a plastic hinge model to relate these to 
peak displacements. (iii) Evaluate the effective mass and equivalent viscous damping 
for the system. Priestley et al. (2007) defined a ductility vs equivalent damping 
relationship. (iv) Compute the spectral reduction factor that corresponds to the 
equivalent damping level in the structure and find a reduced design spectrum. The 
spectral reduction factor for inelastic structures is based on Eurocode (1998). (v) 
Determine the required effective period, secant stiffness and required strength. (vi) 
Distribute the required strength, design plastic hinges and protected elements using 
capacity design principles. 

The four case studies considered in this paper are: 1.) a single-degree-of-
freedom elasto-plastic oscillator, 2.) a two-dimensional reinforced concrete bridge 
bent with a single column subject to transverse excitation, 3.) the same two-
dimensional bridge bent subject to both lateral and vertical excitation, and 4.) a 3D 
reinforced concrete bridge with 3 continuous spans and explicit foundation and 
abutment representations.

Case Study 1: Single-degree-of-freedom (SDOF) system

The SDOF system was selected as the simplest case of design where the 
period of the structure (both loading and unloading) is constant and the yield point 
defines the perfectly plastic plateau. Therefore, the only unknowns are the period and 
the yield strength. A factor of 55 was used in the expression for equivalent damping 
of the elasto-plastic system. The benefit of using a SDOF oscillator is that it is not 
necessary to use nonlinear THA to assess the performance of the system, other 
approximate techniques can be readily used (such as R--T relationships). The 
oscillator was assumed to have a yield displacement of 0.05 m (typically the yield 
displacement is obtainable from the structure’s geometry) and a target ductility of 4. 
For the 2%-in-50-year hazard defined previously, the effective period becomes 3.28 
sec and the target strength is 0.73 kN. 

The properties of the oscillator were then used in two separate analyses. The 
first was to use a common relationship between R--T to obtain the achieved ductility 
at the target spectral displacement. The second was to perform inelastic THA with the 
specified oscillator properties. A total of 160 ground motions were scaled to the target 
spectral displacement before performing the analysis and the distribution of achieved 
maximum displacements is shown in FIGURE 3 below. The individual ground 
motion realizations are shown in the top pane of the figure while the cumulative 
distribution function (CDF) is shown in the bottom pane. The actual time history CDF 
is shown with lower (LCB) and upper (UCB) bound indicators. Finally, the data is 
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The two bents are skewed 20 degrees and have two 1.83 m diameter columns 
supported on piles (FIGURE 8). Column height varies from 13.4 m at bent two to 
14.3 m at bent three. The columns are pinned at the bottom and fixed to an integral 
bent in the superstructure. The bridge is founded on seat type abutments with 
elastomeric bearings and a break-off wall once the gap closes in the longitudinal 
direction. Exterior shear keys prevent transverse motion under lower intensity 
motions and service loads. The superstructure is capacity designed to remain elastic at 
the target displacement and is therefore modeled using an elastic section with cracked 
properties. No explicit representation of the tendons or mild steel was created in the 
analytical model. 

FIGURE 7 - Elevation of 3-span continuous case study bridge (Suarez and Kowalsky, 
2010)

FIGURE 8 - Bent configuration and superstructure cross section for 3-span 
continuous case study bridge (Suarez and Kowalsky, 2010) 

The expected concrete compression strength was 36000 kPa, expected yield 
strength of main reinforcement 455000 kPa, diameter of spiral 25 mm, pitch of spiral 
125 mm, and 50 mm cover to main reinforcement were consistent with the DDBD 
design. The superstructure elastic properties were obtained from the LRFD design 
example appendix and were factored by 0.5 for cracked moment of inertia and 0.25 
for cracked torsional constant. The bent cap is modeled explicitly and also contains 
cracked elastic properties based on initial gross dimensions. The two columns per 
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is 50% (most likely too high from a risk perspective), then the inverse problem can be 
solved. A modifier on the target displacement (0.28 m) will result in a new period and 
required strength (0.523 kN). Assessment of this modified system yields a mean 
displacement of 0.2 m. For the SDOF system, this phenomenon is easily explored 
analytically using the expression for spectral factor based on the equivalent damping. 
Continuing work will demonstrate the relationship between the distribution of this 
parameter and the resulting responses. The numerical level of conservatism (and 
therefore the ability to achieve target risk levels for each displacement) will be 
demonstrated and related to the brief inverse problem described in this section. It is 
also worth noting that as the target displacement (with modifier) is increased, the 
selection of recorded ground motions that meet the target spectral displacement for 
design diminish. Therefore, scale factors on ground motion amplitude are used that 
would likely cause a bias in the observed response distribution.  

Conclusions

This paper investigates performance-based assessment of the direct 
displacement-based design (DDBD) procedure. Four case studies were selected 
ranging from an elasto-plastic oscillator to a three-span continuous prestressed 
concrete box girder bridge. Each case study was designed using DDBD for a specified 
hazard level. Subsequently, a nonlinear time history analysis was conducted to assess 
the performance of each, or more specifically, the probabilistic distribution of peak 
displacement responses in reference to the original target displacement used for 
design. It is demonstrated that, consistent with earlier findings, the DDBD leads to a 
slightly conservative design whereby the target displacement is exceeded less than 
50% of the time. In all the case studies (except Case 3), the probability of exceeding 
the target displacement is approximately 25%. It was demonstrated that this 
information enables a modifier to the original target displacement to achieve a 
specified risk level (acceptable probability of exceeding target displacement) without 
iteration. Further work is necessary to determine the nature of the response 
distribution for different structure types and modeling assumptions before such a 
technique can be used more broadly to achieve performance-based design objectives.  
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LOCAL BUCKLING ANALYSIS OF STEEL TRUSS BRIDGE UNDER 
SEISMIC LOADING 

Eiki Yamaguchi1, Keita Yamada2

Abstract

In the 2004 Mid Niigata Prefecture Earthquake, a steel truss bridge was 
damaged: the lower chord member underwent local buckling. The axial force in that 
member is not necessarily compression-dominant: tensile axial force is also expected. 
Since many steel bridge piers were subjected to local buckling in the 1995 Kobe 
Earthquake, the criterion for local bucking in the member under axial compression has 
been studied rather extensively. However, the local buckling in the member under the 
other states of axial force has not. In the present study, the local buckling in the lower 
chord member of a truss bridge is to be looked into. To that end, the existing criterion 
for local buckling in terms of average strain is tested for the case when tensile yielding 
precedes compression, failing to confirm its applicability. Then the criterion is 
modified by introducing the updated average strain. The seismic response analysis is 
then conducted to show the significance of the proposed criterion. 

Introduction

One of the largest earthquakes in the recorded history, the Tohoku Earthquake, 
just hit Japan in March, 2011, causing very serious damage in the eastern part of Japan. 
Yet the memory of the damage to structures in the 1995 Kobe Earthquake is still fresh 
and vivid for many structural engineers. Between the two large earthquakes, numerous 
earthquakes occurred as well, some of which were quite large and comparable to the 
1995 Kobe Earthquake. The damage in each big earthquake has posed a new challenge 
for engineers; some of them are yet to be solved. 

In the 2004 Mid Niigata Prefecture Earthquake, a steel truss bridge was 
damaged: the lower chord member underwent local buckling at its fixed end. The axial 
force in that member is not necessarily compression-dominant: tensile force can be 
expected. Since many steel bridge piers experienced local buckling in the 1995 Kobe 
Earthquake, the criterion for local bucking in the member under axial compression has 
been studied rather extensively (Ono et al. 2007, Committee 2008). However, the local 
buckling of the member under the other states of axial force has not. In the present 
study, the local buckling in the lower chord member of a truss bridge is to be looked 
into.

Existing Criterion for Local Buckling 

Local buckling can be simulated in the finite element analysis (FEA) with shell 
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2 Graduate Student, Dept. of Civil Engineering, Kyushu Institute of Technology, 
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elements. Even though it is not impossible to model the whole bridge by shell elements 
and conduct nonlinear dynamic FEA, that is not a practical approach to structural 
design; beam elements are employed exclusively for the analysis of seismic design. 
However, since the cross section of a beam element does not deform, the direct 
simulation of the local buckling by beam elements is not possible. To overcome the 
difficulty, various efforts have been made, which includes the detection of the local 
buckling by the magnitude of strain (Ono et al. 2007, Committee 2008) and the 
implementation of strength reduction due to local buckling in the constitutive 
relationship (Yamaguchi 2009). 

The criterion of the local buckling due to Committee (2008) is based on the 
average strain  in a compressive flange over the characteristic length LC. For a 
box-section member, the characteristic length LC is given by 

),7.0( abMinLC  (1) 
 

where a is the distance between two adjacent diaphragms and b the width of a flange. 
Min indicates that the smaller of the two values in the parenthesis shall be taken. On the 
other hand, the limit strain u for an unstiffened box-section member is computed by 

0.20
1

8.2

12.0

24.0
6.04.28.2

ycycfy

u

NNNNR
 (2) 

where y is the yield strain, Rf  the width-to-thickness ratio parameter, NC the 
compressive axial load and Ny the squash load. The validity of the equation has been 
verified for 0.2 Rf 0.7 0.0 N/Ny 1.0.

The criterion for the local buckling is then that the member is judged to undergo 
local buckling at the instance when the average strain  reaches the limit strain u. It is 
noted that NC changes during earthquake so that the limit strain u varies with time as 
well.

Equation 2 has been obtained under compressive loading applied 
monotonically. Therefore, the validity of Equation 2 is not clear if tensile yielding 
precedes compression. The investigation is needed herein since the lower chord 
member in a truss bridge may yield in tension. 

To this end, a short box-section member shown in Figure 1 is constructed. It is 
pulled first and then compressed until local buckling occurs. This nonlinear problem is 
analyzed by ABAQUS (Dassault 2008) using 1280 shell elements: the local buckling 
can be simulated directly. The material is steel with Young's modulus E equal to 
2.0x105 N/mm2 and the yield stress y equal to 235 N/mm2. The stress-strain 
relationship is of a bilinear type with the slope after yielding being E/100 (Figure 2). 

Six cases are considered, between which the difference lies in the initial 
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Figure 8  Acceleration recorded in 2004 Mid Niigata Prefecture Earthquake 

The updated average strain ' is plotted in Figure 9 (b). It is very different from 
the average strain in Figure 9 (a): the updated average strain ' does meet the limit 
strain u so that the local buckling is judged to take place. The significance of the 
proposed criterion is thus obvious. 

Concluding Remarks

When beam elements are employed for the seismic response analysis of a 
bridge, the criterion for local buckling is necessary. However, it has been concluded in 
the present study that when tensile yielding preceded, the existing criterion could not 
give the correct judgment.  

The modification of the criterion in which the average strain was replaced by 
the updated average strain has been proposed. The seismic response analysis of a steel 
truss bridge then demonstrated the significance of the proposed criterion. 
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HOW TO BUILD A BRIDGE - FAST 

John Stanton1 

Abstract 

A new connection has been developed for connecting precast bridge columns to cast-
in-place spread footings. It is quick and simple to construct, and has excellent seismic 
resistance as well. It is made by precasting the column; setting, plumbing and leveling 
it on site; fixing the footing steel; and casting the concrete for the footing.  No steel 
crosses the interface between the precast column and the spread footing; the column 
bars are all straight and are terminated with heads for anchorage.  The column has a 
roughened surface that transfers the shear stresses (due to column axial load and 
bending) across the column-footing interface. Tests were carried out on the system. 
The paper describes the design criteria and methodology, the results of the tests, and 
recommendations for use of the system in practice. 

Introduction 

Bridge construction frequently leads to traffic delays, which result in wasted 
time and fuel. Bridge owners are therefore seeking methods to accelerate bridge 
construction, referred to as ABC. Such methods also offer reduced environmental 
impacts, better worker safety, higher quality construction and lower lifecycle costs 
(Wacker et al. 2005). Use of precast concrete represents a promising technology for 
ABC, and has been successfully used for bridge substructures in non-seismic regions 
(Matsumoto et al. 2001).  Connections are typically made at the beam-column and 
column-foundation interfaces to facilitate fabrication and transportation. However, for 
structures in seismic regions, those interfaces represent the locations of high moments 
and large inelastic cyclic strain reversals. Devising connections that are not only 
sufficiently robust to accommodate those inelastic cyclic loads, but are also readily 
constructible, is challenging.  

A bridge bent system has been developed at the University of Washington, in 
collaboration with WSDOT and Berger/ABAM Engineers, that is intended to satisfy 
the combined needs of seismic performance and rapid construction. Different 
connection systems are used at the column-to-foundation and the cap beam-to-column 
interfaces, because of the different conditions that exist at each location.  The cap-
beam connection is described in Pang et al. (2010) and is shown in Figure 1.  It 
consists of bars that project from a precast column and are grouted into ducts in the 
precast cap beam.  The distinction between it and other grouted bar systems is that 
large bars (up to #18 US, or D57) are used in large ducts.  That approach allows the 
use of a small number of bars, which minimizes the number of bar fit-ups needed on 
site and maximizes the size of the ducts, both of which improve constructability.  
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FIGURE 1. COLUMN TO CAP BEAM   FIGURE 2. CONSTRUCTION 

CONNECTION CONCEPT. (1 inch = 25 mm) SEQUENCE 

The potential drawback of the use of large bars is their anchorage within the 
depth of the cap beam.    However, extensive testing (Steuck et al. 2009) showed that 
even #18 (D57) bars could easily be anchored within the depth of a typical cap beam 
and that, under cyclic lateral load, the connection behaved like a cast-in-place system 
with conventional detailing and bar sizes (Pang et al. 2010). 

This paper describes the socket connection between the column and spread 
footing, for which the same requirements, namely simplicity of construction and good 
seismic performance, exist.  Research to extend the concept to the use of drilled shafts 
is ongoing. 

The construction sequence for the new socket connection is shown in Figure 
2.  The column is precast with a roughened outer surface at the bottom.  Once the 
footing has been excavated (Step 1 in Figure 2), the precast column is brought to site, 
plumbed, leveled, and braced (Step 2).  Footing reinforcement is then placed, and the 
footing is cast (Step 3) around the column.  

The final step is to connect the column to the precast cap-beam (Step 4) by 
grouting the large bars in the large ducts.  In comparison with conventional cast-in-
place construction, the primary advantage of this system is construction speed; a 
footing and column can be built in little more time than is needed to cast the footing 
alone.  Further, the use of a precast cap beam is estimated to save several weeks. 

The structural details differ from those of a conventional, cast-in-place system 
in two ways. First, no bars pass from the footing into the column, so the only 
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Guide Specifications.  Therefore they were included too.  The primary requirements 
are: 

• The soil pressure under the footing, under vertical load plus overturning, must 
remain below the allowable bearing pressure.  

• The resultant vertical reaction, under vertical load plus overturning, must 
remain within the middle two-thirds of the footing.  

• The connection between the footing and column must provide sufficient 
strength to force the failure to occur in the column.  The goal is to avoid 
footing failure, which can be expensive to inspect and repair.  

The first two requirements, based on soil properties, essentially define the plan 
dimensions of the footing and are not discussed further here.  The structural 
requirements for the connection can be identified from the potential modes of failure. 
The primary ones are: 

• Bending strength of the footing. 

• One-way shear strength of the footing. 

• Anchorage failure of the bars. 

• Punching shear failure under vertical load (assumed to occur on a conical 
surface). 

• Transfer of combined vertical load and moment between the column and 
footing.  

• Shear friction failure across the precast to cast-in-place interface. 

• Joint-shear failure within the connection. 

The longitudinal column bars are equipped with headed anchors, which should be 
selected from commercially available products and may thus be assumed to provide 
adequate anchorage.  The other structural requirements depend on the flow of forces 
in a system that is highly statically indeterminate.  While the distribution of internal 
forces is expected to follow the general pattern shown in Figure 3, the resistance in 
each potential failure mode is not well defined and so needs to be determined by 
testing.  The characteristics that were expected to influence the resistance were: 

• The ratio of footing depth to column diameter. 

• The quantity of column longitudinal reinforcement. 

• The quantity of shear reinforcement in the column within the joint region. 

• The quantity of transverse reinforcement in the footing. 

Test Program 

The number of characteristics exceeded the number of tests (three) that could 
be conducted within the program resources, so choices had to be made.  All the test 
specimens consisted of cantilever columns projecting from spread footings, in which 
the columns were subjected to constant vertical load and cyclic lateral load.  The test 
specimens consisted of 20-in. (500 mm) diameter columns and represented at 5/12 
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scale a notional prototype with a 4-ft (1200 mm) diameter column.  Specimens SF-1 
and SF-2 each contained a column splice above the plastic hinge region.  However, 
the splice is not an essential part of the system, and is not discussed further here. 

In many columns in the field, the longitudinal column reinforcement ratio is 
close to the AASHTO minimum of 1%.  Therefore this ratio was used for all three 
tests.  The spiral steel in the column is also typically carried down into the footing at 
the same pitch as in the body of the column, so that was also done in all of these test 
specimens.  It provided joint shear some resistance. 

The primary test variables were the ratio of footing thickness to column 
diameter and the quantity of transverse steel used in the footings.  In addition several 
other details of the footing steel were varied between specimens.  The specimen 
details are summarized in Table 1.  The test program was carried out while the 
Washington State Department of Transportation, WSDOT, was designing a bridge 
that uses the system.  The bridge construction started only eight months after that 
laboratory testing was complete, and is now finished.  The geometry of the test 
specimens represented, at 1: 2.4 scale, the geometry of the prototype bridge 
components.  

TABLE 1.  TEST SPECIMEN DETAILS 

 

(Note: 1 inch = 25 mm). 

Specimen SF-1 was regarded as the most conservative detailing, intended to 
represent as closely as possible a direct conversion from cast-in-place to precast 
construction. Thus some of the flexural steel in the bottom of the footing passed 
directly under the column, and this required casting a slot into the bottom of the 
column, as shown in Figure 4.   The goal was to ensure the best possible engagement 
of the footing steel with the column steel.  A plan view of the test specimen is also 
shown in Figure 5. 

In all three specimens, the column projected slightly below the structural part 
of the footing in order to locate the anchor head on the column bar just below the 
bottom node in the strut and tie model shown in Figure 3.  This choice would cause 
the node to behave as a CCC node, with the attendant stable load transfer properties 
and absence of anchorage problems.  A void was also left between the underside of 
the column and the top of the test floor to ensure that all of the applied vertical load 
was resisted by the connection between the column and footing, because none could 
pass in bearing to the platen of the test machine under the footing. 
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FIGURE 4. SPECMEN SF-1:  SECTION.  (1 inch = 25 mm) 

 

FIGURE 5. SPECIMEN SF-1: PLAN VIEW.  (1 inch = 25 mm). 
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Figure 5 also shows sets of diagonal bars in the footing. These were placed 
both to provide some reinforcement in the otherwise unreinforced corners of the 
square region of cast-in-place concrete surrounding the octagonal column, and to 
provide a tension capacity across the pc-cip interface for the purpose of generating 
shear friction resistance there.  Last, the footing of Specimen SF-1 contained the full 
complement of transverse reinforcement required by the Caltrans Criteria (2006).  
That reinforcement is intended to resist joint shear forces.  It should be noted that, 
unlike a beam-column joint in a building frame, the region that constitutes the joint, 
and in which the reinforcement can be placed, includes a region of the footing outside 
the column itself.  

Specimen SF-2 was similar to SF-1 except that no footing steel was placed 
under the column, thereby eliminating the slots in the bottom of the column.  The 
same total amount of footing steel was used, but some bars were moved to just 
outside the column where they were bundled with other bars already in that location.  
The diagonal shear friction steel was also reduced to a single set of bars, rather than 
three sets, and the amount of transverse steel in the footing was halved.  The basis for 
reducing the diagonal steel was that, in both specimens, the normal force due to the 
flexural steel was ignored in evaluating the shear friction resistance, even though it 
appears logical to count it.  (This is evident from the strut and tie model in Figure 3b).  
The transverse steel was reduced because the tests underlying the Caltrans 
Requirements were all conducted on cast-in-place systems in which the column bars 
were bent out. That arrangement prevents formation of the strut and tie model of 
Figure 3b, in which case the forces must follow a more complex path, such as that in 
Figure 3a (from Xiao et al. 1996).  It was hypothesized that replacement of the bent-
out bars by anchor heads in the present study would reduce or eliminate the need for 
additional transverse reinforcement.  

Specimen SF-3 was designed and constructed after testing SF-1 and SF-2.  
Because those two suffered essentially no damage in the connection region, they 
provided only lower bounds on the connection strength. To obtain an upper bound as 
well (and therefore to bracket the true value), failure in Specimen SF-3 had to be 
forced into the connection region.  To do that, it was designed with a 20-in. (500 mm) 
diameter column, as in Specimens SF-1 and SF-2, but a footing that was only 10 in. 
(250 mm) thick.  The column steel remained the same, but the flexural steel in the 
footing had to be much heavier to provide the same flexural strength with a smaller 
lever arm.   

To avoid a spurious one-way (“beam”) shear failure, a small number of 
footing ties were needed for one-way shear strength.  They were placed so that they 
contributed to one-way shear resistance but not to punching shear resistance. A single 
set of diagonal “shear friction” steel bars was used, as was done in Specimen SF-2, to 
provide a minimum of reinforcement in the otherwise reinforced corners of the region 
around the column.  The results of tests on Specimens SF-1 and SF-2 had shown that 
the stress in the diagonal bars never exceeded about 5% of yield, so they were not 
expected to contribute significantly to shear friction resistance in Specimen SF-3. 
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Test Results 

Each test specimen was first subjected to a pure axial load test to investigate 
the possibility of shear failure at the precast-cast-in-place interface.  The axial load 
for Specimens SF-1 and SF-2 was 240 kips  (1077 kN), which was the factored DL + 
LL on the prototype bridge to be built over I-5, scaled to specimen size.   Specimen 
SF-3 was subjected to 1.4 times this load.  No signs of cracking or damage were seen 
in any of the three specimens under this loading.   

Each test specimen was then subjected to the lateral displacement history 
shown in Figure 6.  Displacements were applied under stroke control.   

 

FIGURE 6.  LATERAL DISPLACEMENT HISTORY. 

The load-displacement plots for all three specimens are shown in Figure 7. 

   

FIGURE 7.  LOAD-DISPLACEMENT RESPONSE FOR SPECIMENS SF-1, 
SF-2 AND SF-3.  (1 inch-kip = 113 N-m). 

The responses of Specimens SF-1 and SF-2 were nearly identical, and 
furthermore they were essentially the same as that of a cip reference specimen tested 
earlier (Pang et al. 2010). All the damage occurred in the column, which failed by 
combined axial load and flexure in a conventional plastic hinge.  The proximate cause 
of failure was fracture of some of the bars, which was in turn caused by buckling and 
re-straightening of those bars under cyclic loading.  Bar buckling was first observed 
at approximately 6% drift ratio in both cases, after which the lateral strength started to 
drop.  The only cracks in the footing were hairline, and all the footing steel displayed 
stresses well below yield.  The footing was thus behaving as if it were made from 
mass concrete with no reinforcement. 

Specimen SF-3, with the thinner footing, behaved differently. In the early 
stages of loading it appeared to be behaving in the same way as the other two, with 
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some spalling of the column concrete and yielding of the longitudinal column steel. 
However, at about 6% drift, some spalling of the footing concrete became visible 
around the column.  The column bars did not buckle or fracture, but the footing 
started to sustain more damage.  Eventually, at 10% drift, the specimen failed by 
combined vertical force and moment transfer in the connection region.  Because a 
void had been deliberately left under the column to prevent vertical support from the 
test floor, the column sank approximately 3 in. (75 mm) through the footing when 
failure occurred.  Thus the objective of forcing failure to occur in the footing was 
achieved.  However, the extensive yielding of the column bars and the fact that no 
footing damage was visible until quite late in the loading history suggest that the 
specimen was only just connection-critical, in which case the ratio of column 
diameter to footing thickness used in the specimen represents a fairly tight upper 
bound on the value needed to avoid footing failure.  

Figure 8 shows Specimen SF-3, seen from below, after failure. The column 
can be seen to be relatively intact, with all the damage concentrated in the 
surrounding footing concrete.  The failure surface suggests a punching shear failure 
under combined vertical load and bending. 

 

FIGURE 8.  SPECEIMEN SF-3 AFTER FAILURE (FROM BELOW). 

After the lateral-load testing, Specimens SF-1 and SF-2 were subjected to a 
vertical load test to failure, in order to evaluate the remaining strength of the 
connection under vertical load alone.  The test could not be applied to Specimen SF-3 
because the connection region in it had already failed.  In both cases, the column was 
able to carry approximately 840 kips (3740 kN) before crushing in the plastic hinge 
region of the column.  It should be noted that the spiral and several longitudinal bars 
had already fractured in the lateral load testing, before this vertical load was applied. 
No damage occurred in the footings during this loading.  The peak load of 840 kips 
(3740 kN) was limited by the axial strength of the previously-damaged column, so the 
footing capacity may have been much higher.  The load represents 3.5 times the 
factored dead plus live load in the prototype bridge, adjusted to laboratory scale.  It is 
thus clear that for footings of these proportions, the shear friction capacity across the 
pc-cip interface is easily sufficient to resist the vertical load. 
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Conclusions 

The following conclusions were drawn from the study: 

• Connection concept.  The column-to-footing socket connection can be 
designed so that the system behaves like a comparable cast-in-place column-
to-footing connection.  The precast columns can be designed following the 
same specifications as are used to design conventional cast-in-place columns.   

• Need for mechanical anchors.  The use in the column of headed straight 
bars, instead of bent out bars, simplifies construction and improves the force 
flow in the footing, but necessitates the use of headed anchors on the bars.  

• Design against footing failure.  The procedures outlined in the AASHTO 
Guide Specifications for LRFD Seismic Design for determining the required 
flexural strength of the footing were effective in preventing footing failure in 
all three column tests.  

• Vertical ties in the footing. When the column steel consists of straight bars 
equipped with headed anchors, rather than the conventional bent-out bars, the 
prescriptive vertical footing ties specified by the AASHTO Guide 
Specification perform no useful function and can be omitted. This conclusion 
applies only to the prescriptive ties, and not to ties that are needed to supply 
shear resistance required to resist computed shear demands.  

• Shear-friction push-through resistance of connection.   The strength of the 
connection in shear friction was sufficient to prevent any sign of slip, much 
less sliding failure, across the pc-cip interface, in any of the three test 
specimens. The flexural reinforcement provides normal forces across the 
potential sliding interface, which induce sufficient friction to resist the 
demands.  Thus additional reinforcement (here placed diagonally) is not 
necessary for that purpose. However, a small amount of diagonal “trimming” 
reinforcement is still desirable to avoid the existence of a large region of 
unreinforced concrete at the corners of the embedded column.   
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